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4.14.

GENERAL PROVISIONS [Comm. 4.1.

Load Combinations and Required Strength

Fire safety measures are aimed at three levels: (1) to prevent the outbreak
of fires through elimination of ignition sources or hazardous practices; (2) to
prevent uncontrolled fire development and flashover through early detection
and suppression; and (3) to prevent loss of life or structural collapse through
fire protection systems, compartmentation, exit ways, and provision of gen-
eral structural integrity and other passive measures. Specific structural design
provisions to check structural integrity and risk of progressive failure due to
severe fires can be developed from principles of structural reliability theory
(Ellingwood and Leyendecker, 1978; Ellingwood and Corotis, 1991).

The limit state probability of failure due to fire can be written as
P(F)= P(FID,HP(D|I)P(I) (C-A-4-1-1)

where P[I] = probability of ignition, P/D|I] = probability of development
of a structurally significant fire, and P/F|D,I] = probability of failure, given
the occurrence of the two preceding events. Measures taken to reduce P(/)and
P(D|I) are mainly nonstructural in nature. Measures taken by the structural
engineer to design fire resistance into the structure impact P(F|D,I).

The development of structural design requirements requires a target reliabil-
ity level, reliability being measured by P(F) in Equation C-A-4-1-1. Analysis
of reliability of structural systems for gravity dead and live load (Galambos,
Ellingwood, MacGregor, and Cornell, 1982) suggests that the limit state prob-
ability of individual steel members and connections is on the order of 107> to
10~*/year. For redundant steel frame systems, P(F) is on the order of 107 to
1073, The de minimis risk, that is, the level below which the risk is of regulatory
or legal concern and the economic or social benefits of risk reduction are small,
is on the order of 1077 to 10’6/year (Pate-Cornell, 1994). If P(I)is on the order
of 10~*#/year for typical buildings and P(D|I) is on the order of 102 for office
or commercial buildings in urban areas with suppression systems or other pro-
tective measures, then P(F|D,I) should be approximately 0.1 to ascertain that
the risk due to structural failure caused by fire is socially acceptable.

The use of first-order structural reliability analysis based on this target (condi-
tional) limit state probability leads to the gravity load combination presented
as Equation A-4-1. Load combination Equation A-4-1 is the same as Equation
C2-3 that appears in Commentary C2.5 of SEI/ASCE 7 (ASCE, 2002), where
the probabilistic bases for load combinations for extraordinary events is ex-
plained in detail. The factor 0.9 is applied to the dead load when the effect of
the dead load is to stabilize the structure; otherwise, the factor 1.2 is applied.
The companion action load factors on L and S in that equation reflect the fact
that the probability of a coincidence of the peak time-varying load with the
occurrence of a fire is negligible (Ellingwood and Corotis, 1991).
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4.2.
4.2.1.

4.2.1.1.

4.2.1.2.

Commentary C2.5 of ASCE (2002) contains a second equation that includes
0.2W. That equation is provided so that the stability of the system is checked.
The same purpose is accomplished by requiring that the frame be checked under
the effect of a small notional lateral load equal to 0.2 percent of story gravity
force, acting in combination with the gravity loads. The required strength of the
structural component or system designed using these load combinations is on
the order of 60 percent to 70 percent of the required strength under full gravity
or wind load at normal temperature.

STRUCTURAL DESIGN FOR FIRE CONDITIONS BY ANALYSIS
Design-Basis Fire

Once a fuel load has been agreed upon for the occupancy, the designer should
demonstrate the effect of various fires on the structure by assessing the
temperature-time relationships for various ventilation factors. These relations
may result in different structural responses, and it is useful to demonstrate the
capability of the structure to withstand such exposures. The effects of a local-
ized fire should also be assessed to ascertain that local damage is not excessive.
Based on these results, connections and edge details can be specified to provide
a structure that is sufficiently robust.

Localized Fire

Localized fires may occur in large open spaces, such as the pedestrian area
of covered malls, concourses of airport terminals, warehouses, and factories,
where fuel packages are separated by large aisles or open spaces. In such cases,
the radiant heat flux can be estimated by a point source approximation, requiring
the heat release rate of the fire and separation distance between the center of the
fuel package and the closest surface of the steelwork. The heat release rate can
be determined from experimental results or may be estimated if the mass loss
rate per unit floor area occupied by the fuel is known. Otherwise, a steady-state
fire may be assumed.

Post-Flashover Compartment Fires

Caution should be exercised when determining temperature-time profiles for
spaces with high aspect ratios, for example, 5:1 or greater, or for large spaces,
for example, those with an open (or exposed) floor area in excess of 5,000
ft> (465 m?). In such cases, it is unlikely that all combustibles will burn in
the space simultaneously. Instead, burning will be most intense in, or perhaps
limited to, the combustibles nearest to a ventilation source. For modest-sized
compartments with low aspect ratios, the temperature history of the design
fire can be determined by algebraic equations or computer models, such as
those described in the SFPE Handbook of Fire Protection Engineering (SFPE,
2002).
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4.2.1.3.

4.2.1.4.

4.2.1.5.

4.2.2.

STRUCTURAL DESIGN FOR FIRE CONDITIONS BY ANALY SIS [Comm. 4.2.

Exterior Fires

A design guide is available for determining the exposure resulting from an
exterior fire (AISI, 1979).

Fire Duration

Caution should be exercised when determining the fire duration for spaces
with high aspect ratios, for example, 5:1 or greater, or for large spaces, for
example, those with a floor area in excess of 5,000 ft? (465 m?). The principal
difficulty lies in obtaining a realistic estimate for the mass loss rate, given that
all combustibles within the space may not be burning simultaneously. Failure to
recognize uneven burning will result in an overestimation of the mass burning
rate and an underestimation of the fire duration by a significant margin. Note:
some computation methods may implicitly determine the duration of the fire,
in which case the calculation of mass loss rate is unnecessary.

Where a parametric curve is used to define a post-flashover fire, the duration is
determined by means of the fuel versus ventilation provisions, not explicitly by
loss of mass. This clause should not limit the use of temperature-time relation-
ships to those where duration is calculated, as stated above, as these tend to be
localized fires and external fire.

Active Fire Protection Systems

Due consideration should be given to the reliability and effectiveness of active
fire protection systems when describing the design-basis fire. When an auto-
matic sprinkler system is installed, the total fuel load may be reduced by up to
60 percent (Eurocode 1, 1991). The maximum reduction in the fuel load should
be considered only when the automatic sprinkler system is considered to be
of the highest reliability, for example, reliable and adequate water supply, su-
pervision of control valves, regular schedule for maintenance of the automatic
sprinkler system developed in accordance with NFPA (2002), or alterations of
the automatic sprinkler system are considered any time alterations for the space
are considered.

For spaces with automatic smoke and heat vents, computer models are available
to determine the smoke temperature (SFPE, 2002). Reduction in the tempera-
ture profile as a result of smoke and heat vents should only be considered for
reliable installations of smoke and heat vents. As such, a regular maintenance
schedule for the vents needs to be established in accordance with NFPA (2002a).

Temperatures in Structural Systems under Fire Conditions

The heat transfer analysis may range from one-dimensional analyses where the
steel is assumed to be at uniform temperature to three-dimensional analyses.
The uniform temperature assumption is appropriate in a “lumped heat capacity
analysis” where a steel column, beam or truss element is uniformly heated
along the entire length and around the entire perimeter of the exposed section
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and the protection system is uniform along the entire length and around the
entire perimeter of the section. In cases with nonuniform heating or where
different protection methods are used on different sides of the column, a one-
dimensional analysis should be conducted for steel column assemblies. Two-
dimensional analyses are appropriate for beams, bar joists or truss elements
supporting floor or roof slabs.

Heat transfer analyses should consider changes in material properties with in-
creasing temperature for all materials included in the assembly. This may be
done in the lumped heat capacity analysis using an effective property value,
determined at a temperature near the estimated mid-point of the temperature
range expected to be experienced by that component over the duration of the
exposure. In the one- and two-dimensional analyses, the variation in properties
with temperature should be explicitly included.

The boundary conditions for the heat transfer analysis shall consider radiation
heat transfer in all cases and convection heat transfer if the exposed element
is submerged in the smoke or is being subjected to flame impingement. The
presence of fire resistive materials in the form of insulation, heat screens or
other protective measures shall be taken into account, if appropriate.

Lumped Heat Capacity Analysis. This first-order analysis to predict the tem-
perature rise of steel structural members can be conducted using algebraic
equations iteratively. This approach assumes that the steel member has a uni-
form temperature, applicable to cases where the steel member is unprotected
or uniformly protected (on all sides), and is exposed to fire around the entire
perimeter of the assembly containing the steel member. Caution should be used
when applying this method to steel beams supporting floor and roof slabs, as
the approach will overestimate the temperature rise in the beam. In addition,
where this analysis is used as input for the structural analysis of a fire-exposed,
steel beam supporting a floor and roof slab, the thermally induced moments
will not be simulated as a result of the uniform temperature assumption.

Unprotected steel members. The temperature rise in an unprotected steel section
in a short time period shall be determined by

AT, = — e (Tr = T,) At (C-A-4-2-1)
*(2)

The heat transfer coefficient, a, is determined from
a=a;+a, (C-A-4-2-2)
where
a,. = convective heat transfer coefficient
a, = radiative heat transfer coefficient, given as
-8
_ 5.67 x 10~ %ep (T;‘ B Ts4)
Tr —Ts
For the standard exposure, the convective heat transfer coefficient, a., can be
approximated as 25 W/m?-°C. The parameter, £, accounts for the emissivity

a,
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TABLE C-A-4-2.1
Guidelines for Estimating ¢,

Type of Assembly Er
Column, exposed on all sides 0.7
Floor beam: Imbedded in concrete floor slab, with only bottom 0.5

flange of beam exposed to fire
Floor beam, with concrete slab resting on top flange of beam

Flange width : beam depth ratio > 0.5 0.5
Flange width : beam depth ratio < 0.5 0.7
Box girder and lattice girder 0.7

of the fire and the view factor. Estimates for €, are suggested in Table
C-A-4-2.1.

For accuracy reasons, a maximum limit for the time step, At, is suggested as
5 sec.

The fire temperature needs to be determined based on the results of the design
fire analysis. As alternatives, the standard time-temperature curves indicated in
ASTM E119 (ASTM, 2000) for building fires or ASTM E1529 (ASTM, 2000a)
for petrochemical fires may be selected.

Protected Steel Members. This method is most applicable for steel members
with contour protection schemes, in other words, where the insulating or (pro-
tection) material follows the shape of the section. Application of this method for
box protection methods will generally result in the temperature rise being over-
estimated. The approach assumes that the outside insulation temperature is ap-
proximately equal to the fire temperature. Alternatively, a more complex analy-
sis may be conducted which determines the exterior insulation temperature from
aheat transfer analysis between the assembly and the exposing fire environment.

If the thermal capacity of the insulation is much less than that for the steel, such
that the following inequality is satisfied:

¢ W/D > 2d,p,c, (C-A-4-2-3)

Then, Equation C-A-4-2-4 can be applied to determine the temperature rise in

the steel:

kp
Sy (Tr = T) At (C-A-4-2-4)

—
D

If the thermal capacity of the insulation needs to be considered (such that the

inequality in Equation C-A-4-2-3 is not satisfied), then Equation C-A-4-2-5

should be applied:

AT, =
ced

k Tr —T.
AT, =2 | =75 Ay (C-A-4-2-5)
dy c w + cpPpdyp
D 2
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The maximum limit for the time step, At, should be 5 sec.

Ideally, material properties should be considered as a function of temperature.
Alternatively, material properties may be evaluated at a mid-range temperature
expected for that component. For protected steel members, the material prop-
erties may be evaluated at 300 °C, and for protection materials, a temperature
of 500 °C may be considered.

External Steelwork. Temperature rise can be determined by applying the fol-
lowing equation:

AT, = —1___Ar (C-A-4-2-6)

where ¢” is the net heat flux incident on the steel member

Advanced Calculation Methods. The thermal response of steel members may
be assessed by application of a computer model. A computer model for analyz-
ing the thermal response of the steel members should consider the following:

e Exposure conditions established based on the definition of a design fire.
The exposure conditions need to be stipulated either in terms of a time-
temperature history, along with radiation and convection heat transfer pa-
rameters associated with the exposure, or as an incident heat flux. The
incident heat flux is dependent on the design fire scenario and the location
of the structural assembly. The heat flux emitted by the fire or smoke can be
determined from a fire hazard analysis. Exposure conditions are established
based on the definition of a design fire. The exposure conditions are stipu-
lated either in terms of a time-temperature history, along with radiation and
convection heat transfer parameters associated with the exposure, or as an
incident heat flux.

e Temperature-dependent material properties.

e Temperature variation within the steel member and any protection compo-
nents, especially where the exposure varies from side to side.

Nomenclature:
A, surface area of a member per unit length, ft (m)
A, area of the inner surface of the fire protection material per unit length

of the member, ft (m)

cross-sectional area, in.2 (m?)

heat perimeter, in. (m)

temperature, °F (°C)

volume of a member per unit length, in.? (m?)
weight (mass) per unit length, 1b/ft (kg/m)

heat transfer coefficient, Btu/ft*-sec-°F (W/m?.°C)
specific heat, Btu/lb-°F (J/kg-°C)

thickness, in. (m)

Lo g<TNDX
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4.2.3.

4.24.

4.24.1.

STRUCTURAL DESIGN FOR FIRE CONDITIONS BY ANALY SIS [Comm. 4.2.

Rer.a design value of the net heat flux per unit area, Btu/sec-ft*> (W/m?)
k thermal conductivity, Btu/ft-sec-°F (W/m-°C)
[ length, ft (m)
t time in fire exposure, seconds
At time interval, seconds
p density, Ib/ft® (kg/m?)
Subscripts:
a steel
c convection
m member
p fire protection material
r radiation
s steel
t dependent on time
T dependent on temperature

Material Strengths at Elevated Temperatures

The properties for steel and concrete at elevated temperatures are adopted from
the ECCS Model Code on Fire Engineering (ECCS, 2001), Section I11.2, “Mate-
rial Properties.” These generic properties are consistent with those in Eurocodes
3 (Eurocode 3, 2002) and 4 (Eurocode 4, 2003), and reflect the consensus of the
international fire engineering and research community. The background infor-
mation for the mechanical properties of structural steel at elevated temperatures
can be found in Cooke (1988) and Kirby and Preston (1988).

Structural Design Requirements

The resistance of the structural system in the design basis fire may be determined
by:

(a) Structural analysis of individual elements where the effects of restraint to
thermal expansion and bowing may be ignored but the reduction in strength
and stiffness with increasing temperature is incorporated.

(b) Structural analysis of assemblies/subframes where the effects of restrained
thermal expansion and thermal bowing are considered by incorporating ge-
ometric and material nonlinearities.

(c) Global structural analysis where restrained thermal expansion, thermal bow-
ing, material degradation and geometric nonlinearity are considered.

General Structural Integrity

The requirement for general structural integrity is consistent with that appearing
in Section 1.4 of ASCE (2002). Structural integrity is the ability of the structural
system to absorb and contain local damage or failure without developing into
a progressive collapse that involves the entire structure or a disproportionately
large part of it.
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The Commentary C1.4 to Section 1.4 of ASCE (2002) contains guidelines for
the provision of general structural integrity. Compartmentation (subdivision of
buildings/stories in a building) is an effective means of achieving resistance to
progressive collapse as well as preventing fire spread, as a cellular arrangement
of structural components that are well tied together provides stability and
integrity to the structural system as well as insulation.

4.2.4.2. Strength Requirements and Deformation Limits

As structural elements are heated, their expansion is restrained by adjacent
element and connections. Material properties degrade with increasing tem-
perature. Load transfer can occur from hotter elements to adjacent cooler el-
ements. Excessive deformation may be of benefit in a fire as it allows release
of thermally induced stresses. Deformation is acceptable once horizontal and
vertical separation as well as the overall load bearing capacity of the structural
system is maintained.

4.24.3. Methods of Analysis
4.2.4.3a. Advanced Methods of Analysis

Advanced methods are required when the overall structural system response
to fire, the interaction between structural members and separating elements
in fire, or the residual strength of the structural system following a fire must
be considered.

4.2.4.3b. Simple Methods of Analysis

Simple methods may suffice when a structural member or component can be
assumed to be subjected to uniform heat flux on all sides and the assumption
of a uniform temperature is reasonable as, for example, in a free-standing
column.

4.2.4.4. Design Strength

The design strength for structural steel members and connections is calculated
as 0R,, in which R,, = nominal strength, in which the deterioration in strength
atelevated temperature is taken into account, and ¢ is the resistance factor. The
nominal strength is computed as in Chapters C, D, E, F, G, H, I, J and K of the
Specification, using material strength and stiffnesses at elevated temperatures
defined in Tables A-4.2.1 and A-4.2.2. While ECCS (2001) and Eurocode 1
(1991) specify partial material factors as equal to 1.0 for “accidental” limit
states, the uncertainties in strength at elevated temperatures are substantial
and in some cases are unknown. Accordingly, the resistance factors herein are
the same as those at ordinary conditions.

4.3. DESIGN BY QUALIFICATION TESTING

Qualification testing is an acceptable alternative to design by analysis for
providing fire resistance. It is anticipated that the basis will be ASCE (1998),
ASTM (2000) and similar documents.
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An unrestrained condition is one in which expansion at the support of a load
carrying element is not resisted by forces external to the element and the sup-
ported ends are free to expand and rotate. A steel member bearing on a wall
in a single span or at the end span of multiple spans should be considered un-
restrained when the wall has not been designed and detailed to resist thermal
thrust.
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APPENDIX 5

EVALUATION OF EXISTING STRUCTURES

GENERAL PROVISIONS

The load combinations referred to in this chapter pertain to gravity loading because
it is the most prevalent condition encountered. If other loading conditions are a
consideration, such as lateral loads, the appropriate load combination from ASCE
(2002) or from the applicable building code should be used. The engineer of record
for a project is generally established by the owner.

MATERIAL PROPERTIES
Determination of Required Tests

The extent of tests required depends on the nature of the project, the criticality of
the structural system or member evaluated, and the availability of records pertinent
to the project. Thus, the engineer of record has the responsibility to determine
the specific tests required and the locations from which specimens are to be
obtained.

Tensile Properties

Samples required for tensile tests should be removed from regions of reduced
stress, such as at flange tips at beam ends and external plate edges, to minimize
the effects of the reduced area. The number of tests required will depend on
whether they are conducted to merely confirm the strength of a known material
or to establish the strength of some other steel.

It should be recognized that the yield stress determined by standard ASTM meth-
ods and reported by mills and testing laboratories is somewhat greater than the
static yield stress because of dynamic effects of testing. Also, the test specimen
location may have an effect. These effects have already been accounted for in the
nominal strength equations in the Specification. However, when strength evalua-
tion is done by load testing, this effect should be accounted for in test planning
because yielding will tend to occur earlier than otherwise anticipated. The static
yield stress, Fy,, can be estimated from that determined by routine application
of ASTM methods, F), by the following equation (Galambos, 1978; Galambos,
1998):

Fys = R(F, — 4) (C-A-5-2-1)
[S.L: Fy, = R(F, — 27)] (C-A-5-2-1M)
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where

Fys = static yield stress, ksi (MPa)

F, =reported yield stress, ksi (MPa)

R = 0.95 for tests taken from web specimens
= 1.00 for tests taken from flange specimens

The R factor in Equation C-A-5-2-1 accounts for the effect of the coupon lo-
cation on the reported yield stress. Prior to 1997, certified mill test reports for
structural shapes were based on specimens removed from the web, in accordance
with ASTM A6/A6M (ASTM, 2003). Subsequently the specified coupon location
was changed to the flange. During 1997-1998, there was a transition from web
specimens to flange specimens as the new provisions of ASTM A6/A6M (ASTM,
2003) were adopted.

Base Metal Notch Toughness

The engineer of record shall specify the location of samples. Samples shall be
cored, flame cut or saw cut. The engineer of record will determine if remedial
actions are required, such as the possible use of bolted splice plates.

Weld Metal

Because connections typically are more reliable than structural members, strength
testing of weld metal is not usually necessary. However, field investigations have
sometimes indicated that complete-joint-penetration groove welds, such as at
beam-to-column connections, were not made in accordance with AWS D1.1
(AWS, 2004). The specified provisions in AWS D1.1, Section 5.24 provide a
means for judging the quality of such a weld. Where feasible, any samples re-
moved should be obtained from compression splices rather than tension splices,
because the effects of repairs to restore the sampled area are less critical.

Bolts and Rivets

Because connections typically are more reliable than structural members, removal
and strength testing of fasteners is not usually necessary. However, strength testing
of bolts is required where they can not be properly identified otherwise. Because
removal and testing of rivets is difficult, assuming the lowest rivet strength grade
simplifies the investigation.

EVALUATION BY STRUCTURAL ANALYSIS
Strength Evaluation

Resistance and safety factors reflect variations in determining strength of members
and connections, such as uncertainty in theory and variations in material properties
and dimensions. If an investigation of an existing structure indicates that there
are variations in material properties or dimensions significantly greater than those
anticipated in new construction, the engineer of record should consider the use of
more conservative values.
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5.4. EVALUATION BY LOAD TESTS

1.

Determination of Live Load Rating by Testing

Generally, structures that can be designed according to the provisions of this
Specification need no confirmation of calculated results by test. However, special
situations may arise when it is desirable to confirm by tests the results of calcula-
tions. Minimal test procedures are provided to determine the live load rating of a
structure. However, in no case is the live load rating determined by test to exceed
that which can be calculated using the provisions of this Specification. This is not
intended to preclude testing to evaluate special conditions or configurations that
are not adequately covered by this Specification.

Itis essential that the engineer of record take all necessary precautions to ascertain
that the structure does not fail catastrophically during testing. A careful assessment
of structural conditions before testing is a fundamental requirement. This includes
accurate measurement and characterization of the size and strength of members,
connections and details. All safety regulations of OSHA and other pertinent bodies
must be strictly adhered to. Shoring and scaffolding should be used as required
in the proximity of the test area to mitigate against unexpected circumstances.
Deformations must be carefully monitored and structural conditions must be con-
tinually evaluated. In some cases it may be desirable to monitor strains as well.

The engineer of record must use judgment to determine when deflections are be-
coming excessive and terminate the tests at a safe level even if the desired loading
has not been achieved. Incremental loading is specified so that deformations can
be accurately monitored and the performance of the structure carefully observed.
Load increments should be small enough initially so that the onset of significant
yielding can be determined. The increment can be reduced as the level of inelastic
behavior increases, and the behavior at this level carefully evaluated to determine
when to safely terminate the test. Periodic unloading after the onset of inelastic
behavior will help the engineer of record determine when to terminate the test to
avoid excessive permanent deformation or catastrophic failure.

It must be recognized that the margin of safety at the maximum load level used in
the test may be very small, depending on such factors as the original design, the
purpose of the tests, and the condition of the structure. Thus, it is imperative that
all appropriate safety measures be adopted. It is recommended that the maximum
live load used for load tests be selected conservatively. It should be noted that
experience in testing more than one bay of a structure is limited.

The provision limiting increases in deformations for a period of one hour is given
so as to have positive means that the structure is stable at the loads evaluated.

Serviceability Evaluation

In certain cases serviceability performance must be determined by load testing.
It should be recognized that complete recovery (in other words, return to initial
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5.5.

deflected shape) after removal of maximum load is unlikely because of phenomena
such as local yielding, slip at the slab interface in composite construction, creep
in concrete slabs, localized crushing or deformation at shear connections in slabs,
slip in bolted connections, and effects of continuity. Because most structures
exhibit some slack when load is first applied, it is appropriate to project the load-
deformation curve back to zero load to determine the slack and exclude it from
the recorded deformations. Where desirable, the applied load sequence can be
repeated to demonstrate that the structure is essentially elastic under service loads
and that the permanent set is not detrimental.

EVALUATION REPORT

Extensive evaluation and load testing of existing structures is often performed
when appropriate documentation no longer exists or when there is considerable
disagreement about the condition of a structure. The resulting evaluation is only
effective if well documented, particularly when load testing is involved. Further-
more, as time passes, various interpretations of the results can arise unless all
parameters of the structural performance, including material properties, strength,
and stiffness, are well documented.
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APPENDIX 6

STABILITY BRACING FOR COLUMNS AND BEAMS

6.1.

GENERAL PROVISIONS

The design requirements of Appendix 6 consider two general types of bracing
systems, relative and nodal, as shown in Figure C-A-6.1.

A relative column brace system (such as diagonal bracing or shear walls) is
attached to two locations along the length of the column that defines the unbraced
length. The relative brace system shown consists of the diagonal and the strut that
controls the movement at one end of the unbraced length, A, with respect to the
other end of the unbraced length, B. The diagonal and the strut both contribute to
the strength and stiffness of the relative brace system. However, when the strutis a
floor beam, its stiffness is large compared to the diagonal so the diagonal controls
the strength and stiffness of the relative brace.

A nodal brace controls the movement only at the particular brace point, without
direct interaction with adjacent braced points. Therefore to define an unbraced
length, there must be additional adjacent brace points as shown in Figure C-A-6.1.
The two nodal column braces at C and D that are attached to the rigid abutment
define the unbraced length for which K = 1.0 can be used. For beams a cross
frame between two adjacent beams at midspan is a nodal brace because it prevents
twist of the beams only at the particular cross frame location. The unbraced length
is half the span length. The twist at the ends of the two beams is prevented by the
beam-to-column connections at the end supports. Similarly, a nodal lateral brace
attached at midspan to the top flange of the beams and a rigid support assumes
that there is no lateral movement at the column locations.

The brace requirements are intended to enable a member to potentially reach
a maximum load based on the unbraced length between the brace points and
K = 1.0. This is not the same as the no-sway buckling load as illustrated in Figure
C-A-6.2 for a braced cantilever. The critical stiffness is 1.0 P, /L, corresponding
to K = 1.0. A brace with five times this stiffness is necessary to reach 95 percent
of the K = 0.7 limit. Theoretically, an infinitely stiff brace is required to reach the
no-sway limit. Bracing required to reach specified rotation capacities or ductility
limits is beyond the scope of these recommendations. Member inelasticity has no
significant effect on the brace requirements (Yura, 1995).

Winter developed the concept of a dual requirement for bracing design: strength
and stiffness (Winter, 1958; Winter, 1960). The brace force is a function of the
initial column out-of-straightness, A,, and the brace stiffness, (3. For a relative
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brace system, the relationship between column load, brace stiffness and sway
displacement is shown in Figure C-A-6.3. If B = {3;, the critical brace stiffness
for a perfectly plumb member, then P = P, only if the sway deflection gets very
large. Unfortunately, such large displacements produce large brace forces. For
practical design, A must be kept small at the factored load level.

P P P p W
i i i i {orace
” Al K=10 C .Z 14 g
LI ,r/
. B D =
Yy j — --13
st .- & diagonal --<
P Relative P P Nodal P
Column Bracing
I T -T T T
,’ T rigid
oL support L,
ARINENE. L
A G 5
\\ relative X crossframe
\\ (nodal)
\ nodal
] ‘42 E - £ =L
Lateral Bracing Torsional Brace
Beam Bracing

Fig. C-A-6.1. Types of bracing.

No sidesway K = 0.7

0 1 2 3 4 5 6
TBraceDesign BL/P
Fig. C-A-6.2. Braced cantilever.
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The brace stiffness requirements, 3,,, for frames, columns, and beams were
chosen as twice the critical stiffness. All brace stiffness requirements use a
¢ = 0.75. For the relative brace system shown in Figure C-A-6.3, B, = 2[3; gives
Py, =0.4%P, for A, = 0.002L. If the brace stiffness provided, 3,., is different
from the requirement, then the brace force or brace moment can be multiplied by
the following factor:

1
9 _ Bhr
Bact

No ¢ is specified in the brace strength requirements since ¢ is included in the
component design strength provisions in other chapters of this Specification.

(C-A-6-1)

The initial displacement, A, for relative and nodal braces is defined with respect
to the distance between adjacent braces, as shown in Figure C-A-6.4. The initial A,
is a displacement from the straight position at the brace points caused by sources
other than brace elongations from gravity loads or compressive forces, such as
displacements caused by wind or other lateral forces, erection tolerances, column

3B; 1]
0.8r

06
P, 04

Ag=0.002L

| 0.4%P,

05%  1.0% 15% 20%
@ Ar/A, (b) Py (% 0f P)

Fig. C-A-6.3. Effect of initial out-of-plumbness.
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brace

| le— A, —f
A+A, —»
Fig. C-A-6.4. Definitions of initial displacements for relative and nodal braces.
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6.2.

shortening, etc. The brace force recommendations for frames, columns and beam
lateral bracing are based on an assumed A, = 0.002L, where L is the distance
between adjacent brace points. For torsional bracing of beams, an initial twist an-
gle, 8,, is assumed where 6, = 0.002L/ h,, and h,, is the distance between flange
centroids. For other A, and 6, values, use direct proportion to modify the brace
strength requirements, Py, and Mj,.. For cases where it is unlikely that all columns
in astory are out-of-plumb in the same direction, Chen and Tong recommend an av-
erage A, = 0.002L//n, where n, columns, each with arandom A, are to be sta-
bilized by the brace system (Chen and Tong, 1994). This reduced A, would be ap-
propriate when combining the stability brace forces with wind and seismic forces.

Brace connections, if they are flexible or can slip, should be considered in the
evaluation of the bracing stiffness as follows:

1 1 n 1

Bact Bconn Bbm('e
The brace system stiffness, 3., is less than the smaller of the connection stiffness,
Beonns OF the stiffness of the brace, Byqce. Slip in connections with standard holes
need not be considered except when only a few bolts are used. When evaluating
the bracing of rows of columns or beams, consideration must be given to the
accumulation of the brace forces along the length of the brace that results in a
different displacement at each beam or column location. In general, brace forces
can be minimized by increasing the number of braced bays and using stiff braces.

(C-A-6-2)

COLUMNS

For nodal column bracing, the critical stiffness is a function of the number of
intermediate braces (Winter, 1958; Winter, 1960). For one intermediate brace,
B; =2P/Ly, and for many braces [3; = 4P/L,. The relationship between the
critical stiffness and the number of braces, n, can be approximated (Yura, 1995)
as 3; = N; P/L;, where N; = 4 — 2/n. The most severe case (many braces) was
adopted for the brace stiffness requirement, 3, = 2 x 4P /L. The brace stiffness,
Equation A-6-4, can be reduced by the ratio, N; /4, to account for the actual number
of braces.

The unbraced length, L;, in Equation A-6-4 is assumed to be equal to the length
L, that enables the column to reach P,. When the actual bracing spacing is less
than L, the calculated required stiffness may become quite conservative since
the stiffness equations are inversely proportional to Ly. In such cases, L, can be
substituted for L;. (This substitution is also applicable for the beam nodal bracing
formulations given in Equations A-6-8 and A-6-9.) For example, a W12x53
(W310x79) with P, = 400 kips (I 780 kN) can have a maximum unbraced
length of 14 ft (4.3 m) for A36 (A36M) steel. If the actual bracing spacing is 8 ft
(2.4 m), then 14 ft (4.3 m) may be used in Equation A-6-4 to determine the required
stiffness. The use of L, in Equation A-6-4 provides reasonable estimates of the
brace stiffness requirements; however, the solution can still result in conservative
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6.3.

estimates of the stiffness requirements. Improved accuracy can be obtained by
treating the system as a continuous bracing system as discussed in Galambos
(1998) and Lutz and Fisher (1985).

With regards to the brace strength requirements, Winter’s rigid model only ac-
counts for force effects from lateral displacements and would derive a brace force
of 0.8 percent P,, which accounts only for lateral displacement force effects. To
account for the additional force due to member curvature, this theoretical force
has been increased to 1.0%P,.

BEAMS

Beam bracing must prevent twist of the section, not lateral displacement. Both
lateral bracing (for example, joists attached to the compression flange of a simply
supported beam) and torsional bracing (for example, a cross frame or diaphragm
between adjacent girders) can effectively control twist. Lateral bracing systems
that are attached near the beam centroid are ineffective. For beams with double
curvature, the inflection point can not be considered a brace point because twist
occurs at that point (Galambos, 1998). A lateral brace on one flange near the
inflection point also is ineffective. In double curvature cases the lateral brace
near the inflection point must be attached to both flanges to prevent twist, or
torsional bracing must be used. The beam brace requirements are based on the
recommendations in Yura (1993).

Lateral Bracing

For lateral bracing, the following stiffness requirement was derived following
Winter’s approach:

Bypr = 2N;(CpPy) C,Cy/0Ly (C-A-6-3)
where
N; = 1.0 for relative bracing
= (4—2/n) for discrete bracing
n = number of intermediate braces
P; = beam compressive flange force
= mwEl,./Ly*

I,. = out-of-plane moment of inertia of the compression flange

C;, = moment modifier from Chapter F

C; = accounts for top flange loading (use C; = 1.0 for centroidal loading)
=1+ (1.2/n)

C,; = double curvature factor (compression in both flanges)
=1+ (Mg/ML)

M = smallest moment causing compression in each flange

M = largest moment causing compression in each flange

The C, factor varies between 1.0 and 2.0 and is applied only to the brace closest
to the inflection point. The term (2N;C;) can be conservatively approximated as
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10 for any number of nodal braces and 4 for relative bracing and (C, Ps) can
be approximated by M, /h which simplifies Equation C-A-6-3 to the stiffness
requirements given by Equations A-6-6 and A-6-8. Equation C-A-6-3 can be
used in lieu of Equations A-6-6 and A-6-8.

The brace strength requirement for relative bracing is

Py, = 0.004M,,C,Cy/ h, (C-A-6-4a)
and for nodal bracing

Py, =0.01M,C;Cy/ h, (C-A-6-4b)

They are based on an assumed initial lateral displacement of the compression
flange of 0.002 L. The brace strength requirements of Equations A-6-5 and A-6-7
are derived from Equations C-A-6-4a and C-A-6-4b assuming top flange loading
(C; = 2). Equations C-A-6-4a and C-A-6-4b can be used in lieu of Equations
A-6-5 and A-6-7, respectively.

2. Torsional Bracing

Torsional bracing can either be attached continuously along the length of the beam
(for example, metal deck or slabs) or be located at discrete points along the length
of the member (for example, cross frames). With respect to the girder response,
torsional bracing attached to the tension flange is just as effective as a brace
attached at mid-depth or to the compression flange. Although the girder response
is generally not sensitive to the brace location, the position of the brace on the
cross section does have an effect on the stiffness of the brace itself. For example,
a torsional brace attached on the bottom flange will often bend in single curvature
(for example, with a flexural stiffness of 2EI/L based on the brace properties),
while a brace attached on the top flange will often bend in reverse curvature (for
example, with a flexural stiffness of 6E1/ L based on the brace properties). Partially
restrained connections can be used if their stiffness is considered in evaluating
the torsional brace stiffness.

The torsional brace requirements are based on the buckling strength of a beam
with a continuous torsional brace along its length presented in Taylor and Ojalvo
(1966) and modified for cross-section distortion in Yura (1993).

CLELBr

C-A-6-5
3, ( )

Mu =< Mcr = \/(CbuM0)2 +
The term (Cp, M,) is the buckling strength of the beam without torsional bracing.
C,, = 1.2 when there is top flange loading and C,, = 1.0 for centroidal loading.
B7 = nPr/L is the continuous torsional brace stiffness per unit length or its
equivalent when n nodal braces, each with a stiffness B, are used along the
span L and the 2 accounts for initial out-of-straightness. Neglecting the unbraced
beam buckling term gives a conservative estimate of the torsional brace stiffness

requirement (Equation A-6-11).
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The strength requirements for beam torsional bracing were developed based upon
an assumed initial twist imperfection of 6, = 0.002L;,/h,, where h, is equal
to the depth of the beam. Providing at least twice the ideal stiffness results in
a brace force, My, = Br8,. Using the LRFD formulation of Equation A-6-11
(without ¢), the strength requirement for the torsional bracing is

24LM? L,

My, = Br6, = C-A-6-6
o =Brl =2 ez Soon, ( )
To obtain Equation A-6-9, the equation was simplified as follows:
24LM?*> L 2L? 2.4m*M,L M, L2
br e e L (C-A6T)

~ MEI,C? 500h, w2L2  500nL,C2 h, Cyw’El,

The term M, /h, can be approximated as the flange force, P, and the term
L}/Cym?EI, can be represented as the reciprocal of twice the buckling strength
of the flange (1/2P). Substituting for these terms and evaluating the constants
results in

0.024M, L
M, = - (C-A-6-8)
an Lb

which is the expression given in Equation A-6-9.

Equations A-6-9 and A-6-12 give the strength and stiffness requirements for dou-
bly symmetric beams. For singly symmetric sections these equations will gener-
ally be conservative. Better estimates of the strength requirements for torsional
bracing of singly symmetric sections can be obtained with Equation C-A-6-6 by
replacing /, with I as given in the following expression:

t
[eﬁ" =L+ -1y (C-A-6-9)
4 ) o)

where t is the distance from the neutral axis to the extreme tensile fibers, c¢ is the
distance from the neutral axis to the extreme compressive fibers, and 1, and I,
are the respective moments of inertia of compression and tension flanges about
an axis through the web. Good estimates of the stiffness requirements of torsional
braces for singly symmetric I-shaped beams may be obtained using Equation
A-6-11 and replacing I, with I given in Equation C-A-6-9.

The (.. term in Equations A-6-10, A-6-12 and A-6-13 accounts for cross-section
distortion. A web stiffener at the brace point reduces cross-sectional distortion and
improves the effectiveness of a torsional brace. When a cross frame is attached near
both flanges or a diaphragm is approximately the same depth as the girder, then
web distortion will be insignificant so ;. equals infinity. The required bracing
stiffness, Brp, given by Equation A-6-10 was obtained by solving the following
expression that represents the brace system stiffness including distortion effects:

1 B 1 n 1
BT_BTh Bsec

(C-A-6-10)
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Parallel chord trusses with both chords extended to the end of the span and attached
to supports can be treated like beams. In Equations A-6-5 through A-6-9, M,, may
be taken as the maximum compressive chord force times the depth of the truss to
determine the brace strength and stiffness requirements. Cross-section distortion
effects, Byec, need not be considered when full-depth cross frames are used for
bracing. When either chord does not extend to the end of the span, consideration
should be given to control twist near the ends of the span by the use of cross
frames or ties.
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APPENDIX 7

DIRECT ANALYSIS METHOD

Appendix 7, the direct analysis method, addresses a new method for the stability analysis
and design of structural steel systems comprised of moment frames, braced frames, shear
walls or combinations thereof (AISC-SSRC, 2003a). While the precise formulation of the
method is unique to the AISC Specification, some of its features have similarities to other
major design specifications around the world including the Eurocodes, the Australian
Standard, the Canadian Standard and ACI 318.

The direct analysis method has been developed with the goal of more accurately de-
termining the load effects in the structure in the analysis stage and eliminating the
need for calculating the effective buckling length (K factor) for columns in the first
term of the beam-column interaction equations. This method is, therefore, a major
step forward in the design of steel moment frames from past editions of the Specifi-
cation. In addition, the method can be used for the design of braced frames and com-
bined frame systems. Thus, this one method can be used for the design of all types
of steel framed structures used in practice. The method can be expanded in the future
beyond its use as a second-order elastic analysis tool as presented here. For example,
it can be applied with inelastic or plastic analysis. Also, it can be used in the analy-
sis of composite structures, although this application is not explicitly addressed in this
Specification.

Chapter C requires that the direct analysis method, as described herein, be used wherever
the value of the sidesway amplification ratio Azuq order/ A 15t order (0T Bp from Equation
C2-3), determined from a first-order analysis of the structure, exceeds 1.5. The method
may also be used in lieu of the methods described in Chapter C for the analysis and
design of any lateral load resisting frame in a steel building.

7.1. GENERAL REQUIREMENTS

There are potentially many parameters and behavioral effects that influence the
stability of steel-framed structures (Birnstiel and Iffland, 1980; McGuire, 1992;
White and Chen, 1993; ASCE Task Committee on Effective Length, 1997; Deier-
lein and White, 1998). Three of the most important aspects of stability behavior
include geometric nonlinearities, spread-of-plasticity, and member limit states.
These aspects ultimately govern frame deformations under applied loads and the
resulting load effects in the structure.

Geometric Nonlinearities and Imperfections. Modern stability design provisions
are based on the premise that the member forces are calculated by second-order
elastic analysis, where equilibrium is satisfied on the deformed geometry of the
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structure. The amplification of first-order analysis forces by the traditional B and
B, factors in Chapter C is one method of conducting an approximate second-
order elastic analysis. Where stability effects are significant, consideration must
be given to initial geometric imperfections in the structure due to fabrication
and erection tolerances. In the development and calibration of the direct analysis
method, initial geometric imperfections are conservatively assumed to be equal to
the maximum fabrication and erection tolerances permitted by the AISC Code of
Standard Practice for Steel Buildings and Bridges (AISC, 2005). For columns and
frames, this implies a member out-of-straightness equal to /1000, where L is the
member length between brace or framing points, and a frame out-of-plumbness
equal to H/500, where H is the story height. The out-of-plumbness also may be
limited by the absolute bounds specified in the Code of Standard Practice for
Steel Buildings and Bridges (AISC, 2005).

Spread of Plasticity. The direct analysis method is also calibrated against inelastic
distributed-plasticity analyses that account for the spread of plasticity through the
member cross-section and along the member length. The nominal thermal residual
stresses in W-shape members are assumed to have a maximum value of 0.3F) in
compression at the flange tips and to be distributed according to the so-called
Lehigh pattern—a linear variation across the flanges and uniform tension in the
web (Deierlein and White, 1998).

Member Limit States. Member strength may be controlled by one or more of the
following limit states: cross-section yielding, local buckling, flexural buckling,
and lateral-torsional or flexural-torsional buckling. For beam-columns in single
axis flexure and compression, the analysis results from the direct analysis method
may be used with the new interaction equations in Chapter H, which address
in-plane flexural buckling and out-of-plane lateral torsional instability separately.
The separate interaction equations reduce the conservatism in the 1999 LRFD
Specification (AISC, 2000b) provisions, which combine the two limit state checks
into one equation, by using the most severe combination of in-plane or out-of-plane
limits for P,/¢P, and M, /oM, . A significant advantage of the direct analysis
method is that the in-plane check with P, in the interaction equation is determined
using K = 1.0 (in other words, KL = L).

Second-Order Analysis. The stability design provisions of Chapter C are devel-
oped for use with second-order elastic analysis. It is important that all compo-
nent and connection deformations that contribute to the lateral displacement of
the structure be considered in the analysis. In practice, there are alternative ap-
proaches one can employ for conducting second-order analyses, some of which
are more rigorous than others.

Rigorous second-order analyses are those that accurately model all significant
second-order effects. Rigorous analyses include solution of the governing dif-
ferential equation, either through stability functions or computer frame analysis
programs that model these effects (McGuire, 1992; Deierlein and White, 1998).
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Many (but not all) modern commercial computer programs are capable of rigorous
analyses, although this should be verified by the user for each particular program.
Methods that modify first-order analysis results through second-order amplifiers
(for example, B; and B, factors) are in some cases accurate enough to constitute
a rigorous analysis. The use of the B} and B, amplifiers is permitted, even when
B; >1.5, provided they are determined using the reduced stiffnesses defined in
Equations A-7-2 and A-7-3.

Approximate second-order analyses are those that do not meet the requirements
of rigorous analysis. A common type of approximate analysis is one that captures
only P-A effects due to member end translations (for example, interstory drift)
but fails to capture P-8 effects due to curvature of the member relative to its chord.
Where P-3 effects are significant, errors arise in approximate methods that do not
accurately account for the effect of P-8 moments on amplification of both local
member moments and the global (A) displacements. These errors can occur both
with second-order computer analysis programs and with the By and B, amplifiers.
(Maleck and White, 2003) suggest an equation equivalent to Equation A-7-1
to distinguish cases where P-d effects can be safely ignored. Alternatively, the
engineer should verify the accuracy of the second-order analysis by comparisons
to known solutions for conditions similar to those in the structure. Examples of
the errors one may encounter are discussed in LeMessurier (1977) and Deierlein
and White (1998).

It is suggested that in most building structures, the second-order sidesway am-
plification (or the equivalent B;), calculated with the reduced stiffness, should
be kept no greater than Aj,q order/ A st order = 2.5. At larger amplification levels,
small changes in gravity loads or stiffnesses result in relatively large changes
in sidesway deflections and internal second-order forces, due to large geometric
nonlinearities. Also note that stiffness requirements for control of seismic drift are
included in many building codes that prohibit amplification or B, levels from ex-
ceeding approximately 1.5 to 1.6 (typically calculated, for steel structures, without
use of a reduced stiffness) (ICC, 2003).

Effective Length Method versus the Direct Analysis Method. The effective
length method for assessing member axial compressive strength, as discussed in
Chapter C of this Commentary, has been used in various forms in the AISC Spec-
ification since 1961. The provisions of the current Chapter C are essentially the
same as those in the 1999 LRFD Specification (AISC, 2000b), with the exception
that: (1) limits are placed on the magnitude of second-order effects (as quantified
by the (Azud order/ A 1st order) OF B limit of 1.5); and (2) a minimum lateral load of
0.002Y; (where Y; is the design gravity load acting on level i) is required to be
placed at each level of the structure for all gravity load-only combinations. These
limits and requirements are specified for the effective length method (which uses
the nominal geometry and elastic stiffness) to limit errors caused by not explic-
itly accounting in the analysis for initial out-of-plumbness and member stiffness
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reduction due to spread of plasticity. The method is based on calculating effec-
tive column buckling lengths, KL, which have their basis in elastic (or inelastic)
stability theory. In the effective length method, the effective buckling length KL,
or alternatively the equivalent elastic column buckling load, P, = w?>EI /(K L),
is used to calculate an axial compressive strength, P,, through an empirical col-
umn curve that accounts for geometric imperfections and distributed yielding
(including residual stress effects). This column strength is then combined with
the flexural strength, M,, and second-order member forces, P, and M,, in the
beam-column interaction equations.

Differences between the effective length method and the direct analysis method
lie predominantly in the in-plane strength check. Figure C-A-7.1(a) shows a plot
of the in-plane interaction equation for the effective length method, where the
anchor point on the vertical axis, Pk, is determined using an effective buckling
length. Also shown in this plot is the same interaction equation with the first
term based on the yield load, Py. For W-shape members, this in-plane beam-
column interaction equation is a reasonable estimate of the internal force state
associated with full cross-section plastification. The P versus M response of
a typical member, obtained from second-order spread-of-plasticity analysis and
labeled “actual response,” indicates the maximum axial force, P,, that the member
can sustain prior to the onset of instability. The load-deflection response from a
second-order elastic analysis using the nominal geometry and elastic stiffness, as
conducted with the effective length method, is also shown. The “actual response”
curve has larger moments than the above second-order elastic curve due to the
combined effects of distributed yielding and geometric imperfections, which are
not included in the second-order elastic analysis. In the effective length method,
the intersection of the second-order elastic analysis curve with the P,x;, interaction
curve determines the member strength. The plot in Figure C-A-7.1(a) shows that
the effective length method is calibrated to give a resultant axial strength, P,,
consistent with the actual response. For slender columns, the calculation of the
effective length KL (and P,k ) is critical to achieving an accurate solution when
using the effective length method.

While the effective length method is calibrated to accurately assess the resul-
tant in-plane member strength, one consequence of the procedure is that it un-
derestimates the actual internal moments under the factored loads (see Figure
C-A-7.1(a)). This is inconsequential for the beam-column in-plane strength check
(since P,k reduces the effective strength in the correct proportion); however,
the reduced moment can affect the design of the beams and connections, which
provide rotational restraint to the column. This is of greatest concern when the
calculated moments are small and axial loads are large, such that P-A moments
induced by column out-of-plumbness can be significant.

A major advantage of the direct analysis method is that it more accurately captures
the internal forces in the structure, particularly for the cases where there are
high gravity loads and low lateral loads. This advantage comes at the expense of
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7.2

applying notional lateral loads to the structure and reducing the frame stiffness as
part of the analysis input.

NOTIONAL LOADS

Notional loads are lateral loads that are applied at each framing level and are
specified in terms of the gravity loads applied at that level. The gravity loads used
to determine the notional load must be equal to or greater than the gravity loads
associated with the load combination being evaluated. Notional loads must be

applied in the direction that adds to the destabilizing effects under the specified
load combination.

The purpose of notional loads is to account for the destabilizing effects of ge-
ometric imperfections, nonideal conditions (such as incidental patterned gravity
load effects, temperature gradients across the structure, foundation settlement,
uneven column shortening, or any other effects that could induce sway that is
not explicitly considered in the analysis), inelasticity in structural members, or
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Fig. C-A-7.1. Comparison of in-plane beam-column interaction checks for
(a) the effective length method and (b) the direct analysis method.
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7.3.

combinations thereof. While it accounts for any or all of these potential effects,
the magnitude of the notional load 0.002Y; can be thought of as representing an
initial out-of-plumbness in each story of the structure of 1/500 times the story
height. If a smaller value can be justified by the designer, it is permitted to adjust
the magnitude of the notional load proportionately. Note that it is also permissible
to model the structure in an assumed out-of-plumb state in lieu of applying the
notional load.

DESIGN-ANALYSIS CONSTRAINTS

The direct analysis method begins with the basic requirement to calculate ac-
curately the internal load effects using a rigorous second-order analysis. This
stipulation is placed on the method to afford the luxury of using K = 1.0 in the
first term of the beam-column interaction equation. In order to obtain accuracy in
the calculation of second-order effects, certain constraints must be placed on the
method as discussed below.

The first constraint (clause 1) requires that a rigorous second-order analysis be
conducted that accounts for both P-A and P-38 effects. P-A effects are the effects
of loads acting on the displaced location of joints or nodes in a structure. P-3
effects are the effect of loads acting on the deflected shape of a member between
joints or nodes. Two benchmark problems have been established to determine
whether an analysis method meets the requirements of a rigorous second-order
analysis adequate for use in the direct analysis method. The problem descriptions
and their rigorous differential equation solutions are shown in Figure C-A-7.2.
Case 1 is a simply supported beam column subject to a uniform transverse load
between supports. This problem contains only a P-8 effect since there is no
translation of one end of the member relative to the other. The second problem is
a flagpole column with a lateral load at its top. This problem contains both P-A
and P-9 effects. Figure C-A-7.3 plots the results for the maximum moment and
deflection as a function of the applied load P/P,; using the rigorous solution. Note
also that if the magnitude of the axial load on the member is less than or equal to
0.15P,; (where P,;, = w?El/L?), then it is permitted to ignore the P-8 effect on
the lateral displacement A of the structure as the error in doing so is relatively small
(Maleck and White, 2003). However, the P-5 effect on the internal moment in the
member must be considered (see Figures C-A-7.2 and C-A-7.3). When using the
benchmark problems to assess the correctness of a second-order analysis method
or computer program, the computer model should utilize joints only at the ends
of the member (unless joints are planned on being used along the member length
in the actual structure to be modeled). Both moments and deflections should
be checked at the location shown for various levels of axial load on the member
(including loads that result in moment and deflection amplification, M, /M, and
Ymax /Yo, of more than 2.5) the results should agree within 3 percent. Other possible
benchmark problems can be found in Chen and Lui (1987), which contains the
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rigorous solution for a simply-supported beam-column subject to compression
and applied end moments and also a solution for a fixed-ended beam-column
subject to compression and uniformly distributed loads. Typically, the calculation
of accurate internal M, values is more difficult in problems where member load
and/or displacement boundary conditions are not symmetrical.

The second constraint (clause 2) requires the application of a notional load N; =
0.002Y;, where Y; is the gravity load from the appropriate load combination acting
on level i. The notional loads are required to account for the destabilizing effects
of initial imperfections and other conditions that may induce sway not explicitly
modeled in the structure. Note that the notional load coefficient 0.002 is based
on an initial out-of-plumbness ratio from all effects equal to 1/500. Where a
different value can be justified, the coefficient may be adjusted proportionately.
When second-order effects are kept to a level so that the sidesway amplification
Aond order] Alst order OF By < 1.5 (1.71 using the reduced elastic stiffness), then it is
permitted to apply the notional loads only in the gravity load-only combinations
and not in combination with other lateral loads. At this low range of sidesway
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Fig. C-A-7.2. Benchmark problems.
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amplification or B,, the resulting errors in the internal forces are relatively small.
If the notional loads are applied in combination with other lateral loads, there is
no need for checking a B, limit. In all cases it is permitted to use the assumed out-
of-plumbness geometry in the analysis of the structure in lieu of applying notional
loads as an acceptable way to account for the geometric imperfection effects.

The third constraint (clauses 3 and 4) requires that the analysis be based on a
reduced stiffness (EI* = 0.87,FEI and EA* = 0.8EA) in the structure. There are
two reasons for imposing the reduced stiffness for analysis. First, for frames
with slender members, where the limit state is governed by elastic stability, the
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Fig. C-A-7.3. Maximum moment and deflection values as a function of axial force for
benchmark problems.
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0.8 factor on stiffness results in a system available strength equal to 0.8 times the
elastic stability limit. This is roughly equivalent to the margin of safety implied
by design of slender columns by the effective length procedure where the design
strength 0 P, = 0.9(0.877)P, = 0.79 P, where P, is the elastic critical load, 0.90
is the specified resistance factor, and 0.877 is a reduction factor in the column
curve equation (Equation E3-3). Second, for frames with intermediate or stocky
columns, the 0.87, factor reduces the stiffness to account for inelastic softening
prior to the members reaching their design strength. The 7, factor is similar to
the inelastic stiffness reduction factor implied in the column curve to account for
loss of stiffness under high compression loads (P, > 0.5P,),and the 0.8 factor
accounts for additional softening under combined axial compression and bend-
ing. It is a fortuitous coincidence that the reduction coefficients for both slender
and stocky columns are close enough, such that the single reduction factor of
0.87,works over the full range of slenderness. The reduced stiffness and notional
load requirements only pertain to analyses for strength limit states. They do not
apply to analyses of serviceability conditions of excessive deflections, vibration,
etc. For ease of application in design practice, where 1, = 1, the reduction on EI
and EA can be applied by modifying E in the analysis. However, for computer
programs that do semi-automated design, one should ascertain that the reduced
E is applied only for the second-order analysis. The elastic modulus should not
be reduced in nominal strength equations that include E (for example, M, for
laterally unbraced beams). As shown in Figure C-A-7.1(b), the net effect of mod-
ifying the analysis in the manner just described is to amplify the second-order
forces such that they are closer to the actual internal forces in the structure. It is
for this reason that the beam-column interaction for in-plane flexural buckling is
checked using an axial strength P,; calculated from the column curve using the
actual unbraced member length L, in other words, with K = 1.0.

In cases where the flexibility of other structural components (for example, con-
nections, flexible column base details, or horizontal trusses acting as diaphragms)
is modeled explicitly in the analysis, the stiffness of the other structural compo-
nents should be reduced as well. Conservatively, the stiffness reduction may be
taken as EA* = 0.8 EA and/or EI* = 0.8EI for all cases. Surovek-Maleck, White,
and Leon (2004) discuss the appropriate reduction of connection stiffnesses in the
analysis of PR frames.

Simplified First-Order Analysis Based on the Direct Analysis Method (K = 1.0).
The direct analysis method provides the technical basis for the provisions of Sec-
tion C2.2b for design by first-order elastic analysis with K = 1.0 (Kuchenbecker,
White, and Surovek-Maleck, 2004). The method is based on an assumed out-of-
plumbness in the structure A, /L = 0.002, a target maximum drift ratio A /L, and
reduced stiffnesses in the frame members (0.87,El and 0.8EA). The first-order
analysis is carried out using the nominal (unreduced) stiffness, and the above
stiffness reduction is accounted for solely within the calculation of amplification
factors. The method is applicable to braced, moment and combined frames. This
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method has a number of distinct advantages compared to the amplified first-order
elastic approach specified in Chapter C:

(1) The second-order internal forces and moments are determined directly as part
of the first-order analysis.
(2) There is no need to subdivide the analysis into artificial NT and LT parts.

Kuchenbecker and others (2004) present a general form of the suggested method.
If the above approach is employed, it can be shown that for B, < 1.5and 7, = 1.0
the required additional lateral load to be applied with other lateral loads in a first-
order analysis of the structure, using the nominal (unreduced) stiffness, can be
determined as:

B, A B,
Ni=—F"-F-—F) =Y, > | ———— ) 0.002Y; (C-A-7-3-1)
1-0.2B,) L 1-0.2B,

where B, and Y; are as defined in Chapter C, and Ay/L is the target maxi-
mum first-order drift ratio due to either the LRFD strength load combinations or
1.6 times the ASD strength load combinations. Note that if B, (based on the
unreduced stiffness) is set to the 1.5 limit prescribed in Chapter C, then,

Ni =2.1(A/L)Y; = 0.0042Y; (C-A-7-3-2)
This is the additional lateral load required in Section C2.2b(2) of Chapter C.
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Metric Conversion Factors for Common
Steel Design Units Used in the AISC Specification

Unit Multiply by to obtain
length inch (in.) 25.4 millimeters (mm)
length foot (ft) 0.304 8 meters (m)
mass pou(r:g;nn;ass 0.4536 kilogram (kg)
stress ksi 6.895 megapiljgarifz(MPa),

moment kip-in 113 000 N-mm
energy ft-lbf 1.356 joule (J)

force kip (1 000 Ibf) 4 448 newton (N)
force psf 47.88 pascal (Pa), N/m?
force plf 14.59 N/m

temperature To convert °F to °C: t° = (t° — 32)/1.8

force in Ibf or N =mass x g

where g, acceleration due to gravity = 32.2 ft/sec? = 9.81 m/sec?






