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The 1994 Northridge, California earthquake resulted in
the fracture of complete-joint-penetration groove

(CJP) welds connecting girder flanges to column flanges
in steel moment-resisting connections in a number of steel
frame structures ranging from one to 26 stories in height
(FEMA, 2000a).  These welds fractured due to a combi-
nation of reasons, including the weld material having low
fracture toughness; the pre-Northridge connection geome-
try making the CJP welds more susceptible to high strain
and stress conditions; and welding practices that resulted
in inconsistent weld properties (FEMA, 2000a).  As a
result of these fractures, in the subsequent years there has
been a tendency to be more conservative than necessary in
the design and detailing of steel moment-resisting connec-
tions both in seismic and non-seismic zones within the
United States.  In particular, continuity plates and web
doubler plates have often been specified when they are
unnecessary and, when they are necessary, thicker plates
have been specified than would be required according to
the applicable specifications.  In addition, the welds of the
continuity plates to the column flanges have often been
specified as being complete-joint-penetration groove
welds, even though the use of more economical fillet
welds may have sufficed. 

The tendency to be more conservative than necessary
with the design of column stiffeners (i.e., continuity
plates and doubler plates) is understandable since they do
have a significant effect on the stress and strain distribu-
tion in the connection and on connection performance for
columns with thinner flanges or webs.  For example,

Roeder (1997) observed that girder-to-column joints with
moderately sized continuity plates, doubler plates, or both
performed better in cyclic loading tests than joints with-
out such reinforcement.  Also, it has been observed from
finite element analyses of these joints that there is a
decrease in stress concentration in the girder flange-to-
column flange welds at the mid-width location of the
girder flange when continuity plates are used (Roeder,
1997; El-Tawil, Vidarsson, Mikesell, and Kunnath, 1999).
Nevertheless, if column flanges are sufficiently thick,
experimental evidence exists that continuity plates are not
required to achieve sufficient performance (Ricles, Mao,
Kaufmann, Lu, and Fisher, 2000; Lee, Cotton, Dexter,
Hajjar, Ye, and Ojard, 2002).

The design criteria for the limit states applicable to con-
tinuity plate and doubler plate design for non-seismic con-
ditions are provided in Section K1 of Chapter K of the
American Institute of Steel Construction (AISC) Load and
Resistance Factor Design (LRFD) Specification for Struc-
tural Steel Buildings (AISC, 1999a).  There are additional,
more stringent provisions in the requirements for Special
Moment Frames (SMF) in the AISC Seismic Provisions
for Structural Steel Buildings (AISC, 1992). However, the
1997 and 2002 AISC Seismic Provisions (AISC, 1997a,
2000, and 2002) removed all design procedures related to
continuity plates, requiring instead that they be propor-
tioned to match those provided in the tests used to qualify
the connection.

As part of the SAC Joint Venture research program, pre-
liminary post-Northridge seismic design guidelines and
two advisories were published (FEMA, 1995; FEMA,
1996; FEMA, 1999) that pertained to these column rein-
forcements in seismic zones.  For example, the guidelines
called for continuity plates at least as thick as the girder
flange that must be joined to the column flange in a way
that fully develops the strength of the continuity plate, i.e.
this encouraged the use of complete-joint-penetration
groove (CJP) welds.  However, more recent seismic guide-
lines (FEMA, 2000a) have reestablished design equations
to determine whether continuity plates are required and, if
so, what thickness is required.  

Recent research has revealed that excessively thick con-
tinuity plates are unnecessary.  El-Tawil and others (1999)
performed parametric finite element analyses of girder-to-
column joints.  They found that continuity plates are
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increasingly effective as the thickness increases to approxi-
mately 60 percent of the girder flange.  However, continu-
ity plates more than 60 percent of the girder flange
thickness brought diminishing returns. 

Furthermore, over-specification of column reinforcement
may actually be detrimental to the performance of connec-
tions.  As continuity plates were made thicker and attached
with highly restrained CJP welds, they sometimes con-
tributed to cracking during fabrication (Tide, 2000).  Yee,
Paterson, and Egan (1998) performed finite element analy-
ses comparing fillet-welded and CJP-welded continuity
plates including heat input of the weld passes.  Based on
principal stresses extracted at the weld terminations, it was
concluded that fillet-welded continuity plates may be less
susceptible to cracking during fabrication than if CJP welds
are used.  

The research described in this paper is part of an ongoing
project to reassess the design provisions for column stiffen-
ing, including both continuity and doubler plate detailing,
for non-seismic and seismic design conditions, and to inves-
tigate new alternative column stiffener details.  The project
includes three components: monotonically loaded pull-plate
experiments to investigate the need for and behavior of con-
tinuity plates (Prochnow, Dexter, Hajjar, Ye, and Cotton,
2000), cyclically loaded cruciform girder-to-column joint
experiments to investigate panel zone behavior and local
flange bending (Lee and others, 2002), and parametric finite
element analyses (FEM) to corroborate the experiments and
assess the performance of various continuity plate and dou-
bler plate details (Ye, Hajjar, Dexter, Prochnow, and Cotton,
2000; Webster, 2000).  Throughout the project, new doubler
plate and continuity plate details were investigated to
explore economical detailing and minimize welding along
the column k-line region, as per the recommendations of the
AISC advisory for the k-line region (AISC, 1997b).  New
column stiffener details that were investigated included:
continuity plates that were half the thickness of girder
flange and that were fillet-welded to the column; doubler
plates that were fillet-welded to the column flanges; and
doubler plates that were offset from the column flanges by
several inches to serve as both doubler and continuity
plates.  In addition, several unstiffened column specimens
were analyzed and tested to verify where stiffeners are not
required in steel connection design.

This paper presents the results of the pull-plate experi-
ments and analyses, and the relation of these results to the
AISC provisions for continuity plate design.  These monot-
onic tests focus on non-seismic design provisions, although
some consideration is given to seismic design as well.
Because pull-plate specimens are loaded in monotonic ten-
sion, the primary focus of these tests was on continuity
plate detailing. Lee and others (2002) discuss in more depth
the related doubler plate detailing issues considered in this

research.  The paper includes background on the primary
limit states for continuity plate design, including local web
yielding (LWY) and local flange bending (LFB), as well as
a presentation of historical conclusions from previous
research regarding the behavior of continuity plates and the
welds attaching them to the columns.  Also, included is a
brief description of the finite element analysis models that
were used in this research to further understand the behav-
ior of the tested specimens and to corroborate with the
experimental tests.  The results of the pull-plate specimens
are then presented and compared to defined failure modes
and yield mechanisms relating to the limit states of LWY
and LFB.  The paper concludes by comparing the results to
current AISC design provisions, discussing the behavior of
the new column detailing, and presenting proposed new
design equations for the LWY and LFB limit states.

BACKGROUND

The present AISC (1999a) non-seismic provisions that gov-
ern the design of continuity plates are based on three limit
states: local web yielding (LWY), local flange bending
(LFB), and local web crippling (LWC).  An overview of the
developments of the provisions for local web yielding and
local flange bending is presented in this section.  However,
web crippling is not discussed, as it rarely controls continu-
ity plate design (Dexter, Hajjar, Cotton, Prochnow, and Ye,
1999; Prochnow and others, 2000). 

A provision to restrict LWY of column sections was first
defined in the 1937 AISC Manual (AISC, 1937).  The pro-
vision remained the same until after the research of Sher-
bourne and Jensen (1957) and Graham, Sherbourne,
Khabbaz, and Jensen (1960), which was focused on investi-
gating column web and flange behavior in moment-resist-
ing frame connections and updating design specifications
related to stiffener connection design.  The outcome of the
research generated guidelines for the use and sizing of con-
tinuity plates, which were first used in various forms in the
AISC Allowable Stress Design (ASD) Specifications (e.g.,
AISC, 1989).  This equation, as shown below, is still used
in the current AISC LRFD non-seismic provisions for the
limit state of local web yielding (AISC, 1999a).

where:
φ = 1.0
Ru = required strength 
Rn = nominal strength
k = distance from outer face of flange to web toe of

fillet

(5 )  for interior conditionsu n yc cwR R k N F t< φ = φ + (1)

(2.5 )  for end conditionsu n yc cwR R k N F t< φ = φ + (2)
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N = length of bearing surface (typically taken as the
thickness of the girder flange)

Fyc= minimum specified yield strength of the column
tcw = thickness of column web

The current non-seismic design equation for LFB is also
based on the research work of Graham and others (1960), in
conjunction with limit load and buckling analyses of Parkes
(1952) and Wood (1955).  The equation is a result of using
plastic yield line analysis to fit the experimental results
regarding local flange bending of the tests and lower bound
approximations of dimensions of common girder and col-
umn combinations of the time.  A modified form of the LFB
equation from Graham and others (1960) is currently used
in the LRFD Specification (AISC, 1999a), which requires
that the design strength of the column flanges exceed the
concentrated transverse force applied by the girder flange
across the column flange.  The design strength of the col-
umn flange for the local flange bending limit state is given
as:

where:
φ = 0.9
tcf = thickness of the column flange

Since the research of Graham and others (1960), several
researchers have examined the behavior of moment-resist-
ing connections with and without continuity plates, and
have recommended various methods of sizing continuity
plates.  Since the 1994 Northridge earthquake, the trend in
continuity plate design for seismic moment frames has been
to require stiffeners sized to have a thickness equal or larger
than the thickness of the larger girder flange framing into
the connection, regardless of the required strength.  Fur-
thermore, continuity plates were often previously fillet-
welded to the column web and flanges.  After the
Northridge earthquake, it has been typical to use CJP welds
to join the continuity plates to the column flanges, and often
to the web as well.    

The following is a summary of significant past conclu-
sions from researchers regarding continuity plate design:

• Johnson performed three different series of tests (John-
son, 1959a, 1959b, 1959c) on a total of 31 fully-welded
connections with and without continuity plates and 22
pull-plate tests, all subjected to monotonic loading.  The
final conclusions of the tests were that continuity plates
should be half the width of the girder flange and approx-
imately the same thickness, and that fillet welds were
sufficient to connect the stiffeners to the column flanges.  

• Popov, Amin, Louie, and Stephen (1986) performed a
series of cyclic half-scale cruciform tests, with and with-
out continuity plates, to verify the design criteria for
girder-to-column connections in seismic conditions.  The
results of the tests showed that, for two connections con-
sisting of the same column and girder sizes, the inelastic
girder rotation greatly increased when continuity plates
were included in the connection.  Yielding and buckling
of the continuity plates was witnessed when the girders
were within the strain-hardening range.  Thus, the
researchers concluded that designing stiffeners on the
basis of nominal yielding in the girder flanges was
unconservative.  Regarding the continuity plate welds,
recommendations were made to use complete-joint-pen-
etration groove welds to attach the continuity plates to
the column flanges, rather than fillet welds, since a fillet
weld connecting the continuity plate to the column
flange failed prematurely in one of the two connections
using fillet welds all around the continuity plates.  

• Tremblay, Timler, Bruneau, and Filiatrault (1995) out-
lined the characteristics of the AISC seismic design pro-
visions (AISC, 1992), summarized reconnaissance site
visits of several buildings after the Northridge earth-
quake, and compared the observed behavior to the
expected performance.  From observations of actual per-
formance, the authors contended that the presence of
continuity plates may have played a role in mitigating
weld failures.  The connections with continuity plates
had fewer weld failures, which suggested that the flexi-
bility of the column flanges could have resulted in local
overstressing of the welds.  Tremblay and others (1995)
recommended the use of continuity plates in all connec-
tions designed for seismic zones.

• Kaufmann, Xue, Lu, and Fisher (1996) and Xue, Kauf-
mann, Lu, and Fisher (1996) tested several fully welded
girder-to-column connections under cyclic loading.  The
connections varied the type of welding electrodes used
in the girder-to-column CJP weld.  Each of the connec-
tions contained continuity plates joined to the column
flanges and webs with 5/8-in. fillet welds.  The results of
the tests showed that fully welded connections that used
electrodes with higher toughness values and fillet-
welded continuity plates can act in a ductile manner.  

• Roeder (1997) performed finite element analyses for
critical components of pre-Northridge connections.
These localized analyses showed that transverse strains
in the girder and column flange are restrained by the sur-
rounding steel, and are therefore susceptible to hydro-
static tensile stress and potential cracking.  The author
also showed that continuity plates may decrease the
hydrostatic stress at the girder-to-column interface,

2
6.25n cf ycR t Fφ = φ (3)
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• Bjorhovde and others (1999) tested a series of cyclically-
loaded one-sided cruciform tests with relatively weak
panel zones.  These specimens had fillet-welded conti-
nuity plates that met criteria of the AISC k-line advisory
(AISC, 1997b).  The continuity plates and connections
performed adequately. 

• Engelhardt (1999) made preliminary recommendations
for the design and detailing of reduced beam section
(RBS) moment connections based on available experi-
mental data on the connections.  Recommendations were
made to use continuity plates with thicknesses similar to
the beam flange thickness in all RBS connections, which
were CJP-welded to the column flanges and webs.  How-
ever, none of the RBS tests omitted continuity plates, so
it is unclear what conditions should require continuity
plates. 

• Ricles and others (2000) tested four cruciform speci-
mens, with and without continuity plates.  The continu-
ity plates were attached to the column flanges with CJP
welds.  The tests showed that continuity plates improve
performance of the connections, but that satisfactory
behavior can be achieved if the column flanges are suffi-
ciently thick.  An additional equation, similar to that dis-
cussed below in relation to FEMA (2000a), was
proposed that defined the required continuity plate thick-
ness in terms of the girder flange width.    

• Roeder discussed the results of the research conducted
by the SAC Joint Venture in FEMA (2000d).  The conti-
nuity plate requirements presented were essentially the
same equations as the AISC Seismic Provisions (AISC,
1992), such that continuity plates were required if:

where:
Ru = 1.8Fyg Agf

Agf = bgf tgf

bgf = width of the girder flange
tgf = thickness of the girder flange 

The 1.8 factor in the equation for the seismic girder
demand Ru includes a strain hardening factor of 1.3 on the
yield strength, and assumes the full plastic capacity of the
girder is carried by the flanges. Thus, the 1.3 factor is
increased by the ratio of the plastic section modulus, Zx, to
the flange plastic section modulus, Zf of the girder. This
ratio is typically at most approximately 1.4 for rolled wide-
flange shapes, resulting in the factor of 1.8 (1.4*1.3 ≈ 1.8)
(Bruneau, Uang, and Whittaker, 1998).

which then may affect the likelihood of weld cracking.
Roeder (1997) gave no recommendations on the most
effective size of continuity plates in moment-resisting
frames. 

• Engelhardt, Shuey, and Sabol (1997) tested three welded
flange-bolted web moment connections under cyclic
load to failure.  The connections were then repaired and
retested.  The test results showed that repairing connec-
tions by using high toughness weld metal makes the con-
nection behave adequately under cyclic loads.  The
authors recommended using CJP welds to attach the con-
tinuity plates to the column flanges and fillet welds to
attach to the column web.

• Welding of the continuity plates to the column flanges
potentially creates a highly restrained configuration and
generates large tensile residual stresses.  Since it became
customary to use CJP welds and thicker continuity
plates, a number of fractures of the k-line region of the
column web were occurring during fabrication (Tide,
2000).  The AISC advisory for the k-line region (AISC,
1997b) recommended that the welds for continuity plates
should stop before the k-line. The AISC advisory (AISC,
1997b) also recommended that all continuity plate welds
should be fillet welds or partial-joint-penetration groove
welds.  

• Yee and others (1998) performed finite-element simula-
tions, including heat input of weld passes, on connec-
tions with continuity plates, which were attached by CJP
welds or fillet welds.  The analyses resulted in higher
residual stresses occurring when the stiffeners were
attached with CJP groove welds.  This led to the recom-
mendation that fillet welds should be used to avoid brit-
tle fracture.  

• El-Tawil and others (1999) performed finite element
analyses on a cantilever connection, with various conti-
nuity plate thicknesses ranging from half of the girder
flange thickness to full-thickness.  The analyses con-
cluded that continuity plates with thicknesses less than
60 percent of the girder flange thickness resulted in very
similar stress and strain distributions compared to the
results of those with continuity plates as thick as the
girder flanges.    

• Dexter and Melendrez (2000) tested over 40 pull-plate
tests with 100 ksi yield strength pull plates to investigate
the through-thickness strength of the column flanges.
Most of the specimens had fillet-welded continuity
plates.  These fillet-welded continuity plates performed
adequately provided they were detailed in accordance
with the AISC advisory (AISC, 1997b).  

0.4
u

cf
yc

R
t

F
< (4)

(5)



An additional equation presented in the research by
Ricles and others (2000) and similar to Equation 7 below
was also included in FEMA (2000d) as a possible addition
to the continuity plate requirements.  Because the tests of
Ricles and others (2000) showed that Equations 4 and 5
provided a conservative measure of the continuity plate
requirements, Roeder concluded that it was appropriate to
return to the requirements of the 1992 Seismic Provisions
(AISC, 1992). 

• FEMA (2000a), resulting from the research of the SAC
Joint Venture, uses the LFB equation and a seismic
girder demand to calculate the need for continuity plates.
The guidelines state that unless proven with tested con-
nections, continuity plates are required if the thickness
of the column flange is less than either of the two fol-
lowing equations:

In summary, there is some consensus that continuity
plates may be fillet-welded and may not always be required
in non-seismic connections.  However, there is a prevailing
consensus that continuity plates are generally required for
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connections in seismic zones, although there are differing
conclusions on the required width and thickness of the
plate, on the type of weld that should be used to connect the
stiffener to the column flange, and on whether very thick
column flanges always require continuity plates.

SPECIMEN SELECTION

A substantial parametric study was conducted (Prochnow
and others, 2000) to assess appropriate girder and column
combinations for the pull plate tests.  Parameters were stud-
ied that affected continuity plate requirements for columns
designed either for non-seismic or seismic detailing condi-
tions.  From this study, a range of column sections were
identified as being on the cusp of the LWY and LFB limit
states, as defined by Equations 1 and 3, respectively, and
using required strengths, Ru, based upon non-seismic and
seismic girder flange demands, which were calculated as:

where:
Ry = ratio of expected yield strength to minimum speci-

fied yield strength 
= 1.1 for grade 50 or 65 rolled shapes.

0.4 1.8
yg

cf gf gf
yc

F
t b t

F

 
<  

 
(6)

6

gf
cf

b
t < (7)

1.0  (non-seismic girder flange demand)u yg gfR F A= (8)

1.1  (seismic girder flange demand)u y yg gfR R F A= (9)

Column W14××120 W14××132 W14××145 W14××159 W14××176 

tcw 0.590 0.645 0.680 0.745 0.830 

tcf 0.940 1.030 1.090 1.190 1.310 

 
 

Nominal 
Dim. 

k 1.625 1.688 1.750 1.875 2.000 

LWY 0.70 0.79 0.86 1.01 1.19 Non-
seismic* LFB 0.66 0.80 0.89 1.06 1.29 

LWY 0.58 0.66 0.72 0.84 0.99 
1.1Ry* 

LFB 0.55 0.66 0.74 0.89 1.07 

LWY 0.39 0.44 0.48 0.56 0.66 
Seismic* 

LFB 0.37 0.44 0.50 0.59 0.72 

 

Table 1. Nominal Dimensions and Normalized Design Strengths of 
Candidate Pull-Plate Specimens (Unstiffened)

* The values in the table are the ratio of φRn /Ru, which show the percentage of the flange force the column
can resist. Equations (8), (9), and (5) were used to determine Ru based on non-seismic, 1.1Ry, and seis-
mic girder flange demands, respectively, while Equations (1) and (3) were used to calculate φRn for LWY
and LFB, respectively.



Equation 8 is typically used for non-seismic design, rep-
resenting the nominal yield strength of the flange.  Equation
5, representing one alternative value for seismic girder
flange demand, predicts stresses in the flange well above
the tensile strength of most structural steels.  Equation 9,
presented by Prochnow and others (2000), provides a more
realistic flange force for use in assessing the results of the
pull-plate experiments.  The 1.1Ry factor is consistent with
the strong column-weak beam check and panel zone
demand calculations used by AISC (1997a, 1999b, 2002).

Five W14 sections in particular were isolated for further
investigation, including W14×120, W14×132, W14×145,
W14×159, and W14×176 columns. These were coupled
with a pull plate representing a W27×94 girder flange.
Using the girder nominal yield strength of 50 ksi and girder
flange (i.e., pull-plate) dimensions, the girder flange
demands were approximately 375 and 450 kips from Equa-
tions 8 and 9, respectively.  Table 1 summarizes the ratios of
the design strength to required strength for the limit states
of LWY and LFB using the three different girder flange
demands from Equations 5, 8, and 9 and, for the design

194 / ENGINEERING JOURNAL / FOURTH QUARTER / 2003

a)

b)

Fig. 1.  Typical pull-plate specimen with beveled, fillet-welded doubler plate.
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Fig. 2. Typical pull-plate specimen with a half-thickness continuity plate, fillet-welded to the column flange and web.

Fig. 3. Typical pull-plate specimen with a box detail consisting of doubler plates welded to the column flange away from web with CJP welds.



strengths, nominal dimensions from AISC (1995) as shown
in the table and a column nominal yield strength of 50 ksi.
Note that AISC (1995) did not distinguish between design
and detailing k-dimensions, but the values from AISC
(1995) are close to the corresponding new design k-dimen-
sions discussed in AISC (2001).

Finite element models of the proposed pull-plate test
setup were then analyzed and compared for these five col-
umn sizes to help finalize the specimen selection.  The finite
element analyses were used to help determine the appropri-
ate specimen sizes, to select the appropriate length of the
column stub, and to define failure criteria for the LWY and
LFB limit states.  Details of the finite element models are
given in Ye and others (2000).  

Figures 1 through 4 show the details of the pull-plate
specimens used in this research (Prochnow and others,
2000).  The pull-plate specimens consisted of three-foot-
long sections of columns with pull plates welded to the col-
umn flanges, representing the flanges of the girders in the
actual connections. Actual nominal dimensions of a
W27×94 flange are tgf = 0.745 in. and bgf = 9.995 in. The
pull-plates were constructed as ¾ in. by 10 in. plates.  Based
on the use of a W27×94 girder and column sections all
made from A992 steel, none of the girder-to-column com-
binations satisfy the strong column-weak beam criteria
from AISC (1997a, 2000, 2002), as the overriding objective
was to impart a large flange force onto a relatively weak
column section so as to test the extreme limits of the asso-
ciated limit states.

For the finite element analyses, the columns were mod-
eled using nominal section dimensions. One-quarter of each
specimen was used in the finite element model.  All of these
finite element models used for specimen design consisted of
unstiffened sections and pull-plates representing a W27×94
girder flange. The unstiffened pull-plate model typically
consisted of approximately 4725 nodes and 3275 elements.
Generally, the mesh consisted of four layers of elements
through the thickness of the pull plate, the column web, and
the continuity plate; three layers of elements through the
column flange thickness; 17 elements along the half width
of the column flange; and 11 elements along the half depth
of the column web.  However, at areas of high stress con-
centrations, such as directly below the pull-plate in the col-
umn k-line, smaller elements were used to more accurately
define the behavior of the specimens.  A mesh refinement
study was conducted on an unstiffened specimen with a 2 ft
column stub length, refining the mesh everywhere where
high stress and strain gradients were observed.  The results
of the study indicated the coarser mesh to be sufficient for
the analysis [details can be found in (Ye and others, 2000)].  

The models were constructed using A992 column sec-
tions and A572 Gr. 50 plate material for the pull-plates.  For
the preliminary finite element analyses, the nominal mini-
mum specified yield strength, Fyn, of 50 ksi was used for all
column sections and plate material.  The input data for the
finite element models were simplified piecewise linear
stress-strain curves based on the results of tensile tests con-
ducted by Frank on a sampling of currently rolled shapes
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Fig. 4. Typical pull plate-to-column weld detail.



(FEMA, 2000b).  Figure 5 shows this stress-strain curve,
based on Frank’s research, for the A992 steel used in the
preliminary finite element models.  The curve was defined
by the nominal yield strength Fyn and by the nominal yield
strain εyn = Fyn / E, where E is Young’s modulus, which was
taken as 29,000 ksi.

The stress-strain curve of the weld metal was selected to
be similar to that of the base metal, except that a shorter
yield plateau and more gradual strain-hardening progres-
sion were used.  A yield strength of 75 ksi and a tensile
strength of 80 ksi was used in the finite element models
[these values are within the range of properties provided by
the catalog of the vendor that supplied the weld metal used
for this research; details can be found in (Ye and others,
2000)].  

The finite element models were compared, including key
comparisons at five different locations: one measurement
of flange displacement and strain measurements at two
locations each in the column flanges and column webs.  A
sample of the results is shown in Figures 6 through 8.  Fig-
ure 6 shows a typical deformed shape at 5 percent total
elongation of the W14×132 pull-plate specimen from tip-
to-tip of the pull-plates, showing the complex three-dimen-
sional displacement pattern exhibited by local flange
bending failure coupled with local web yielding.  For Fig-
ures 7 and 8, the comparisons are reported at a load of
approximately 400 kips for four out of five of the column
sections studied.  This load level was chosen since it is
greater than the nominal yield strength of the pull-plates of
375 kips, calculated by Equation 8, and is also greater than
the loads that the columns can resist for either LWY or
LFB, calculated by Equations 1 and 3.  

As can be seen in Figures 7 and 8, there is a considerably
larger change in strain and displacement between the
W14×120 and W14×132 column sections than when com-
paring the other sections.  Figure 7 shows that the W14×120
had a strain along the k-line of 4 percent at a distance of
(5k+N)/2 from the column centerline (i.e., the line traced
parallel to the line of force, Puf, and located where the pull
plates intersect the column, as shown in Figure 7), as well
as 40 percent strain along the k-line at the centerline of the
column length; these are excessive values, thus clearly indi-
cating this column would have exceeded the LWY limit
state.  The same figure shows that the W14×132 exhibited
much more reasonable behavior, but still would likely fail
by LWY.  The strain at a distance of (5k + N)/2 was pre-
dicted as 0.18 percent (approximately equal to the yield
strain), and at the centerline the value was 10 percent, as
seen in Figure 7.  Figure 8 also shows that the W14×120
exhibited excessive flange tip deflection due to local flange
bending (combined with local web yielding).  The
W14×132 also had a large flange tip deflection compared to
the larger sections.  According to the AISC LRFD Specifi-
cation (AISC, 1999a), all of the lightest three sections,
including the W14×145, would need continuity plates for
both the LWY and LFB limit states for non-seismic applica-
tions (see Table 1). Therefore, since both the W14×132 and
W14×145 needed stiffeners according to the specification,
and the finite element analyses predicted a reasonable pos-
sibility of LWY and LFB failure for the W14×132 but lower
likelihood of reaching the limit states for non-seismic
demand for the W14×145, the W14×132 was chosen as the
smallest section to test the LWY and LFB limit states.  A
W14×159 section was also tested unstiffened to ensure test-
ing of a column that exhibited little possibility toward fail-
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Fig. 5. Stress-strain curve of A992 steel used for preliminary finite element analyses of pull-plate specimens.



ure.  In addition, a W14×132 and a W14×159 were tested
with doubler plates to mitigate LWY, so as to focus on the
distinction in the LFB response of these specimens.  Four
stiffened W14×132 specimens, described more in the next
section, completed the test matrix.

SPECIMEN DESIGN

Nine pull-plate specimens were tested in this research,
using the three column sections outlined in the prior sec-
tion, as follows:

1. Specimen 1-LFB: W14×132 without continuity plates,
with doubler plates, examined LFB

2. Specimen 2-LFB: W14×145 without continuity plates,
with doubler plates, examined LFB

3. Specimen 1-LWY: W14×132 without any continuity or
doubler plates, examined LWY and LFB

4. Specimen 2-LWY: W14×145 without any continuity or
doubler plates, examined LWY and LFB

5. Specimen 3-UNST: W14×159, without any continuity or
doubler plates, examined LWY and LFB

6. Specimen 1-FCP: W14×132, with full-thickness conti-
nuity plates and CJP welds

7. Specimen 1-HCP: W14×132, with half-thickness conti-
nuity plates and fillet welds

8. Specimen 1B-HCP: repeat of 1-HCP to verify results

9. Specimen 1-DP: W14×132, with doubler plate box detail

The nine specimens may be grouped into three categories
(with some specimens contributing to more than one cate-
gory): specimens focused on evaluating the LFB limit state,
specimens used to evaluate the LWY limit state (and the
interaction of LWY and LFB), and specimens aimed at
investigating the effects of new stiffening details on the con-
nections.  The specimens all included a pull-plate whose
dimensions are approximately equal to the nominal dimen-
sions of the girder flange of a W27×94.  This girder section
was chosen because it is commonly used today and because
it places a high flange force demand on the columns. To
ensure consistency in the demand placed on the columns,
the girder flange area was not a variable in this study.

Specimens 1 and 2 included a new doubler plate detail in
which beveled doubler plates were fillet-welded to the col-
umn flange to avoid welding in the column k-line (see Figure 1).
The doubler plates stiffened the web of the two specimens
in order to isolate local flange bending as the governing
limit state.  The fillet weld sizes were chosen to satisfy both
the strength requirement (i.e., full development of the dou-
bler plate in shear) and geometric requirements as outlined
in AISC (1999b).  Specimens 3 through 5 were unstiffened
connections that looked at the interaction between LWY
and LFB.  Specimens 6 through 8 tested connections either
with full-thickness continuity plates and CJP welds, repli-
cating details often seen in current practice, or half-thick-
ness continuity plates with fillet welds; Specimen 8 repeats
the experiment of Specimen 7 to help verify the results of
this economical continuity plate detail (see Figure 2).  The
continuity plates all had ¾-in. clips, and for Specimens 7
and 8, the fillet weld along the web was terminated an addi-
tional ¾-in. from the toe of the clip to help mitigate stress
concentrations near the column k-line. Specimen 9 included
no continuity plate, but rather two doubler plates placed out
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Fig. 6. Deformed shape for unstiffened W14×132 at 5% specimen elongation (magnification factor = 1).



away from the column web, as shown in Figure 3. These
plates thus act both as continuity and doubler plates, and in
this detail it is the intent that two doubler plates would
always be used.  This detail, first investigated by Bertero,
Krawinkler, and Popov (1973), provides an economical
alternative to connections that require two-sided doubler

plates plus four continuity plates.  A parametric finite ele-
ment study by Ye and others (2000) showed that the optimal
location of the doubler plates so as to minimize the peak
strains in the girder flange near the CJP weld is to place the
doubler plates at a distance of 1/3 to 2/3 of the girder half
flange width from the column web.
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Fig. 7. Comparison of strain in the web vs. load for candidate pull-plate specimens:
a) at a distance (5k+N)/2 from the column centerline; b) at the column centerline.



Note that in later work as part of this project (Lee and
others, 2002), it was determined with the steel fabricator
that a better detail for the fillet-welded doubler plates of
Specimens 1 and 2 (Figure 1) involves not beveling the dou-
bler plate, as in those specimens.  The standard, squared off
doubler plate is cut to a width just under d − 2tf of the col-
umn, is dropped into place, and is then fillet-welded to the
column flange along its two sides.  The gap opening would
be typically less than that required to ensure prequalifica-
tion of the fillet weld.  However, it is not possible to weld
across the top and bottom of the doubler plate in this con-
figuration, although this is acceptable for typical connection
behavior (Lee and others, 2002).  This unbeveled, fillet-
welded doubler plate detail is tested further in the cyclic
cruciform girder-to-column joint experiments of Lee and
others (2002).

The test specimens were designed to help determine if
fillet welds or CJP welds are needed to adequately connect
the continuity plates to the column flanges.  The majority of
the past research (e.g., Popov and others, 1986; Engelhardt
and others, 1997; Engelhardt, 1999) in this area has recom-
mended that complete-joint-penetration groove welds
should be used.  However, no tests have been done for the
sole purpose of determining if fillet welds are adequate.

Yee and others (1998) performed finite element analyses
that suggested that fillet welds would be sufficient for the
continuity plate welds.  The pull-plate experiments further
contribute to this past research.

The column webs from the three proposed column sec-
tions ranged from 0.645 in. to 0.745 in.  In comparison, the
cruciform tests by Sherbourne and Jensen (1957) consisted
of columns with web thicknesses ranging between 0.288 in.
and 0.580 in., and Graham and others (1960) tested 11 pull-
plate tests with web thicknesses in a similar range, 0.294 in.
to 0.510 in.  The web thicknesses tested in this research pro-
gram represent realistic column sizes used in current prac-
tice.  The column flange thicknesses, in turn, were in the
range of the larger specimens tested by Graham and others
(1960).

The CJP welds joining the pull plates to the column sec-
tions were made using the self-shielded FCAW process and
E70T-6 filler metal.  The E70T-6 wire had a diameter of
0.068 in.  The filler metal used for the pull-plate specimens
had a measured ultimate tensile strength of 77 ksi, and CVN
values of 63.7 ft-lb at 70 °F and 19.0 ft-lb at 0 °F.  Figure 4
shows the detail of the girder tension flange-to-column
flange connection, including the weld type and access hole
dimensions.  Continuity plates and web doubler plates were
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Fig. 8. Comparison of flange separation along outboard flange edge vs. column size for candidate pull-plate specimens.



fillet-welded using the 100 percent carbon dioxide gas-
shielded FCAW process and E70T-1 filler metal with a
0.0625-in. diameter.  For Specimen 6, CJP welds were used
to join the continuity plate to the column flanges, and for
Specimen 9, CJP welds were used to join the web doubler
plate to the column flanges.  These CJP welds were also
made with the gas-shielded FCAW process and E70T-1
filler metal.  The clips for the continuity plates were all ¾ in.
on each side.  As seen in Figure 4, a restrictor plate, repre-
senting a portion of the girder web, was tack welded to the
girder flange and column flange before making the CJP
weld for two reasons.  The main reason was to simulate a
bottom girder flange-to-column flange weld, in which the
welder must stop and start the weld passes around the col-
umn web.  A secondary reason for the restrictor plate was to
keep the pull-plate at a 90° angle to the column flange.  The
column tack weld was removed before testing.

All plate material of the same thickness and columns
with the same sizes were produced from the same heat.
Table 2 presents a comparison of the coupon test results and
the mill reports, as well as key measured dimensions of the
actual cross sections tested.  The columns were made from
A992 steel, and the girders from A572 Gr. 50 plate.  The
reported coupon yield strength was defined by the 0.2 per-
cent offset.  All values given in Table 1 are averaged values
from multiple coupons.  Two coupons were taken from each
flange and the web of each column section, and three
coupons were taken from each plate.  Rockwell hardness

values (B-scale) were also measured throughout the column
cross sections.  Along the column k-lines, the hardness val-
ues were shown to range from 78 to 90 for the W14×132,
from 86 to 96 for the W14×145, and from 75 to 81 for the
W14×159.  Measured notch toughness in the k-line region
for the three specimens ranged from 100 to 200 ft-lbs at 70 °F
for all column sections.  Prochnow and others (2000) pro-
vide further details of the ancillary testing for the pull-plate
specimens, including documentation of the stress-strain
parameters of the coupon tests, details of the CVN values
and hardness values of the base metal, and transverse and
longitudinal macrosections of typical regions of the E70T-6
CJP welds.

Testing of the pull-plate specimens followed the SAC
protocol (SAC, 1997), where it was applicable.  Since, the
SAC protocol does not specify a strain rate for monotonic
tensile tests, a high strain rate of 0.004 sec-1 was used,
which approximates the strain rate from seismic loading at
about a 2 second period.  The high strain rate increases the
yield strength of the materials and increases the probability
for brittle fracture, thereby testing the specimens under
more severe conditions.  There were three basic instrumen-
tation plans, one for each of the three categories of speci-
mens.  All nine specimens had high-elongation strain gages
on the pull-plates and LVDTs that measured the overall
specimen elongation and the separation of the column
flange tips.  The data acquisition system collected 56 chan-
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 W14××132 
(flange/web) 

W14××145 
(flange/web) 

W14××159 
(flange/web) 

 
Pull-plate 

 
HCP* 

 
FCP* 

 
DP* 

 
DP 

Box* 
Coupon 

Yield 
(0.2% 
offset) 

49.2/54.4 58.2/59.4 51.1/ 55.2 48.2 50.0 46.0 56.2 46.5 

Mill Yield 53.0 57.0 53.5 51.2 61.3 51.2 57.0 51.2 
Coupon 
Tensile 

69.4/70.3 74.1/75.1 71.5/71.8 72.5 72.2 72.5 73.8 72.5 

Mill 
Tensile 

70.5 73.5 72 72.1 80.4 72.1 71.0 72.1 

tcw 0.657 0.646 0.745 - - - - - 

tcf 0.998 1.073 1.187 - - - - - 

bcf 14.73 15.50 15.57 - - - - - 

k 2.000 2.000 2.250 - - - - - 

 

Table 2. Material Properties and Measured Dimensions of Pull-Plate Specimens 
(all units are kips and inches)

* HCP = half-thickness continuity plate, FCP = full-thickness continuity plates, DP = doubler plate, DP Box = dou-
bler plate box detail 



nels of data at 100 Hz.   Prochnow and others (2000) pro-
vide further details of the testing procedure.

ESTABLISHMENT OF FAILURE 
CRITERIA FOR LIMIT STATES

Before testing began, connection failure criteria were devel-
oped for the LWY and LFB limit states.  The primary indi-
cator of failure was whether the weld fractured prematurely.
Brittle fracture was potentially still a possibility, because
the fracture toughness of the E70T-6 weld metal was only
somewhat better than the E70T-4 weld metal that was used
in the pre-Northridge connections (FEMA, 2000c).  If brit-
tle fracture occurred in some cases but not in others, the
influence of column stiffener details on the occurrence of
brittle fracture could be investigated.  However, there may
be other undesirable behavior besides premature fracture,
such as excessive deformation.  In these experiments, none
of the welds fractured prior to the pull plate fracturing, so
secondary failure criteria were established based on exces-
sive deformation to identify problematic limit states. 

The criteria were established based on the results from
finite element analyses conducted as part of this research
(Ye and others, 2000), AISC provisions for LWY and LFB,
and previous research [e.g., Sherbourne and Jensen (1957)
and Graham and others (1960)].  For each specimen, the
column section was examined for failure at non-seismic and
seismic girder demand load levels, Ru, calculated as per
Equations 8 and 9, respectively.  Using the measured yield
strength and girder flange (i.e., pull-plate) dimensions, the

non-seismic and seismic girder flange demands were
approximately 360 and 435 kips, respectively.  These were
below nominal values because the coupon tests (Table 2)
showed the 0.2 percent offset yield strength to be 48.2 ksi.
The corresponding nominal values of 375 kips and 450 kips
will be used for comparison to all results, because these rep-
resent values corresponding to design practice.  In particu-
lar, for investigating the specimen behavior relative to the
failure modes and yield mechanisms in this work, the pull-
plate load of 450 kips (which corresponds to approximately
1.5 percent specimen elongation) will be used as the pri-
mary target for demand.  

For each limit state, a two-part failure criterion was
developed. The connection was classified as failing by
LWY if at 450 kips the strain in the column k-line directly
under the pull-plate was greater than 3.0 percent, or the
strain in the column k-line was greater than the yield strain
for the entire 5k+N area.  The connection was defined as
failing by LFB if at 450 kips the separation of the two col-
umn flange tips on the same side of the web and located at
the column centerline (as defined in Figure 7) was greater
than ¼ in.  The LFB failure criterion was based on the per-
missible variations in cross section sizes given in ASTM
(1998), which specifies that the flanges of a W-shape may
be up to ¼ in. out-of-square.  Presumably, this amount of
flange distortion is tolerable, such that the column is
deemed to still have sufficient resistance to flange local
buckling.  Therefore, it was assumed that it would also be
acceptable to have this much distortion caused by deform-
ing of the girder flanges.  The probability of an initially dis-

202 / ENGINEERING JOURNAL / FOURTH QUARTER / 2003

Fig. 9. Strain distribution from the finite element analyses along the column k-line at 450 kips.



torted flange combining with additional deformation due to
the girder was deemed to be insignificant.  The continuity
plates, in turn, were characterized as failed if the entire full-
width region of the continuity plates was above the yield
strain.  

Justification for the LWY failure criteria can be seen in
Figures 6 and 9.  Figure 6 exhibits the integral relation
between the LWY and LFB failure modes in a typical
unstiffened column. High strains in the column web directly
opposite the girder flange contribute to LFB.  Thus, in this
research it was deemed important to track the strain along
the column k-line throughout the 5k+N region.  Figure 9 shows
finite element results similar to those seen in Figure 7, with the
exception that mill report values are used for the yield and
tensile strengths (as reported in Table 2).  Using a similar
failure criterion of Graham and others (1960), which based
LWY failure on yielding (i.e., achieving a strain of 0.18 per-
cent as shown in Figure 9) of the 5k+N region of the column
k-line, the W14×132 specimen would fail by LWY. Figure 9
shows that the strain in the W14×132 (1-LWY) k-line is
greater than yield for the entire 5k+N region, while the
W14×145 (2-LWY) and W14×159 (3-UNST) are not.
Therefore, if it is assumed that the W14×132 (1-LWY) fails
and the W14×145 (2-LWY) does not, this establishes a sec-
ond failure guideline used in this work relating to a strain
greater than 3 percent directly below the pull-plate.  

EXPERIMENTAL RESULTS AND 
CORROBORATION WITH ANALYSIS

Table 3 is a summary of the pertinent results of the tests,
including loads and specimen elongations when the speci-
men failed and when the different failure criteria were
exceeded.  Nominal strengths are computed using nominal
material properties and the nominal section dimensions
given in Table 1. Actual design strengths are calculated
using the measured dimensions and material strengths given
in Table 2.  A discussion of results specific to the primary
limit states follows.

Local Web Yielding

Figure 10 shows the experimental strain distribution in the
k-line of the column web for all seven specimens that were
gaged to evaluate LWY.  As shown in the figure, none of the
specimens had strain levels exceeding 3 percent directly
under the pull-plate at a load level of 450 kips, and only the
unstiffened W14×145 specimen (2-LWY) had strain values
greater than yield for the entire 5k+N region. The W14×145
exhibits these higher strains relative to the W14×132
because measurements showed that the specific W14×145
section used in the test actually had a thinner web than the
specific W14×132 section (see Table 2).  There is no toler-
ance on web thickness in ASTM A6; the tolerance is only
on the weight per foot (ASTM, 1998).  The strain distribu-
tion also shows a much steeper gradient for the W14×132
(1-LWY) than the other two unstiffened sections.  This gra-
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Fig. 10. Strain distribution from the experiments along the column k-line at 450 kips.
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P
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F
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P

 

1-
D

P
 

Ultimate Load / 
Specimen 
Elongation 

523 k 
4.7% 

519 k 
4.2% 

519 k 
3.8% 

520 k 
3.1% 

520 k 
3.5% 

526 k 
3.1% 

548 k 
4.3% 

551 k 
5.5% 

527 k 
2.6% 

Load /Specimen 
Elongation at 
LWY YM 1*  

471 k 
2.2% 

- - - 483 k 
1.6% 

- - - 514 k 
3.2% 

- - - - - - - - - - - - 

Load /Specimen 
Elongation at 
LWY YM 2** 

500 k 
3.3% 

- - - 437 k 
1.4% 

- - - 496 k 
2.7% 

- - - - - - - - - - - - 

Nominal φRn for 
LWY 

Equation (1) 
296 k  323 k  377 k     

Actual φRn for 
LWY Equation 

(1)
#
 

384 k  413 k  493 k     

Load /Specimen 
Elongation at 

LFB YM  

412 k 
1.1% 

410 k 
1.2% 

463 k 
1.9% 

- - - 490 k 
2.5% 

- - - - - - - - - - - - 

Nominal φRn for 
LFB Equation 

(3) 
298 k  334 k  398 k     

Actual φRn for 
LFB Equation 

(3)
#
 

276 k  377 k  405 k     

Load /Specimen 
Elongation at 

Continuity Plate 
YM  

- - - - - - - - - - - - - - - - - - - - - - - - - - - 

Load at 0.6% 
Specimen 
Elongation 

379 k 382 k 381 k 276 k 274 k 365 k 383 k 387 k 399 k 

Load at 1.5% 
Specimen 
Elongation 

437 k 426 k 443 k 435 k 433 k 435 k 459 k 454 k 479 k 

 

Table 3. Experimental Test Results and Nominal and Actual Design Strengths of Pull-Plate Specimens

* LWY YM 1 = local web yielding yield mechanism 1 = strain at the column length centerline in the k-line is
above 3%

** LWY YM 2 = local web yielding yield mechanism 2 = strain in the entire 5k+N region of the k-line is above
the yield strain

✝ LFB YM = local flange bending yield mechanism = flange tip separation is over ¼ in.

✝✝ CP YM = continuity plate yield mechanism = strain in the full-width region of the continuity plate is above
the yield strain

# Actual φRn values use measured specimen dimensions and coupon yield strength results as reported in
Prochnow and others (2000)



dient is likely due to its thinner column flange.  The thicker
column flanges of the W14×145 and W14×159 act to dis-
tribute the load more evenly into the column web.  

Figure 11 shows the deformation of Specimen 1-LWY at
the end of the test, along with the approximate yielded zone.
As seen in Figures 10 and 11, the W14×132 was close to
breaching the LWY limit state at a load of 450 kips, and had
breached the limit state at the time of failure at a load of 523
kips.  

Equation 1 for LWY assumes a constant distribution of
stress equal to the column web yield strength across the k-line
for a distance 5k+N.  Figure 12 shows both the experimen-
tal and finite element method (FEM) stress distributions in
the column web in the direction of loading of Specimens 1-
LWY, 2-LWY, and 3-UNST.  The stress distributions shown
are at the load levels at which the entire 5k+N region was
above the yield strain of each column section (see Table 3).
The experimental stress distributions were calculated by
using the strain gage data along the k-line and the stress-
strain behavior of the coupon results for the column webs
[see Prochnow and others (2000) for details of this calcula-
tion].  The rectangular stress block inherent in Equation 1
for LWY only approximates the actual nonlinear stress dis-
tribution predicted both in the experiments and nonlinear
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Fig. 11. Deformation of specimen 1-LWY after the experiment.

    1-LWY 2-LWY 3-UNST Mean Standard 
Deviation 
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1.16 0.95 0.97 1.03 0.12 

 

Table 4. Test-to-Predicted Ratios for Local Web Yielding Equations
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1-LWY W14x132 412 332 353 306 328 1.24 1.17 1.35 1.26 

2-LWY W14x145 463 371 362 419 442 1.25 1.28 1.11 1.05 

3-UNST W14x159 490 443 458 450 465 1.11 1.07 1.09 1.05 

1-LFB
#
 W14x132 410 332 353 306 328 1.23 1.16 1.05 1.25 

2-LFB
#
 W14x145 

Never 
reached ¼ 
in. displ. 

371 362 419 442 N.A. N.A. N.A. N.A. 

Mean       1.21 1.17 1.22 1.15 
Standard 
Deviation 

      0.068 0.086 0.14 0.12 

 

Table 5. Comparison of Local Flange Bending Failure Loads

Fig. 12. Stress distributions along the column k-line.

# Two ½ in. thick doubler plates added to column web



analyses. To investigate the implications of this discrepancy,
a quadratic curve was thus fit to the data for Specimens 1-LWY,
2-LWY, and 3-UNST at the respective load levels specified
for yield mechanism 2 in Table 3.  Integrating this stress
along the distance 5k+N yields a nominal strength for the
local web yielding limit state:

where x = (5k + N)/2  
Table 4 reports the predicted strength for LWY (using

both nominal and measured properties as listed in Tables 1
and 2, respectively, without a φ factor), according to Equa-
tions 1 and 10.  Table 4 also reports the load at which LWY
yield mechanism #2 was reached (as per Table 3).  As may
be seen in the table, the test-to-predicted ratio is consis-
tently closer to 1.0 with the proposed design equation, and
the standard deviations are smaller.  However, it should be
emphasized that the simpler equation currently in AISC
(1999a), Equation 1, was compared both to the pull plate
results in this research and to past work by Graham and oth-
ers (1960) and in Prochnow and others (2000) and was
found to be both reasonable and conservative for the non-
seismic loading exhibited in these pull plate tests.  

Local Flange Bending

Figure 13 shows the separation of the flanges near the tips
of the flanges along the column length for all nine speci-

mens.  The W14×132 unstiffened and the W14×132 with
doubler plates on the web (1-LFB) both failed this LFB cri-
terion. By comparing the specimens without continuity
plates but with web-doubler plates (1-LFB and 2-LFB) to
those with no stiffeners at all (1-LWY and 2-LWY), it can
be seen that a significant portion of the flange separation is
due to web deformation, as confirmed by the finite element
results of Figure 6 and the photograph in Figure 11.  In the
case of the W14×145 (2-LWY and 2-LFB), which has a
stiffer flange and, as it turns out, a thinner web, half of the
flange separation is due to web deformation.

The derivation of Equation 3 is based on the research of
Graham and others (1960).  Failure of their pull plate spec-
imens was determined based upon fracturing.  This is an
unreliable failure mechanism for comparison with LFB pre-
dictions because it is based upon the toughness of the weld
and base metal; the weld metal in particular was likely to be
less tough than those used in the current pull plate tests.
Prochnow and others (2000) thus show that the scatter in the
test-to-predicted ratio of both the results of Graham and
others (1960) and in the current work is significant.  Thus,
a new nominal strength equation for local flange bending
has been derived in this work based upon a procedure sim-
ilar to that used by Graham and others (1960), in which a
plastic yield mechanism in the flange is assumed.
Prochnow and others (2000) conducted a substantial para-
metric study of the range of yield mechanism parameters
exhibited in typical girder-to-column connections, and thus
simplified the proposed new local flange bending nominal
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Fig. 13. Column flange separation from the experiments along the outboard flange edge column length at 450 kips.

( )3 2
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strength equation to [see Prochnow and others (2000) for
details of this derivation]:

Table 5 exhibits the predicted (using both nominal and
measured properties as listed in Tables 1 and 2, respectively,
without a φ factor) and experimental strengths using the
LFB yield mechanism reported in Table 3 and Equations 3
and 11. The test-to-predicted ratio of Equation 11 is consis-
tently closer to 1.0 than Equation 3, and the standard devi-
ations are similar.  Prochnow and others (2000) show even
more dramatic results when comparing to the test results of
Graham and others (1960). However, it should be empha-
sized that Equation 3 was compared both to the pull plate
results in this research and to past work by Graham and oth-
ers (1960), and Equation 3 was found to be both reasonable
and conservative for the non-seismic loading exhibited in
these pull plate tests.

Continuity and Doubler Plate Limit States

The results of the stiffened specimens (1-HCP, 1B-HCP,
and 1-FCP) showed that, at least for monotonically loaded
connections, a half-thickness continuity plate was adequate
to avoid web yielding and flange bending.  Figures 10 and
12 show a significant difference between the unstiffened
and stiffened specimens.  In particular, the specimens with
fillet-welded half-thickness continuity plates (1-HCP and
1B-HCP) are well below the LWY and LFB failure criteria.

The failure criterion for the continuity plates was com-
plete yielding across the full-width section of the plates at
450 kips. The full-width section of the continuity plates was

defined as the area just outside of the ¾-in. clips.   Figure
14 shows a comparison of the results of the strain distribu-
tion in the continuity plates of the 1-HCP and 1-FCP spec-
imens.  Neither of the specimens fully yielded across the
width of the continuity plates, and therefore both were still
capable of resisting load and had not failed.  The half-thick-
ness continuity plate fillet welds also did not fracture, thus
validating the integrity of this detail.  The CJP welds of the
full-thickness continuity plates did not cause any problems
during fabrication or testing. 

Specimen 1-DP, the box detail, also performed well.
Strains in the doubler plate and web did not exceed yield for
the entire 5k+N region, and neither the LWY nor the LFB
limit states were breached.  However, the doubler plates
used in Specimen 1-DP were rather thick, based on the
observation of Bertero and others (1973) that the doubler
plates are less effective when they are moved away from the
web.  Equations 1 and 3 predict that two 3/32-in. doubler
plates would be required to mitigate the LWY and LFB
limit states, respectively using Equation 8 to compute girder
flange demand.  However, further research is required to
determine an appropriate sizing procedure for the box
detail. Note also that the backing bars used for the CJP
welds of the doubler plates were not removed (and would
not normally be removed for this detail), and the welds per-
formed well in this test.

CONCLUSIONS

This paper has given the background of the local web yield-
ing and local flange bending limit states and the conclusions
of previous researchers regarding the behavior of continuity
plates and the welds attaching them to columns. It has also
summarized the results of nine pull-plate tests and corre-
sponding finite-element analyses studying column-stiffen-
ing details. The preliminary conclusions from these tests are
focused on monotonic loading applications and will be syn-
thesized with future cyclic loading experiments, with impli-
cations for seismic design, in Lee and others (2002) and
other ongoing research. Conclusions of this paper, as
related to non-seismic design, include:

• The AISC non-seismic design provisions for local web
yielding and local flange bending are reasonable and
slightly conservative in calculating the need for column
stiffening. However, new design equations are also pro-
posed in this research for the limit states of local flange
bending and local web yielding in connections consist-
ing of wide-flange girders framing into wide-flange
columns with fully-restrained connections. When com-
pared to experiments both from this research and past
work, both equations provide superior test-to-predicted
ratios as compared to current provisions.  Broadening the
range of experimental tests to include a wider range of
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Fig. 14. Continuity plate stress distribution along full-width 
of plate of 450 kips.
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section sizes would strengthen the assessment of these
new equations.

• None of the E70T-6 CJP welds fractured despite plastic
deformation, even when the flange tip separation was
over ¼ in, indicating that column stiffener details may
have little influence on the potential for brittle weld frac-
ture provided the weld is specified with minimum CVN
requirements and backing bars are removed. 

• The use of half-thickness continuity plates fillet-welded
to both the column web and flanges is sufficient for non-
seismic design in comparison to the traditional full-
thickness continuity plates with CJP welds.

• The new doubler plate details, i.e., the box detail and
beveled doubler plates fillet-welded to the column
flanges, both of which avoid welding to the column k-line,
performed satisfactorily under monotonic loading and
provided sufficient stiffness to avoid the local web yield-
ing and local flange bending limit states for non-seismic
design.
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