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Preface
MCEER is a national center of excellence dedicated to the discovery and development of new knowledge, tools and technologies that equip communities to become more disaster resilient in the face of
earthquakes and other extreme events. MCEER accomplishes this through a system of multidisciplinary,
multi-hazard research, in tandem with complimentary education and outreach initiatives.
Headquartered at the University at Buffalo, The State University of New York, MCEER was originally
established by the National Science Foundation in 1986, as the first National Center for Earthquake
Engineering Research (NCEER). In 1998, it became known as the Multidisciplinary Center for Earthquake Engineering Research (MCEER), from which the current name, MCEER, evolved.
Comprising a consortium of researchers and industry partners from numerous disciplines and institutions
throughout the United States, MCEER’s mission has expanded from its original focus on earthquake
engineering to one which addresses the technical and socio-economic impacts of a variety of hazards,
both natural and man-made, on critical infrastructure, facilities, and society.
The Center derives support from several Federal agencies, including the National Science Foundation,
Federal Highway Administration, National Institute of Standards and Technology, Department of
Homeland Security/Federal Emergency Management Agency, and the State of New York, other state
governments, academic institutions, foreign governments and private industry.
This report presents the results of an experimental and analytical study on the in-plane flexural inelastic behavior of
concrete filled sandwich steel panel walls. Four large scale walls were tested under cyclic loading; the tested walls included
specimens with and without boundary elements, two different spacing of the tie bars, and effectiveness of tie bar connection details. The tested walls had an aspect ratio larger than two. Ductile performance was achieved by development of
the plastic moment capacity of the cross section. All tested specimens showed stable ductile performance. Finite element
analysis was used to establish models simulating the behavior of the tested specimens and to conduct limited parametric
studies. Based on the experimental and analytical findings, seismic design recommendations were formulated.
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ABSTRACT

Research was conducted on concrete filled steel sandwich panel walls (CFSSP-Walls) in order to
investigate the ductility and seismic performance of this structural system under in-plane flexure. The
research focused on walls which have an aspect ratio (height to cross section depth), h/W, over 2, such
that the ductile behavior of the wall is induced by developing the plastic moment capacity of the cross
section, Mp. Accordingly, an experimental program was executed at the Structural Engineering and
Earthquake Simulation Laboratory (SEESL) at the University at Buffalo, followed by analytical
investigation that involved plastic analysis, fiber analysis, and finite element analysis. The experimental
and analytical results were used to develop seismic design recommendations for the CFSSP-Walls.
Previous studies on composite shear walls focused on walls that developed ductile behavior through shear
yielding, with relatively little work available on walls that developed flexural yielding, as reflected in
existing design recommendations in AISC 341-10.
In the experimental program, four CFSSP-Wall specimens were tested under quasi-static cyclic loading
(following the ATC-24 protocols) and had a height to width ratio of 2.5 and 2.72, respectively. These
walls were divided into two groups, namely: Group NB and B. Group NB consisted of walls with no
boundary elements, where the end flanges of the specimens consisted of half round Hollow Steel Sections
(HSS) in order to avoid stress concentration at the corner welds.
Group B specimens had full round HSS at their ends, which served as boundary elements, and again the
two tested walls were different in their S/t ratio, which was taken to be equal to 25.6 in specimen CFSSPB1 and 38.4 in specimen CFSSP-B2. Other differences from group B include the fact that specimen
CFSSP-B2 tie bars were fillet welded to the web skin plates (instead of plug welded), and that fiber
concrete was used in that specimen in an attempt to reduce the tension cracks in the concrete at ultimate
behavior.
The four tested specimens were able to attain/exceed the expected plastic moment capacity and were able
to sustain their load capacity up to a drift exceeding 3%, which emphasized the ductile behavior of these
CFSSP-Walls.
The finite element method using ABAQUS 6.10EF2 explicit solver was then used to establish models to
simulate the behavior of the tested walls, and the calibrated models were further used to conduct a limited
v

parametric study to investigate design parameters that were not covered in the experimental program.
This included cases with S/t ratios of 50, D/t equal to 0.076 (E/Fy), and finally the use of thicker concrete
(taken to be equal to 0.35b instead of 0.2b, where b is the length of the steel web of the CFSSP-Wall).
Finally, the experimental and analytical results were used to develop design recommendations for
CFSSP-B and CFSSP-NB walls, including expressions to limit the S/t and D/t ratios, and an expression to
calculate the required diameter of the tie bars (based on the plastic deformation of the steel skin plate
during local buckling). Simple plastic theory was used to derive expressions to calculate the plastic
moment capacity of CFSSP-NB and CFSSP-B walls.
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CHAPTER 1
INTRODUCTION
1.1. General
Reinforced concrete shear walls have been used as an effective lateral load resisting system in high-rise
and mid-rise buildings for decades. In particular, such walls have been commonly used as the lateral-load
resistance system in high-rise buildings in seismic regions. In such applications, reinforced concrete
walls can become quite thick, which adds weight (and, thus, inertia forces) to buildings. High seismic
demands on the wall, especially in regions of high seismicity, also lead to congested reinforcement details
to meet the ductility and strength demands on the wall. Most importantly, the relatively large foot-print of
reinforced concrete shear walls decrease the leasable area in high-rise buildings. During an earthquake, a
typical reinforced concrete shear wall will develop cracks in tension, and experience crushing and
spalling of the concrete in compression, leading to reduction of stiffness (and eventually strength) during
large inelastic displacement cycles.

Steel plate shear walls (SPSWs) are a good alternative to reinforced concrete shear walls. In terms of
constructability, they are fast to build, “compatible” with steel floor systems, relatively light, and have a
smaller footprint than corresponding concrete walls (thus providing more leasable area). The reduced
wall weight also advantageously reflects on seismic demand due to mass reduction. SPSWs have good
ductility; research performed on SPSW showed that they sustain drifts of 3 to 4% without significant
damage. However, tall SPSWs can have greater flexural flexibility than comparable reinforced concrete
shear walls, which can lead to greater drifts. Furthermore, overall buckling of the steel plate in such walls
leads to an overall reduction in the shear strength, lateral stiffness and energy dissipation capacity of the
system upon repeated cycles of inelastic deformations. SPSWs have been used in high rise buildings as
the main lateral load resisting system, but capacity design requirements typically results in relatively large
sized horizontal and vertical boundary elements.

Different approaches have been taken in recent years to develop composite shear walls (made of
structural steel and reinforced/plain concrete) to improve the performance of the aforementioned types of
walls. Some of these approaches are intended to enhance the behavior of concrete walls, others to
improve behavior of SPSWs.

1

In one approach, reinforced concrete shear walls are reinforced with embedded structural steel shapes (in
addition to conventional longitudinal reinforcement) located such as to act as boundary elements for the
walls, or with an encased steel plate “web” to increase the shear strength of the wall. Another approach
has been to use structural steel or composite coupling beams spanning between adjacent closely spaced
reinforced concrete walls (i.e., a dual wall system in which the walls are connected by ductile link
beams). In all of these cases, the structural steel and/or composite beams are used to provide inelastic
deformations at the design story drift through flexural or shear yielding.

Among approaches proposed to enhance the behavior of SPSWs, concrete panels added to one or both
sides of the SPSW’s web plate are intended to prevent its local buckling. The web plate in this case
resists the seismic loads through shear yielding rather than axial tension field action, allowing the wall to
sustain relatively higher seismic demand and provide (by delaying buckling of the steel plate infill)
repeatable hysteretic behavior.

Another approach is to use composite shear walls that consist of steel sandwich panels filled with
concrete (note that different techniques have been used to fabricate the panels and tie the panels together).
This type of wall has many benefits. First, construction is accelerated by making it possible to use the
steel skin of the system as formwork for erection purposes, particularly when the skin is designed to be
self-bracing (i.e., not requiring lateral bracing prior to casting of concrete) and able to sustain the
corresponding construction axial loads and self weight of the wet-concrete. After curing of the concrete,
the resulting composite system can provide relatively high lateral stiffness and can sustain large seismic
demands for a relatively smaller cross section (compared to reinforced concrete walls), which translates in
more rentable space in buildings. Note that this system can also sustain gravity loads and have good blast
resistance. This type of sandwich construction has been implemented in some buildings in non-seismic
regions.

It is that last type of composite wall, called a Concrete-filled Steel Sandwich Panel Wall (CFSSP- Wall),
which is of interest here. CFSSP-Walls are being considered by practicing engineers as potentially
ductile flexural walls for high-rise construction in seismic regions. However, while they are envisioned to
be highly ductile, redundant, of high strength, and easy and rapid to construct, there is a critical lack of
knowledge on their in-plane seismic behavior. There is consequently no verified and validated procedure
for their design. The lack of quantitative knowledge on their expected seismic performance, in spite of all
the foreseen excellent attributes of the structural system, is an absolute impediment to their
implementation.
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The work presented here is intended to provide some of this missing knowledge. Specific walls crosssections and methods to tie the steel plates are proposed for this purpose. Scope of the research and
specific objectives are presented in the following section, followed by a description of the organization of
this report.

1.2. Scope and Objective
In this research, the in-plane flexural strength of a concrete filled sandwich panel wall system (CFSSPWall) is investigated. The type of CFSSP-Wall considered here is built by connecting the two steel skin
plates using tie bars either plug welded or fillet welded to the plates. The research focuses on walls whose
ultimate behavior is flexural yielding, as this is typically the case for walls that have height to depth ratio
larger than 2. Furthermore, focus here is on flexural walls having cross-sections able to develop their full
plastic strength.
The wall cross sections considered here are rectangular, with and without boundary elements. For the
rectangular CFSSP-Wall without boundary elements, each end of the wall consists of a half HSS section
used to avoid the premature failure of the weld between the flange and the web often observed in
composite columns of a rectangular cross-section. For the CFSSP-Wall with boundary elements, concrete
filled HSS sections were used as boundary elements. In the current study, spacing of the tie bars is taken
to be equal in both the vertical and horizontal directions, and diameter of the tie bars was selected to
ensure that they behave elastically.
The objectives of this research are to understand the in-plane flexural behavior of CFSSP-Walls, to
evaluate their cyclic inelastic performance for possible use as a seismic lateral-loads resisting system, and
to formulate a proposed design procedure for seismic applications.
To achieve these objectives, the in-plane inelastic flexural behavior of CFSSP-Wall was first investigated
analytically using plastic analysis, fiber analysis, and finite element analysis, to determine how these
different analysis methods can be used to predict the plastic moment capacity of the walls. In these first
analyses, the finite element model was calibrated using data from the literature and used to investigate the
mechanics of the proposed system.
Second, experiments were conducted at the University at Buffalo’s Structural Engineering and
Earthquake Simulation Laboratory (SEESL), on four large scale cantilever walls. Two of the tested
specimens were walls without boundary elements, and two had boundary elements. The walls length-todepth ratios were 2.45 and 2.67, respectively. The tested specimen had ratios of tie bars spacing to skin
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plate thickness, S t , of 25.6 and 38.4. Tie bars of 1 inch diameter were used. The specimens were tested
under cyclic quasi static loads.
After the experiments, finite element models initially used to predict response of the tested specimen were
revised by calibrating against the known experimental responses. Using these calibrated models, finite
element analyses were used to conduct a limited parametric study, considering different S t ratios,
different percentages of steel area to total cross section area, and different aspect ratios of the wall.
Finally, the experimental and analytical results were used to develop a design procedure for CFSSPWalls. This procedure is illustrated through design examples of CFSSP-Walls as the lateral load resisting
system for a 9 story building.

1.3. Report Organization
Chapter 2 contains a brief overview of past experimental and analytical research related to composite
shear walls. It includes a brief overview of different types of composite shear walls, their respective
inelastic behavior, a summary of some of their respective advantages and disadvantages, and their design
recommendations as found in some international codes. This overview includes information on concrete
filled sandwich panels used in different structural applications, including a significant number of cases
that investigated the walls out-of-plane behavior.

Chapter 3 contains the results from a preliminary investigation of the in-plane flexural behavior of
concrete filled sandwich panel walls (CFSSP-Walls), where a rectangular CFSSP-Wall is analyzed using
different methods, such as simple plastic analysis, cross-section fiber analysis, and finite element analysis.
The flexural strength of the cross section is estimated using the aforementioned types of analyses. The
fiber analysis method is used to generate moment/axial load interaction diagram for rectangular CFSSPWalls. The finite element analysis method is then used to further investigate the behavior of the CFSSPWall, using pushover analysis and quasi-static cyclic analysis. The finite element analysis model used at
that stage is calibrated against experimental results obtained for rectangular CFSSP-Walls from the
literature.

Chapter 4 describes the experimental program. Specimens’ geometry, material properties (determined
through coupon tests for steel and cylinder tests for concrete), and the design and detailing of the four
large-scale CFSSP-Walls with and without boundary elements, are summarized. Design of the head
plates, reinforced concrete foundation, and wall lateral-bracing system, are also presented, together with
the instrumentation layout used (showing the different devices used to measure response).
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Chapter 5 describes the loading protocols used in the testing program, and the observations made during
testing of each of the four specimens. Photos of the specimens’ condition during and after testing are
presented to document descriptions of observed behavior.

In Chapter 6 analysis of the testing data is presented; results include axial strain distribution, forcedisplacement relationships, moment-curvature relationships, shear strain distribution, and evaluation of
the different types of displacement ductility.

Chapter 7 presents finite element models simulating the tested specimens, taking into account the
foundation and strong floor in attempts to closely replicate the experimentally obtained response, in terms
of (but not limited to) flexural plastic capacity, elastic stiffness, location of local buckling, and maximum
drift. Models varied from cantilever like model with fixed base, to models including the foundations, with
observations on how the degree of model complexity affects the results extracted from the finite element
model. This chapter also presents the results of a parametric study conducted using the finite element
models calibrated against test results. The parametric study investigates the effect of increased spacing of
the tie bars in both the vertical and horizontal directions, the effect of greater wall length-to-depth (aspect)
ratio, h w using ratios of 3 and 3.5, and the, and finally the effect of changing the ratio of steel to
concrete in a CFSSP-Wall cross section.

Chapter 8 presents some design recommendations for CFSSP-Walls with and without boundary elements,
a preliminary design approach to select the outer dimensions and elastic stiffness of CFSSP-Walls, tie
bars spacing, tie bar diameter. Expressions for the plastic moment of CFSSP-Wall with and without
boundary elements are also proposed. This chapter also presents two examples for the seismic design of
CFSSP-Walls for a 9 story building. In these examples, the design process from selection of dimension to
detailing of the CFSSP-Wall is presented.

Chapter 9 summarizes the research results and presents conclusions from the research project and
recommendations for the future work. Chapter 10 lists the references cited in this report.
Appendix A includes selected details drawing for the tested specimens. Appendix B presents detailed
design calculations for the tested specimens and its foundation, as well as for the test set-up components
(i.e., head plate, lateral support system, etc.), and finally Appendix C includes XTRACT analysis reports
for the different cross sections.
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CHAPTER 2
LITERATURE REVIEW
2.1

Introduction

There exist many different types of structural composite shear walls with different cross section
configuration, that have been used in different structural applications, either as gravity load supporting
system or lateral load resisting system in non-seismic applications, nuclear industry applications, and
seismic applications. The different types of composite walls and their applications (as reported in the
available literature) are described in this chapter. Note that there is different nomenclature used in
describing the walls, depending on applications or research origin (i.e., the same structural configuration
is given different names/acronyms in different country or by different researchers). However, here, the
nomenclature of AISC-341 (2010) will be followed as much as possible to minimize confusion.
There are two types of composite shear walls that are addressed in the literature. A first type, which
includes composite ordinary shear walls (C-OSW) and composite special shear walls (C-SSW), consists
of reinforced concrete shear walls that are made composite with structural steel elements by having
structural steel or composite sections acting as boundary elements for the reinforced concrete walls. This
category of walls also encompasses coupled reinforced concrete walls that have steel or composite
coupling beams. The differences between C-OSW and C-SSW are addressed in Section 2.2. However,
for the most part, the main difference between the two types of walls mainly lies in the structural detailing
of the systems.
A second type is the composite plate shear walls (C-PSW), which consists of steel plates with reinforced
concrete encasement on one or both sides of the steel plate, or steel plates on both sides of a concrete
infill, and which might have structural steel or composite boundary elements.
Although all of these wall types share the characteristic that structural steel plates or shapes are acting
compositely with reinforced or plain concrete (with connectors to engage the composite action), the
principles of their ductile energy-dissipation mechanisms are fundamentally different. This chapter
summarizes the available literature on these different types of structural composite walls
The literature is organized based on the configuration of the composite structural wall (arrangement of the
structural steel and concrete); the available research for each configuration is summarized and divided
into the non-seismic applications (in-plane and out-of-plane loading, non-seismic lateral load resisting
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systems, and nuclear applications) and the seismic application of composite walls. Seismic application of
composite walls is the subject of this research; accordingly, whenever feasible, emphasis will be placed
on the ductility and seismic performance of the different structural composite wall systems. Where
applicable seismic design recommendation by the AISC-341 (2010) will be summarized.
2.2
2.2.1

Composite Ordinary/Special Shear Walls (C-OSW and C-SSW)
General

Composite Ordinary/Special Shear Walls are reinforced concrete shear wall that have structural steel
profiles or composite elements as boundary elements, and/or coupling beams in case of coupled walls. COSW and C-SSW are of similar configuration, the main difference being in the structural detailing used
to achieve the required performance under seismic loads. In Section 2.2, the difference between C-OSW
and C-SSW is explained in more details. Section 2.3 presents examples of research on C-OSW and CSSW, focusing on ductility and the seismic performance of the walls. Section 2.4 presents a summary of
the AISC-341 (2010) recommendations for seismic design of those walls.
2.2.2

Differences between C-OSW and C-SSW

A C-OSW is composed of reinforced concrete wall acting compositely with structural steel elements,
including composite sections, acting as boundary elements for the reinforced concrete wall and/or
structural steel or composite coupling beams connecting adjacent reinforced concrete walls. These walls
offer limited inelastic flexural deformation capacity through yielding of the reinforced concrete wall and
the steel or composite elements. In coupled C-OSW, coupling beams are expected to remain elastic;
however, they must be detailed to be ductile if yielding in shear or flexure.
A C-SSW is a coupled reinforced concrete wall with or without structural steel or composite boundary
elements but having structural steel or composite coupling beams. These walls are expected to deliver
significant inelastic deformation by yielding of the coupling beams over the entire height of the structure
prior to yielding of the coupled walls at their bases, which dictates the detailing of the coupling beams’
connections and calculation of the beams’ embedment lengths. Figure 2-1 shows a typical cross section
for the wall with steel or composite boundary elements, as in the case of C-OSW/C-SSW.
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Figure 2-1 Typical Cross Section for the C-OSW/CSSW, AISC-341 (2010)

2.2.3

Examples of Past Research on Ductility and Performance of Reinforced Concrete Shear
Walls with Structural Steel

To overcome reinforcement congestion in structural reinforced concrete walls and to reduce the on-site
labor related to bar placement, researchers investigated the behavior of reinforced concrete shear walls in
which structural steel sections are used as boundary elements replacing both vertical reinforcing bars, and
with confining ties in the boundary regions of the wall. Three specimens were tested under reversed
cyclic loading and a constant axial load causing an equivalent stress of 4 MPa on the gross section.
Specimen one had an HSS section (yield strength of 377 MPa) as boundary element, the second specimen
had a channel section (yield strength of 402 MPa), and the third specimen had conventional vertical
reinforcement bars (yield strength between 450 to 488 MPa) and ties (yield strength of 381 MPa); in all
cases, concrete strength varied between 26 MPa and 39 MPa. The tested walls, shown in Figure 2.2, had
an aspect ratio of 3.9, and were designed to have the same flexural capacity. The steel boundary elements
were designed to be capable of developing significant compressive strains before local buckling;
consequentially, the composite walls were able to exhibit ductile flexural yielding. The development of
composite action in the walls was achieved by using stud connectors in the case of the steel channel, and
by welding transverse reinforcement to the wall of the HSS. The test results showed that hysteretic
response of composite walls with steel boundary elements is similar to that of typical reinforced concrete
ductile wall, and that use of the plane section theory for flexure, together with the ACI stress block factors
and maximum concrete compressive strain of 0.003, provides a reliable and simple method to estimate the
nominal flexural resistance of the walls. Specimen’s details and results are summarized in Figure 2-2
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Figure 2-2 Tested Composite Reinforced Concrete Wall Specimens, Cho et al (2004)

10

Dan, Fabian et al. (2011) investigated the behavior of concrete walls reinforced by vertical steel sections,
using experimental tests and theoretical study. Of the six specimens tested (shown in Figure 2-3), five
had vertical steel shapes used as boundary elements, varying between hollow square section and rolled I
sections with headed studs to ensure composite action, while the sixth specimen had conventional vertical
reinforcement and tie bars (stirrups). The walls were designed in accordance to Eurocode 8, Eurocode 4,
and Eurocode 2 to assure ductility of the tested specimens, and all specimens had the same reinforcement
ratio. The parameters addressed in the experimental program were type of vertical reinforcement, section
of the structural steel used as boundary element, and positioning of the structural steel in the reinforced
concrete section. The yield strength of the structural steel used in testing varied between 331 and 559
MPa and the concrete strength varied between 46 and 66 MPa. The specimens were loaded by constant
axial load of 100 kN and increasing cycling lateral load.

Figure 2-3 Tested Composite Reinforced Concrete Wall Specimens, Dan et al. (2011)
The finite element software ATENA 2D was used to analyze the tested specimens; the non-linear material
models used for steel and concrete are shown in Figure 2-4. Triangular shell elements were used. This
study reported that reinforced concrete walls with structural steel boundary elements have more
displacement ductility than conventional reinforced concrete walls with the same steel area, and that the
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proposed finite element model can be used to predict the behavior of composite reinforced concrete walls.
Figure 2-5 presents the backbone of the cyclic force displacement relationship obtained for the tested
specimens, compared with results from finite elements pushover analysis used to estimate performance.

Figure 2-4 Material Model Used for Finite Element, Dan et al. (2011)

a)

b)

Figure 2-5 Force -Displacement Relationship a) Experimental-b) Analysis, Dan et al. (2011)
Liao et al. (2012) investigated the behavior of reinforced concrete shear walls with structural steel
boundary elements, through a series of test on six reinforced concrete walls: three having structural steel
as boundary elements, and three having reinforced concrete boundary elements. All specimens were
loaded with a constant axial loading, and subjected to increasingly cyclic loads. The testing parameters
were the aspect ratio of the walls (specifically 0.62 and 0.95) and the ratio between the applied axial load
and the ultimate axial capacity of the boundary element as a column (specifically ratios of 0.26 and 0.52).
The yield strength of the structural steel ranged between 263 MPa and 397 MPa and the ultimate strength
of concrete between 31 MPa and 49 MPa. Figure 2-6 shows a reinforced concrete wall with structural
steel boundary element specimen.
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Figure 2-6 Tested Specimen with Steel Boundary Elements, Liao et al. (2012)
Finite element models using the ABAQUS software were developed and used to simulate the behavior of
the tested composite shear walls; 4 node shell elements were used to model the steel I shapes, 8 node
brick elements were used to model the concrete, and re-bars were modeled using 2 node truss elements.
Steel was modeled as a bi-linear material while concrete was modeled using the concrete damage
plasticity model available in ABAQUS. Fixed base was chosen as a boundary condition for the simulated
wall, as shown in Figure 2-7. The finite element analyses were able to predict the tested results with
reasonable precision, as shown in Figure 2-8.

Figure 2-7 Specimens Simulated with ABAQUS, Liao et al. (2012)
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Figure 2-8 Finite Elements Analysis against Test Results, Liao et al. (2012)
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Liao et al. (2012) reported that the lateral load resistance of reinforced concrete walls with steel boundary
elements increased with increasing axial load level, and that using steel sections as boundary elements
improved the wall ductility over reinforced concrete boundary elements. At the peak load, the boundary
elements resisted most of the overturning moment while the reinforced concrete wall panel carried the
majority of the shear load. The shearing force was mainly resisted by the diagonal compressive strut
formed in the concrete wall panel, while the reinforcing bars in the wall served as horizontal ties and
vertical ties simultaneously to restrain the shear deformation of concrete. Meanwhile, the I-shaped steel in
the column also resisted a part of shear force. It was also reported that the failure mode of reinforced
concrete walls with boundary elements changes from shear-dominant to flexure-shear mixed mode when
the height-to-width ratio increased from 0.62 to 3.

2.2.4

AISC and ASCE Requirements for the Seismic Design of C-OSW/C-SSW

As mentioned previously, AISC-341 refers to reinforced concrete with boundary elements as either COSW or C-SSW. The C-OSW design requirements are provided in section H-4 of AISC 341. C-OSW are
expected to undergo limited inelastic deformation through yielding in the reinforced concrete walls and
the steel or composite boundary elements. The reinforced concrete shall satisfy requirements of ACI 318,
except for the seismic detailing requirements of Chapter 21 (requirements for earthquake-resistant
structures), since C-OSW are expected to only undergo limited inelastic displacements.
For C-OSW, un-cracked effective stiffness is used for coupling beams for elastic analysis in conformance
with ACI-318 Chapter10. Flexibility of the connection between coupling beams and walls, and shear
deformations of the coupling beam and wall, shall be taken in account.
The boundary elements, together with the reinforced concrete wall, shall be designed to sustain gravity
loads and axial loads resulting from the overturning moment, while the shear is resisted by the reinforced
concrete wall. Boundary element with steel shapes encased in concrete shall be designed according to
Chapter I of AISC 341. Use of headed studs or welded reinforcement is specified to transfer load between
the boundary elements and reinforced concrete wall. C-SSW are designed accordance to Section H-5 of
AISC 341. C-SSW are expected to undergo significant inelastic deformations; detailing of the reinforced
concrete part of those wall shall conform to Chapter 21 of ACI 318. The steel or composite coupling
beams are expected to undergo yielding in shear or flexure while the boundary elements are expected to
yield due to axial force. The cracked effective stiffness is considered for design of wall piers and coupling
beams.
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The axial design strength of the wall at balanced condition, Pb , is:

Pb  1.1RyVn

(2.1)

Equation Section (Next)
where Vn is the sum of the gravity load acting on the wall and the expected link beam end-shear
multiplied by 1.1 to account for strain hardening, and by Ry to account for expected strengths of the link
beam elements.
Section H-5 of AISC 341 provides requirements for the design of members, ductile elements and
boundary elements in C-SSW. The design seismic design factors per ASCE-7 (2010) for C-OSW and CSSW are given in Table 2-1
Table 2-1 Seismic Design Factors for C-OSW and C-SSW Walls per ASCE 7-10
Deflection

Response Modification

Over-strength Factor,

Factor, R

o

C-OSW

6

2.5

6

C-SSW

7

2.5

5

Type of Wall
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Amplification Factor,
Cd

2.3
2.3.1

Composite Plate Shear Walls (C-PSW)
General

The C-PSW category of composite walls, per AISC 314, encompasses two main wall configurations:
First, as an enhancement to conventional Steel Plate Shear Walls (SPSW), when the steel plate infills of
such walls are tied to reinforced concrete panels on one or both sides; second, as different configuration,
with steel plates added on both sides of a reinforced concrete infill. For both configurations, shear
connectors (mostly studs) are required by AISC to transfer shear between the steel and concrete. In both
configurations, the main function of the concrete is to delay local buckling of the steel plates and change
the ductile performance mechanism. Concrete panels attached to SPSW are used to change the ductile
mechanism of the steel infill, from diagonal tension axial yielding to shear yielding in the steel plates,
resulting in a relatively larger seismic resistance and enhanced inelastic deformation capacity. As for
conventional SPSWs, horizontal and vertical boundary elements (HBEs and VBEs), which could be
structural steel or composite sections, shall remain essentially elastic under the forces resulting from steel
plate yielding and HBE plastic hinging (recognizing that plastic hinging is only acceptable at the ends of
HBEs). The second form of the C-PSW consists of steel sandwich panels filled with concrete, without
horizontal or vertical boundary elements, for which the ductile mechanism is developed by flexural
yielding or a combination of flexure and shear yielding, depending on the aspect ratio (height to depth) of
the wall.
The following sections summarize the research done on different configurations of C-PSWs with respect
to their configuration and structural applications. Section 2.3.2 summarizes selected research on C-PSW
of the first time (with horizontal and vertical boundary elements), focusing on ductility performance and
seismic applications. Section 2.3.3 presents C-PSW walls composed of steel sandwich panels filled with
concrete. More specifically: Section 2.3.3.1 provides a general introduction on C-PSW composed from
sandwich panels; Section 2.3.3.2 presents non-seismic applications for that type of walls subjected to inplane and out-of-plane loading (typically used in building and nuclear applications); Section 2.3.3.3
summarizes research performed on C-PSW in seismic applications, and; Finally, Section 2.3.4 presents a
summary of the AISC-341 (2010) design provisions for C-PSW. Figure 2-9 shows the different types of
C-PSW walls.
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a) Concrete Stiffened Steel Shear Wall with Steel Boundary Member

b) Concrete Stiffened Steel Shear Wall with Composite (encased) Boundary Member

c) Concrete Filled C-PSW with a Boundary Element and Transverse Reinforcement.

d) Concrete Filled C-PSW with Transverse Reinforcement to Provide Integrity of the Concrete
Infill
Figure 2-9 Different Configuration for C-PSW, AISC-341 (2010)

2.3.2

C-PSW with VBE and HBE

This section presents C-SPW walls with VBE and HBE, where the concrete panels is mainly used to
minimize local buckling of the steel plate infill, and accordingly change the yielding mechanism of the
wall from tension field action to shear yielding of the infill plate. This section presents some of the
research done on the seismic performance of such C-PSW with VBE and HBE.
Zhao and Astaneh-Asl (2004) investigated the cyclic behavior of composite shear walls by testing two
specimens. Both were conventional SPSW made composite by adding precast reinforced concrete panels
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bolted to the web plate of the SPSW. The gap between the precast reinforced concrete panel and the steel
of the of the boundary elements was proposed to be left empty, or filled with soft material such as
Styrofoam, to prevent the panel from engaging with the boundary frame during wall deformation Figure
2-10 shows the schematics of the tested walls configurations; one specimen was tested with a gap, and
one without gap.

Figure 2-10 Configuration of Composite Shear Walls tested by Astaneh-Asl and Zhao (2001)

In composite shear walls without gap, from start of loading, concrete contributed to the stiffness and
strength of the system, which attracted higher forces and damaged concrete at relatively small lateral
displacements. In the system with gap, at small lateral displacements, the concrete was not engaged until
the gap closed, as shown in Figure 2-11, such that, at small displacements, the concrete just served to
prevent local buckling of the infill plate, allowing it to reach shear yielding. However, when the gap
closed, concrete started to add to stiffness and strength to the wall.

The two specimens tested were 1/2-scale three stories, one bay structures with steel frame as the boundary
elements. Figure 2-12 shows the tested specimen. The two specimens were identical, except that one
specimen had a gap of 1.25" the between reinforced concrete and surrounding frame, and the other did
not. The material used for the steel infill plate was ASTM-A36 grade, and steel for the rest of the frame
was ASTM A572 grade. The concrete had a specified compressive strength of 4ksi. The tested specimens
were subjected to quasi-static cyclic lateral load.
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The tested specimens performed in a ductile manner reaching a 5% inter story drift before strength
dropped to below 80% of peak strength. The system with gap exhibited better ductility than the one
without, as shown in Figure 2-13 for the first floor force-displacement relationship, because the gap
prevented damage to the concrete wall until large deformation cycles, contrary to the wall without gap.

For design, Zhao and Astaneh recommended that:
1. Ductile failure modes (i.e., shear yielding of the steel infill) of the wall occur first, and the infill steel
plates be designed accordingly.
2. Fracture in tension or buckling in compression of the boundary columns be avoided.
3. Shear capacity of the concrete be ignored as a conservative approach for strength, but that stiffness of
the concrete wall be considered in calculating the period of vibration of the whole system.
4. Shear connectors be able to resist the tension force resulting from inelastic local buckling of the steel
plate.
5. Shear connectors be able to transfer the shear capacity of the steel plate or reinforced concrete panel,
whichever is smaller.
6. Beams and columns of the boundary frames be designed according to provisions for special moment
frames.

Figure 2-11 Gap between Reinforced Concrete Infill and Steel Frame, Zhao and Astaneh-Asl
(2004)
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Figure 2-12 Tested Specimen and Test Rig, Zhao and Astaneh-Asl (2004)

Figure 2-13 Test Results for the First Story, Zhao and Astaneh-Asl (2004)
Zhao and Astaneh-Asl (2007) conducted finite element analyses to replicate the behavior of the above
composite shear wall specimens, and to perform some parametric studies. The finite element models,
shown in Figure 2-14, were analyzed using MSC Nastran, with structural components modeled as nonlinear shell elements, except for studs which were modeled as 1-D beam elements. The structural steel
material model was a bilinear model with strain hardening, and the concrete material was taken as an
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elasto-plastic material model. In addition, the elastic modulus of the steel material for plates was reduced
by 30% to take into account initial warping, geometric imperfections, and residual stresses. Non-linear
push over analysis was performed. The lateral force versus overall displacement curve from the push-over
analysis matched with the test results to a reasonable extent, for both specimens, as shown in Figure 2-15.

A limited parametric study investigated the effect of thickness of the steel web, strength of steel, concrete
thickness, and concrete strength, on the performance of the C-PSW. It showed that for that type of
composite shear wall system, the steel wall was the major contributor to the overall system stiffness and
strength (even though it was recommended to consider the contribution of concrete in stiffness
calculations).

Figure 2-14 Finite Elements Model of C-PSW, Zhao and Astaneh-Asl (2007)
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Figure 2-15 Comparison of Experimental and Analytical Push-over Curves for C-PSW, Zhao and
Astaneh-Asl (2007)
Rahai and Hatami (2009) conducted an analytical study to evaluate the effect of variation of shear studs
spacing. Using ANSYS version 11 for analysis, the model used 3-D beam elements to simulate the
headed studs, and 3-D shell elements to model the steel components (beams, columns, and web plates).
The model was calibrated using the wall tested by Driver et al. (2002). The finite element model was
further calibrated using the data from the 4 story frame tested by Astaneh-Asl and Structural Steel
Educational Council (2002) The resulting force-displacement relationship and the models used for
calibration are shown Figure 2-16.
Numerous models with panels (i.e., infills surrounded by HBE and VBE) having 6.5 m width and 3 m
height were studied to investigate the effect of the distance between the shear studs on the behavior of the
composite shear wall. Results are shown in Figure 2-17. Note that these analyses assumed fixed wall
base, no friction between steel and concrete, bi-linear material for steel and concrete, f c' of 45 MPa, Fy of
235 MPa, and no contact between the steel and concrete due to presence of a 0.3 mm gap. Thickness of
the concrete panels varied from 20 to 100 mm, and all specimens were subjected to cyclic loading.
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a)Finite Elements Simulation Model, Driver et al. (2002)

b) Finite Elements Simulation Results for Berkley Model, Rahai and Hatami (2009)
Figure 2-16 Calibration of Finite Elements Models, Rahai and Hatami (2009)

Figure 2-17 Results for the Numerical Analysis, Rahai and Hatami (2009)
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Arabzadeh et al. (2011) investigated the effect of some parameters affecting C-PSW seismic performance
by testing 4 specimens. A single one-bay wide, three-story, C-PSW specimen at scale 1:3, and 3
specimens one-bay and one-story at scale 1:4, were tested using the test set-up shown in Figure 2-18 The
parameters under investigation were spacing of bolts (stud connectors), strength of concrete in the
reinforced concrete infill panel, presence of gap between the reinforced concrete infill and the boundary
elements, and whether concrete panels were used on one or both sides of the infill web plate. ASTM
A572 Grade 50 was used for the frame steel and ASTM A36 steel was used for the plate infill. Steel
studs were ASTM A490, and concrete strength varied between 45 to 75 MPa. The specimens were tested
under cyclic loading following the ATC 24 protocol.
The research showed that connectors should be designed for shear and tension forces. It also
demonstrated that using RC panels on both sides of the steel infill plate improves strength and energy
dissipation of the C-PSW system, but decreases its ductility, and that using high strength concrete reduces
damage to the reinforced concrete panel but does not affect the strength of the system. Figure 2-19 shows
comparison of the force-displacement relationship for the different specimens.

Figure 2-18 Test Set-up Arabzadeh et al. (2011)
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a) RC on One Side of infill Plate

b) RC on Both Sides of Infill Plate

a) 30 mm Gap between RC panel and Boundary
Elements

b) No Gap between RC Panel & Boundary
Elements

Figure 2-19 Comparative Study, Arabzadeh et al. (2011)
2.3.3
2.3.3.1

C-PSW Composed of Steel Sandwich Panel Filled with Concrete
General

Sandwich steel panels filled with concrete have been used in many applications, including as gravity load
supporting systems and lateral load resisting system. Much research has been done on such walls
subjected to out-of-plane loading, and on their elastic response for use in nuclear applications.
Significantly less research has been conducted on their inelastic seismic response.
The following sections summarizes some of the research on the use of sandwich steel panel filled with
concrete, starting with selected non-seismic applications with a focus on their axial strength and out-ofplane (flexural) strength, often for nuclear applications, in Section 2.3.3.2, followed by seismic
applications in Section 2.3.3.3. Finally, Section 2.3.4 summarizes the AISC-341 (2010) design provisions
for C-PSW composed of sandwich steel panels filled with concrete.
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2.3.3.2

Gravity In-plane (Axial) and Out-of-plane (Flexural) Loading for C-PSW with Sandwich
Steel Panels Filled with Concrete

Wright (1998) investigated the behavior of a composite wall system composed of two skins of profiled
steel and concrete-infill (schematically shown in Figure 2-20) subjected to axial loads and out-of-plane
bending moment. The proposed system’s concept, using fluted steel deck for the skins, was largely
inspired from the composite floor systems commonly used in steel frame structures. The system gains its
axial, lateral and out-of-plane strength after hardening of the filled-in concrete. Wright tested twenty fullscale walls; 15 of them were subjected to pre-dominant axial load and 5 were tested under a combination
of axial, eccentric axial, and lateral loads. The tested parameters were profiled steel from different
manufacturers (difference in width of the corrugated part and thickness), placement of construction ties,
axial loading distribution (concrete core loading or simultaneous loading of steel profile and concrete
core), grade of concrete, axial load as a percentage wall ultimate load (ranging between 33% to 75%),
axial load eccentricity (eccentricity ratio ranging between 0.05 to 0.8), and finally grade of steel used in
the profiled sheets ( Fy  280 to 361Mpa ). The different test rigs used for walls testing under different
loading conditions are shown in Figure 2-21.
The test results showed that using equation 2.2 (shown with no safety factors) from the British "Structural
Concrete Code of practice for design and construction" BS8110 (1985) overestimated the axial capacity
of the walls. Axial load capacity was influenced by local buckling of the profiled steel plates and the
shape of the profile due to “difficulty in maintaining the bond between steel and concrete,” which
indicates that the presence of inner concrete was not sufficient to prevent local buckling of the steel
profile as the thicknesses of the profiled sections were not enough to prevent local buckling. Reduction
factors were proposed to account for local buckling of the component plates in the steel sheeting and the
profiled shape of the concrete cross section.

N  0.6 fcu Ac  0.87 As Py

(2.1)
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Figure 2-20 Schematic Diagram for the Composite Wall, Wright (1998)

a) Hooks Assuring Simultaneous Loading
of Steel and Concrete

b) loading Arrangement for Axial Test

c) Eccentric Axial Loading

d) Lateral Loading of Walls

Figure 2-21 Different Loading Methods in the Experimental Program, Wright (1998)
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Hossain and Wright (1998) tested five profiled concrete shear panels specimens (similar in construction
to specimen in Figure 2-21) having a scale of 1:6 under in-plane shear load. Figure 2-22 shows the
general details of the test set-up. The 560 ×560 mm square shear panels were tested by applying tension
or compression forces across the diagonal of the test frame. Three profiled concrete panel specimens and
a plain concrete one were subjected to incremental shear forces (applied as tension or compression force
along a diagonal, as shown in the test set-up, by virtue of geometry and principal stress relationships) up
to failure. A profiled concrete panel was subjected to hysteretic behavior by alternatively subjecting the
specimen to tension and compression forces up to failure. The experimental results were used to verify
finite element models of the tested walls. Equations for estimating the strength and the stiffness of
profiled concrete panels were derived and verified by tests and finite elements analyses.
An expression for the shear stiffness ( k ) of the plain concrete and profiled concrete panel was derived
considering concrete as a linear elastic material, such that:

k

E 'c at
2b(1  )

V 

(2.2)

f c' ft '  ateq

(2.3)

f c'  ft '

where the reduction factor

 ranged between 0.73-0.80

Figure 2-22 General Details of Shear Rig, Hossain and Wright (1998)
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Hossain and Wright (2004) also developed guidelines for the design of double skin profiled composite
shear walls. A formula was developed to predict the flexibility, Cw , and the ultimate shear resistance of
the panel, Vw :

Cw 

2ab 1  c 1  s 
1

K w a  2 Es ts 1  c    Ecteq (1  s 
1

(2.4)

3

D 4D 4
Vw  72 X 2 Y  0.074bteq f cu'
b

(2.5)

where,

K w is Wall stiffness, kN/mm

a, b are Panel dimensions, mm
Es is Elastic modulus of steel, MPa
Ec is Elastic modulus of concrete, MPa.

t s is Thickness of the skin plate, mm
teq is Equivalent thickness , average thickness of the panel, mm

 c is Poisson's ratio for concrete

 s is Poisson's ratio for steel
 is Ratio between profile projected length and its height

DX , DY are Shear resistance of the concrete core based on biaxial state of stress, kN.
More commonly, flat plates have been used in C-PSW sandwich steel panels. In research performed for
the nuclear industry (focused on out-of-plane and in-plane behavior in the elastic range), this system has
been often called SC walls (or steel plate reinforced concrete structures). The flat composite panels are
built by connecting a pair of steel plates with tie bars, and possibly partitioning webs, and made
composite by using headed studs. The resulting boxes are filled with concrete, as shown in Figure 2-23.
The stud bolts serve as shear connectors between the steel plates and concrete. This section summarizes
some of the work conducted on this structural system. Note that the structural system was designed to
remain elastic for this particular application.
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Ozaki et al. (2004) derived expressions for evaluating the strength of steel plate reinforced concrete
structures (SC), and conducted two experimental research programs investigating the influence of
openings on the SC strength. The parameters under investigation were thickness of the surface steel plate,
the effects of the partitioning web, and the axial force.

Figure 2-23 Cross section of SC Walls, Ozaki et al. (2004)
Expressions were derived by Ozaki et al (2004) to estimate shear stress of the SC structures in the
presence of axial load at different stages are:
1) In-plane cracking shear stress, Qc



G
Qc   Ac  s Aw  0.33 FC 0.33 FC  
Gc 






2) In plane shear stress corresponding to surface plate yielding, Qy

Qy 

k  Gc  Gs 
Gc2  3k 2Gs2

 *y 

Aw
2

(2.6)

k  1  (1  s ) Pdx

(2.7)

3) Ultimate transverse shear stess, Qu

Qu   Aw  Ap   *y

(2.8)

where,

Aw , The cross-sectional area of total surface steel plate
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Ap , Cross sectional area of total surface steel plate

Gc , shear modulus of concrete

Gs , shear modulus of steel

Fc , Concrete strength

 *y , Yield stress of steel
The experimental program involved testing 9 SC walls under in-plane cyclic shear. The tested panels
external dimensions were 1200×1200 mm and thickness of the panels was 200 mm. The thickness of the
surface plates, t, were 2.3, 3.2, and 4.5 mm, with spacing of the stud connectors, b, altered such as to keep
b/t =30. Another parameter considered was partitioning of the web instead of using studs, comparing
results with SC walls having welded studs. The yield stress of steel was 351 MPa while the concrete
strength was 40 MPa. The test set-up is shown in Figure 2-24.The test showed that yield strength of the
walls increased linearly as the thickness of the surface steel plate increased. The shear cracking strength
of the SC wall was influenced by axial force acting on the wall. The partitioning web increased the
stiffness of the SC wall. Predictions from the derived equations were in good agreement with the
experimental results.

a) Tested Specimen

b) Test Rig

Figure 2-24 Test Specimen and Test Set-up, Ozaki et al. (2004)
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Varma et al. (2011) developed a mechanics based model (MBM) to predict the behavior of SC walls
panels subjected to in-plane membrane forces. The Model was verified using the experimental data from
Ozaki et al (2004) and Varma et al (2006), and using detailed non-linear finite element analysis. The
model was used to calculate the stresses in the face steel plates and the concrete of the SC walls and
accordingly predict elastic behavior under in-plane forces.

That model assumed that stud shear

connectors were provided in sufficient number, size, and length to ensure strain compatibility between the
steel plates and concrete, in terms of the principal forces SP1 and Sp2. Through strain compatibility,
stresses in booth steel and concrete were calculated. The concrete was considered cracked when either of
the principle forces exceeded the value of the concrete cracking force, Scr .Figure 2-25 shows the
membrane forces and the proposed corresponding equations by which, knowing the section average
strains, the principal stresses can be calculated and used to determine conditions on the von-Mises yield
surface.

Figure 2-25 Membrane Forces Calculated by the MBM, Varma et al. (2011)

Per the free body diagram shown in Figure 2-26, the averaged strain can be used to calculate the stresses
on the individual cross section components (steel face plate and concrete infill), using the stiffness matrix,
[K], and the stress transformation matrix, [T]. The principal stresses in the face plate of the SC can be
calculated and limited to the yield stresses (per the Von Misses criteria), and the minimum principal
stresses in the concrete infill should not exceed 0.7 f c' to ensure that concrete remains in the elastic range.
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Figure 2-26 Free Body Diagram and Force Equilibrium SC Cross-section, Varma et al. (2011)

A finite element model developed using layered composite shell (LCS) finite elements was also
established and verified using the experimental results of Ozaki et al (2004). Used to predict the in-plane
behavior of SC walls, the model considered steel material non-linearity and inelastic behavior of concrete
(in compression) and its brittle post cracking in tension. The interaction diagram, shown in Figure 2-27,
and developed though those studies, shows four regions of behavior. Region I corresponds to the state of
biaxial tension, region II corresponds to the state of axial tension + in-plane shear, region III corresponds
to the state of axial compression + in-plane shear, and region IV corresponds to the state of biaxial
compression.
The results from the finite elements analysis and mechanics based model were used to develop simple
design approach for the SC walls subjected to in-plane forces and out-of-plane moments. The approach
considers SC walls as two halves (top and bottom) subjected to in-plane forces by dividing the out-ofplane forces by a moment arm equals to 0.9T, where T is the total thickness of the wall. The membrane
principle forces Sp1 and Sp2 must lie within the interaction diagram shown in Figure 2-28.
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Figure 2-27 Interaction Surface for Composite SC Wall Panels in Principle Force Space, Ozaki et al
(2004).

Figure 2-28 Interaction Surface in Principle Force Space for Each Notional Half, Ozaki et al (2004)
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Sener et al (2011b) tested eight large-scale SC beam specimens to determine their out-of-plane shear
strength. A 3D finite element model was developed and verified through an experimental program; the
experimental and analytical results were also compared to the shear strength equations for reinforced
concrete beams given by the ACI 318 as follows:

Vn  Vc  Vs

(2.9)

Vc  2 f c' . Ac

(2.10)

Vs  Av f vt

d
s

(2.11)

where,
𝐴𝑐 =Cross-sectional area of concrete
𝐴𝑣 = Cross sectional area of shear reinforcement
d =Section Depth
s = Shear reinforcement spacing
The tested specimens by Sener et al (2011b) had depth to shear span ratio that ranged between 2.5 to 5.5.
Five of the tested specimens had no special shear reinforcement and three specimens had shear
reinforcement in the form of tie bars. The parameters under investigation were section depth, T, steel
plate thickness, ts, and reinforcement ratio, 2 ts/T. Typical tested specimens are shown in Figure 2-29 the
yield stress for the specimens steel plates was 65 ksi, and the concrete strength varied between 6.1 ksi and
7.5 ksi.
The tested specimens were simulated using 3D non-linear finite element models using ABAQUS, which
showed good agreement with experimental results, as shown in Figure Figure 2-30. The analytical and
experimental data showed that the out-of-plane shear strength of the SC walls can be predicted using the
ACI 318 equations, irrespective of whether special shear reinforcement is provided or not.
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Figure 2-29 Tested Specimen with and without Shear Reinforcement, Varma
et al. (2011)

Figure 2-30 Force- Displacement for Typical Specimen, Varma et al. (2011)

Sener et al. (2012) provided recommendations for estimating the structural stiffness of SC walls
subjected to accidental thermal loading (an important load case when using this system in nuclear reactors
containment buildings), estimating the maximum moments induced due to thermal gradients, and
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developed linear elastic finite element model of SC walls that can be used for elastic dynamic seismic
analysis.

The flexural out-of-plane stiffness of SC walls was predicted using cracked transformed section
properties using the stress, strain, and force block shown in Figure 2-31.

Figure 2-31 Flexural Stiffness of SC Cracked Transformed Section, Sener et al. (2012)

The cracked-transformed flexural section stiffness ( EI cr tr ) is given by:

EI cr tr
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Equation 2.12 was calibrated to a simpler form given by:
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EI

cr tr

 EI s   EI cr tr

(2.14)

where,
  0.48 '  0.10
The flexural stiffness for use in calculation of thermal effects was given by:
Ts 

EI eff   Es I s   Ec I c  1 
  Es I s
 150 F 

(2.15)

where,
∆𝑇𝑠 , Temperature change from 0 to 1500 F
When the change in Temperature is larger than 1500F, the stiffness was limited to that of the
steel only.
The equations needed to construct a tri-linear model for the shear stiffness of SC walls (Kxy),
developed for analyses conducted to replicate the experimental results, are shown in Figure
Figure 2-32. The model requires that the following parameters are known: steel elastic modulus,

Es, concrete elastic modulus, Ec, steel poison’s ratio, νs, concrete poison’s ratio, νc, steel area, As,
concrete area, Ac, steel shear modulus, Gs, concrete shear modulus, Gc, steel yield strength, Fy ,
and concrete strength, 𝑓𝑐′ .

Figure 2-32 In-plane Shear Behavior of SC Walls, Sener et al. (2012)
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Much of the research conducted on the out-of-plane flexural strength of sandwich panel walls was
conducted in support of the development of the Bi-Steel product, originally developed by British Steel
(which became part Corus steel in the late 1990s, itself acquired by Tata Steel around 2011). In this
sandwich composite system, the two steel plates are interconnected by bar connectors friction welded to
the skin plates at both ends. Multiple steel panels are welded together on site and filled with concrete. The
Bi-Steel sandwich system has been used as flooring system, beam, column, fire resisting system, and as a
building core systems for multi-story buildings marketed as the Core-fast system by Bi-steel Corus
(2007). A design guide was published by Corus (2003) based on testing and existing codes for concrete
and steel design. Although the Bi-Steel system has not been investigated as a seismic resistance system,
and the available design guides and research conducted in support of the product revolved around out-ofplane loading and behavior, a summary of relevant research is summarized in this section.
Figure 2-33 shows Bi-Steel units and its assembly as a core for a multistory structure. Some applications
for the Corefast system in Europe include a nine story office building in Manchester, UK, shown in
Figure 2-34, a six story elevator core in Dundrum, UK, shown in Figure 2-35, and a 16-story commercial
building in Birmingham, UK shown in Figure 2-36 (Corus 2006).
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a) The Steel Panel Forming the Bi-Steel Product

b) Corefast Walls used in Multi-story Buildings and Made of Bi-steel Panels
Figure 2-33 Bi-Steel Product COREFAST a) Single Units, b) Assembled Core, Bi-steel Corus (2007)
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Figure 2-34 Forty Spring Garden Manchester's Financial District, Corus (2006)

Figure 2-35 Dundrum Cinema Lift Core, Corus (2004)

Figure 2-36 Birmingham 1, Tallest Core Fast (16--story), Corus (2006)
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Foundoukos and Chapman (2008) simulated the static out-of-plane flexural behavior of Bi-Steel beams
using the finite element analysis software ABAQUS. A 2-D model was used to reduce analysis time. The
original choice of analysis was the ABAQUS/Standard package, which is more suited for static analyses,
including reinforced concrete applications, but it was found that the concrete material model used was
causing the analysis to diverge at a small proportion of the specified maximum applied load. It was
observed that convergence problems occurred for the post tension-cracking part of the concrete material
curve (the tension stiffening curve). When the concrete tension resistance was reduced to zero, the
element stiffness was correspondingly reduced to zero in the direction normal to the crack, since no
bonded reinforcement was defined to resist tensile stresses and the solution diverged. Foundoukos and
Chapman therefore use the solver in the ABAQUS/Explicit package to analyze the Bi-Steel beams, which
is a dynamic analysis package, and therefore a quasi-static analysis was defined. The model used, shown
in Figure Figure 2-37, was calibrated using relevant test data, and then used to study how different
parameters affected the transversal shear capacity of the Bi-Steel panel under uniformly distributed load.
The parameters considered to affect the transversal shear capacity of Bi-Steel panels are, the ratio of
longitudinal spacing of tie bars, S x , to thickness of concrete, hc , ratio of thickness of the skin plate under
tension, tt , to hc , variation of concrete thickness, and the ratio between beam span, L, and hc . Selected
parametric study results are shown in Figure 2-38.
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Details of the Simulated Beam

The 2-D Finite Element Model
Figure 2-37 Finite Element Model and Simulated Bi-steel Beam, Foundoukos and Chapman (2008)
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Figure 2-38 Results of Parametric Study, Foundoukos and Chapman (2008)
2.3.3.3

Seismic Application of C-PSW Consisting of Sandwich Steel Panel Filled with Concrete.

For seismic applications, Varma et al. (2011) proposed using a secant stiffness approach to capture the
𝑠𝑒𝑐
cyclic behavior of the SC walls. This stiffness, 𝑘𝑥𝑦
, is given by the simple three-step model shown in

Figure 2-39 given by:

K xysec  0.5   

0.42Gs As

(2.16)

where,
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As Fy
Ac fXYc

Figure 2-39 Secant Stiffness for SC Walls, Sener et al. (2012)

Eom et al. (2009) investigated the seismic behavior of C-PSW with steel sandwich panels composed of
two steel skin plates connected using tie bars, with the space between them filled with concrete. In this
investigation, individual and coupled walls, with rectangular and T-shaped section, were tested under
cyclic loads. Three isolated walls and two coupled walls representing 1/3 and 1/4 scale models for a 30
story prototype were tested. Figure 2-40 shows the tested specimens. The tested walls had a ratio of tie
bar spacing to steel plate thickness of 30 for the isolated walls, and of 50 for the coupled walls. The aspect
ratio of the isolated wall was 3.7, intended to ensure a dominant in-plane flexural behavior.

The isolated walls were made of steel plates having yield and ultimate strength, Fy and Fu , of 383 and
544 MPa, respectively. The coupled walls specimens had a yield and ultimate strength, Fy and Fu , of 372
and 453 MPa, respectively. The compressive strength, f c' , of the filled concrete was 39.7 and 58.7 MPa
for the isolated and the coupled wall specimens, respectively. Figure 4.30 shows the tested specimens.
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Under reversed cyclic loading, the double skin composite walls with large depths experienced early
fracture of the welded connections at the wall base and coupling beams. This was due to a high
concentration of stress at the welded joints, as well as a large plastic strain demand arising from the large
depth of the walls. After the premature failure of the welds, different methods were used to strengthen the
wall, and ductility of the walls was somewhat dependent on the strengthening method.
When premature weld failure was avoided, the main mode of failure was local buckling of the steel skin
and crushing of the concrete. Despite the development of this local buckling in the steel plates, it was
reported that the plastic stress distribution in both steel and concrete could be used to calculate the load
carrying capacity of the walls; in this process, the equivalent strength of concrete was considered to be

fce  0.85 fc' while a  factor of 0.85 was considered to define the depth of the concrete block under
compression. Figure 2-41shows the force displacement relationship for the tested specimens.

Figure 2-40 Tested Specimens, Eom et al (2009)
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Figure 2-41 Force Displacement Relationship for the Tested Specimens, Eom et al. (2009)

48

The testing program executed by Eom et al. (2009) showed that:
1- Concrete filled steel sandwich panels filled with concrete having aspect ratio of 3.7 were able to
attain their plastic moment capacity, Mp, where plastic moment capacity was calculated assuming
full yielding of the steel cross section and that the concrete in compression attained a strength of
𝑓𝑐′ , including factors accounting for rectangular distribution.
2- Rectangular cross-section walls developed premature failure at their 𝑐𝑜𝑟𝑛𝑒𝑟𝑠 due to the large
strains generated at the ends of the deep cross-section.
3- Local buckling of the wall occurred between the lowest two rows of the tie bars
4- The displacement ductility of the wall is almost equals to 2.86
2.3.3.4

Design Recommendation for C-PSW Walls

Section H6 of AISC-341 (2010) is dedicated to Composite Plate Shear Walls (C-PSW). Yet the section
focuses on C-PSW system that achieves the required ductility through shear yielding of the steel web.

Section H-6 emphases C-PSW walls with HBEs and VBEs where “significant inelastic
deformation capacity through yielding in the plate webs” and HBEs and VBEs are expected to
remain inelastic. On that basis, the C-PSW steel web is required to be designed to resist the
seismic load defined by the applicable building codes, using the nominal shear strength of the
steel web, Vn, given by:
Vn  0.6Ry Fy Asp

  0.9  LRFD 

(2.17)

  1.67  ASD 

where,
Asp =Horizontal area of stiffened steel plate, in2 (mm2)
Fy =Specified minimum yield stress of the web plate, ksi (MPa)

Vn =Nominal shear strength of the steel plate, kips (N)

"

Section H-6-4a specifies a minimum thickness of the web plate of 3 8 (9.5 mm). It is also specified that
the concrete thickness shall be a minimum of 4 in (100 mm) on each side when concrete is provided on
both sides of the steel plate and 8 in (200 mm) when concrete is provided on one side of the steel plate,
and that steel headed stud anchors or other mechanical connectors be provided to prevent local buckling
and separation of the plate and reinforced concrete.
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Section H-6 does not provide design

recommendations for C-PSW composed of steel sandwich panels filled with concrete, even though these
are claimed to fall within the scope of H-6. The seismic design parameters for C-PSW per ASCE-7
(2010) are shown in Table 2-2.
Table 2-2 Seismic Design Parameters for C-PSW, AISC-341 (2010)

Type of Wall
C-PSW

2.4

Response Modification

Over-strength Factor,

Factor, R

o

6.5

2.5

Deflection
Amplification Factor,
Cd
5.50

Summary

Research on composite shear walls made of steel and concrete has been reviewed for composite shear
walls having different structural configurations and accordingly different mechanisms for ductile
performance. Referring to AISC-341 (2010) terminology, selected research on C-OSW/CSSW was
summarized along with AISC-341(2010) recommendations for the seismic design of such walls. Then,
research and design provisions for the two types of C-PSW covered by AISC-341(2010) were reviewed:
first, steel plate shear wall with concrete panel attached to the steel infill with connectors; second (and of
greater interest), steel sandwich panels filled with concrete. In the latter case, general elastic axial and
flexural behavior was first described, followed by a description of the limited research findings to date on
ductile performance and seismic applications.

The presented literature showed that different types of composite shear walls are ductile and can be used
in seismic applications, but also that there exists only limited knowledge on the in-plane ductile flexural
behavior of C-PSW consisting of steel sandwich panel filled with concrete. There does not exist sufficient
experimental data in support of whether concrete filled steel sandwich panel walls can provide
satisfactory ductile response when undergoing in-plane flexure and consistently reach the plastic moment
capacity of the cross-section, for different geometric configurations. There is also insufficient data on how
to design the connection between the concrete filled sandwich panel wall for that application, to allow the
cross-section to attain its plastic moment capacity, and on how to design the foundation of such wall to
develop its full composite strength. Finally, detailing for this type of walls must be developed to prevent
premature failures due to stress concentration in the corners of built-up (welded) rectangular crosssections.
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In parallel to the need to develop enhanced knowledge about the inelastic in-plane flexural behavior of
concrete filled sandwich panel walls, is a need to provide seismic design recommendations for
consideration by current design codes and specifications. This is particularly important given that the
system is appealing to engineers on the basis of its fast constructability and economic advantages. Note
that the concrete filled sandwich panel walls considered here are foreseen to be a possible alternative to
conventional reinforced concrete walls (for walls with and without boundary elements).

The following chapters presents the results of experimental and analytical studies focusing on concrete
filled steel sandwich panel walls (CFSSP-Walls) subjected to in-plane flexure, in an attempt to answer the
above questions, particularly to provide insight on the ductility of the system and its potential value in
providing seismic resistance.
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CHAPTER 3
PRELIMINARY INVESTIGATION OF CFSSP-WALL CONCEPT
3.1 Introduction
This report investigates the seismic behavior of concrete filled steel sandwich panel walls (CFSSP-Walls)
with a dominant flexural behavior such that the wall cross section can attain its full plastic moment
capacity in the direction normal to its strong axis. It is assumed here that flexural behavior will dominate
over shear behavior when the structural wall height-to-width aspect ratio is larger than two, which would
be the case for of high rise buildings having wall core of the type considered here as a lateral load
resisting system.
A CFSSP-Wall, of depth, h, and thickness, b, as shown in Figure 3-1, is composed of two skin plates
connected together through tie bars spaced at a distance, S , with the space between the two plates filled
with concrete. The result is sometimes called a double-skin composite panel. For the case considered
here, the ties are assumed to be continuously welded to the skin plates (various ways to achieve this are
presented elsewhere in this report).
An important parameter believed to impact the seismic behavior of such composite walls is the ratio
between tie bars spacing and thickness of the web skin plate, S/t, which is defined as the ratio of the
maximum of the horizontal or the vertical spacing of the tie bars to the thickness of the skin steel plate of
the panel. Figure 3-1 shows the rectangular cross section for a general CFSSP-Wall.

W

Figure 3-1 Proposed Rectangular CFSSP-Wall Cross-section Configuration
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Ideally, a ductile CFSSP-wall section should develop its plastic moment, achieved through yielding of the
steel plate in both tension and compression, with concrete attaining its maximum strength. The filled-in
concrete not only contributes to the CFSSP-wall section capacity, but also helps restrain the local
buckling of the sandwich panel steel plates by preventing their inward buckling and only allowing
outward buckling. The tie bars serve to minimize outward local buckling of the steel plate of the sandwich
panel and provide the load transfer between steel and concrete needed to the required composite action in
the CFSSP-Wall cross section.
This chapter investigates the behavior of the proposed CFSSP-Walls using different analytical techniques
to shed light on the mechanics of the proposed system. Towards that purpose, an example of the
proposed CFSSP-Wall is analyzed using different models and analytical methods. To further investigate
rectangular CFSSP-Walls, the walls tested by Eom et al (2009) were modeled using finite element
analysis through Abaqus 6.10EF2. The resulting numerical models, developed here based on the available
limited information, will eventually be verified experimentally in subsequent chapters.
Section 3.2 lists the different analysis methods that will be used in this Chapter to evaluate the strength
and non-linear behavior of CFSSP-Walls. Section 3.3 presents an example rectangular wall first used for
this purpose. Section 3.4 presents calculation of the theoretical plastic moment using simple plastic crosssection analysis (i.e., for plastic stress distribution). Section 3.5 presents the results of a fiber analysis of
the same rectangular section. Analysis of this rectangular section using finite elements analysis is
presented in Section 3.6. Finally, in Section 3.7, analysis of the isolated CFSSP-Walls tested by Eom et
al (2009) using the same three methods is presented.
3.2 Preliminary Analytical Investigation and Behavior of CFSSP-Walls
To get an understanding for the behavior of CFSSP-Walls having a dominant flexural behavior, an
example rectangular CFSSP wall was investigated using different analysis methods. From simple to
complex, they can be outlined as follows:
1. The first method is a simple cross section analysis considering a fully plastic stress distribution across
the CFSSP wall cross section, used to calculate the plastic moment of the proposed wall section.
2. The second method of analysis is a fiber analysis of the wall cross section level, conducted using the
XTRACT software, which is used to calculate the moment-curvature relationship of the cross-section
assuming idealized material properties, and strains in materials at large curvatures. The plastic
analysis and XTRACT software were used to calculate the plastic moment capacity of the CFSSPWall section and to estimate the contribution of the different components of the CFSSP wall section,
steel and concrete, to the plastic moment capacity, Mp , of the section.
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3. Finally, the finite element analysis method (using the ABAQUS 6.10 EF2 software) was used to get a
more profound understanding of stresses and strains in CFSSP-Walls, and to explain the mechanics of
CFSSP walls’ ultimate behavior, focusing on how the different components of the wall interact and
how that affects the walls capacity, deformation and both the local and the global behavior of the
wall.. Finite elements analysis was also used to evaluate the ductility of CFSSP-Walls and their
seismic performance for assumed material models.

3.3

Example of CFSSP-Wall Investigated

The CFSSP-wall example under investigation is an arbitrarily selected cantilever wall having a length of
22' feet and outside cross section dimensions of 1'×5', resulting in a wall aspect ratio (wall height to
depth) of 4.4. The cross section with 12″×60″ outer dimensions and a steel skin plate of 1/2" thickness
leads to corresponding inner dimensions of 11″×59″ for the steel “box”. The tie bars have a 1 inch
diameter and are spaced at 8″ in both vertical and horizontal direction leading, corresponding to S/t ratio,
of 16.
For the CFSSP-Wall example, all steel was chosen to have yield strength of 50 ksi, and specified concrete
strength of 4 ksi. The tie bars were expected to behave elastically, and also assumed to have yield strength
of 50 ksi.
Figure 3-2 shows dimensions of the proposed rectangular cross-section. In subsequent sections of this
chapter, different analysis methods are presented and the results of the analysis are discussed to clarify the
concept beyond the proposed CFSSP-Walls.
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Figure 3-2 Dimensions of the CFSSP-Wall Example
3.4

Analysis of CFSSP-Wall Cross-section Using Plastic Stress Distribution.

To understand the behavior of CFSSP walls that have a dominant flexural behavior, the example
rectangular CFSSP-Wall cross section was analyzed considering a fully plastic stress distribution on the
entire cross section. The aim of this analysis is to calculate the plastic moment of the cross section under
investigation and to use this value as a reference for comparison when evaluating the results of more
complicated analyses. This analysis is also useful to evaluate the respective contributions of steel and
concrete to the plastic moment of the cross section. This plastic moment is calculated about the strong
axis of the cross section In this case the steel is considered to have reached the yield stress of 50 ksi in
both the tension and compression, and the concrete in compression is considered to have reached the
strength, f c' , of 4 ksi. The tensile strength of concrete is neglected. A uniform distribution of the
concrete stress over the entire compression part of the cross-section is considered, without any reduction
coefficient.
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Figure 3-3 Plastic Stress Distribution on the Proposed CFSSP-Wall

Figure 3-3 shows the resulting plastic stress distribution on the CFSSP wall cross section, where

the individual forces on parts of the cross section can by summarized as follows:

Forces on the tension side T1 and T2
T1  2t (w  x)  f y
Equation Chapter 3 Section 1(3.1)

T2  tb. f y

(3.2)

Forces on the compression side C1, C2 and C3
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C1  tb. f y

(3.3)

C2  2tx. f y

(3.4)

C3  (b  2t ) x. f c'

(3.5)

where,

w, is the length of the steel web
By imposing equilibrium, for the cross-section dimensions presented earlier, the distance x
locating the plastic neutral axis, can be calculated as:

x

2twf y
4tf y  (b  2t ) f c'



2( 1 )(59)(50)
2
 20.49"
1
4( )(50)  (12  2  1 )(4)
2
2

(3.6)

Calculating the moment around the plastic neutral axis of the section, the plastic moments can be divided
in two main components, namely the part due to contribution of the steel skin, and that due to the
contribution of the concrete.

The moment due to contribution of the steel skin, M s is:
t
t

 x
 w x 

M s  tb. f y   x    2tx. f y    2( w  x). f y 
  tb. f y  w  x   
2
2

2
 2 

0.5 12  50  (20.49  0.5  0.5)  2  0.5  20.49  50  0.5  20.49
 59  20.49 
2  0.5   59  20.49   50  
  0.5 12  50   59  20.49  0.25   65421kip  in
2



(3.7)
The moment due to contribution of the concrete, M c is:

 x
M c   b  2t  x. f c'    (12  2  0.5)(20.49)(4)(0.5  20.49)  9236kip.in
2
(3.8)
The total plastic moment, M p  M s  M c  74,657 kip.in
For a lateral force applied at the top of this 22' cantilever wall, the corresponding base shear when
reaching the plastic moment of the section =

74657
 282.8kip
264

For this specific example, concrete contributes only 12.3% of the plastic moment of the section. It would
be slightly less for any reduction for the concrete strength and if the uniform stress distribution was not
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considered over the entire length of concrete under compression. This value would also change somewhat
if the part of concrete under tension hadn’t been considered cracked and of negligible strength. These
assumptions could be modified in accordance to the outcomes of the different types of analysis presented
later in this chapter.
3.5

Analysis of the Rectangular CFSSP-Wall using XTRACT.

The XTRACT software for fiber analysis was used to analyze the rectangular CFSSP-Wall cross-section
under investigation, taking into consideration a bilinear steel material model with Fy of 50 ksi, and an
unconfined bilinear concrete model that has both a 28 day compressive strength and a crushing strength of
4 ksi. The used concrete model is shown in Figure 3-4. This was done to achieve bi-linear properties and
allow comparison with the theoretical values of Mp calculated above.

Figure 3-4 Unconfined Bilinear Concrete Model Used in the Analysis

The maximum moment obtained per XTRACT is 73,840 kip-in which represents 99% of the Mp value
calculated above. The value of My per XTRACT is 50,590 kip-in, for My defined as the moment
corresponding to first occurrence of yield in the steel case. Considering a linear moment distribution (for
the cantilever wall), based on the ratio of My to Mp, the length of the plastic hinge would be equal to 32%
of the wall height, and 1.4 times the total depth of the cross-section, W.

The moment curvature

relationship obtained from XTRACT is shown in Figure 3-4. The summary of the XTRACT analysis
report is in Appendix C of this report.
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Figure 3-5 Moment Curvature Relationship for the Rectangular Section, XTRACT

3.6

Analysis of CFSSP-Walls Using Finite Element

The rectangular CFSSP-Wall section introduced in the previous sections of this chapter was modeled
using the finite element analysis software ABAQUS 6.10 EF2. The objectives of these analyses were to
investigate various factors that impact results, assess the best techniques to simulate the real behavior of
the CFSSP-Wall walls using the finite elements method, and replicate the experimentally observed
composite action in the CFSSP-Walls reported in the literature (presented in Chapter 2 of this document).
Finite element simulation of CFSSP-walls is intended to make it possible to better understand the
behavior of such walls and to extrapolate this understanding to the different geometric configurations of
CFSSP-Walls presented in subsequent chapters, different S/t of the wall's skin plate, and different
material properties (e.g., high strength concrete).
The finite element analysis results are also compared to those obtained from the simplified analysis using
plastic stress distribution and the XTRACT software, in terms of plastic neutral axis location and plastic
moment of the CFSSP-Wall section. Free body diagrams, spatial distribution of stresses and strains, and
static pushover and quasi-static cyclic curves are used to illustrate the CFSSP-Wall behavior. The finite
element models developed to simulate cyclic response of the CFSSP walls are verified by comparing with
the limited test results for CFSSP walls available in the literature (Qian, Jiang et al. 2012)
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3.6.1

General

The modeling of CFSSP-walls using the finite element method requires the consideration of many details
that can affect the analysis results drastically. Such important details include:
1. Choosing the appropriate types of elements to simulate the behavior of different components of the
CFSSP-WALL walls.
2. Meshing the different elements of the model in way that capture the structural behavior as precisely
as possible, while avoiding analysis anomalies that result from poor mesh choices.
3. Simulating the contacts between the different components of the CFSSP walls, including the contact
between the concrete core and the steel skin, the contact between the tie bars and the steel skin, and
the contact between the tie bars and the concrete core.
4. Selecting material constitutive models able to replicate the key aspects of the observed non-linear
behaviors and, more-specifically, prescribing backbone curves that describes uni-axial behavior and
from which tri-axial behavior is inferred.

3.6.2

Finite Elements Selection

Both the steel skin of the sandwich panel and the concrete were modeled using the ABAQUS general
purpose solid element C3D8R, which is an 8-node linear brick with reduced integration element having
hourglass control and three displacement degrees of freedom per node, Reduced integration uses a lowerorder integration scheme to form the element stiffness. The mass matrix and distributed loadings use full
integration schemes. The reduced integration scheme reduces running time, which can be considerable for
three dimensions (ABAQUS Analysis User's Manual 6.10 EF2). Figure 3-6 shows the steel skin of the
rectangular CFSSP-Wall modeled using the C3D8R solid element. In order ensure the integrity of the
analysis, mesh sensitivity was investigated by performing analyses using different mesh densities
(number of elements per unit length), where smaller sized elements were used in those parts of the
CFSSP-Wall subjected to high plasticity (which in this case, is taken as the lower third of the wall). The
different analyses (with different mesh sizes) were performed until convergence of the solution was
reached (i.e. when a finer mesh gave the same results as the previous coarser one). In Section 3.6, the
results reported are those for the analyses in which the lower half of the wall had a mesh of 1"×1" ×1/2
elements for the steel skin plate, while the upper half had a mesh size of 3"×1"×1/2".

The concrete core was meshed following the same above principles. As a result, regions
subjected to high deformations had a denser mesh: the lower half of the wall had a mesh size of

61

1"×1"×1" and the upper half had a mesh size of 3"×1"×1". Figure 3-7 shows the element C3D8R
used for simulating the concrete core and the mesh used in the CFSSP wall example analysis.
The tie bars connecting the two opposite skin plates of the CFSSP wall were modeled using ABAQUS's
3D beam element B31, which is a 3D element and first order interpolation. The layout of those tie bars is
shown in Figure 3-8. The beam element B31 follows Timoshenko’s beam theory, where transverse shear
remains linear elastic with a fixed modulus.

Figure 3-6 CFSSP-Wall Steel Skin Modeled Using C3D8R ABAQUS Element
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Figure 3-7 CFSSP-Wall Concrete Core Modeled Using C3D8R Abaqus Element

Figure 3-8 Tie Bars were Modeled Using Beam Element B31 in ABAQUS
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The modeling of interaction between the different components of the CFSSP wall is important in
simulating the actual behavior of the wall. The tie bars are welded to the skin plates and are embedded in
the concrete; as such, they serve to transfer the load between the steel skin and the concrete core.
The contact between the steel skin and the concrete core is modeled using a contact pair algorithm in
ABAQUS Explicit (ABAQUS Explicit 6.10 EF2), where a surface to surface interaction between the
solid elements representing the steel skin and those representing the concrete is considered. The method
used to apply contact implements tracking algorithms to ensure that proper contact conditions are
enforced. The contact properties that define the mechanical surface interaction models that govern the
behavior of surfaces when they are in contact are defined by the user. When surfaces are in contact, they
can transmit shear as well as normal forces across their interface. The maximum shear stresses that can be
transferred by the contact element are equal to the normal stresses times a friction coefficient. The
friction models used in this analysis assumes that the friction coefficient,  , is the same in all directions,
i.e., isotropic friction. A value of 0.3 was specified in the model. In the normal direction, perpendicular
to the contact surfaces, the default Contact Pressure over-closure relationship specified in ABAQUS
(referred to as the “Hard” contact model) was used. Hard contact implies that the surfaces transmit no
contact pressure unless the nodes of the slave surface contact the master surface. No penetration of one
surface into the other is allowed at each constraint location and there is no limit to the magnitude of
contact pressure that can be transmitted when the surfaces are in contact. In addition, that contact element
does not allow the transfer of tensile stress across the interface (ABAQUS Analysis User's Manual 6.10
EF2).
To simulate the welding between the tie bar and the steel skin of the CFSSP wall, the end nodes of the
beam element used to model the tie bar were tied as slave to the inner surface of the solid elements
representing the steel shell. The interaction between the tie bars and the concrete core was modeled using
the embedded element technique available in ABAQUS 6.10 EF2 in which the beam elements
representing the tie bars lie embedded in a group of host element representing the concrete core. The
embedded element technique is used to specify an element or a group of elements that lie embedded in a
group of host elements whose response will be used to constrain the translational degrees of freedom of
the embedded nodes (i.e., nodes of embedded elements which are that of the tie bars beam elements); this
modeling option can be used in geometrically linear or nonlinear analysis and is not available for host
elements with rotational degrees of freedom. This technique is recommended (per ABAQUS Analysis
User's Manual 6.10 EF2) to model either rebar-reinforced membrane, shells, or surface elements
embedded in three-dimensional solid (continuum) elements, truss or beam elements embedded in solid
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elements; solid elements embedded in other solid elements (with the caveat that this approach will not
constrain rotational degrees of freedom of the embedded nodes)
3.6.3

Steel Material Model

In these preliminary finite element analyses, the type of steel material model used for the CFSSP-wall
skin plates is an elasto-perfectly plastic material of yield strength equal to 50 ksi. For the elastic part of
the material model, the elastic modulus was taken equal to 29000 ksi and Poisson's ratio,  , to 0.3. The
Von Misses yield surface was associated with the plastic flow, which allow for isotropic yielding in this
case. For simplicity, the steel material used for the tie bars was considered as elastic, with an elastic
modulus of 29000 ksi
3.6.4

Concrete Material Model

The concrete damage plasticity (CDP) material model in ABAQUS was used to model the concrete core
of the rectangular CFSSP wall. This model was used for monotonic, cyclic, and dynamic loading. The
model assumes two main failure mechanisms, namely: tensile cracking and compression crushing of
concrete material. The model uses a "multi-axial plasticity model with non-associated flow and isotropic
scalar hardening", where the hardening variable controls the evolution of the yield surface. Figure 3-9
shows the behavior of the ABAQUS model in uni-axial tension and uni-axial compression.
The elastic part of the model is described through the values initial elastic modulus, EO, and the poisson's
ratio, ν. The plastic part is described through the relation between the stress and the inelastic strain, such
that the values of the stress against the inelastic strains for the compression part of the backbone curve are
given by

 cin   ct   cel

(3.9)

where;

 cin is the in elastic compression strain
 ct is the total strain given by the axial compression backbone curve

 cel is the elastic strain
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In the case of cyclic loading, there is degrading in the initial elastic modulus (stiffness degrading) with
each cycle. The elastic modulus changes in terms of a scalar degradation variable d c such that:

E  (1  dc ) E

(3.10)

 c max  
 c max

(3.11)

dc 

where  c max is the ultimate compressive strength of the concrete

 is the compression stress at any point on the degrading part of the curve
The cyclic behavior of the CDP model is shown in Figure 3-10. The value of the stress and inelastic
strains for the tension part of the backbone curve is given by:

 tin   tt   tel

(3.12)

where;

 tin is the inelastic tension strain

 tt is the total strain given by the axial tension backbone curve
 tel is the elastic strain
For the tension part the stiffness or the value of the initial elastic modulus degrades in case of cyclic
loading where the elastic modulus changes in terms of a scalar degradation variable

is given by

E  (1  dt ) E

(3.13)

 t max  
 t max

(3.14)

dt 

where

 t max is the ultimate tensile strength of the concrete
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 is the tension stress at any point on the degrading part of the curve.

Figure 3-9 Concrete Damage Plasticity Model, ABAQUS 6.10EF2 User's Manual
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Figure 3-10 Cyclic Behavior of CDP Model, ABAQUS 6.10EF2 User's Manual

There are other parameters in the CDP model that are related to the concrete plasticity, such that the
model can represent the stress-strain behavior of the concrete successfully. According to Chen and Han (
1995) the three basic assumptions in a material plasticity model are:
I.

An initial yield surface in the stress space that defines the stress levels at which plastic deformation
begins.

II.
III.

IV.

A flow rule which is related to a plastic potential function and gives an incremental plastic stressstrain relation.
A hardening rule that defines the change of loading surface as well as the change of the hardening
properties of the material during the course of plastic flow.
The CDP model used in the ABAQUS is a modification of the Druker Prager yield criteria with
augmented modification from Lubliner et al. (1989) and Lee and Fenves (1998). According to these
modifications, the failure surface in the deviatoric cross-section needs not to be a circle and tends to
be an hyperbola, and is governed in this case by a parameter Kc, described below. The resulting yield
surface in the deviatoric plane is shown in Figure 3-11. In general, the parameters that can affect the
shape of the yield surface in the CDP model can be summarized as follows:
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The parameter Kc is the ratio of the distances between the hydrostatic axis and respectively the
compression meridian and tension meridian in the deviatoric cross section. Typically, the value of
this coefficient ranges from 0.5 to 1, and is recommended by ABAQUS 6.10EF2 to be taken equal to
0.67.



The shape of the yield surface is adjusted by an eccentricity factor (known as the plastic potential
eccentricity), which represents the length of the segment between the vertex of the hyperbola and its
center; it is recommended by ABAQUS 6.10 EF2 to take this value equal to 0.1



The point at which the concrete undergoes failure under biaxial compression is represented by the
ratio between the strength of the concrete in the biaxial state of stress, fbo, and the uniaxial state of
stress, fco; the recommended value for fbo f co is 1.16.



The dilation angle  which is physically interpreted as a concrete internal friction angle, which for
concrete ranges between 36o and 40o.

From the aforementioned information, the input parameters required to define concrete material
model are:
(i) the uniaxial compression stress- strain curve;
(ii) the uniaxial tension stiffening stress–strain curve;
(iii) the volumetric dilation angle ψ ;
(iv) the biaxial compression strength ratio, and;
(v) the ratio of tensile-to-compressive meridian Kc.
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Figure 3-11 Yield Surface in the Deviatoric Plane Corresponding to Different Values of Kc,
ABAQUS 6.10 EF2

The concrete inside the CFSSP-Wall was considered to be confined concrete, with a degree of
confinement that depends on the horizontal spacing of the tie bars and the thickness of the CFSSP wall
steel skin plates, namely the S/t value and, to an extent, the aspect ratio of the wall.

Generally,

confinement of concrete could lead to an increase of both the concrete strength and ductility, or only an
increase in ductility. Here, to define the properties of the confined concrete for the ABAQUS 6.10EF2
CDP material modeling presented in this Chapter, it was decided to use the concrete backbone curve
proposed by Liang (2008). Figure 3-12 shows the resulting general stress-strain curve for confined
concrete. Note that Liang’s model was developed for CFST (concrete filled steel tubes) beam-columns,
but was assumed to be applicable here (failing availability of an alternative model).
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Figure 3-12 Stress Strain Curve for Confined Concrete in CFST BeamColumn, Liang (2008)
For the current CFSSP-Wall example, the strength of concrete is 4 ksi (27.6 Mpa) and the horizontal
spacing of the tie bars in both horizontal direction is 8 inches, giving an S/t value of 16. Accordingly, the
different parameters for the compression part of the CDP backbone curve according to Liang (2008) can
be calculated as follows:
The elastic modulus is calculated according to ACI 318-08
E = 57,000 4000  3,604,996=3605 ksi

(3.15)

According to Liang (2008) and Mander (1988), the longitudinal compressive strain is calculated such that

f cc'  28 (MPa) then  cc'  0.002

(3.16)

The value of  c , shown in Figure 3-12, is used to reflect the effect of confinement on the concrete
ductility, and depends on b/t, where the ratio b/t in Liang’s equation, which is the ratio between the
largest width-to-thickness ratio in a rectangular CFST cross-section, is replaced here by S/t in case of
CFSSP-Walls. Although Liang calibrated the  c values based on results obtained for concrete filled
columns by Tomii and Sakino (1979), by analogy, for the case of the CFSSP-wall steel skin plate, the
applicable results from Liang applicable to the case at hand indicate:

b
 24 ,  c =1
t
The uni-axial compressive stress-strain curve obtained based on the above parameters, and used in the
finite element analyses, is shown in Figure 3-13 However, there are some differences between the
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concrete backbone curve as proposed by Liang (2008) and the one used in the finite element model. First,
at a strain value of 0.015, a strength of 0.4 ksi was used (instead of the 4 ksi value shown in Figure 3-12),
and; Second, for the rest of the curve at strains higher than 0.015, stresses vary linearly down to a zero
stress value at a total strain of 0.02. Also, here the tension part of the backbone was chosen to follow a
quadratic path instead of the linear degrading path originally proposed by Liang (2008). Note that this
choice of tension degradation model was arbitrary and reached after making several analysis which
confirmed that the concrete tension model does not have significant impact on the analysis results, given
that concrete contributes only about 15% of the total wall strength, and, therefore, concrete in tension
even less. For that matter, the contribution of the tensile strength of concrete could have been totally
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Figure 3-13 Uni-axial Compression Stress/Strain Relationship Used for the CDP Model
. The tensile strength was calculated (for a 4 ksi strength concrete) by the AC1-318-08 equation

f ct  6.5 f c' = 411 psi = 0.41 ksi
The cracking strain is equal to 0.00013 while the ultimate tensile strain is taken as 10 times of the strain at
cracking. Beyond that point, tensile strength rapidly drops to zero per the model described above.
The above backbone concrete curves for tension and compression were used with the concrete damaged
plasticity model available in Abaqus Explicit 6.10 EF2. The details of the concrete damage plasticity
model and its different parameters are illustrated earlier in the section. The values of the different
parameters used here to define the CDP model are summarized in Table 3-1.
In Table 3-1, the elastic modulus and poisson's ratio are shown in section (1) of the table, which are
needed for elastic analysis. Section (2) in the table lists the parameters for the concrete damage plasticity
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that describe the flow potential function, namely the dilation angle  .The flow potential eccentricity, ϵ ,
is taken equal to the default value of 0.1. As for the parameters responsible for the shape of the yield
function, namely the ratio of initial equibiaxial compressive yield stress to initial uni-axial compressive
yield stress, fbo f c , it is taken equal to the default value of 1.16. The ratio of the second stress invariant
on the tensile meridian to that of the compressive meridian at initial yield, K c , is taken equal to default
value of 0.67. Parts (3) and (4) of Table 3-1 summarize the values of the stresses and strains that define
the compression and tension parts of the backbone response curve, while parts (4) and (6) of Table 3-1 list
the degrading coefficients for the compression and tension parts of the curve respectively. The degrading
coefficient is calculated at the stresses after reaching the peak (maximum) values.
Table 3-1 Material Parameters of CDP Model for 4 ksi Concrete
Parameters of CDP Model (2)

Material's Parameters, f c' = 4 ksi
Concrete Elasticity (1)
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E (ksi)

3605

K

0.67



0.2

fb f c

1.16

Concrete Compression Hardening (3)

Concrete Compression Damage (4)
Crushing Strain

0
[-]

Damage, d c [-]
0

4

0.00388

0

0.00388

0.4

0.0149

0.005

0.00388

0.01

0.016

0.9

0.0149

Stress (ksi)

Inelastic Strain

4

Concrete Tension Stiffening (5)
Stress (ksi)

Cracking Strain [+]

0.289

0

Concrete Tension Damage (6)
Cracking Strain

0

Damage, d t [+]
0

0.4121

3.333E-005

0

3.33E-005

0.271

0.000160427

0.342

0.000160427

0.125

0.0002797

0.697

0.0002797

0.0328

0.000684593

0.92

0.000684

0.0082

0.00108673

0.98

0.0010861

0

3.6.5 Boundary Conditions and Loading
The boundary conditions were specified by restraining the six degrees of freedom for all the nodes located
at the base of the wall, including both those for the solid element representing the steel case and those for
the concrete core.
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Displacement
Loading, on
both steel skin
and concrete

Fixed Base

Figure 3-14 Model Boundaries, Loaded End, and Fixed Base

The loading was applied as horizontal monotonic displacement on the top surface of the model. To
prevent undesirable local buckling at the top of the model where the load was applied, the nodes of the
CFSSP wall top surface in both steel and concrete were tied together such that all those nodes moved
horizontally together (this eliminated the local effects, such as high stress concentration, that were
observed with other schemes considered). Figure 3-14 shows the distribution of loading and fixed
boundaries of the model.
3.6.6

Pushover Analysis

The model of the CFSSP-Wall was pushed laterally with monotonic displacement in a direction normal to
the strong axis of the CFSSP-Wall, up to a lateral displacement of 13.2" which is equivalent to 5% drift.
The purpose of this analysis was to compare the strength of the wall obtained from the finite element
analysis results with those obtained from simple calculations using plastic stress block distribution and
fiber analysis results from the XTRACT software, as well as to obtain additional information with respect
to other aspects of the wall’s structural behavior. Results are also evaluated through the use of free body
diagrams and by verifying equilibrium and strain compatibility conditions. The resulting base shear
versus lateral drift is shown in Figure 3-15, where a horizontal thick line represents the value of the
estimated base shear that is equivalent to Mp value (calculated per the procedure described in Section 3.4.
The base shear peak value obtained from the finite element analysis is 324.7 kips, which exceeds the
estimated base shear by 13.5%. That is attributed to the 3D nature of the model. In other words, this is
because the values of Fy and fc' specified in the model represents respectively the cap strengths for either
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the Von Misses criteria used in the steel model or the Modified Drucker-Prager model used in concrete.
Accordingly, in the vertical direction (direction of stresses used to calculate Mp), the stresses in the steel
in this direction could be greater or less than 50 ksi at yield, depending on the magnitude of the stresses
acting in the orthogonal direction at the time the stress conditions combine to correspond to a point on the
yield surface for the reference yield strength Fy. Similarly, confinement of the concrete due to triaxial
stress conditions for the given concrete yield surface model can result in some of the compressed concrete
elements developing stresses in excess of 4 ksi in the vertical direction. Overall, the greater flexural
capacity translates into a value a maximum of base shear obtained from the finite elements greater than
that estimated by plastic stress distribution. However, this increase beyond the specified uniaxial yield
value for the stresses in the direction used to calculate Mp is further illustrated later in this chapter.
Finite element analysis results also show that, at a drift value of approximately 1.5%, local buckling
developed in the CFSSP-Wall. Local buckling of the skin plate took place in the lower part of the wall
between the first and second row of tie bars, occurring simultaneously in the web and flange of the steel
skin.
The following section further investigates how the CFSSP-Wall performed at different load/drift levels.
More specifically, the stress distribution in the steel skin plates, concrete core and tie bars is examined at
different stages of drift, and the interaction between the different CFSSP-Wall components is addressed
taking into account the state of tri-axial stresses on the CFSSP-Wall components.
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Figure 3-15 Base Shear vs Lateral Drift% for the Rectangular CFSSP-Wall

3.6.7

Evaluation of the Pushover Loading Results

A further evaluation of the CFSSP-Wall performance was done by reviewing the stress distributions in
the different components of the model, and by using those stress distribution to establish free body
diagrams in an attempt to develop an understanding of the wall’s three dimensional internal behavior.
For the steel skin plate of the wall and for the concrete (both modeled using 3D solid elements), the
stresses normal to the CFSSP-Wall cross-section are referred to as longitudinal stress (acting in
longitudinal direction of the wall). Per orientation of the model in ABAQUS, these are referred to as the
stresses in the Z direction, or alternatively, S33 stresses. As for the stress components that are considered
to lay in the plane of the CFSSP-Wall cross-section, in the global X and Y direction per the ABAQUS
model orientation, they are referred to as transversal stresses. The stresses in the X direction are referred
to as S11 stresses, and those in the Y direction are referred to as S22 stresses. Accordingly, the normal
stresses due to flexure correspond to the S33 stresses, while stresses at the interface between steel and
concrete is investigated through the S22 stresses (on the long sides of the wall). Figure 3-16 shows the
longitudinal stress distribution (stresses in Z direction, along the wall height) in the CFSSP-Wall skin
plate at 0.5% drift (elastic range). The stress distribution is almost symmetric, which indicates that the
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wall is slightly beyond the elastic response, the flanges on both the tension and the compression ends of
wall's cross-section have started to yield (stresses have reached or exceeded 50ksi). The figure also
indicates that, at 0.5% drift, yielding has started to propagate along the height of the wall, as well as in the
web. The high stress at the wall flanges at low drifts is because of the relatively deep wall cross section,
which induces high strains at the extreme tension or compression fibers.

Figure 3-16 Longitudinal Stress Distribution, S33, at 0.5% Drift

For the rest of this section, focus in on behavior of the wall near its base, namely along the first 5 feet
above the fixed base, as this is the region of the wall where Mp is expected to develop, along with (at
larger drifts) local buckling of the skin plates and crushing of the concrete. Figure 3-17, 3-19, and 3-20,
shows the longitudinal stress distributions over the lower 5 feet of the rectangular CFSSP wall, at
different drift values. In Figure 3-18, the steel skin plate longitudinal stress distribution is shown at 0.5%
and 1% drift. At 0.5% drift, the wall section at the base has started developing My; since the CFSSP-Wall
has a relatively deep cross section, large strains are generated at the extreme fibers of the cross section at
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relatively low drifts. At 1% drift, the highlighted localized stresses shown in the figure were found to
correspond to the onset of local buckling in the compressed web in the region located between the first
and the second row of tie bars. There are also stress concentrations in the skin plate where the skin plate
elements are in contact with the tie bars, with smaller values of compression stresses at that location than
in the rest of the skin plate. This phenomena localized in the vicinity of the tie bars encompasses the
region of the skin plate at the onset of local buckling and after formation of the local buckling, which
underscores the role of the tie bars in CFSSP-Walls, which mainly consist in providing support at the
edge of the buckled plate. Note that the fixity corresponding with this support could vary between a fixed
end to hinged support, depending on the diameter of the tie bar and how it is connected to the skin plate.
Analysis of cross-section S33 stresses at the base of the wall also allow to observe the shifting of the
neutral axis (as a function of drift), from its elastic location to the plastic location. These results are
presented later in this section.
Figure 3-18 shows the longitudinal stress at 1.5% and 2.0% drift, respectively. At those drifts, most of the
web skin plate in tension has reached Fy and yielding has migrated vertically in the web. For the parts of
the skin plate under compression, local buckling further developed in the web between the first and
second rows of tie bars, and in the flanges of the skin plate at the corresponding locations.
The value of the longitudinal stresses in the buckled region of the web started to drop to values below half
of the yield stress; yet, there was no corresponding sharp drop in the moment capacity. This phenomena
is explained later in this chapter, when investigating the state of stresses in both the steel skin plate and
concrete core of the CFSSP wall.

In Figure 3-20, the longitudinal stresses in the CFSSP wall skin plates are presented for drift
values of 3% and 4%, respectively. There is little difference in behavior at this drift level
compared to what was observed at the 2% drift level, except that the local buckling waves on the
compression parts of the wall increased in severity, and the compression longitudinal stresses in
the skin plate laying between the first and the second row of ties further decreased. As the same
time, the steel skin plate elements in contact with the tie bars started to exhibit tension
longitudinal stress instead of compression stresses.
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Figure 3-17 Longitudinal Stress Distribution in CFSSP-Wall at Lower 5 feet: (a) 0.5% Drift;(b) 1%
Drift
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Figure 3-18 Longitudinal Stress Distribution in Steel Skin Plate at Lower 5 feet: (a) 1.5% Drift;(b)
2.0% Drift
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Figure 3-19 Longitudinal Stress Distribution in the Steel Skin Plate at Lower 5% Feet: (a) 3%
Drift; (b) 4% Drift
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Note that the shape of the local buckling wave that occurred between the two lower tie bar rows (under
stresses in the longitudinal direction) was such that its apex occurred almost midway between the tie bar
rows, comparing Figure 3-19 parts a and b with Figure 3-18. Also note that when the longitudinal
compression stresses in the buckled region started to drop in magnitude, the transversal stresses S22
started to increase. Finally, note that, in the vicinity of the tie bars, in the steel skin plate elements tied to
tie bars, the fact the stresses locally changed from compression to tension stresses suggests that the tie
bars acted as anchors at the edges of the buckled zone. The deflected shape of the skin plate at those
locations also indicates that fixity at the end of the buckled plate was closer to fixed ends rather than
hinged ends. This also highlights the role of the tie bars in resisting local buckling of the skin plates.

Figure 3-20 Behavior of Skin Plate Post Local Buckling
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To further investigates the behavior of the skin plate of the CFSSP-Wall, the longitudinal stress
distribution across the steel skin plate is plotted for a cross-section located 8 inches above the fixed base
of the wall (Figure 3-21). It is found that the position of the plastic neutral axis lies at 23 inches from the
compression flange. For comparison, the calculations using the assumption of uniform plastic stress
distribution gives a position of the plastic neutral axis at 20.67 inches from the compression flange.
In the part of the web subjected to tensile longitudinal stresses, most of the web plate have yielded at drift
value of 1.5%. In the part of the web subjected to compression stresses, the longitudinal compression
stresses values do not reach Fy except for the part of the web that is close to the compression flange of the
CFSSP wall. Yet, it was verified that the plates in compression above the neutral axis yields on the basis
of the Von Misses criteria. This is because significant S11 stresses are simultaneously occurring at those
locations. However, taking all obtained stress values into account, it was verified that the combined
stresses acting on the steel never violated the Von Misses criteria prescribed for a yield value of 50 ksi.
The stresses shown in Figure 3-21 are for the section at 8 inch from the fixed base, which corresponds to
a location exactly at the mid distance between the first and the second row of tie bars, which is where the
peak of the local buckling wave occurs. The zone subjected to local buckling starts to exhibit a decrease
in the value of the longitudinal compression stresses when away from the compression flange, and, as
shown in the longitudinal compression stresses in the CFSSP wall web at about a 9" horizontally from the
compression flange.
Also, in the compression zone of the skin plate, localized longitudinal compression stresses decrease at
the locations of the tie bars, with values dropping almost to zero at some tie bars. Figure 3-22 shows the
longitudinal stress distribution across the CFSSP wall rectangular section at 16" from the base. The figure
indicates that longitudinal stresses propagate vertically in the wall with less stress discrepancies at the
locations of the tie bars. This lesser tie-bar and skin plate interaction is attributed to the fact that there is
no local buckling at the location of the selected cross-section.
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Figure 3-21 Longitudinal Stress Distribution at 8 inches from base for Different Drift Values
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Figure 3-22 Longitudinal Stress Distribution at 16 inches from Base for Different Drift Values
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To further understand how the plastic moment capacity of the rectangular CFSSP wall section develops
despite the fact that the longitudinal stresses in the compressed part of the web skin plate web do not
reach the yield value Fy along the full length of the compressed web, the longitudinal stresses in the
concrete was also examined at 8" from the fixed base of the rectangular CFSSP wall.
In Figure 3-23 the longitudinal stresses in the concrete of the CFSSP wall is shown, at drift values of
0.5% and 1.0 % in parts a and b of the figure, respectively. At drift value of 0.5%, the stresses in the
compression region reach the value of f c' in the part of the section measured from the compression
extreme fiber to about 6" horizontally in the cross section. Correspondingly, the part of the cross section
subjected to longitudinal tension stresses does not reach f ct' . When the drift reaches a value of 1%, the
longitudinal compression stresses of values greater or equal f c' start to propagate horizontally up to a
depth of 13" in the cross section (the part of the concrete under tensile stresses still does not reach the f ct'
value).

Figure 3-23, the longitudinal stress distribution across the rectangular CFSSP wall section taken at 8"
from the fixed base is presented, for lateral drift values of 1.5% and 2.0%. At drift value of 1.5%, the
longitudinal compression stresses start to have an increased magnitude in the elements laying at the
middle core of the compression zone and a decreased magnitude in the elements in the outer skirt of the
filled in concrete. At 2% drift, the concentration of longitudinal compression stresses further increase in
the core of the concrete compressed zone and further decrease on the outer perimeter of the compressed
zone.

This decrease is also observed to progressively spread more toward the inner core of the

compressed zone. Longitudinal stresses typically decrease in the elements of the concrete that lie in the
vicinity of the locally buckled steel skin plate.
In Figure 3-25, the longitudinal stress distribution across the section of concrete taken at 8" from the fixed
base at 3% and 4% drift is shown. At 3% drift, the part forming the core of the compressed elements with
high magnitude of stresses starts to shift toward the plastic neutral axis, while the longitudinal stresses in
the concrete elements at the perimeter of the compressed zone and in those elements next to it starts to
drop sharply. At 4% drift, the value of stresses at the edge elements (outer skirt elements) in the
compressed zone undergo high longitudinal strains and the stress there continue declining, the magnitude
of the stresses in the compressed core keeps dropping.
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To integrate this information in a format that makes it possible to compare with the stress distributions
along the depth of the wall, as considered in the simple plastic moment calculations, the concrete
longitudinal stresses across the wall thickness have been averaged. The resulting averaged longitudinal
stress distribution across the CFSSP-Wall cross-section is presented in Figure 3-26, in which the increase
in values of concrete strength due to triaxial stresses in the concrete elements can be observed (as a
consequence of the concrete damage plasticity model used). The values significantly exceed the specified
concrete strength of 4ksi, which explains why the full plastic moment of the wall could be attained in
spite of the loss in longitudinal steel stresses.
In order to further verify contribution of the filled-in concrete to the plastic moment capacity of the
rectangular CFSSP wall section, an overview of the longitudinal plastic strain distribution is presented in
Figure 3-27, Figure 3-28, and Figure 3-29 for a cross section taken in the concrete of the rectangular
CFSSP wall at 8" from the wall fixed base and that for different lateral drift values. Figure 3-24 shows the
longitudinal strain distribution across the filled in concrete of the rectangular CFSSP wall at 8" from the
fixed base and at lateral drift values of 3% and 4%. The elements at the edge of the compression zone
exhibits large longitudinal strain and this large strain progressively propagates from the edges to the inner
core of the compressed zone.
Correlating the longitudinal strain values resulting from the analysis to the stress values provided through
the uniaxial stress-strain curve model is not rigorously possible. This is because the prescribed uniaxial
backbone stress-strain curve, if used as a criteria to determine the degree of damage in the concrete, is not
directly applicable to the concrete elements subjected to bi-axial or tri-axial stresses (the backbone curve
is only true for a uni-axial state of stress). However, in the absence of a simple constitutive equation to
capture by hand-calculations the progressive damage of the concrete elements, the uniaxial stress-strain
relationship can be used to provide an approximation. Note that this approximation would be further in
error if used to verify results from cyclic analysis (described in the next section), because, as mentioned
earlier in this chapter, the constitutive model of concrete damage plasticity accounts for stiffness
degradation in the case of cyclic loading by using degradation coefficients for both uni-axial tension and
uni-axial compression backbone curves for concrete.
According to the uni-axial stress-strain model used, elements for which the longitudinal strain exceeds the
value of 0.005 would suffer damage and starts to lose their ability to sustain load. However it is found that
most of the elements that lay on the edges of the compressed part in the vicinity of the locally buckled
steel skin plate reaches high strain values at relatively low drifts, accordingly they started to lose strength
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at a drift value of 1%, and this loss of strength propagated from the edges of the compressed region to the
inside core of the compressed zone.

Figure 3-23 Longitudinal Stress Distribution in Concrete at 8 inches from Fixed Base: (a) 0.5%
Drift; (b) 1% Drift
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Figure 3-24 Longitudinal Stresses in Concrete at 8 inches from Fixed Base: (a) 1.5% Drift; (b) 2.0%
Drift

88

Figure 3-25 Longitudinal Stress Distribution in Concrete at 8 inches from Base: (a) 3.0 % Drift: (b)
4.0% Drift
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Figure 3-26 Average Stress Distribution across the CFSSP-Wall Cross-section
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(a) 0.5% Drift

(b) 1% Drift

Figure 3-27 Longitudinal Plastic Strain Distribution in Concrete at 8" from base:(a)
0.5% Drift;(b) 1.0% Drift

91

c)1.5%Drif
(a)
1.5% Drift
t

d)
(a) 2.0% Drift
2.0%Drift
Figure 3-28 Longitudinal Strain Distribution in Concrete at 8" from Base:(a) 1.5%
Drift;(b)2.0% Drift
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(a) 3% Drift

(b) 4.0% Drift

Figure 3-29 Longitudinal Strain Distribution in Concrete at 8" From Base:(a)
3.0% Drift;(b) 4.0% Drift
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3.6.8

Cyclic Loading of the Rectangular CFSSP-Wall Finite Element Model

The aforementioned rectangular CFSSP-Wall finite element model was also loaded cyclically loading.
The displacement loading starts with cycles of lateral displacement at 0.5% drift and ended with cycles at
3%drift, with increments of 0.5% drift in each step. The loading cycles are presented in Table 3-2.

The resulting force-displacement hysteretic loops are presented in Figure 3-30. The model showed stable
hysteretic behavior up to a lateral drift of 3%. Local buckling started to develop at 1% drift. The section
reached its maximum strength of 1.15 Mp at that drift of 1%. The section sustained a strength of at least
Mp up to 3% drift.

Loading Step
1
2
3
4
5
6
7

Table 3-2 Loading Cycles Used In the Analysis
No of Cycles
Displacement (in)
1
1
1
1
1
1
1

1.32
2.64
3.96
5.20
6.6
7.92
10.56

Mp=286 kip-in

Figure 3-30 Cyclic Response of Rectangular CFSSP-Wall
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3.7
3.7.1

Analysis for Rectangular CFSSP-Walls Available in Literature
General

Eom, Park et al. (2009) have tested double skin composite walls under in-plane cyclic loadings, as
reported in Chapter 2.

Different geometric configurations of CFSSP-Walls were tested, including

rectangular cross section, T –shaped walls, and coupled rectangular walls. In an attempte to replicate
some of these experimental results, the analysis methods presented earlier in this chapter were applied to
the rectangular non-coupled tested walls. The analysis methods considered were plastic analysis using the
aforementioned assumptions concerning stress distribution, fiber analysis using the XTRACT software,
and finally finite element pushover and cyclic analysis. The results obtained by each method of analysis
were compared to the Eom, Park et al. test results for the specimen DSCW1 shown in Figure 3-31.

Figure 3-31 Test Results for Rectangular "Isolated" Composite Walls, Eom et al (2009)
Note that Eom, Park et al.’s specimen DSCW1 interest here suffered from premature weld failure at its
base when first tested (labeled specimen DSCW1N in Figure 3-31a). Accordingly, it was strengthened
first using stiffners at its base and retested to failure (DSCW1H in Figure 3-31b) and then using cover
plates for completion of the test (DSCW1C in Figure 3-31c). The rectangular section without any form of
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strengthening achieved maximum moment of of 2,567,950 kN-mm at lateral drift of 1.5% before the
tested specimen exhibited failure at welding location. Then the wall was strengthed by welding trianglaur
ribs at the base of the wall and achieved an ultimate moment of 2,945,250 kN-mm at a lateral drift of
1.5%. Finally, the wall was strengthed by using cover plates to achieve a maximum moment of 3,088,050
kN-mm (just above the strengthened region) at a lateral drift of 2.25%. Note that both the ribs and the
cover plates used in the above modifications elevate the value of ultimate strength at the base, which was
accomplished to move up the point of plastic hinging; particularly, the latter case is directly equivalent to
an increase of 200% of the steel in the cross-section. Accordingly the comparison in this section is
focused on the moment capacity of the unstrengthened cross-section, for example the wall strengthened
with cover plates the moment is calculated at section where cover plate stops (moment on original crosssection).In this Chapter, the analysis methods considered focus only on the moement capacity of the
original cross-section.
3.7.2

Plastic Analysis of the Cross-Section

The cross section under consideration is a rectangular section having outer dimensions of 1000 x 12 mm
and steel plate thickness of 10 mm. The steel used have yield strength of 55.55 ksi (383 MPa) and
ultimate strength of 78.9 ksi (544 MPa). The concrete strength is 5.76 ksi (39.7 MPa). The stress
distribution on the cross section is shown in Figure 3-32.

Figure 3-32 Proposed Stress Distribution on the Tested Walls
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Considering the presumed stress distribution on the wall cross section, the forces acting on the cross
section are:

T1  C3   b f t f  Fy

(3.17)

T2  2 xt.Fy

(3.18)

C1  2  L  x  t.Fy

(3.19)

C2   L  x  tc . f c'

(3.20)

The part of the web under tension, x, is given by:

x

2tw .L.Fy  tc .L.f c'

(3.21)

4tw Fy  tc f c'

where,
L = is the web length
tw = steel web thickness
tc= concrete web thickness
The plastic moment capacity calculated is given by:

x
 Lx
' Lx
M p  b f t f  L  t  Fy  2 xtFy    2  L  x  tFy 
  tc  L  x  f c 

2
 2 
 2 

(3.22)

The distance x calculated =590.84 mm
Mp =2,672,681,614 N-mm = 2,672,682 Kn-mm
The corresponding base shear, given the cantilever length of 3850 mm
3.7.3

XTRACT Fiber Analysis

The fiber analysis in XTRACT was used to calculate the capacity of the tested rectangular walls crosssection, the steel material used was bilinear steel with Fy of 383 MPa (55.6 ksi), and the unconfined
bilinear concrete model with strength 39.7 MPa (5.75 ksi) shown in Figure 3-33 Note that the default
confined concrete model was altered to become more of a bilinear model, as a way to benchmark the hand
calculations against the XTRACT results. From the XTRACT analysis, the resulting ultimate moment is
2,623,950 kN-mm as shown in Figure 3-34.
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Figure 3-33 Unconfined Concrete Material Model used in XTRACT Analysis

Figure 3-34 Moment Curvature Relationship for the Tested Walls by XTRACT

3.7.4

Finite Element Analysis Using Abaqus

Eom, Park et al. (2009)’s rectangular wall “DSCW1N” was modeled using Abaqus 6.10 EF2. The model
was built using the same elements used earlier in section 3.6, using a bilinear steel material model, and
the concrete model described in section 3.6.4. The model was subjected to lateral monotonic displacement
up to a lateral drift of 5%. Boundary conditions were applied to model the fixed base cantilever wall and
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displacements were imposed at the top of the cantilever wall. Then, in another analysis, the same model
was subjected to monotonic cyclic loading following the same cyclic displacements magnitude as that
applied during the test by Eom, Park et al. In the following sections, results from these pushover and
monotonic cyclic finite element analyses are presented.
For the pushover analysis of the DSW1N, the stress distribution S33 in the steel case at a lateral
displacement of 0.5% is shown in Figure 3-35, where the wall had just crossed the elastic range.
Note that local buckling in the skin plate of the model DSCW1N wall started at a lateral drift of 1.0%, as
revealed by the stress contours in Figure 3-36, and became visually noticeable at 1.5% as shown in Figure
3-37.

Figure 3-35 Stress Distribution in the Tested Walls at 1% Drift
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Figure 3-36 Onset of Local Buckling at a lateral Drift of 1%

Figure 3-37 Visual Local Buckling of the Skin Plate at 1.5% Drift
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Figure 3-38 shows the base shear versus the lateral drift obtained from the push-over finite element
analysis. The resulting maximum moment was 2,707,143 kN-mm, which is actually 87.6% of the
ultimate moment capacity achieved in the test (represented by the heavy red line).
Finite element results presented in Figure 3-38 shows that the strength of the wall starts to decrease at
drifts when the wall suffers from local buckling. Note that this is also the same drift at which wall
DSCW1N started to develop its premature failure in the welds.

Figure 3-38 Moment vs Lateral Drift, Abaqus Analysis

Cyclic finite element analysis results for wall DSCW1N (subjected to cyclic displacement excursions) are
shown in Figure 3-39, where the relation between the lateral drift and base shear is presented. As seen in
Figure 3-40, the skin web plate started to develop local buckling at 1% drift, with corresponding drop in
the load carrying capacity of the wall.
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Figure 3-39 Cyclic Response of the Abaqus Model for Isolated Specimens Tested by Eom et al
(2009)

Figure 3-40 Local Buckling of the Skin Plate at 1% Drift for Walls Tested by Eom et al (2009)
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3.7.5

Summary of Analysis

The different methods of analysis considered in predicting the capacity of the tested wall were compared
to the ultimate capacity of the wall strengthened using cover plates as this was the only one of the three
specimens tested by Eom et al. that achieved ductile behavior. Note that, in this comparison, the ultimate
moment achieved in the test is taken as the maximum base shear multiplied by the lever arm (3570 mm)
calculated from point where the load is applied (at the top of the wall) to the top of the reinforced section,
as plastic hinging developed above that reinforced segment.

The results for all analysis methods

considered are summarized in Table 3-3. Note that the different methods of analysis underestimated the
ultimate strength of the wall by 15% to 10%.
Table 3-3 Ratio between Analysis Results and Test Results
Method of Analysis
(1)
Plastic Analysis
XTRACT
Abaqus Pushover
Abaqus Cyclic

Analysis Base Shear/Test Base Shear
Analysis Moment
Ultimate
Ratio (2)/(3)
Value (kN-mm)
Moment(Kn-mm)
(2)
(3)
(4)
2,672,682
3,088,050
0.87
2,623,950
3,088,050
0.85
2,707,143
3,088,050
0.88
2,788,663
3,088,050
0.90
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CHAPTER 4
EXPERIMENTAL PROGRAM
4.1

Introduction

This chapter describes the experimental program for testing four large scale CFSSP-Wall specimens in
the Structural Engineering and Seismic Simulation Laboratory (SEESL) at the University at Buffalo. The
four specimens designed and detailed as part of this program were cantilever CFSSP-Walls with a height–
to-width aspect ratio of 2 and were fixed to a reinforced concrete base. Two different kinds of wall crosssections were considered (as described in Section 4.2). In the following sections of this chapter, the
details of the experimental program are presented in terms of the cross sections of the tested specimens
(Section 4.2), data on the material properties used in construction of the tested specimens (Section 4.3),
test set-up, foundation, and boundary conditions of the tested CFSSP-Walls (Section 4.4), typical
assembly and lateral restraints of the tested specimens (Section 4.5), and instrumentation used to measure
strains and deformations throughout testing of the specimen (Section 4.6). The loading protocol used
through the experimental program is also presented. A detailed design of the tested specimens and the test
rig is presented in Appendix B.

4.2

Cross Sections of the Tested CFSSP-Walls Specimens

The specimens tested in the experimental program are divided into two groups of two specimens.
In the first group, called Group NB, the CFSSP-Walls have no boundary elements and their cross section
is composed of double web skin plates having thickness, t, of 5/16" and width, w, of 40", connected
through circular tie bars spaced equally in both horizontal and vertical direction at a spacing, S, that varies
from one specimen to the other. The flanges of the panel consist of half HSS sections, which were used
(instead of flat cap plates) in order to avoid premature failure of the cross section’s corner welds due to
concentration of stresses that has been observed in prior research for rectangular sections (AISC-341
(2010; Samer El-Bahey and Michel Bruneau (2011). Both specimens of Group NB have the same outer
dimensions, plate thicknesses, aspect (height-to-width) ratio and the same specified material properties,
such that they have the same plastic moment (although values could vary depending on the actual material
properties of each specimen). The tested specimens were named specimen CFSSP-NB1 and CFSSP-NB2;
they have a total width, W, of 4 feet and 0.625 inches (40” skin plates plus two half-HSS 8.625×0.325 of
8.625” diameter) and total thickness, b, of 8-5/8 inches. The height of both specimens in Group NB is 10
ft above the top of the footing, and their width is 4ft, resulting in an aspect ratio (height to total cross
section depth), H/W, of 2.56. The detailed dimensions of Group NB specimens are shown in Figure 4-1.
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For specimens in Group NB, the tie bars were welded to the web skin plate using plug welding: tie bars
having a total length equal to (b-t) were positioned to span the distance between the steel web plates
center lines, and the remaining half thickness of the plate on each side was filled with welding material to
create the plug weld. For specimen CFSSP-NB1, the spacing of the tie bars, S, in both horizontal and
vertical direction is equal to 8 inches, giving a flat width-to-thickness ratio, S/t, of 25.6. The spacing of
the tie bars in specimen CFSSP-NB2 in both horizontal and vertical directions is 12 inches, for a
corresponding ratio, S/t. of 38.4. The tie bars were designed to remain elastic throughout the tests, and
consequently have a diameter of 1inch.
The HSS sections were cut using a water jet to avoid the need for annealing of the HSS after cutting. The
half HSS section was welded to the steel web using full penetration welds; the procedure for specimen
assembly is illustrated later in this chapter.

Figure 4-1 Cross Sections of Group NB Specimens
The second group of tested specimens, called Group B, are CFSSP-Walls having boundary elements (i.e.,
columns) consisting of concrete filled round HSS section. The walls’ cross section consists of those HSS
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columns and of double web skin plates having a width, w, of 30", a thickness, t, of 5/16", and connected
through tie bars spaced equally in both horizontal and vertical direction at a spacing, S, that varies from
one specimen to the other. The two specimens in Group B have the same outer dimensions, plate
thicknesses, tie bar diameter, and aspect ratio, H/W, (height to total cross section depth) of 2.76. Specimen
CFSSP-B1’s tie bars were connected to the web plate through plug welding per the same technique used
for the specimens of Group NB; tie bars are spaced at 8" center-to-center, leading to b/t ratio of 25.6 for
the plate. However, for specimen CFSSP-B2, tie bars were assembled differently. Bars having a total
length of (b+2t) where used, where b is the total width of the wall. As such, when installed, the tie bar
protruded a distance of 5/16 inches beyond the steel web plate on each side, and were fillet welded to the
web steel plates. Tie bars for specimen CFSSP-B2 are spaced at 12" center-to-center, resulting in a S/t
ratio of 38.4 for the plate. Figure 4-2 shows the detailed dimension of Group B specimens.
The boundary elements used in Group B specimens are round HSS 8.625×0.322 welded to the steel webs
using full penetration welding. The web panels of CFSSP-Walls in Group B were filled with the same
concrete as the HSS 8.625×0.322.

Figure 4-2 Cross Sections of Group B Specimens
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Note that the design of the experimental program specimens started with the Group NB specimens, and
that all the specimens’ outer dimensions, height, and material properties were chosen such that the force
needed to generate the plastic moment of the section could be applied using the available facilities at UB
SEESL. Also, dimensions of the Group B specimens were chosen such that specimens in both groups B
and NB would have approximately the same plastic moment capacity.
4.3

Materials

4.3.1

Concrete

The concrete used for filling the steel panels of the CFSSP-Walls specimens was ordered from a readymix plant in Western New York. The concrete used for the four specimens was self-consolidating
concrete (SCC), with a prescribed strength of 4 ksi. The SCC had a slump of 3". This kind of concrete
was used because of its high workability, which was desirable in this case so that the CFFSP-Wall
specimens could be filled with concrete without the need to use a concrete vibrator (which would have
been difficult to use given the height of the wall). For specimen CFSSP-B2, steel fibers were added to the
SCC as an attempt to better distribute tension cracking of the concrete and possibly improve its ductility.
The 2" length steel fibers used, shown in Figure 4-3, are known as NOVOCON XR produced by
PROPEX concrete systems.

Figure 4-3 NOVOCON Steel Fibers used in Specimen CFSSP-B2, http://www.novocon.co.nz
The construction and assembly sequence for the tested specimens is described in details in Section 4.5.
However, note that concrete for each tested CFSSP-Wall specimen and its reinforced concrete foundation
was poured on the same day. More specifically, the foundation concrete and the concrete for each CFSSPWall specimen was poured from same batch. From each pour, three standard cylinders were prepared,
having a diameter of 6" and height of 12". Each specimen and its respective cylinders were tested on the
same day and after at least 14 days of curing. Table 4-1shows a summary of the concrete strength, f c' for
each of the tested specimens
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Table 4-1Strength of Concrete in the Tested Specimens
Cylinder 1

Cylinder 2

Cylinder 3

Average

Curing

Strength (psi)

Strength (psi)

Strength (psi)

Strength (psi)

Days

CFSSP-NB1

6780

7140

6900

6940

14

CFSSP-NB2

6580

6972

6820

6791

16

CFSSP-B1

7280

6450

7510

7080

13

CFSSP-B2

5440

4590

4310

4780

14

Specimen

4.3.2

Steel

Specimens were designed assuming a yield strength of 50 ksi for both the HSS and plates with a factor of
safety of 1.5 to account for variability and strain hardening of the supplied steel (see Appendix B for
detailed design of the tested specimens) . However, it was recognized that HSS are known to have a
significant variability in their yield strength attributed to the process of manufacturing (Atlas Tube,
http://www.atlastube.com), generally exceeding 50ksi, often up to values of 65 ksi. As the steel for this
project was being donated by the American Institute of Steel Construction, it was possible to work with
the HSS suppliers, Atlas Tube, and to obtain HSS having mill-test certificate results close to 50ksi. The
supplied HSS showed mill-test certificates, for steel ASTM A500-10A Grade B&C of 60.99 ksi and
tensile strength of 71.87 ksi, which provided some assurances of actual yield strengths remaining close to
the specified values.
For each of the tested specimens, the steel grade for the web flat plates were different from that for the
HSS 8.625×0.322 used as boundary element or wall end-caps for the CFSSP-Walls. For the HSS
8.625×0.322, ASTM A252 Gr 3 steel was used (with a specified yield strength of 50 ksi), and ASTM
A572 Gr.50 steel was used for the plates of the CFSSP-Walls webs.
For each specimen, 2 coupons were taken from the HSS part of the specimen and 2 coupons were taken
from the web plates. All coupons were tested under monotonic tension. Results for one representative
HSS coupon is shown in Figure 4.4 (all coupons tested exhibited a similar stress-strain curve and
maximum elongation). Strains were monitored using a MTS extensometer with a 2" gage length, while
the forces were monitored using an internally mounted load cell in a Tinius Olsen testing machine at the
University at Buffalo. The resulting average yield strength of the HSS sections used in the experimental
program, Fy , was 43.75 ksi and the average ultimate strength, Fu , was 62.125 ksi. Standard deviation
for the 8 coupons tested was 1.71 and 2.01 ksi for the yield and ultimate strengths, respectively.

109

Maximum and minimum strengths measured were 46 and 42 ksi for the yield strengths, and 65 and 62 ksi
for the ultimate strengths, resulting in an average ratio of 𝐹𝑢 ⁄𝐹𝑦 is 1.41. The tested coupons showed
relatively good ductility and reached on average a strain of 21% before fracture. Note that that this steel
didn’t exhibit a distinct yield plateau and that yield strength was determined based on the 0.2% offset
method.
Table 4-2 HSS Tested Coupons

HSS, Average
Specimen

Averaged Coupon

Coupon Results

Max. Strain

Fu/Fy

Fy

Fu

CFSSP-NB1

44

61

0.21

1.38

CFSSP-NB2

42

62

0.22

1.47

CFSSP-B1

46

65

0.19

1.41

CFSSP-B2

44

61

0.23

1.39

70
60

Stress (ksi)

50
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20
10
0
0
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0.2
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Strain (in/in)

Figure 4-4 Tension Coupon Result for HSS from Flange/Boundary Element of CFSSP-Wall
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Two coupons were also taken from each specimen web plates and tested as described previously. The
web material was found to have an average yield strength, Fy , of 62.5 ksi and an average ultimate
strength, Fu , of 73.75 ksi. Standard deviation for the 8 coupons tested was 1.3 and 2.4 ksi for the yield
and ultimate strengths, respectively. Maximum and minimum strengths measured were 64 and 61 ksi for
the yield strengths, and 77 and 71.50 ksi for the ultimate strengths, resulting in an average ratio of
𝐹𝑢 ⁄𝐹𝑦 = 1.18 . The tested coupons showed relatively good ductility and reached on average a strain of
23% before fracture. Figure 4-5 shows a representative tension coupon result for CFSSP-Wall web
material. Results for all specimen are summarized in Table 4-4.

Table 4-3 Web Plate Tested Coupons

Web Plate, Average
Specimen

Coupon Results

Averaged Coupon
Max. Strain

Fu/Fy

Fy

Fu

CFSSP-NB1

63

72.5

0.21

1.15

CFSSP-NB2

61

74

0.23

1.21

CFSSP-B1

62

71.50

0.24

1.15

CFSSP-B2

64

77

0.21

1.20
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Figure 4-5 Tension Coupon Result for Plate from CFSSP-Wall Web

Table 4-4 Geometric and material properties of the Tested Specimens

HSS,

Web,

Concrete,

Fy (ksi)

Fy (ksi)

f c' (ksi)

42
43
44
46

63
61
62
64

6.94
6.79
7.08
4.78

Specimen

CFSSP-NB1
CFSSP-NB2
CFSSP-B1
CFSSP-B2

4.4
4.4.1

Aspect

S
S

t

D/t

Ratio

8
8
12
12

25.6
25.6
38.4
38.4

26.77
26.77
26.77
26.77

2.56
2.56
2.76
2.76

Tie
Bars
Welding
Plug
Plug
Plug
Fillet

Test Setup Components
General

All of the tested specimens were loaded to bend about their strong axis and develop their plastic moment,
denoted here M p . The design values of M p for all specimens in Groups NB and B was based on
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specified material properties, namely strength of concrete, f c' , of 4 ksi and yield strength, Fy , of 50 ksi
for all steel in the sandwich panel, including both web plates and half or full HSS sections. To design the
different components of the test setup, the plastic moment, M p , calculated using these material properties
was multiplied by 1.5. In other words, the possibility of developing 1.5M p at the fixed base of the tested
specimen was used as the basis for designing all test setup components. The 1.5 factor was intended to
account for actual material strengths being possibly higher than the specified values considered during
design and for strain hardening developing at large strains (some of the materials used in the specimens,
as shown in Section 4.3, indeed had higher strengths than the specified values, but actual values were not
known at the time of test-setup design).
The plastic moment of the specimens in Group NB, namely CFSSP-NB1 and CFSSP-NB2, is 2268 kip-ft;
For Group B, namely CFSSP-B1 and CFSSP-B2, it is 2173 kip-ft. The larger of these two values
multiplied by 1.5 gives 3402 kip-ft; for a specimen height of 10 ft, that results in an applied shearing force
of 340 kips, requiring the use of one of SEELS’s actuator of 400 kips capacity.
The test setup required design of a head plate at the top of the wall to transfer the actuator force to the
tested specimen, a reinforced concrete foundation at its base designed to resist a moment of 3402 Kip-ft,
pre-tensioned threaded bars (Dywidags) to tie the reinforced concrete foundation to the lab strong floor,
structural components transferring the design load from the tested CFSSP-Wall to the reinforced concrete
foundation, and finally a side restraint system to prevent the tested wall from lateral motions during
testing. Figure 4.6 shows a typical test set-up elevation. In the following sections, some aspects of
different components of the test setup are highlighted, while the detailed design of the test setup is
presented in Appendix B.
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Figure 4-6 Elevation of Specimen CFSSP-NB1 Setup

4.4.2

Actuator Type

The shearing force acting on the specimen is on the order of 340 kips. The actuator selected to apply this
load is an MTS 243.90T linear hydraulic actuator configured to be limited to a 446 kips capacity (to
match rating of pivot head). The position of the actuator on the strong wall and calculations to verify the
strong wall integrity in resisting the testing loads are presented in Appendix B of this document.
4.4.3

Head Plate and Threaded Bars

Subjecting the specimens to quasi-static cyclic loading required that the actuator alternatively pushed and
pulled on the specimen. Accordingly, head plates transferring the load from the actuator to the specimens
were designed for those loads, and sized to accommodate the dimensions of the MTS 243 T linear static
actuator head. The thickness of the head plate was calculated such that it could elastically resist a
maximum pulling/pushing load of 340 kips, distributed at the four holes of the head plate (i.e. point load
of 85 kips at each hole). Details of the head plate are shown in Figure 4-7.
To transfer loads to the head plate while pulling the actuator, four pre-tensioned threaded bars were used
to transfer the load from the actuator to the head plate. The force per threaded bar was 85 Kips and the
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threaded bars were sized to remain elastic throughout the test. Due to geometric constraints, namely the
size of the holes in the actuator head, 2 inch diameter threaded bar were chosen. Their ultimate strength in
tension is 121 Kips and they were pre-tensioned to 90 kips.

Figure 4-7 Head Plate Dimensions

4.4.4

Foundation and Strong Floor Connection

All of the tested specimens were cantilever type walls fixed to a reinforced concrete base, itself connected
to the strong floor of the SEESL lab using pre-tensioned DYWIDAG bars. The size of the foundation and
the pre-tension force in the DYWIDAG bars were selected such as to prevent uplift of the reinforced
concrete foundation (i.e., designing to prevent tension stress between the foundation and strong floor), in
order to achieve a full base fixity condition. The detailed design of the reinforced concrete footing is
presented in Appendix B.
The thickness of the concrete foundation was chosen to be 24" to accommodate the length of the available
DYWIDAG bars at UB SEESL, and the grid of holes at 2 feet spacing in the SEESL strong floor
constrained where DYWIDAG bars could be used to connect the foundation to the strong floor. The
foundation and DYWIDAG bars assembly were designed to sustain the 1.5M p = 3402 kip-ft moment
mentioned earlier, together with the corresponding shearing force of 340 kips, shown in Figure 4.9.
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The 1-3/8inch diameter DYWIDAG bars were distributed over three rows and pre-tensioned to a force,

FD , of 119 kips, which correspond to 63% of their prescribed yield load. The number of DYWIDAG
bars, N, and foundation length, b, (parallel to depth of specimen) and width, a (normal to depth of
specimen), were selected to prevent foundation uplift. This was achieved when calculations showed no
resulting tension stresses between the specimen footing and the strong floor when using the following
equation:

1.5M p
ab

3

(6b) 

NFD
ab

(4.1)

According to equation 4.1 the number of DYWIDAG bars needed was calculated such that compression
stress on the strong floor due to pre-tension force of the DYWIDAGs, given by the right hand side of
equation (4.1), was larger or equal to the theoretical tension stress on the floor induced due to 1.5M P at
the footing/strong floor interface (calculated using the left hand side of the equation, recognizing that the
interface couldn’t develop tension). Figure 4-8 shows the resulting size of the foundation footprint, the
moment acting normal to the strong axis of the CFSSP-Wall, and the DYWIDAG bars locations.

MP

3402 kip-ft

Figure 4-8 Footing Footprint and DYWIDAG Location

Reinforcement of the foundation was calculated considering the flexural and shear strengths needed to
resist the pressures under the footing due to the applied flexural moment, for both longitudinal and
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transversal direction reinforcement (as shown in Appendix B). Sliding of the foundation was prevented by
checking that the maximum lateral load that could be applied to the specimen (i.e. maximum actuator
force), VA , could not exceed the friction forces between the foundation and strong floor:

VA   NFD

(4.2)

where,  is the friction coefficient between the reinforced concrete foundation and the strong floor, taken
equal to 0.3

4.4.5

Load Transfer to Reinforced Concrete Foundation

Transferring the shear forces and moments to the foundation in a way that achieves the assumed condition
of base fixity was the design goal. For the tested specimens in both groups NB and B, the cross section
elements consisted of round HSS and double flat web plates, and each of these components were expected
to develop their yield strength. Consequently, structural details were needed to transfer these yielding
forces to the reinforced concrete foundation. The design strategy was to transfer both the shearing force
and the corresponding moment to the footing of the tested specimen while keeping the footing elastic.
A common approach to transfer wall base moments to footings is to provide horizontally oriented
structural elements able to develop a resisting couple in the footing (a.k.a. a shear head). This strategy is
effective when the magnitude of the horizontal forces can be minimized by increasing the length of the
forces lever arm, which requires the use of a deep footing. Here, because the footing depth was limited to
2 ft (due to the length of available DYWIDAGs, as mentioned earlier), an effective shear head could not
be implemented. Instead, the design approach followed consisted of developing mechanisms to transfer
the tension forces corresponding to the fully yielded steel parts of the walls.
The force to be transferred from the web of the CFSSP-Wall was conservatively taken as that resulting
from axial yielding of the web when developing a moment equal to 1.5Mp, and simplistically taken as :

1.5Fy htw

(4.3)

where,

h, tw are the web height and thickness respectively.
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The force given by equation (4.3), is to be transferred to the footing using re-bars passing through the part
of the wall embedded in the footing, normal to the CFSSP-Wall steel web, assuming that these re-bars
acted as shear connectors. This was done instead of using shear studs because of the concern that a group
of shear studs used for this purpose could have pulled out as a unit and the lack of knowledge on proper
detailing to prevent this failure mode for the current application, given the relatively shallow footing
being used. Note that the re-bars were also relied upon to transfer the shear forces acting at the base of
the CFSSP-Wall (simultaneously to the flexural moment), as described below.
Transfer of the yield forces from the specimen steel web was achieved by using three rows of reinforcing
bars in the part of the CFSSP-Wall embedded in the foundation. These bars passed through the entire
CFSSP-Wall web and extended to the edge of the foundation. The number of bars required to transfer the
web forces was conservatively calculated using equation I3-3 in AISC 360-5 for the strength of a stud,
(recognizing that the bars could provide more strength if fully yielding in shear):

Qn  0.5 Asc fc' Ec

(4.4)

Accordingly, the number of bars required to transfer the yield force in CFSSP-Wall web having a length
h, thickness tw , and yield strength Fy , is given by equation 4.5:

Nb 

1.5Fy h
0.85Qn

.tw

(4.5)

The calculated number of re-bars needed was distributed over three rows. To ensure transfer of forces in
the three rows to the concrete without pulling out of the top row from the cover concrete (i.e, making the
three re-bar rows equally effective and acting simultaneously), stirrups were used to tie the three rows
together. Note that to differentiate the re-bars (transferring shear) from the conventional reinforcement in
the footing, these are called “connector re-bars” from here on.
Note that in flexure, only part of the web is in tension, but the above approach develops an adequate
strength per unit length along the wall width to resist wall flexure, irrespectively of which part of the wall
in tension. Furthermore, per this approach, the re-bars located in the part of the wall in compression are
then available to transfer the shear forces from the walls to the footing.
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Also note that the footing transverse flexural reinforcement (i.e., spanning in the short direction of the
footing) was interrupted at the location of the CFSSP-Walls. The connector re-bars therefore also served
as transversal flexural reinforcement spanning through the CFSSP-Wall; for that reason, the upper and
lower rows of the Connector Re-Bars were also checked to be able to resist the shear force (for which
they were designed, as mentioned earlier) acting together with tension force resulting the bending
moment acting on the footing on the short direction (foundation moment in the short direction divided by
the distance between top and bottom rows of re-bars connectors generates tension force in the top/bottom
rows). Appendix B shows the calculation of stresses in the connector re-bars that led to the selection of 1
inch diameter re-bars for all re-bar connectors.
For Group NB specimens, the resulting number of re-bar connectors per row needed to transfer the web
force was 12 (for a total of 36 over 3 rows), and for Group B, that number was 9 (27 over 3 rows). To
compensate for the reduced area of the steel web due to drilled holes in that region, a 5/16" thick cover
plate was welded to the original web plate of the CFSSP-Wall. That plate thickness was sized such that:

Anet Fu  Ag Fy

(4.6)

Figure 4-9 to Figure 4-12 shows the web connector re-bars for specimens CFSSP-B1, CFSSP-B2,
CFSSP-NB1 and CFSSP-NB2, respectively. The complete foundation reinforcement for a typical
specimen is shown in Figure 4-15. The details of this footing and load transfers design are presented in
Appendix B.
The forces generated due to yielding of the HSS part of the cross section required another form of
connectors to transfer the tension forces at the toe of the CFSSP-Walls to the footing, because re-bars
could not be easily “threaded” through the HSS. In this perspective, to anchor the circular segments of
the CFSSP-Walls cross-section, an annular ring was used following the concept proposed by Roeder et al.
(2004). More specifically, when the half tube forming the flange of the CFSSP-NB yields in tension, the
strategy adopted here consisted of transferring this tension yield force to the foundation through the
annular ring welded at the base of the half circular section. Roeder et al. commented that some of that
force might be transferred through shear friction along the face of the steel, but the design approach
adopted here was to neglect this possible contribution. The thickness of the annular ring required was
calculated to be 1"; stiffeners were used to minimize the annular ring thickness. The annular ring used is
shown in Figure 4-13 and Figure 4-14 Group NB and B specimens respectively. Design calculations for
the annular rings are presented in Appendix B.
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CFSSP-NB1 Elev.
CFSSP-NB1 Section
Figure 4-9 CFSSP-NB1 and Web Re-bar Connectors

Figure 4-10 CFSSP-NB2 and Web Re-bar Connectors
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Figure 4-11 CFSSP-B1 and Web Re-bar Connectors

Figure 4-12 CFSSP-B2 and Web Re-bar Connectors
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Figure 4-13 Stiffened Annular ring for Group NB Specimens

Figure 4-14 Stiffened Annular Ring used for Group B Specimens
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Figure 4-15 Re-bars Used to Transfer the Web Forces and Foundation Reinforcement
4.4.6

Side Restraint System

All of the tested specimens were loaded in a direction normal to their strong axis, in the plane of the wall,
up to their maximum flexural capacity. In order to prevent lateral movement of the tested specimen
(normal to the loading direction), either due to inelastic lateral torsional buckling of the wall,
misalignment of the actuators, or other causes, a lateral restraint system was built and used as part of this
test set-up. This system was designed to provide the stiffness and strength needed to prevent lateral
motion of the tested walls.
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The designed lateral support system consisted of truss towers connected to the laboratory’s strong floor
using threaded rods. One tower was used on each side of the tested specimen, to which bracing arms
extended. Each tower was approximately square in plan, and 24 inches wide. The truss members are
either single angles 4×4×5/16" or two angles back-to-back 4×4×5/16" (depending on location) and gusset
plate thickness is 5/16". Figure 4-16 shows the lateral restraint system.
Each truss was designed for the lateral force given by equation A-6-7 of the AISC LRFD thirteenth
edition

Pbr  0.02M r Cd / ho

(4.7)

and a required stiffness given by equation (A-6-8) of the same document

1  10M Cd 



r
br  
  Lb ho

(4.8)
where

M r is taken, here, as the plastic moment capacity of the relevant wall cross section multiplied by 1.5

Lb is the unbraced length of the tested CFSSP-Wall, in.
ho is the distance between flanges centroids, in.
Cd is a coefficient taken equal to 1 for bending in single curvature
Note that strength and stiffness of the anchor bolts tying the truss towers to the floor were also taken into
account in these calculations.
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Figure 4-16 Side Restraint System

Using truss towers instead of single plane trusses facilitated handling and installation of the lateral
restraint system and provided out-of-plane stability against lateral twisting to each of the two trusses in
each direction constituting the truss tower.

Incidentally, this lateral restraint system was also

conveniently used to shore the CFSSP-Walls during pouring of their filling concrete.
Each lateral restraint system was also provided with a movable head-plate with a 1" tolerance to allow
adjusting the bracing point distance for different CFSSP-Wall specimens. A T-shaped stiffener was
welded to the web of the CFSSP-Walls to provide a straight clean contact surface for the side restraints
head plates. Teflon plates 1/8" thick were glued to the head plate to provide unrestrained longitudinal
motion of the tested specimens. Figure 4-17 shows parts of this lateral restraint system during the process
of placing the towers in position.
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The moving head plate was designed to sustain the loads given by equation 4.5. The lateral restraints
system was checked to be adequate for several loading scenarios, including some that involved lateral
system twisting.

Moving
Head Plate

Figure 4-17 Parts of Lateral Restraint System

4.5

Specimen Assembly

This section describes specimen fabrication and issues related to test setup assembly in the testing
laboratory.
All steel panels were built by a certified steel fabricator in the Buffalo area.

For the Group NB

specimens, the half HSS 8.622×0.322 used at their end was cut from a full HSS using water jet cutting to
avoid over heating of the HSS which could lead to distortions or changing of material properties of the
HSS. Figure 4-18 shows a typical water jet partial cut in a HSS section.
The skin plates were then assembled. Temporary internal spacers and bolts were used while the tie bars
were welded in position. The half HSS (for Group NB specimens) or full HSS (for Group B specimens)
were then welded to the web plates using full penetration groove welding. Note that no back-up bars were
necessary for this weld. Figure 4-19 shows the welding between a CFSSP-Wall web and a half HSS
section. Figure 4-20 shows the assembly of CFSSP-NB1 specimen. Figure 4-21 shows the lower part of
the CFSSP-B2 specimen, with the holes for the re-bar connector (described in Section 4.4.4), cover plate,
and stiffened annular ring.
126

Figure 4-18 Water Jet Cutting of HSS

Full Penetration
Groove Weld

Figure 4-19 Welding between Half HSS and Steel Web Plate
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Spacers

Figure 4-20 Assembly of CFFSP-NB1 Specimen

Figure 4-21 Base of Specimen CFSSP-B1
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Steel specimens were shipped from the fabricator to the laboratory, where the footing and wall concrete
infill were to be cast. For the foundation construction, a plywood base for the foundation formwork was
assembled and supplied with wooden plugs at the location of the DYWIDAG bar holes. The foundation
re-bars cage was placed over the formwork base, and steel sleeves were placed in location. Figure 4-22
shows the welding of the steel pipes (sleeves) to the steel cage (to keep them in place during concrete
pouring).

Figure 4-22 Welding Pipe Sleeves for the Steel Cage
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The CFSSP-Wall was placed in its final position with respect to the foundation and plumbed; Figure 4-23
and Figure 4-24 shows the placing of CFSSP-Wall in position. After wall plumbing, the re-bar connectors
were passed through the holes in the lower part of the CFSSP-Wall, and the stirrups for those bars were
installed. All remaining reinforcement bars were then added in position, and all steel sleeves were
plumbed and welded to the foundation steel reinforcement cage. Figure 4-25 shows the re-bar connectors
and their stirrups. Some lifting hooks were then placed in the cage (to allow moving the footing after the
test). Figure 4-26 shows the final arrangement of the foundation re-bars. Sides of the formwork were then
assembled and one of the lateral bracing towers was placed in position and used to shore (and keep
plumb) the CFSSP-Wall specimens during pouring of concrete, as shown in Figure 4-27.
The concrete filling a CFSSP-Wall specimen and its foundation was always poured from the same
concrete batch. The sequence of concrete pouring was to pour the foundation concrete first, followed by
filling the CFSSP-Wall. Figure 4-28 shows CFSSP-NB1 specimen just after concrete pouring. Concrete
was left to cure for at least 14 days. The sides of the formwork were removed after no less than 7 days.
To remove the formwork bottom sheet, the specimen and its foundation was lifted up and then the
specimen was slightly moved to be placed at its prescribed location on the strong floor. DYWIDAG bars
were then passed through the sleeves and the specimen was pre-tensioned to the laboratory floor
approximately 9 days after casting of the concrete. The second lateral restraint tower was placed in
position, their head plates were locked into position, and the lateral restraint system was tied to the strong
floor using threaded bars. Figure 4-29 shows the erected lateral restraint system and a CFSSP-Wall
specimen. The actuator was the connected to the specimen and instrumentation of the specimen took
place.
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Figure 4-23 Setting CFSSP-Wall in Position

Stiffener

Figure 4-24 Stiffened Annular Ring and CFSSP-Wall Positioning
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Figure 4-25 Web Re-bars and Stirrups

Figure 4-26 Final Assembly for the Foundation Re-bars
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Figure 4-27 Shoring of Specimen Preparing for Concrete Pouring

Figure 4-28 Specimen CFSSP-NB1 After Concrete Pouring
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Figure 4-29 Tested CFSSP-Wall Specimen after Erection of Lateral Restraint System

4.6

Instrumentation

Three parameters of interest were measured in this testing program:
First parameter, strains in the CFSSP-Wall steel plate to monitor the propagation of yielding along the
width (and height to some degree to help define the length of the plastic hinge region). Second parameter
was the rotations of the wall near the base in order to help establish the moment curvature relationship
along the height of the wall in that region.
Third parameter, the wall displacement in the loading direction, at different points along the CFSSP-Wall
height, to help establish force displacement relationship and monitor the wall deflected shape at the
different stage of loading. In the following sections, the layout for the different types of instruments used
to measure these values are described.
4.6.1

Strain Gauges

All specimens were instrumented with axial strain gauges (model CAE-06-125UW-120). In addition,
specimens CFSSP-NB1, CFSSP-NB2, and CFSSP-B2 were supplied with rosettes (model CAE-06125UR). Both types of gauges were manufactured by Micro Measurements (a division of Vishay
Precision Group). Vertical and horizontal axial strains were measured at different locations, generally
between the first and the second row of tie bars (counting from the base of the CFSSP-Wall at the top of
the footing), and between the second and third row of tie bars. Figure 4-30 to Figure 4-33 show the strain
gauges distribution for specimens CFSSP-NB1, CFSSP-NB1, CFSSP-B1, and CFSSP-B2, respectively.
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4.6.2

Displacement Potentiometers

A dozen of displacement potentiometers (linear potentiometers) were used for each of the tested
specimens, namely 6 linear potentiometers installed sequentially on each of the HSS at the East and West
ends of the tested specimens. Linear potentiometers were arranged vertically in a staggered pattern
starting from the base (top of footing) up to 2 feet on the specimen, as shown in Figure 4-34 for specimen
CFSSP-NB1.
The use of linear potentiometers in the aforementioned arrangement provided the ability (by using the
displacements readings of linear potentiometers at the same height at opposed ends of the CFSSP-Wall
specimen) to calculate rotation values, and consequently establish moment curvature relationships along
the specimen height over the first two feet where most of the yielding was expected to occur. Aluminum
angles were hot glued every 5" to the East and West HSS of the tested CFSSP-Wall specimens, to serve
as supports for the linear potentiometers. The disposition in a staggered pattern (as shown in Figure 4.39
for the linear potentiometers arrangement at the CFSSP-NB1 East side) was necessary to avoid
obstructions while locating instruments sequentially along the height.

Linear potentiometers were

mounted to the specimen using base magnets and the moving rod of each linear pot was attached to an
aluminum angle using a magnet. Figure 4-37 show schematic diagrams for a typical linear potentiometers
arrangement (for the CFSSP-Wall specimen West and East sides in this particular case).
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a) South North View

b) North South View
Figure 4-30 North South View of Strain Gauges Arrangement of Specimen CFSSP-NB1
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a) South North View

b) North South View
Figure 4-31 North South View of Strain Gauges Arrangement of Specimen CFSSP-NB2
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a) South North View

b) North South View
Figure 4-32 North South View of Strain Gauges Arrangement of Specimen CFSSP-B1
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a) South North View

b) North South View
Figure 4-33 North South View of Strain Gauges Arrangement of Specimen CFSSP-B2
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Linear Pot.

Figure 4-34 Liner Potentiometers Arrangement
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Figure 4-35 Schematic Diagram for a Typical West Side View of Tested CFSSP-Wall Specimen
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Figure 4-36 Schematic Diagram for a Typical West Side View of Tested CFSSP-Wall Specimen

Nine string displacement potentiometers (string-potentiometers) were used. Two string potentiometers
were used as “backup” for the linear potentiometers used in measuring wall rotation and were installed to
span a vertical distance of 30" from the top of the foundation (i.e. providing average curvature over a wall
height of 30”), one at each end of the CFSSP-Wall specimen.
Five string potentiometers were mounted horizontally to read displacements in the loading direction at
different locations along the CFSSP-Wall specimen height. These readings allowed for calculations used
to determine the deflected shape of the tested specimen and establish force-displacement relationships.
Two horizontal string potentiometers were also mounted at the loading head plate in the direction
perpendicular to the loading direction, in order to monitor possible lateral displacements of the tested wall
specimens.
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Figure 4-37 shows some of the different string potentiometers used. Figure 4-38 shows the position of
string potentiometers used to measure longitudinal displacement of the specimen.

Strings of String Pot to
Measure out-plane
Deformation

Strings of String
Pot to Measure inplane Deformation

Figure 4-37 String Potentiometers Arrangement East Side
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Figure 4-38 Typical Layout of String Potentiometers
4.6.3

Krypton Dynamic Measurement System

The Krypton Dynamic measurement system is composed of three sensitive infrared cameras mounted on
a movable frame, numerous light emitting diodes (LEDs), and an independent data acquisition system.
The LED's are 1" diameter and can be attached to the specimens or the test setup at any location visible to
the camera, via hot glue, magnets, etc. The three cameras triangulate the location, velocity, and
acceleration of the LEDs relative to a user defined coordinate system. Accuracy of the Krypton
measurements is of the order 0.002" to 0.004" depending on the distance from camera to LEDs.
Placement of the LEDS is dependent on the viewable window for the Krypton camera, which increases as
the distance between the camera and the LEDs increases.
The Krypton camera was used only for specimens CFSSP-NB2, CFSSP-B1 and CFSSP-B2. The main
objective for its use was to acquire extra data point to verify specimen rotation and evaluate possible
relative motions between the tested CFSSP-Wall and the foundation. A total of 20 LEDs were used for
each tested specimens distributed over five vertical columns and four horizontal rows. For the CFSSP-B1
and CFSSP-B2 specimens, the rows were spaced at 4". Horizontal spacing between the LEDs was
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4inches on the web plate, and 4 inches between the LEDs on the column and their adjacent one located on
the web plate. In this case, LEDs on columns were located at the middle of the HSS (defined based on a
side view of the wall). For specimen CFSSP-NB2 the same layout pattern was used, with the same
vertical spacing between rows. Horizontal spacing between the LEDs was 4 inches on the plate, and 4
inches between the LEDs on the column and their adjacent one located on the web plate. In this case,
LEDs on columns were located at the intersection between the half HSS and the steel web Figure 4-39
shows a typical distribution of the Krypton camera LEDs, in this case for specimen CFSSP-B2.

Krypton
Camera LVDTs

Figure 4-39 Krypton Camera LEDs Distribution for Specimen CFSSP-B2
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4.6.4

Video Recording

All of the tests were video recorded digitally. Each test was documented using six high definitions
cameras, recording a global view of the specimen, as well as local views that monitored the two ends of
the specimens, each viewed from two different angles (to provide North-East, North-West, South-East
and South-West views of the tested specimens), plus a close-up view of the lower 3 feet of the tested
CFSSP-Wall specimens, in order to visually capture local buckling of steel skin of the wall and record the
development and progression of fracture patterns. All videos were accelerated to help visualize and
understand the behavior of the CFSSP-Walls, and monitor initiation and propagation of the fractures that
developed at the CFSSP-Wall base. Videos are available at http://seesl.buffalo.edu.
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CHAPTER 5
EXPERIMENTAL RESULTS AND OBSERVATIONS
5.1

General

This chapter in describes the testing of specimens in Groups NB and B, including description of the
loading protocol, and the observations made regarding the behavior of each of the specimens during
testing in terms of maximum loads, specimen status at different deformations, and condition of the
specimen at the end of the test.
In Section 5.2, the loading protocol used through the test is presented. Section 5.3 presents the test
observations for the four tested specimens, including load levels (base shear) at different drifts, local
buckling of the skin plates, and fracture of the skin plate.

5.2

Loading Protocol

Loading of all specimens was intended to proceed following quasi-static displacement control cycles
carried in accordance with the ATC 24 loading protocol. This document specifies that the specimens
should be subjected to a prescribed displacement history, with three displacement cycles at each
displacement step, up to a displacement equal to three times the yield displacement, and two cycles at
each displacement magnitude after that. The yield displacement is defined here as the displacement at
which the extreme steel fibers of the CFSSP-wall skin plate starts to yield. The ATC 24 protocol specifies
that reaching the yield displacement should be done in three steps as follows: three cycles at 1/3 of the
yield displacement, three cycles at 2/3 of the yield displacement, and three cycles at the yield
displacement, which is denoted by  y . Beyond that, every step should be multiples of the yield
displacement (2δy, 3δy, etc.) This protocol was adjusted during the tests, according to the observed
behaviors (namely yielding of the skin plates). As one such adjustment, the displacement cycles at 1.5 y
does not exist in the original ATC 24 protocol but was added during testing to better capture the drift at
which M p was reached.
To implement the aforementioned loading protocol, it was necessary to estimate the yield displacement
value measured at the load application point (i.e., 10 feet above the tested specimens’ base, which is the
height at which the actuator force is acting on the tested cantilever CFSSP-Walls). Preliminary finite
element models were established using ABAQUS and analyzed using pushover analysis prior to testing of
the CFSSP-Wall specimens in order to estimate their yield displacement value. Although the actual steel
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material properties were available for those analyses (see coupon testing results in Chapter 4), specified
strengths were used for the properties of the CFSSP-Wall filled-in concrete given that the actual concrete
strength would not be known until the day of testing.
Table 5-1 shows the ATC 24 protocol used for testing Group NB specimens. Specimens of Group B
followed the nearly identical protocol presented in Table 5-2. It should be noted that the estimated forces
for a given displacements in that Table were more than those recorded during the test, which indicates
that the finite element model used was stiffer than the actual tested specimen CFSSP-NB1. As described
in Chapter 6 in more details, two factors had contributed to make the finite element wall stiffer than the
actual one: (1) The finite element predictions were performed using the elastic modulus for regular
normal weight concrete given by clause 8.5.1 in ACI 318-08 , whereas the actual value of elastic modulus
for the self-compacting concrete used in the CFSSP-Wall specimens was approximately 50% of that
value; (2) The finite element predictions neglected the contribution of the foundation to the specimen’s
flexibility

Table 5-1 Loading Protocol for Group NB Specimens
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Table 5-2 Loading Protocol for Group B Specimens

Cycle Order

Total Number Displacement Displacement
of Cycles
factor of Δy
(in)

Drift%

force (kips)

[1]

[2]

[3]

[4]

[5]

[6]

1

3

Δy/3

0.27

0.23

101

2

3

2Δy/3

0.53

0.44

182.46

3

3

Δy

0.8

0.67

230

4

3

2Δy

1.6

1.33

273.764

5

3

3Δy

2.4

2.00

280.326

6

2

4Δy

3.2

2.67

281.201

7

2

5Δy

4

3.33

269.101

8

2

6Δy

4.8

4.00

271.225

9

2

7Δy

5.6

4.67

271.787

10

2

8Δy

6.4

5.33

159.145

The specimens were cycled using the above protocols until substantial fracture of the steel plates and the
HSS of the CFSSP-Wall specimens, although the degree of fracture that developed in each case before
stopping the tests varied from specimen to specimen, as will be shown in the following sections.

5.3
5.3.1

Test Observations
General

In this section, observations made during the testing of Group NB and Group B specimens are described
and illustrated. This includes reporting of peak loads and corresponding drifts in each cycles, maximum
flexural strength developed, and progressive strength degradation, with strength values often expressed as
percentage of the theoretical plastic moment capacity Mp calculated based on the material properties
identified through coupon and cylinder tests per Chapter 4. Also included are descriptions of buckling of
the skin plates in terms of when and where it initiated and how it propagated. Observations are also made
on the integrity of the instrumentation (such as strain gauges, and linear potentiometers) throughout the
tests. Also reported are the drifts at which the tested specimen skin plates have yielded based on strain
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gauges readings during testing. The plots for force-displacement relationships, moment-curvature
relationship, and data evaluation altogether with ductility performance evaluation are presented in section
5.4 of this document.
5.3.2

Specimen CFSSP-NB1

The first step of the loading protocol, at a displacement of  y 3 , equivalent to 0.2% drift, allowed to
verify that all instrumentation was working properly. At that stage, none of the components of the
CFSSP-NB1 skin plate had suffered any buckling or yielding. Figure 5-1 shows the North West view of
the CFSSP-NB1specimen at  y 3 displacement. Behavior was identical at the displacement of 2 y 3 ,
equivalent to 0.40% drift, as shown in Figure 5-2. At this drift, the recorded strain in the part of HSS
section farthest from the cross-section neutral axis was 1398  strain , which represents 89% of the
average yield strain of 1566 μ.strain for the HSS part of the steel skin plate (based on material coupon
properties of the round HSS as per Chapter 4 of this report).

Figure 5-1 North West View for Specimen CFSSP-NB1at 0.2% Drift.
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Figure 5-2 North West View for Specimen CFSSP-NB1at 0.4%Drift

At the estimated displacement of  y , 0.6% drift, strain gages reading of 2248  strain indicated that the
half round HSS part of the CFSSP-NB1 have exceeded its yield strain of 1566 μstrain .However, the steel
web plates of the CFSSP-NB1 specimen were still in the elastic range, as strain gauge readings there were
less than the 2080 μstrain corresponding to their average yield strain (per coupon test results in chapter
4). There was no observation of local buckling in the steel web plate of the CFSSP-NB1, or of weld
cracks. Figure 5-3shows the North West view of the CFSSP-NB1 specimen at 0.6% drift which
corresponds to the yield displacement,  y .
In an attempt to capture the drift value at which the entire CFSSP-NB1 steel section yielded, and
consequently defining when the CFSSP-Wall section reached it plastic moment capacity, M p , an extra
step was added to the original ATC 24 loading protocol, with three cycles at a displacement of 1.5 y ,
equivalent to 0.9% drift. At that point, strain gages indicated that 30% of the entire steel part of the
CFSSP-NB1 specimen cross-section had yielded, with values of strain gauge readings exceeding the yield
strain values,  y of both the web plates (2080  strain ) and HSS (1566  strain ). Minor flaking of the
white wash paint occurred on the HSS part of the cross-section, with no visual evidence of local buckling.
Some minor hairline cracks in the paint at the intersection of the CFSSP-NB1specimen and the reinforced
concrete foundation were observed, indicating elongation of the steel. Figure 5-4 shows the North West
view of the CFSSP-NB1 specimen at 0.9% drift.
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At a lateral displacement equivalent to a drift of 1.2%, strain gauges readings indicated that 52%, of the
steel part of specimen CFSSP-NB1 cross-section had yielded. at this point the moment acting on the wall
cross section was 32,058 kip-in which represents 100% of the Mp.
Some paint flaking occurred on the steel plate web of the specimen, as well as at the intersection of the
specimen and its reinforced concrete foundation. There was no visible local buckling observed. Figure 5-5
shows the North West view of the CFSSP-NB1 specimen at 1.2% Drift
At a displacement equivalent to 1.8% drift, during the first cycle of loading, a peak lateral load of 305
kips was reached, inducing a moment of 36,480 kip-in at the wall base, which is equivalent to 114% of

M p , and local buckling of the steel web plate of specimen CFSSP-NB1 specimen was visually observed
for the first time. Buckling started at the North West side of the tested specimen, between the first and the
second row of tie bars from the base. Figure 5-6 shows the local buckling of the web at 1.8 % drift. Figure
5-7 shows the South West view of the CFSSP-NB1 wall at 1.8% drift. Flaking of the white wash paint
occurred on the perimeter of some of the first and second row tie bars from the base, as shown in Figure
5-8 on the third displacement cycle at 1.8 % drift, the previously observed local buckling wave was better
defined, starting just above the first row of tie bars and ending before the bottom of the second row tie
bars. In the horizontal direction, the buckling wave developed on approximately 10" of the web horizontal
distance. The apex of the local buckling wave was approximately vertically located mid-distance between
the first and second row of tie bars from the face of foundation.
At a displacement equivalent to 2.4% drift, a maximum lateral load of 302.7 kips was reached, exerting a
base moment of 36324 kip-in corresponding to 113.6% MP, and the half HSS part of the CFSSP-NB1
specimen developed local buckling, as shown in Figure 5-9, in a location between the first and the second
row of tie bars from the reinforced concrete base (i.e., the local buckling of the HSS was an extension of
the one that occurred in the web plate). Figure 5-10 shows that cracks were developed in the plug welds
of the first row of tie bars; those cracks developed along the circumference of the tie bars, for projected
horizontal lengths that ranged from between full diameter of the tie in the tie bars closer to the wall ends,
and half diameter cracks for the tie bars further from the ends, as shown respectively in Figure 5-10 and
Figure 5-11. Note that, at this drift level, the distortions from local buckling started to affect alignment of
some of the linear potentiometers. In particular, the linear potentiometers LP1 and LP7 were displaced by
the local buckling of the HSS part of the cross-section, while LP10 slipped from its original position.
Readings from the string potentiometer SP6 and SP7 showed high curvature values as the magnet at the
end of the string potentiometer was mounted on the buckled zone of the HSS.
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At a displacement equivalent to 3% lateral drift, the maximum load attained was 295 kips, for a base
moment of 35,400 kip-in which corresponded to 111% MP, indicating that the wall section was still able
to sustain its plastic moment capacity. Fracture developed on the full perimeter of some tie bars, as shown
in Figure 5-12. That fracture also started to propagate horizontally from the circumference of the first tie
bar in the first row towards both the half HSS and web plate on the South East part of the wall; the crack
propagated about 3/4 of an inch, as shown in Figure 5-13 In the first row of tie bars, at the tie bar located
in the South West corner of the wall (first tie bar), this fracture propagated from the tie bar circumference
both left and right of the tie bar, as shown in Figure 5-14.
At a displacement equivalent to 3.6% drift, the maximum load reached was 208.4 kips which exerted a
base moment of 25,008 kip-in on the wall, representing 78.2% of M P . A first crack developed in the
HSS part of the cross-section, initiating at the middle of the buckled wave in the half HSS section on the
East side of the wall, as shown in Figure 5-15. After the third cycle at this displacement drift, at the other
end of the wall, fractures also propagated from the tie bars on the first row of tie bars, through the
centerline of the first row of tie bars, as shown in Figure 5-16. There were no deformations or fractures
observed in the tie bars themselves.
The test was stopped after the second cycle at a displacement equivalent to 3.6% drift; maximum load
reached was 109 kips which exerted a base moment of 13,080 kip-in on the wall, representing 40.5% of
Mp During this step, the wall fractured along a significant percentage of its base, in a plane passing
through the center line of the first row of tie bars, over a distance of about 18 inch on the East side of the
wall, as shown in Figure 5-17. As for the West side of the wall, the fracture in the HSS section remained
located in the middle of the buckled wave, while a second fracture in the web extended through the
centerline of the first row of tie bars for approximately 10", as shown in Figure 5-18. Note that both
cracks did not connect. The middle third of the specimen was not fractured and the test was stopped at
that point, for safety reasons.
After the wall was cut-off from its base, as part of the specimen demolition process, removal of the wall
revealed that the concrete in the vicinity of the locally buckled skin plate was crushed. Figure 5-19 shows
the cut section of the CSSP-NB1 wall at a section passing through the first row of tie bars.
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Figure 5-3 North West View for Specimen CFSSP-NB1at 0.6%Drift

Figure 5-4 North West View for Specimen CFSSP-NB1at 0.9%Drift

Figure 5-5 North West View for Specimen CFSSP-NB1at 1.2%Drift
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Local Buckling is
Triggered at the Web
in the Vicinity of the
Welded HSS

Figure 5-6 North West View for SpecimenCFSSP-NB1 at 1.8% Drift

Local Buckling is
Triggered at the Web
in the Vicinity of the
Welded HSS

Figure 5-7 South West View for Specimen CFSSP-NB1 at 1.8% Drift
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Local Buckling Wave Starting
Just Above First Row of Tie
Bars and that at Third Cycle of
the loading Step

Figure 5-8 Buckling Wave Between First and Second Row of Tie Bars at 1.8%
Local Buckling at HSS and
Linked to Web Plate
Buckling

Figure 5-9 Local Buckling of the HSS Part at 2.4% Drift
Full Diameter Cracks
Developed at First Row of
Tie Bars at First Cycle of
Loading Step

Figure 5-10 Specimen CFSSP-NB1 Tie Bars Plug Welding Cracks at 2.4% Drift
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Figure 5-11 Specimen CFSSP-NB1 Tie Bars Plug Welding Cracks Near Mid Cross-section at 2.4%
Drift

Figure 5-12 Plug Welding Fracture on the Full Diameter of the Tie Bar at 3% Drift
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Figure 5-13 Propagation of Cracks from Tie Bar Circumference on East Side to CFSSP-NB1 Skin
Plates at 3% Drift

Figure 5-14 Propagation of Cracks on the West Side Tie Bar Circumference to CFSSP-NB1 Skin
Plates at 3% Drift

Crack in the Buckled
Zone of HSS

Figure 5-15 First Crack in the HSS Part of the CFSSP-NB1at West side at 3.6% Drift
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Figure 5-16 Fracture of the CFSSP-NB1 Specimen West Side at 3.6% Drift

Figure 5-17 Fracture of the CFSSP-NB1 Specimen East Side at 3.6% Drift
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Figure 5-18 Propagation of Fracture of the CFSSP-NB1 for Specimen East Side at 3.6% Drift

Debris from the Concrete in
Vicinity of the Buckled Regions
in the Skin Plate.
Figure 5-19 The Cut Cross-section Part of Specimen CFSSP-NB1 attached to Foundation

5.3.3 Specimen CFSSP-NB2
For specimen CFSSP-NB2, the same loading protocol described earlier was followed. The first step of
the loading protocol started with  y 3 displacement cycles, which is equivalent to 0.2% drift, followed
by displacement cycles at 2 y 3 , equivalent to 0.4% drift. At that latter drift, the strain gauge at the
point located at the apex of the HSS (i.e., at point farthest from wall’s center of gravity) of the CFSSPNB2 specimen read 1327  strain ; all welds were intact and there was no evidence of local buckling or
premature failure. Figure 5-20 shows the North West view for specimen CFSSP-NB2 at 0.4% drift
displacement. During the load cycles at peak displacement of  y , equivalent to 0.6% drift, first yielding
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of the HSS was reached at 0.475% drift; at the peak displacement of the cycles, the same strain gauges
read 2137  strain .Figure 5-21 shows the North West view of the CFSSP-NB1 specimen at 0.6%
displacement. At a lateral displacement of 1.5 y , equivalent to 0.9% drift, the two HSS parts of CFSSPNB2 yielded in tension and compression, with strain values of +3843  strain and -2125  strain ,
respectively. About 10.5" of the section depth had yielded at that stage, and the CFSSP-NB2 specimen
reached 87% of its plastic moment capacity of 27,840 kip-in, for a corresponding actuator force of 232
kips. Some flaking of the white wash paint was observed, especially on the HSS.
At a displacement equivalent to 1.2% drift, the maximum lateral force was 270.2 kips, exerting a base
moment of 32,424 kip-in on the wall, which corresponds to MP. Cracks appeared in the plug welds of
some of the tie bars in the first row above the footing; horizontal projection of the crack-lengths ranged
between half diameter to full diameter of the tie bar. The onset of local buckling (hardly visible) in the
steel web also started at this drift level, although the amplitude of this buckling was too small to capture
in photos. Figure 5-23 shows flaking of paint on the HSS part of the section,
At a displacement equivalent to 1.8%, the peak load of 305 kips was attained, exerting a base moment of
36,600 kip-in , which corresponds to 114% M P . More visually significant local buckling of the steel web
plate was observed on the North West side of the tested specimen, between the first and the second row of
tie bars from the footing. Figure 5-24 and Figure 5-25 shows the local buckling of the web at 1.8 % drift.
Local buckling of the web propagated to the edges of the HSS. Also, half diameter fracture of the plug
weld of the first row of tie bars was noticed as shown in Figure 5-26. The length of the buckling wave
extended from the top of the first row of tie bars from footing and ended almost at two thirds of the
vertical distance to the second row of tie bars.
At a displacement equivalent to 2.4% drift, the maximum load during those cycles reached 302.9 kips,
exerting a base moment of 36,348 kip-in on the wall, which is equivalent to 1.13 M P . The half HSS part
of the CFSSP-NB2 specimen developed local buckling as an extension of the web plate local buckling, as
shown in Figure 5-27. The weld between the steel web and the half HSS section was intact at this stage of
loading. There were fractures in some of the plug welds along the first row of tie bars; these typically
were located in the upper half of the tie bars, and started to propagate in the web plates, as shown inFigure
5-28. It should be noted that, at this drift, the linear potentiometers LP1and LP7 were displaced from
their position due to local buckling of the half HSS.
At 3% drift, the lateral load attained was 278.92 kips exerting a moment of 33,470.4 kip-in, which
corresponds to 104% of M P and 8.66% drop from the peak value obtained at 1.8% drift. The amplitude
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of local buckling became more significant, as shown in Figure 5-29. Fracture started to propagate, from
the circumference of the first tie bar in the first row of tie bars, to the steel web and the half HSS; the
crack propagated about 1 inch, as shown in Figure 5-30. By the second cycle of this displacement step,
the crack propagated in the HSS, as shown in Figure 5-31. The plug weld of the exterior tie bars fractured
along the tie bar perimeter, as shown in Figure 5-32.
At a displacement equivalent to 3.6% drift, the lateral load attained was 190.3 kips, exerting a base
moment of 22836 kip-in, which corresponds to 71% of M P . The crack that developed in the HSS
propagated below the local buckling wave of the HSS, as shown in Figure 5-33. In the final cycles at this
drift, some crushed concrete escaped through the cracks of the CFSSP-NB1 skin, as shown in Figure 5-34
At the lateral displacement that is equivalent to 4.3% lateral drift, the specimen was able to sustain 104
kips, exerting a base moment of 12,480 kip-in, which corresponds to 38.7% of the plastic moment, M P .
This was followed by subsequent displacement cycles, in steps of 0.5% drift, up to 7.2% drift, to record
progressive strength degradation as the cracks propagated until they cumulatively reached one third of the
total cross-section depth. At 7.2% drift, the CFSSP-NB2 specimen was only able to sustain approximately
30% of its plastic moment capacity and the test was stopped. Figure 5-35 shows the base of specimen
CFSSP-NB2 at 4.3% drift.

Figure 5-20 North West View for Specimen CFSSP-NB2 at 0.4% Drift
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Figure 5-21 North west View for Specimen CFSSP-NB2 at 0.6% Drift

Figure 5-22 South West View for Specimen CFSSP-NB2 at 1.2% Drift
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Half Diameter Crack at the Tie
Bar Plug Weld

Figure 5-23 Flaking of Paint on Tie Bar Perimeter of Specimen CFSSP-NB2 at 1.2% Drift

Figure 5-24 First Wave of Local Buckling Specimen, North West Side, CFSSP-NB2 at 1.8% Drift
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Figure 5-25 First Wave of Local Buckling Specimen, South East Side, CFSSP-NB2 at 1.8% Drift

Figure 5-26 Fracture of Plug Weld at Half Diameter of Tie Bar of CFSSP-NB2 at 1.8% Drift
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Local Buckling of
Half HSS

Figure 5-27 Local Buckling of the HSS Part in Specimen CFSSP-NB2 at 2.4% Drift

Propagation of
Crack to web
Plate.

Figure 5-28 Propagation of Cracks in the Steel Web Specimen CFSSP-NB2 at 2.4% Drift
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Figure 5-29 Propagation of Local Buckling in Specimen CFSSP-NB2 at 3% Drift

Figure 5-30 Fracture Propagation from Tie Bars Circumference in CFSSP-NB2 at 3.0% Drift
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Figure 5-31 Fracture Propagated in the HSS part of Specimen CFSSP-NB2 at 3.0% Drift

Figure 5-32 Failure of Plug Weld for Inner Tie Bars of Specimen CFSSP-NB2 at 3.0% Drift
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Figure 5-33 Propagation of Cracks in Specimen CFSSP-NB2 at 3.6% Drift

Figure 5-34 Crushed Concrete Debris Spalling from Cracked Skin of CFSSP-NB2 at 3.6%
Drift
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Figure 5-35 Fracture of Specimen CFSSP-NB2 at 4.2% Drift

5.3.4

Specimen CFSSP-B1

The cyclic displacement protocol used for specimens of Group B was slightly different from the one used
for specimens NB, due to a 12% difference in the estimated yield displacement,  y . The test started by
applying a lateral displacement value of  y 3 , equivalent to a drift of 0.23%. The specimen remained
elastic. At a drift value of 0.44%, the outermost fiber on the round HSS of the CFSSP-B1 strain gauge
reading were 1510 μstrain, which represents 96% of the yield strain for the HSS part of the cross section.
At the estimated displacement of  y , equal to 0.67% drift, part of the round HSS boundary elements of
the wall cross-section yielded as the strain gauges readings were-1782  strain and +2325  strain on the
outermost fiber of the HSS in both the compression and tension sides of the wall, respectively, while the
steel web plate of the CFSSP-B1 specimen remained elastic; at this point, 17.78% of the total depth of the
steel part of the cross-section had yielded. The specimen was subjected to a moment of 21360 kip-in,
which corresponds to 78% of M P . Flaking of the whitewash paint started to appear, especially on the
HSS part of the wall cross-section, with no visual evidence of local buckling.
At a lateral drift of 1%, a moment of 27360 kip-in was exerted on the tested specimen, which corresponds
to M P . At that point, interpolation of strain reading data indicated that about 31% of the total cross-
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section depth yielded. Figure 50-36 and Figure 5-37 shows specimen CFSSP-B1 at drift values of 1% and
1.33% respectively.
At a displacement equivalent to 1.33% drift, the specimen reached a moment of 30907kip-in, which
corresponds to 113% of M P ,with all strain gages reading a strain larger or equal to the yield strain
values. Figure 5-38 shows specimen CFSSP-B1 at 1.33% Drift.
At a displacement equivalent to 2% drift, the specimens attained a moment of 33669.6kip-in that
corresponds to 123% of M P . At 2% drift, first observation was made of cracks initiating along the plug
welds in the first row of tie bars, as shown in
Figure 5-39 and Figure 5-40. The web plate of the CFSSP-B1 specimen started to locally buckle, as
shown in Figure 5-41, with a buckling wave spanning the distance between the first and second horizontal
rows of bars, and the apex of the buckled wave at mid-distance of these two rows. The HSS part of the
cross-section exhibited the onset of local buckling (i.e., small buckling wave that cannot be captured
through photos). At the end of this displacement step, fracture of the plug welds between the tie bars and
steel web plate occurred, as shown in Figure 5-42.
At a displacement equivalent to 2.67% drift, the specimen attained a lateral moment of 33,360 kip-in
which corresponds to 122% M P . The HSS parts of the CFSSP-B1 specimen cross-section showed local
buckling at their base. Note that local buckling of the steel web plates and the HSS section were not
linked (i.e., they occurred at different elevations), and that the local buckling of the HSS part of the wall
developed over the entire visible HSS perimeter. Figure 5-43 shows the local buckling of the HSS part of
specimen CFSSP-B1. At the end of these displacement cycles, a crack was observed on the top of the
reinforced concrete foundation; the crack propagated in a direction normal to the HSS part of the crosssection and extended for approximately 10" towards the foundation’s edge, as shown in Figure 5-44.
At this drift, the linear potentiometers LP1 and LP7 displaced with the buckling wave, and data recorded
by the string potentiometers SP6 and SP7 was negatively affected given that the magnets to which the
string potentiometers were connected were located directly on top of the buckled zone of the HSS.
At a displacement equivalent to 3.33% drift, the specimen attained a moment of 33,186 kip-in, which
corresponds 121% of M P . Fracture of the all tie bars plug welds further developed, up to an horizontal
projection length of full or half diameter of the tie bars. Some of the cracks propagated from the
circumference of the tie bars into the web plate, as shown in Figure 5-45.
Figure 5-46. The longest cracks extended to 1-3/4” inch in the steel web, as shown in Figure 5-47. Some
crushed concrete spilled from the open cracks in the CFSSP-B1 skin.
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The specimen was finally subjected to cycles at a lateral drift of 4%, and the specimen attained a lateral
moment of 31440 kip-in, which corresponds to 115% of M P , during the first cycle of displacement at
that drift. After that, the specimen's strength started to degrade rapidly and the test was stopped at 5%
drift, where the strength of the wall was about 50% of the peak and the wall was fractured at the level of
the first row of tie bars for almost about 20". The specimen was cut along the fractured zone, as shown in
Figure 5-49. The concrete in the vicinity of the buckled steel plates was found to be crushed, as shown in
Figure 5-50.

Figure 50-36 South West View of the Specimen CFSSP-B1 at 0.67% Drift
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Figure 5-37 South East View of Specimen CFSSP-B1 at 1% Drift

Figure 5-38 South West View Specimen CFSSP-B1 at 1.33% Drift
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Figure 5-39 Full Diameter Cracks in the Tie Bars Plug Welding of Specimen CFSSP-B1 at 2% Drift

Figure 5-40 Half Diameter Crack of Inner Tie Bar Plug Welding of Specimen CFSSP-B1 at 2%
Drift
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Figure 5-41 Local Buckling of Web Plate for Specimen CFSSP-B1 at 2% Drift

Figure 5-42 Half Diameter Fracture of Tie Bars Plug Welding of CFSSP-B1 at 2% Drift
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Figure 5-43 Local Buckling of the HSS in Specimen CFSSP-B1 at 2.67% Drift

Crack in Foundation Cover Perpendicular
to the HSS and Extending up to Dywidags

Figure 5-44 Crack in Foundation Top Cover of Specimen CFSSP-B1 at 2.67% Drift
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Figure 5-45 Fracture of Plug Welding of an Inner Tie Bar of Specimen CFSSP-B1 at 3.33% Drift

Figure 5-46 Fracture Propagation at Specimen CFSSP-B1 at 3.33% Drift
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Figure 5-47 Fracture Propagation Pattern in Specimen CFSSP-B1 at 4% Drift

Figure 5-48 Fracture of the HSS Portion of Specimen CFSSP-B1 at 4% Drift
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Crack in Foundation
Cover

Figure 5-49 Cut Base of Specimen CFSSP-B1 After Testing

Concrete Debris at
Vicinity of Buckled
Zone is Totally
Crushed

Figure 5-50 Condition of Concrete in the Buckled Zone of Specimen CFSSP-B1
5.3.5

Specimen CFSSP-B2

At a lateral drift value of 0.23%, specimen CFSSP-B2 behaved elastically.

During the second

displacement step, at a value of 0.53  y (accidentally overshooting by 6% the 0.5  y target), which is
equivalent to a lateral drift of 0.37%, the axial strain in the half HSS reached 1134  strain , which is
73% of the average yield strain of the round HSS part of specimen CFSSP-B1.
In the subsequent load step cycles, instead of applying displacements up to the estimated displacement of

 y , displacements were only applied up to 0.84  y , which is equivalent to 0.56% drift. The applied
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moment reached a value of 21,700 kip-in, which corresponds to 83% of M P . The HSS strains recorded at
the top and bottom ends of Specimen CFSSP-B2’s cross-section were +1717  strain on the tension side
and -1259  strain on the compression side, and thus the round HSS part of the wall was still in the
elastic range. Similarly, the steel web exhibited strain values within the elastic range (lower than 2080
μstrain). Figure 5-51 shows specimen CFSSP-B2 at 0.56% drift.
At the loading step of 1.5  y , equivalent to 1% lateral drift, at which a lateral load of 217 kips that
exerted a moment of 26040 kip-in, which represents M P , strain gage data suggested that about 30%of the
total depth of specimen CFSSP-B2 cross-section had yielded. Flaking of whitewash paint started to
appear, especially on the HSSs, with no visual evidence of local buckling. Figure 5.58 shows specimen
CFSSP-B2 at drift value of 1%.
At a displacement equivalent to 1.33% drift, at which a lateral load of 249.8 kips that exerted a moment of
29976 kip-in, which corresponds to 116% of M P , there was significant flaking of the whitewash on the
round HSS part of the CFSSP-B2 cross-section . Figure 5-53 shows specimen CFSSP-B2 at 1.33% drift.
Note that there were no whitewash flaking at the tie bar web plate intersection.
At a displacement equivalent to 2% drift, no cracks were observed in the fillet welds of the tie bars (or
anywhere else in the specimen for that matter), but the onset of web local buckling occurred, as shown in
Figure 5-54. At this stage, the specimen exhibited a strength of 33,960 kip-in, which corresponds to 131%

MP .
At a displacement equivalent to 2.67% drift, during the first displacement cycle, the specimen reached its
peak flexural strength of 34299.6 kip-in, corresponding to 132% M P

The steel web showed local

buckling, where the local buckling wave started at the first row of tie bars and extended up to two thirds
of the vertical spacing of tie bars, as shown in Figure 5-55. The HSS started to show local buckling at
their base in a pattern similar to the buckling described earlier for specimen CFSSP-B1, as shown in
Figure 5-56. Note that local buckling of the steel web plates and the HSS section occurred at different
heights and were not linked, as shown in Figure 5-57. The welds between the tie bars and the CFSSP-B2
web were intact at that drift level. At the end of these cycles, a crack was observed at the top of the
reinforced concrete foundation, propagating in a direction normal to the round HSS (at both the East and
West ends of the wall) and extending for approximately 11". At this drift, the attachment points of linear
potentiometers LP1 and LP7 and string potentiometers SP6 and SP7 were affected by local buckling of
the skin plate.
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At a displacement equivalent to 3.33% drift, the specimen sustained a lateral load 266 kip, which
corresponds to 117% M P . Amplitude of the local buckling of the steel web and the HSS increased and
cracks started to develop at the tie bars fillet welds, as shown in Figure 5-58 and Figure 5-59,
respectively. Fracture of the tie bars fillet welding developed on the full or half diameter of the tie bars.
At a lateral drift value of 4%, the cracks started to propagate from the tie bar circumference to the web
plate of the specimen, as shown in Figure 5-60 and Figure 5-61. At the end the cycles, the wall was
fractured along its base, as shown in Figure 5-62. Nevertheless, at this stage the specimen still resisted
108% M P . Review of the videos recorded during the experiments showed that for Specimen CFSSP-B2,
fracture started independently on the HSS at a different location, and propagated to join with the fractures
that had initiated at the tie bars. This suggests that the wall would have failed pretty much at the same
drifts even if fracture has not developed slightly earlier at the ties.
The specimen CFSSP-B2 was then pushed to a lateral drift of 4.67%, to observe the reduction in flexural
strength as a function of crack propagation. The resulting fracture at the wall base is shown in Figure 5-63
and Figure 5-64.
After the end of the test, the specimen was cut to connect the already fractured zone, as shown in Figure
5-65. The concrete in the vicinity of the buckled steel plates was found to be crushed. The steel fibers
added to the concrete mix to potentially enhance the ductility of the system (as described in Chapter 4),
were observed to have pulled out of the concrete at the crack location, as shown in Figure 5-67,
suggesting that the steel fibers slipped from the concrete and possibly did not provide much benefits
(recall that using steel fiber reinforced concrete in the composite wall was done somewhat arbitrarily,
with intent that the fibers could help distribute cracking along the height of the specimen; pull-out of the
steel fibers from the concrete suggest an insufficient anchorage length). Unfortunately, the specimen was
discarded before it could be opened up, so whether or not the fibers allowed a better distribution of
cracking along the wall height could not be verified (although it is a minor point given that, in this
particular case, the use of fibers didn’t have a noticeable impact of the ultimate failure mode.
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Figure 5-51 South West View Specimen CFSSP-B2 at 0.56% Drift

Figure 5-52 South West View Specimen CFSSP-B2 at 1% Drift
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Figure 5-53 South West View Specimen CFSSP-B2 at 1.33% Drift

Figure 5-54 Onset of Local Buckling for Specimen CFSSP-B2 at 2% Drift
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Local Buckling of
Steel Web

Figure 5-55 Local Buckling of Specimen CFSSP-B2 at 2.67% Drift

Figure 5-56 HSS Local Buckling in Specimen CFSSP-B2 at 2.67% Drift
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Figure 5-57 Local Buckling of HSS in Specimen CFSSP-B2 at 2.67% Drift

Figure 5-58 South West View Specimen CFSSP-B2 at 3.33% Drift
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Cracks in the Tie
Bars Fillet Weld

Figure 5-59 Cracks in the Tie Bar Fillet Welds of CFSSP-B2 at 3.33% Drift

Figure 5-60 Intact Welding for Intermediate Tie Bar of Specimen CFSSP-B2 at 4% Drift
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Figure 5-61 Propagation of Cracks at Outer Tie Bars in Specimen CFSSP-B2 at 4% Drift

Fracture Plane and Spalling of
Crushed Concrete

Figure 5-62 Spalling of Crushed Concrete in Specimen CFSSP-B2 at 4% Drift
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Figure 5-63 Fracture of the HSS Part of CFSSP-B2 at 4.67% Drift

Figure 5-64 Propagation of Crack from Web to HSS of Specimen CFSSP-B2 at 4.67% Drift
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Figure 5-65 Base Fracture of Specimen CFSSP-B2 at 4.67% Drift

Figure 5-66 Cut Base of Specimen CFSSP-B2 After Testing
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The Steel Fibers were intact

Figure 5-67 The Intact Steel Fiber Used in the Filled-in Concrete Mix
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CHAPTER 6
TEST DATA ANALYSIS
6.1

Introduction

This chapter presents analysis of the experimental program data in terms of strain distributions across the
steel skin plate of the tested specimens, force displacement relationships, moment curvature relationships,
displacement ductility ratio,  d and curvature ductility ratio,  .
Section 6.2 provides analysis of the data generated from testing for each of the four specimens, providing
in each case plots of strain distribution across the tested wall section, force displacement relationships,
moment curvature relationships, and of shear strain distribution.

The following parameters were

calculated based on the aforementioned plots: Displacement ductility ratio, curvature ductility ratio,
shape factor of the tested wall cross-section, and contribution of the steel skin plates to the shear
resistance in the elastic range. Section 6.3 presents a summary of the experimental program outcomes.
6.2

Data Analysis

6.2.1 General
In this section, the data extracted from the 4 tested specimens’ instrumentation is analyzed and used to
identify: yielding of the steel skin of the CFSSP-Wall specimens and its propagation along the specimens
height through axial strain gauges data; shear strength contribution of the steel web through Rosettes
gauges data; deflected shape of the tested specimen; force displacement relationship, and; moment
curvature relationships. The analyzed data are also used to calculate the displacement ductility factor  d ,
curvature ductility factor,  , and estimated length of the plastic hinge.
6.2.1

Strain Distribution for Specimen CFSSP-NB1

The first established relationship for specimen CFSSP-NB1 is the axial strain distribution across the
specimen cross-section, for two sections at 10" and 16" above the top of the foundation. Location of the
axial strain gauges and their distribution is illustrated in chapter 4 of this document. Figure 6-1 and Figure
6-2 shows the strain distribution across specimen CFSSP-NB1’s steel skin at 10" and 16″ above the
foundation, respectively. The recorded strain values across the specimen cross-section is used to confirm
percentage of cross section yielding, from which it can be inferred whether the plastic moment has been
achieved; these values are also used to define the position of elastic and plastic neutral axis for
comparison with the finite element analysis results (in Chapter 6) and the simple plastic analysis
predicting the capacity of the CFSSP-Walls.
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The average yield strain for the HSS 8.625×0.3225 and the web steel plate used in CFSSP-Wall
specimens, using material properties obtained from coupon tests (as described in Chapter 4 of this
document) is respectively given by,

 y , HSS 

f y , HSS

 y ,web 

f y , web

EHSS
Eweb
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 1566 strain
27466



62
 2080 strain
29806

(6.1)

(6.2)

According to the yield strain values in equations 6.1 and 6.2, the axial strain values for steel part of the
cross-section of the CFSSP-NB1 at 10" and 16" above the foundation level started to yield at 0.9% drift
(by interpolation of the curves shown). The fact that all strain gauges, except the one closest to the
neutral axis , exceeded the yield strain at a drift of approximately 1.2% (again, interpolating from the
curves shown) confirms the experimental observation that the plastic moment capacity was approximately
reached at that drift during the tests, Note that strains are only presented for drift value of up to 1.8%
because local buckling started to occur at a drift of 1.8%; accordingly, strain gauge results beyond this
drift level started to be affected by the local buckling deformations (i.e, the bending of the steel plate in
the buckled zone region affected the readings of the stain gauges. Furthermore, some gages started to fail
at large strains; for example, the strain gauge at the right edge of the wall (gage SG10) malfunctioned at
1.8% drift, as its reading dropped from 9421  strain to 3973  strain (which is why this data point in
not included in Figure 6-1.
Results show that the position of the elastic neutral axis is located at 19.5" from the outmost compressed
edge, while the plastic neutral axis is located at 17" from that point; both axes are at about one third of the
total depth of the CFSSP-NB1 wall cross-section. This compares reasonably well with the results
obtained from XTRACT in Chapter 4, which indicated locations of elastic and plastic neutral axis of 18.7
and 15.0, respectively, corresponding to differences of 4.1% and 11.8%, respectively, between the
theoretical and experimentally obtained values.
The axial vertical strain distribution across the section located at 16" from the top of the foundation is
shown in Figure 5.75. For at least three of the strain gages near the neutral axis of the steel web plate at
1.8% drift, strain values remained below the yield strain value, which indicates that this section did not
attain its plastic moment.
The data presented were used to estimate the length of the plastic hinge, where according the monitored
strain distribution, a value of 0.6% lateral drift could be considered where the first yield occurs ( yield of
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extreme steel fibers), at this drift a moment of 22,440 kip-in is reached if Mp is taken to be 32,058 kip-in.
and considering linear interpolation over the cantilever length of the plastic hinge is calculated to 36
inches, which represents 0.75 W ( total depth of the cross section) and 0.3 h ( length of the cantilever
wall).
6.2.2

Displacement Ductility Assessment for Specimen CFSSP-NB1

The relation between the force applied by the actuator at the top of the specimen and the displacement of
the specimen at that location, were generated using displacement measurements from the string
potentiometer SP5 reading the in-plane displacements at the top of the wall. The plot of the forcedisplacement hysteretic relationship for specimen CFSSP-NB1 is shown in Figure 6-3.
By definition, the displacement ductility factor,  D , is the ratio between maximum attained displacement
and the yield displacement.

D 

For Specimen CFSSP-NB1, as shown in Figure 6-4, it is given by:

 max 4.10

 5.13
y
0.80

(6.3)

where;

 max , is the maximum displacement, defined as the post peak displacement where strength has degraded
down to 80% of the peak strength (80% of 304 kips = 243 kips), which is here equal to 4.1" (3.4% drift)

 y , is the yield displacement calculated from the idealized elastic-perfectly plastic envelope curve,
which is equal to 0.8"(0.67% drift) for this specimen.
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Figure 6-1 Vertical Axial Strain Distribution across CFSSP-NB1 Steel Skin at 10 inch from Base

Figure 6-2 Vertical Axial Strain Distribution Across CFSSP-NB1 Steel Skin at 16 inch from Base

194

Lateral Force
corresponding to
Mp=268kip

Max Load = 304 kips

kipskips=304 kip

Figure 6-3 Force vs Displacement Relationship for Specimen CFSSP-NB1
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Figure 6-4 Force Displacement Envelope and Ductility Evaluation for CFSSP-NB1
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6.2.4 Curvature Ductility for Specimen CFSSP-NB1
Moment-curvature relationships at various heights of the wall were calculated using the results from the
linear potentiometers LP1 to LP12. The values from the corresponding linear potentiometers ( as shown
in the instrumentation layout in Chapter 4 of this document) In addition, the string potentiometers SP6
and SP7 were also used to calculate average curvatures over the -height spanned by these linear
potentiometers, and compared to the results extracted from the linear potentiometers. Calculation of the
moment curvature relationship is performed as follows, using linear potentiometers LP1and LP7 as an
example:
The difference between the corresponding linear potentiometers displacement is used to calculate the
rotation, 

1 

 LP1   LP 7
hCFSSP  NB1

(6.4)

where hCFSSP  NB1 is the total depth of the CFSSP-NB1 specimen cross-section.

 LP1 is the extension or contraction of the linear potentiometer, LP1, arm in inches
 LP 2 is the extension or contraction of the linear potentiometer, LP2, arm in inches
The curvature,  , is then given by:





(6.5)

l

where l is the length across which the linear potentiometer or string potentiometer reads the change in
distance,  , which is typically 4" for the linear potentiometers used, and 30" for the string
potentiometers.
The moment, M 1 is calculated at the mid height of the effective length of the pair of linear
potentiometers to calculate curvature at a certain location, and is given (for example) by:

M1  PActuator  L1

(6.6)

where PActuator is the actuator force and L1 is equal to 118" for LP1 and LP7. The same procedure is
followed for all other corresponding linear potentiometer pairs, as well as for calculation of the moment196

curvature obtained from the string potentiometers SP6 and SP7. Table 6-1 summarizes the resulting
moment-curvature parameters used in calculations for the different linear potentiometers and string
potentiometers. In column (1) of Table 6-1, the formulas for rotation angle for each set of corresponding
linear potentiometers/string potentiometers is presented; column (2) presents the curvature values, and
finally column (3) presents the vertical length (moment arm) measured from the top of the specimen (line
of actuator loading) to the level of the corresponding displacement transducers.
The moment-curvature relationships for specimen CFSSP-NB1, constructed for locations at 2", 6", 10",
14", 18" and 22" above the top of the foundation and extracted from the linear potentiometers data at
those heights, are shown in Figure 6-5 to Figure 6-10, respectively. Figure 6-11 shows the momentcurvature relationship constructed from string potentiometers SP6 and SP7. Note that, as mentioned
earlier, some linear potentiometers were displaced from their original positions at relatively high drift
values due to local buckling of the steel skin of the specimen or slipping of the mounting magnets.
Likewise, for the string potentiometers, the magnet at the end of the string was also displaced due to local
buckling of the half HSS. Slipping of linear potentiometers leads to somewhat exaggerated, erroneous and
inaccurate data; the data is nonetheless presented, as the trends can be of interest, but in all the figures
presenting moment curvature relationships, the part of the curves calculated from the data collected after
slipping of the potentiometers is presented in grey shaded box, to indicate that these portions of the
moment curvature curves are less reliable and should be neglected when reaching conclusions regarding
the curvatures developed by the specimen CFSSP-NB1. Likewise, for the string potentiometers results in
Figure 6-11, the shaded rectangular zone encompasses the cycles that took place after local buckling of
the specimen's skin plate, implying that those recorded rotations maybe be less reliable due to the
distortions created by local buckling (although, since the error is averaged over a greater distance, the
magnitude of the errors should be less).
The curvature ductility,  , was calculated based on the moment curvature relationship obtained from the
string potentiometers as they provide the most complete set of data through the test different loading
cycles. Two different curvature ductility values can be defined. For example, for the current specimen,
curvature ductility based on first yield can be defined as:

 

max 77.4

 16.63
y
5.68

(6.7)

Where, max is the maximum curvature considered at the degraded strength equal to 80% of the maximum
strength, while  y is the curvature corresponding to yielding of the steel skin extreme fiber (calculation
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presented later in this section). Another approach to calculate  , is to use the bi-linearized cycles
envelope, where,  y , is obtained from the bi-linear backbone curve shown in Figure 6-11 accordingly:

 

max 77.4

 7.74
y
10

(6.8)

The aforementioned expression is the most commonly used for representing curvature ductility, and is
used for ductility evaluation through the following chapters.
The reason for calculating curvature ductility using data from the string potentiometers SP6 and SP7 is
that they were more reliable to capture data through the test after local buckling of the specimen's skin
plate, which is necessary to obtain the maximum curvature used in curvature ductility calculations. In
that sense, the string potentiometers readings account for the large rotations that develop during local
buckling, which are equivalent inelastic “curvature” that must be accounted for. The benefit of using data
from the linear potentiometers is that it allows capturing the variation of curvature along the height of the
specimen. Furthermore, curvature obtained from readings of these linear potentiometers can be averaged
over the length of specimen instrumented, and the resulting average curvature values extracted from the
linear potentiometers over that length can be compared to the value obtained from the string
potentiometers. The comparison between the different curvature values is shown Figure 6-12 where the
curvatures calculated using linear potentiometers is compared to that calculated using string
potentiometers, comparing the curvature distribution along the length of the specimen at drift values of
0.6% and 1.8%, which are the values at which My and Mp are achieved respectively.
From Figure 6-12 it appears that there was a problem in the readings from linear potentiometers LP2,
LP8, LP3, and LP9 as they are showing results less than expected. However, the average values of
curvatures determined through linear potentiometers is equal to that determined using the string
potentiometers. The curvature values obtained from the string potentiometers were used to calculate the
curvature ductility of the specimen.
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Table 6-1 Parameters Used in Moment Curvature
Calculation

Rotation, 

Curvature, 

Moment Arm, L

(Rad)

(Rad/in)

(in)

[1]

[2]

[3]
118

1 

 LP1   LP 7
hCFSSP  NB1

1
4

2 

 LP 2   LP8
hCFSSP  NB1

2
4

3 

 LP 3   LP 9
hCFSSP  NB1

3
4

110

4 

 LP 4   LP10
hCFSSP  NB1

4
4

106

5 

 LP 5   LP11
hCFSSP  NB1

5
4

102

6 

 LP 6   LP12
hCFSSP  NB1

6
4

98

7 

 SP 6   SP 7
hCFSSP  NB1

7
30

114

105

where,

 SP 6 ,  SP 7 are the extension or expansion of the string potentiometers SP1 and SP2 in ( inches)
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Figure 6-5 Moment vs Curvature for Specimen CFSSP-NB1 at 2 inch from Base

Figure 6-6 Moment vs Curvature for Specimen CFSSP-NB1 at 6 inch from Base

Figure 6-7 Moment vs Curvature for Specimen CFSSP-NB1 at 10 inch from Base
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Figure 6-8 Moment vs Curvature for Specimen CFSSP-NB1 at 14 inch from Base

Figure 6-9 Moment vs Curvature for Specimen CFSSP-NB1 at 18 inch from Base

Figure 6-10 Moment vs Curvature for Specimen CFSSP-NB1 at 22 inch from Base
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Figure 6-11 Moment vs Curvature for Specimen CFSSP-NB1 at 15 inch from Base

The curvature distribution along the instrumented height of specimen CFSSP-NB1 is shown in Figure
6-12, for a lateral drift of 1.8% (i.e. the point at which local buckling occurs and M p was reached), which
is considered to be the limit for which relatively reliable data could be obtained from all the linear
potentiometers. This curvature distribution diagram along the length of the cantilever wall is useful to
compare the average of the curvature values extracted from linear potentiometers with the value of
curvature obtained from the string potentiometers.
As shown in Figure 6-12, the values of curvatures from the linear potentiometers decrease, from a
maximum value at the base to the minimum recorded value at 24" from the foundation. Probably due to
some malfunctioning in linear potentiometers LP2, LP8, LP3, and LP9, reading at those levels were less
than expected values. However, this figure illustrates that the average of curvature obtained from the
linear potentiometers over the instrumented height is approximately equal to the value obtained from
string potentiometers, which provides confidence in the curvature ductility reported above. Also, it
illustrates that the curvature ductility values reported above are conservative, as they represent an average
curvature ductility measured over a vertical distance that approximately equals to 62% of the wall’s all
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over cross section depth, W, and that walls can actually develop higher curvature ductility locally if
referring to curvature over smaller wall length.
The yield curvature,  y , corresponds to the curvature when yielding of the outermost fiber of the HSS
part of the specimen, and the plastic curvature,  p , correspond to the curvature developed when the
plastic moment capacity of the specimen is reached.. However, estimates of those values, when obtained
experimentally, will vary depending on the method used to calculate them, and more specifically, the
length over which measured values are averaged. Here, the values of  y and  p were calculated using the
aforementioned instrumentation (linear potentiometers and string potentiometers). The 6 curvature values
calculated using linear potentiometers were averaged,

ii 16 y / P
6

The values of yield curvature were

calculated at 0.6% drift where the value of My is attained and at 1.8% drift where Mp is attained. It should
be mentioned here that since 0.6% drift is when yield occurs so any curvature measured at this point is
named

 y even it is not necessary reflect yield curvature (yield is not achieved at all measuring

instruments at the same time and the same applies for  p . Another factor is that the vertical distances
between linear potentiometers is relatively small that averaging could be a viable solution.
The curvature values calculated from linear potentiometers average are compared to those calculated
using string potentiometer, the values were calculated using equations 5.5, 5.6, and equations in Table
6-1. The calculated values can be summarized as follows:


The average yield curvature from the linear potentiometers,  y = 5.81×10-5 1/in



The yield curvature from string potentiometers,  y = 5.86×10-5 1/in



The average plastic curvature from the linear potentiometers,  p = 27.1×10-5 1/in



The plastic curvature from string potentiometers,  p = 30.93×10-5 1/in

These results show that values obtained from the various instruments are in agreement, and validate the
reported values of curvature calculated using string potentiometers.
For comparison, values of the yield and plastic curvatures calculated using strain values on the extreme
fiber of the specimen and the position of neutral axis calculated using the axial strain distributions shown
earlier are presented.
Yield curvature is calculated as follows:
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y 

 y , HSS
hc



1566 106
 5.37 105 1 in
29.125

(6.9)

where,

h  c , is the distance from the elastic neutral axis to the outermost yielding tension fiber of the CFSSPNB1 section.
Plastic curvature is calculated as follows:

p 

 HSS , plastic
h  c



5274 106
 3.10 104 1 in
17

(6.10)

where

h  c , is the distance from the plastic neutral axis to the outermost yielding tension fiber of the CFSSPNB1 section.

 HSS , plastic is the strain at the HSS of the CFSSP-NB1cross section at a drift value of 1.80%, which has
been defined earlier at the point at which plastic moment capacity was attained.
The curvature values calculated using the different approaches using experimental results are summarized
in Table 6-2, and it shows that the maximum difference between methods used at 0.6% drift is 8.2% and
at 1.8% drift is 12.5% which give relatively good agreement between the different methods used to
calculate curvature based on experimental results.

Figure 6-12 Curvature Distribution along CFSSP-NB1 at 0.6% and 1.8% Drift
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Table 6-2 Curvature Values of Specimen CFSSP-NB1
Curvature Value, Φ

Averaged Linear

String

Axial Strain

Potentiometers

Potentiometers

Distribution

Drift Value%

Yield Curvature,

y

5.81×10-5

5.86×10-5

5.37x10-5

0.6%

Plastic Curvature,

p

27.1×10-5

30.93×10-5

31.0x10-5

1.8%

6.2.5 Shape Factor for Specimen CFSSP-NB1
The information on yield and plastic moments were used to determine the cross-section’s shape factor, K.
The factor K as calculated using XTRACT software is given by:

M 
26.36 103
K  P 

 1.53
3
M 

17.173
10
y

 EXTRACT

(6.11)

The shape factor calculated using experimental results considering the value of M y calculated at 0.6%
drift and the value of MP at 1.2% drift, the shape factor is given by:

M 
32424
K  P 

 1.43
M 
 y  Experimental 22553

(6.12)

For comparison, note that the shape factor for the steel skin plate of the CFSSP-NB1 wall without the
filled-in concrete can be given by:

M 
23112
K  P 

 1.43
M 
16052
y

steel _ skin

(6.13)

The value for the shape factor is affected by the relatively large depth of the cross-section which leads to
large strains at the outermost fibers and consequentially lower My and higher MP value.
6.2.6 Shear Analysis for Specimen CFSSP-NB1
In order to evaluate the contribution of the steel skin web plates to the shear strength of the CFSSPNB1specimen, strain data from the 45 rectangular rosettes, shown in Figure 6-13, is used to calculate the
shear strain,  xy .

Using Mohr circle formulation in the elastic range, the shear stress,  xy , and

consequentially the shearing force in the steel skin webs, can be calculated as follows:.
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Considering the strain in the direction of each gage composing the Rosette

x  y

a 

b 

c 

2

x  y
2

x  y
2







x y
2

x  y
2

x y
2

cos 2(45 )   xy sin 2(45 )

(6.14)

cos 2(90 )   xy sin 2(90 )

(6.15)

cos 2(135 )   xy sin 2(135 )

(6.16)

By solving equation5.12, 5.13 and 5.14, the shear strain,  xy is given by

 xy 

a  c

(6.17)

2

and the engineering shear strain,  xy

 xy   a   c

(6.18)

The shear stress in the steel web is given by :

 xy  G   xy

(6.19)

The shearing force acting on the steel web plate of the CFSSP-NB1 is given by:

VSteel   xy  (2lw  tw )

(6.20)

where
G, steel shear modulus
lw ,length of the steel web
tw , thickness of the steel web
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Figure 6-13 Typical 45ᵒ Rectangular Rosette gage, http://www.ecourses.ou.edu/cgi-bin

The contribution of the steel web to the shear strength of the CFSSP-NB1 is given by Vsteel / Vb where

Vb is the base shear (or equivalently, the lateral load applied to the specimen). Table 6-3 shows the
contribution of the steel web to total specimen CFSSP-NB1 shear strength based on engineering shear
strain distribution at different lateral drift values, shown in Figure 6-14, and computed using equations
5.17 and 5.18. The data from the rosettes can be used only as far as the vertical gauge B strain does not
exceed the yield strain, as the entire calculation is based on Mohr's circle formulation in the elastic range.
From the analysis, it was found that, in the elastic range, the steel web of specimen CFSSP-NB1 resisted
about 50% of the shear strength of the entire section.
The above sequence of data presentation and organization used for specimen CFSSP-NB1 is also used for
specimens CFSSP-NB2, CFSSP-B1 and CFSSP-B2 presented in the following sections.

Table 6-3 Contribution of the Steel Web to the CFSSP-NB1 Shear Strength
Average Shear
Drift

Strain,

Average Shear

Web Shear

Shear Force,

Shear Strength Steel

Stress, ksi

Force, kip

kip

Web Contribution, %

%

 strain

(1)

(2)

(3)

(4)

(5)

(6)

0.2

109.51

1.22

30.53

71.94

42.4

0.4

208.65

2.32

58.18

135.77

42.9

0.6

306.0

3.4

85.3

181.7

47.0
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0.2% Drift

0.4% Drift

0.6% Drift

Figure 6-14 Shear Strain Distribution Across the Steel Web of Specimen CFSSP-NB1
6.2.7 Strain Distribution for Specimen CFSSP-NB2
For specimen CFSSP-NB2, the axial strain distribution across the specimen section at 12" and 22" from
the foundation face is shown in Figure 6-15 and Figure 6-16 respectively. Specimen CFSSP-NB2 was
able to attain its plastic moment capacity at 12" from the foundation between the lateral drifts of 1.2% and
1.8%. Strain gauge SG14 failed after reaching a strain of 7980  strain at 1.8% drift. The position of the
elastic neutral axis and the plastic neutral axis are at 20" and 17.5", respectively, from the outer most fiber
on the compression flange. Strains on the section at 22" above the top of the footing indicate that the
middle portion of the web did not yield.
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Figure 6-15 Vertical Axial Strain Distribution Across CFSSP-NB2 Steel Skin at 12 inch from
Base

Figure 6-16 Vertical Axial Strain Distribution Across CFSSP-NB2 Steel Skin at 22 inch from
Base

209

6.2.8

Displacement Ductility of Specimen CFSSP-NB2

The hysteretic force-displacement relationship is shown in Figure 6-17. The displacement ductility factor
is obtained from the force displacement cycles envelope, using an idealized bi-linear relationship to
establish the yield displacement to calculate this displacement ductility factor  D , such that, here:

D 

 max 3.67

 3.67
y
1

(6.21)

Figure 6-17 Actuator Force vs Lateral Displacement, Specimen CFSSP-NB2

6.2.9 Curvature Ductility of Specimen CFSSP-NB2
Curvatures were determined as described earlier for specimen CFSSP-NB2; the moment curvature
relationships extracted from the linear potentiometers are presented in Figures 5.91 to 5.96. Figure 5.97
presents the curvature extracted from the string potentiometers. The curvature ductility based at first yield
is given by:
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max
72

 18.6
y
3.87

(6.22)

The curvature ductility based bi-linear moment-curvature is given by:

 

max 72

 6.54
y
11

(6.23)

Figure 5.98 shows the values of curvatures extracted from the linear potentiometers and string
potentiometers. Due to some malfunctioning in the linear potentiometers LP2, LP8, LP3 and LP9, their
reading were less than the expected values, however the average of curvature for the values extracted
from linear potentiometers is consistent with values extracted from string potentiometers, as shown by the
following results:


The average yield curvature for the linear potentiometers,  y = 3.61×10-5 1/in



The yield curvature from string potentiometers,  y = 3.87×10-5 1/in



The average plastic curvature for the linear potentiometers,  p = 17.44×10-5 1/in



The plastic curvature from string potentiometers,  p = 21.19×10-5 1/in

Using the values of the yield and plastic curvatures calculated using strain values from gages on the
extreme fiber of the specimen, and the position of neutral axis determined using axial strain gages values
(distributed across the tested specimen cross section) as shown in Chapter 4, the yield curvatures and
plastic curvature can be calculated as follows:
Yield Curvature is given by

y 

 y , HSS
hc



1566 106
 5.59 105 1 in
28

(6.24)

where,

h  c , the distance from the elastic neutral axis to the outermost yielding tension fiber of the CFSSP-NB1
section.
Plastic curvature is given by

 HSS , plastic

8201106
p 

 2.69 104 1 in
h  c
30.5

(6.25)
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where

h  c , the distance from the plastic neutral axis to the outermost yielding tension fiber of the CFSSPNB1 section.

 HSS , plastic is the strain at the HSS corresponding to CFSSP-NB1 attaining its plastic moment capacity, Mp
defined earlier in this Chapter.

Figure 6-18 Moment vs Curvature using Linear Potentiometers at 2 inch from Base , CFSSP-NB2

Figure 6-19 Moment vs Curvature using Linear Potentiometers at 6 inch from Base, CFSSP-NB2
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Figure 6-20 Moment Vs Curvature using Linear Potentiometer at 10 inch from Base, CFSSP-NB2

Figure 6-21 Moment vs Curvature using Linear Potentiometer at 18 inch from Base, CFSSP-NB2

Figure 6-22 Moment vs Curvature using Linear Potentiometer at 22 inch from Base, CFSSP-NB2
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Figure 6-23 Moment vs Curvature using String Potentiometers at 15 inch from Base, CFSSP-NB2

Figure 6-24 Curvature Distribution along the Length of Specimen CFSSP-NB2

6.2.10 Strain Distribution for Specimen CFSSP-B1
For specimen CFSSP-B1, the axial strain distribution across the specimen section at 10" and 16" from the
top of foundation is shown in Figure 6-25 and Figure 6-26 respectively. Specimen CFSSP-B1 was able to
attain it plastic moment capacity at 10" from foundation between lateral drifts of 1.0% and 1.33%. Strain
gauge readings were recorded up to lateral drift of 2%; the outer most strain gauge on the HSS had strain
of 9500  strain at 2% drift. The position of the elastic neutral axis and the plastic neutral axis are at
19.5" and 17" respectively from the outer most fiber on the compression flange. As for the section at 16"
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from the top of the footing, 13" of the web did not exhibit yielding. From these strain distributions, it was
estimated that the length of the plastic hinge could exceed 0.35h.

Figure 6-25 Vertical Axial Strain Distribution Across CFSSP-B1 Steel Skin at 10 inch from Base

Figure 6-26 Vertical Axial Strain Distribution Across CFSSP-B1 Steel Skin at 16 inch from Base
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6.2.11 Displacement Ductility for Specimen CFSSP-B1
The experimentally obtained force-displacement relationship for specimen CFSSP-NB2 is shown in
Figure 6-27. The displacement ductility factor is obtained from the force displacement cycles envelope,
used to calculate the linearized displacement ductility factor  D such that:

D 

 max 4.80

 4.0
y
1.2

(6.26)

Peak = 280.58 kips

Figure 6-27 Actuator Force vs Lateral Drift for Specimen CFSSP-B1
For loading cycles up to 4% lateral drift, specimen, CFSSP-B1 managed to sustain a lateral load higher
than that corresponding to the plastic moment capacity of the specimen cross-section. The degrading
strength of the specimen was rather very sudden in the second cycle at 4% drift.
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6.2.12 Curvature Ductility for Specimen CFSSP-B1
Curvatures were determined following the procedure mentioned earlier for specimen CFSSP-B1. The
moment curvature relationships extracted from the linear potentiometers are presented in Figures 5.102 to
5.107. Figure 5.108 presents the curvature extracted from the string potentiometers. The curvature
ductility based on the first yield is given by:

 

max
92

 29.28
y
3.12

(6.27)

The curvature ductility based on a bi-linear moment-curvature is given by:

 

max 92

 11.5
y
8

(6.28)

Figure 5.109 shows the values of curvatures extracted from the linear potentiometers and string
potentiometers. There appeared to be some malfunctioning in linear potentiometers LP2, LP8, LP3 and
LP9, as their readings were less than the expected values; however, the average curvature for the values
extracted from the linear potentiometers is close to the values extracted from the string potentiometers
such that:


The average yield curvature for the linear potentiometers,  y = 5.21×10-5 1/in



The yield curvature from string potentiometers,  y = 3.12×10-5 1/in



The average plastic curvature for the linear potentiometers,  p = 14.49×10-5 1/in



The plastic curvature from string potentiometers,  p = 11.58×10-5 1/in

The values of the yield and plastic curvatures calculated using strain values on the extreme fiber of the
specimen and the position of neutral axis calculated using axial strain distribution were shown earlier.
Yield curvature is calculated as follows:

y 

 y , HSS
hc



1566 106
 6.14 105 1 in
25.5

(6.29)

Plastic curvature is calculated as follows:

p 

 HSS , plastic
h  c



5325 106
 19 105 1 in
28

(6.30)
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6.2.13 Shape Factor for Specimen CFSSP-B1
The shape factor for the CFSSP-B1 wall can be given by:

M 
27360
K  P 

 1.28
M 
21360
y

 Experimental

(6.31)

Figure 6-28 Moment Vs Curvature using Linear Potentimeter at 2 inch from Base, CFSSP-B1

Figure 6-29 Moment Vs Curvature using Linear Potentiometer at 6 inch from Base, CFSSP-B1
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Figure 6-30 Moment Vs Curvature Linear Potentiometer at 10 inch from Base, CFSSP-B1

Figure 6-31 Moment vs Curvature using Linear Potentiometer at 2 inch from Base, CFSSP-B1

Figure 6-32 Moment vs Curvature using Linear Potentiometer at 6 inch from Base, CFSSP-B1
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Figure 6-33 Moment vs Curvature using Linear Potentiometer at 10 inch from Base, CFSSP-B1

Figure 6-34 Moment vs Curvature using Linear Potentiometer at 15 inch from Base, CFSSP-B1
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Figure 6-35 Curvature Distribution along the Length of Specimen CFSSP-B1
6.2.14 Strain Distribution for Specimen CFSSP-B2
For specimen CFSSP-B2, the axial strain distribution across the specimen section at 12" and 22" from the
top of the foundation is shown in Figure 6-36 and Figure 6-37, respectively. Specimen CFSSP-B2 was
able to attain its plastic moment capacity at 12" from the foundation between lateral drifts of 1.0% and
1.33%. Strain gauge readings were recorded up to a lateral drift of 2%; the outer most strain gauge on the
HSS had strain of 8673  strain at 2% drift. The elastic neutral axis and the plastic neutral axis are at 19"
and 17.5" respectively from the outer most fiber on the compression flange. As for the section at 22" from
the footing face almost 20" of the web did not exhibit yielding.
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Figure 6-36 Vertical Axial Strain Distribution across CFSSP-B2 Steel Skin at 12 inch from Base

Figure 6-37 Vertical Axial Strain Distribution Across CFSS-B2 Steel Skin at 22 inch from Base
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6.2.15 Displacement Ductility for Specimen CFSSP-B2
The experimentally obtained force-displacement relationship for specimen CFSSP-NB2 is shown in
Figure 5.112. The displacement ductility factor is obtained from the force displacement cycles envelope,
used to calculate the linearized displacement ductility factor  D such that:

D 

 max
5.7

 7.125
y
0.90

(6.32)

Peak = 280.58 kips

Figure 6-38 Actuator Force Vs Lateral Drift for Specimen CFSSP-B2
For loading cycles up to 4% lateral drift, specimen CFSSP-B1 managed to sustain a lateral load higher
than that corresponding to plastic moment capacity of the specimen cross-section. The strength
degradation in the specimen was rather sudden in the second cycle of 4% drift loading step.
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6.2.16 Curvature Ductility for Specimen CFSSP-B2
Curvatures were determined as mentioned earlier for specimen CFSSP-B1. The moment curvature
relationships extracted from the linear potentiometers are presented in Figure 6-39 to Figure 6-44. The
moment curvature relationships extracted from the string potentiometers is presented in Figure 6-45. The
curvature ductility based on the first yield is given by:

 

max 66.61

 9.29
y
7.17

(6.33)

The curvature ductility based bi-linear moment-curvature is given by:

 

max 66.61

 5.55
y
12

(6.34)

There were some malfunctioning in the linear potentiometers LP2, LP8, LP3 and LP4 as their reading
included too much noise; for that reason, the average of curvature obtained from the values extracted
from linear potentiometers deviates from the values extracted from string potentiometers by almost 35%.
Results obtained are:


The average yield curvature for the linear potentiometers,  y = 3.49×10-5 1/in



The yield curvature from string potentiometers,  y = 7.46×10-5 1/in



The average plastic curvature for the linear potentiometers,  p = 9.46×10-5 1/in



The plastic curvature from string potentiometers,  p = 14.92×10-5 1/in

The values of the yield and plastic curvatures calculated using strain values on the extreme fiber of the
specimen and the position of neutral axis calculated using axial strain distribution were shown earlier.
Yield curvature is calculated as follows:

y 

 y , HSS
hc



1566 106
 60.23 105 1 in
26

(6.35)

Plastic curvature is calculated as follows:

p 

 HSS , plastic
h  c



4017 106
 14.6 105 1 in
27.5

(6.36)
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Figure 6-39 Moment Vs Curvature using Linear Potentiometer at 2 inch from Base, CFSSP-B2

Figure 6-40 Moment vs Curvature using Linear Potentiometer at 6 inch from Base, CFSSP-B2

Figure 6-41 Moment vs Curvature using Linear Potentiometer at 10 from Base, CFSSP-B2
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Figure 6-42 Moment vs Curvature using Linear Potentiometer at 14 inch from Base, CFSSP-B2

Figure 6-43 Moment vs Curvature using Linear Potentiometer at 18 inch from Base, CFSSP-B2

Figure 6-44 Moment vs Curvature using Linear Potentiometer at 22 inch from Base, CFSSP-B2
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Figure 6-45 Moment vs Curvature using String Potentiometer at 15 inch from Base, CFSSP-B2
6.3

Summary of Test Results

As a general observation, all of the tested specimens were to sustain a lateral load higher than that
corresponding to development of the plastic moment at the base of the wall, and all specimens developed
a similar ultimate behavior, with local buckling developing during ductile response while sustaining a
lateral load corresponding to Mp. Fracture in all specimens developed upon repeated cycles of local
buckling of the steel web plate and of the HSS, and accelerated by fracture of the welding between the tie
bars and skin plate, Test results are summarized in Table 6-4 . Review of the videos recorded during the
experiments showed that for Specimen CFSSP-B2, fracture started independently on the HSS at a
different location, and that the wall would have failed at the same drifts even if fracture has not developed
slightly earlier at the ties and that indicates that using different welding details between the tie bar and the
skin plate is not the factor controlling the behavior of the tested walls.
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Table 6-4 Summary of the Test Results
Specimen

CFSSP-NB1

CFSSP-NB2

CFSSP-B1

CFSSP-B2

(1)

(2)

(3)

(4)

(5)

Peak Load, kips

305

304

281

283

M max
MP

1.13

1.13

1.19

1.2

4.10

3.67

4.8

5.0

0.8

1

1.2

0.9

5.13

3.67

4.0

5.50

7.74

6.54

11.5

5.55

1.8

1.8

2

2

Max displ.,  max
(in)
Yield displ.,  y (in)
Displacement
ductility,

D

Curvature
ductility,



Drift at local
buckling

228

Chapter 7
ANALYSIS OF THE CFSSP-WALLS
7.1

Introduction

In this chapter, numerical analysis of the tested CFSSP-Walls is presented together with a limited study
on the parameters affecting the design of the CFSSP-Walls. The chapter starts with fiber analysis using
the XTRACT software in section 7.2, which is used to calculate the cross-section capacity for the tested
CFSSP-Walls, calculate curvature ductility, estimate the length of the formed plastic hinge, and calculate
the effective stiffness of the CFSSP-Walls with different configurations.
Then, in section 7.3, finite element analysis is used to construct mathematical models to simulate the
structural behavior of CFSSP-Walls under in-plane static cyclic loading. These models are intended to
provide calibrated information on the hysteretic behavior of CFSSP-Walls that could be extrapolated to
investigate the seismic behavior of such walls. The modeling process started by building finite element
models for the tested specimens presented in chapters 4 and 5 of this document in order to establish
credible benchmarked models capturing as much as possible the different aspects of the CFSSP-Walls
structural behavior. This section starts by explaining the model used, then the type of finite elements used
to model the different structural components of the CFSSP-Walls. Section 7.3.3 presents the materials
models used for the different structural components of the CFSSP-Walls, section 7.3.4 presents the
methods used to model the interaction between the wall’s different components, and section 7.3.5
presents the criteria used for acceptance the analysis results.
. In section 7.3.6, the simulation for specimens of Group CFSSP-NB is presented considering a fixed
base models and models of the foundation, and section 7.3.8 presents the simulation of specimen of
Group CFSSP-B considering fixed base models. These models where used to investigate the ductility of
the walls, calculate their displacement ductility coefficient, and determine the length of their plastic hinge.
Section 7.3.9 presents a parametric study in which different aspects, not addressed in the experimental
program of CFSSP-Walls design, are considered. The parameters considered are different D/t ratio for the
CFSSP-Walls, different spacing of the tie bars, and larger thickness of concrete; more specifically, values
of the parameters considered are D/t ratio equals to 0.076 E/Fy , and S/t ratio of 50.
Section 7.4 presents a summary of the findings in chapter 6 together with a comparison between the
results obtained in the experimental program, fiber analysis, plastic analysis, and the finite element
analysis.
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7.2
7.2.1

Analysis Using XTRACT
General

The XTRACT software was used to investigate the performance of the tested CFSSP-Walls, with
emphasis on the values for ultimate moment, Mu, yield moment My , curvature values, and the effective
value for elastic stiffness EIeff , considering the difference in the steel strengths of the HSS part of the
cross-section and the steel web. For the tested specimen CFSSP-NB, to be able to use XTRACT, the steel
skin was replaced by reinforcement bars at the perimeter of the cross section. Where possible, the steel of
the skin plate (HSS part or steel web) was considered to act as the cover for the cross-section. Note that
the skin plate HSS had an average value Fy of 43 ksi and Fu of 73.67 ksi, while the web skin plate have Fy
of 61.4 ksi and Fu of 82.47 ksi (section 4.3.2). An average bilinear steel material model was used for the
skin plate and the HSS having Fy of 62 ksi. The concrete material model used was that for confined
concrete shown in Figure 7-1.

Figure 7-1 Confined Concrete Model Used in XTRACT Analysis

7.2.2

Specimen CFSSP-NB

Summary for the XTRACT analysis results is presented in Table 7-1. The analysis report can be found in
Appendix C (which presents the analysis reports for all XTRACT models used in this project). The cross
section showing the specimen CFSSP-NB used in XTRACT is shown in Figure 7-2. It was already
shown in Chapter 3 that the XTRACT results, given the above assumed material properties, matched
relatively well the value of the plastic moment. It was also shown in Chapter 5 that specimen CFSSP-NB
developed a maximum flexural strength 14% greater than the theoretical value of Mp. It is therefore not
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surprising that the strength provided by XTRACT also underestimated the CFSSP-NB cross-section
capacity by 15%

Figure 7-2 Moment Curvature Relation for Specimen CFSSP-NB in Xtract Analysis

The summary of the Xtract analysis is presented in Table 7-1, where the maximum capacity Mu is
presented together with My, which is the moment corresponding to first yield of the steel fibers. The
curvature ductility is presented as well, which is the ratio between curvature at maximum moment and
curvatures that corresponds to curvature at first yield of the steel fibers. The value of M p agrees with the
ultimate moment predicted by using Xtract.
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Table 7-1 Summary of Xtract Analysis for Specimen CFSSP-NB
Xtract Moments
(kip-in)

Specimen

7.2.3

Xtract Curvature, and
Curvature Ductility

Test Results to

(1/in)

Mu

My

Φy



Mtest /MXTRACT

(1)

(2)

(3)

(4)

(5)

CFSSP-NB1

31760

22020

74.12E-6

6.871

1.15

CFSSP-NB2

31760

22020

74.12E-6

6.871

1.148

Specimen CFSSP-B

Summary for the XTRACT analysis results for specimen CFSSP-B1 is presented in Table 7-2, the
analysis report can be found in Appendix C. The analysis predicted the MP of the specimen with a 2.9%
difference, Figure 7-3 presents moment curvature relationship for specimen CFSSP-B.

Table 7-2 XTRACT Analysis Results for Specimen CFSSP-B
XTRACT Moments
(kip-in)

Specimen

XTRACT Curvature,
and Curvature

Test Results to

Ductility (1/in)

Mu

My

Φy



Mtest /MXTRACT

(1)

(2)

(3)

(4)

(5)

CFSSP-B1

29050

19520

80.67E-6

3.243

1.16

CFSSP-B2

29050

19520

80.67E-6

3.243

1.17
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Figure 7-3 Moment Curvature Relationship for Specimen CFSSP-B in XTRACT

Noted that, in the above comparison, the XTRACT steel material used is effectively an elasto-perfectly
plastic material with linear hardening,

7.3

Finite Element Analysis

7.3.1 General
The finite element models were constructed using the ABAQUS 6.10 EF2 software, as described in
chapter 3 of this document. The benchmark models used structural material selected to represent the
material properties obtained from tensile coupon testing of steel, and axial compressive concrete cylinder
tests. Models used were meant to capture the behavior of the tested specimens in terms of elastic stiffness,
plastic moment capacity Mp, ductility, and cyclic behavior. Building a model able to replicate the
behavior of the tested specimen also provides opportunities to numerically investigate the behavior of
walls having different geometry and material properties. The construction of adequate models involves
choosing the type of elements that are most appropriate to model the different components of the CFSSP233

Walls, the selection of suitable material model parameters, the modeling of the interaction between the
different structural components of the CFSSP-Walls, and finally selection of the most appropriate finite
elements analysis method (analysis scheme) that could accommodate the high non-linearity (geometrical
and material) of CFSSP-Walls subjected to large cyclic inelastic displacements.
7.3.2

Type of Finite Elements Used

The elements used for the different components of the finite elements models in this chapter are the same
as those used in Chapter 3 of this document, where for the modeling of the steel skin plates and the
concrete core, 8 nodes brick C3D8R element were used, while the tie bars were modeled using beam
element B31.
7.3.3
7.3.3.1

Modeled Material Properties
Concrete Material Model

The concrete material model used in finite element simulation of the tested CFSSP-Wall specimen is the
Concrete Damage Plasticity Model (CDP). The data used for this model was based on the average value
of the concrete cylinders test results (presented in Chapter 4), and also based on Liang et al (2009)
proposed concrete material model to be used for concrete in rectangular CFT. The proposed concrete
model used assumes that the concrete material model has a ductile plateau (i.e., is able to sustain strength
while undergoing large strains) in compression. The tensile strength of concrete was taken equal to

0.6 f c' with ultimate tensile strain equals to 10 times the strain at cracking. All other parameters needed
to establish the CDP model in Abaqus were described in Section 3.6.4, of this document.
For example, for the concrete model for specimen CFSSP-NB1, the average cylinder strength (reported in
chapter 4), f c' , was taken as equal to 6.83 ksi and, accordingly, the tension strength was taken as equal to
1.57 ksi. The concrete in the tension was considered to lose strength linearly for strains beyond the peak
tension strength, as it was shown through preliminary analyses that the shape of the strength degradation
curve on the tension side (be it linear or parabolic) does not affect the outcome of the analysis; this is
attributed to the fact that tension strength is small compared to the compression strength and the fact that
the contribution of the concrete strength to the total capacity of the cross section is on the order of 15%.
The concrete mix used in construction of the tested specimen had fly-ash in order to improve concrete
workability and facilitate its casting in the relatively narrow steel sandwich panel. In the existing literature
(e.g., Yoshitake et al 2012), a great variability is reported for the value of elastic modulus of such
concrete, with values ranging between 50% to 80% of the Ec value specified by the ACI 318 (2008) for
conventional concrete. For the tested specimen, three cylinders (of the concrete in specimen CFSSP-B2)
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were tested while recording their force displacement relationship in an attempt to experimentally obtain
the elastic modulus of the concrete used for the specimens (section 4.3.1), however the test rate for these
cylinders was relatively fast, relatively few number of cylinders were used, and the results were deemed
not representative of the actual elastic modulus value. Therefore, the value of Ec was taken equal to 0.8Ec
of the value calculated by ACI 318 (2008). As a result, for that specimen, the value of Ec was taken equal
to 3769 ksi. A poison’s ratio of 0.2 was also used in the analyses, it should be noted here that the values
of elastic modulus was taken between 0.5Ec and 0.8 Ec in various analyses (not included in this report),
before settling on the final value, based on results trying to match the initial elastic stiffness.
The concrete strength backbone curve used to simulate specimen CFSSP-NB1 is shown in Figure 7-4.
The values of stresses and the inelastic strains used to construct the backbone curve for the concrete,
together with the damage factors used for cyclic analysis, are summarized in Table 7-3. All other
parameters needed for the CDP model were taken to be the same as what was reported in Chapter 3,
section 3.6.

Figure 7-4 Concrete Backbone Curve Constructed for CFSSP-NB1Abaqus Model
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Table 7-3 Stress-Strain Values used for Concrete Backbone Curve, Abaqus Model for CFSSP-NB1.

Strain

Stress

-0.00416
0
-0.00042 -1.568
0
0
0.0005 1.883759
0.001 3.742269
0.0015 5.426821
0.002
6.57356
0.00235
6.83
0.0025
6.83
0.003
6.83
0.0035
6.83
0.004
6.83
0.0045
6.83
0.005
6.83
0.015
4.1
0.02
1
7.3.3.2

inelastic strain

Damage

0.00374
0
0
0
0
0.0005
0.001
0.00135
0.0015
0.002
0.0025
0.003
0.0035
0.004
0.014
0.019

1
0
0
0
0
0
0
0
0
0
0
0
0
0
0.399471535
0.853529643

Steel Material Model

The tie bars were considered to be elastic and made of steel having Fy = 50ksi and an elastic modulus E
of 29000 ksi. However, for the modeling of the steel material used for the steel web and the HSS, the
actual backbone curve obtained from test coupons was used to describe the material model that involves
material damage evaluation, as shown below.
The backbone curve obtained from uniaxial tension coupon testing is the main source of data used to
build the steel material models used to simulate the steel skin plates of the CFSSP-Walls. The coupon
test results values for both the round HSS and the steel web were used to build their representative models
in Abaqus finite element analysis.
However, true stress and true strain are used to establish the material backbone curve used to describe the
material in Abaqus. Accordingly, the average engineering stress-strain values obtained from the uniaxial
test (coupon test) were converted to true stress and logarithmic (true) plastic strain through the following
equations:  true   nom (1   nom )

 lnpl  ln 1   nom  

 true
E
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The resulting average true stress-strain value for the HSS part of the tested CFSSP-Wall is shown in
Figure 7-5, while that for the steel web of the tested CFSSP-Walls is shown in Figure 7-6.

Figure 7-5 Average True Stress-True Strain for HSS

Figure 7-6 Average True Stress-Strain for the Steel Web
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Abaqus identifies the steel ductile material response in three parts as identified in Figure 7-7, where part
“a-b” is the elastic part of the curve defined by the elastic modulus and poison’s ratio. The second part,
segment “b-c”, represents the strain hardening part of the steel, where here a combined
Kinematic/isotropic strain hardening rule was used. The third part of the curve, part “c-d”, models the
damaged or degraded behavior of the material.
Note that the degraded part of the curve is identified by what Abaqus calls a “Ductile criterion”,
expressed by a group of parameters that identify the onset of damage in the ductile material, and model
strength degradation. These parameters are:


 Dpl , the plastic strain at the onset of damage, effectively equal to the plastic strain at Fu



   p q , a tri-axiality ratio described to be the “ratio between axial pressure stress, P, and
Von Misses stresses, q”, which, in uniaxial tension test, at the fracture location of the coupon, is
the ratio between axial stresses and Von Misses stresses. This value technically depends on the
type of the coupon tested (i.e., flat plates, bars, etc) and the type of material tested.



Strain rate of the tested coupons (in/in/sec), which refers to the strain rate at which the uniaxial
coupon tests were performed. A summary of the damage initiation parameters used in the
analyses presented in this chapter is provided in Table 7-4.

Figure 7-7 Typical uniaxial Stress-Strain Response of a metal Specimen, Abaqus User's Manual
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Table 7-4 Damage Initiation Parameters
Damage

Steel Web

Round HSS

Plate

Part

Ywan et al (2007)

0.8

0.8

Strain Rate

1/16 inch /min, data from SEESL

0.00052

0.00052

 Dpl

Extracted from average coupons data, used for

Varies

Varies

Parameters

p
q

Reference/source of data

each test

For cyclic loading, the “damage evolution” criterion is a parameter that allows to model the stiffness
degradation that happens in the material during cyclic excursions beyond the ultimate strain.

e
Figure 7-8 Calculation of the Damage Factor, Abaqus user's Manual

The selected parameters for this damage factor, D, for the steel material used were calculated based on the
following

  D  
D  1    
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where,


 is the undamaged stress path (fictitious path assuming material would not degrade after
reaching ultimate value), assumed here to be a linear value having value of maximum attained
stress, This part is considered as if the plastic part of the curve would extend beyond ultimate
strength value with no degrading.



 Stress at arbitrary point on the degrading part of the backbone curve, at which displacement
reversal starts.

Finally after calculating the damage factor, the relationship between the damage factor and the plastic
displacement is established and implemented in the damage evolution part of the material model. The
plastic displacement in this case is the plastic strain multiplied by the smaller dimension of the element
used to simulate the steel material under consideration. An example for the damage factor and plastic
displacement is shown in Figure 7-9.

Figure 7-9 Damage factor vs Plastic Displacement (Abaqus User's Manual)

Incorporating the above damage model was done for all the Abaqus analyses used to simulate the tests
results presented in chapter 5 for the CFSSP-Walls.
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7.3.4

Interaction between Different Components of the Model

As described in Section3.6.2, the interaction between the concrete core and steel skin plates was modeled
by tangential friction with µ =0.3, and hard contact between steel skin and concrete in the normal
direction, which allowed the skin plate to separate from the core. The tie bars were modeled as embedded
(tied to) the concrete core elements, as described in Section 3.6 of Chapter 3.

7.3.5

Criteria for Analysis Acceptance and Parameters

The effectiveness of the model established in this section was evaluated based on the key information that
needed to be captured by the models for the purpose of this study, namely peak load, ductility (ability of
the model to sustain cyclic excursions while sustaining a large percentage of its load carrying capacity,
Mp), and local buckling initiation and development. An effort was made to match the experimental
results, only on that basis.

7.3.6

Specimen CFSSP-NB1 Simulation

A finite element model of specimen CFSSP-NB1 was built using Abaqus 6.10 EF2, and was subjected to
same displacement history protocol as the tested specimen. Figure 7-10 shows the model, which a
cantilever wall with fixed base, following the various modeling details and procedures outlined in
Chapter3.
The finite element model of specimens CFSSP-NB1 was subjected to the same displacements applied
during the experiment. The first visual evidence of local buckling (out-of-plane deformation wave) was
detected to occur at 1.5% drift, but it became having a significant buckling wave magnitude at a drift of
1.8%. These are almost the same drift at which local buckling was observed in the test for specimen
CFSSP-NB1. Figure 7-11 shows the local buckling of the steel case at 1.8% drift. Note that the buckling
wave developed between the first and the second rows of tie bars, and that local buckling occurred only in
the steel web at this drift level. The HSS part of the cross section did not show any local buckling.
At drift value of 2.4%, local buckling developed in the HSS part of the cross section (Figure 7-12).
Again, as observed in the experiment, the local buckling wave was continuous between the steel web and
the HSS part of the cross section.
The force displacement relation resulting from the Abaqus Model, together with that of the tested
specimen CFSSP-NB1, is shown in Figure 7-13. The Finite element model was able to capture the tested
specimen ultimate capacity (maximum load of the analytical results is 302.56 kips which is 99.2% of the
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experimental one) and was able to reasonably replicate the CFSSP-NB wall ductility. However, the
model failed to perfectly represent the tested specimen based on the following observations:


First, the finite element model (except for the first two loading cycles) developed higher strength
than that obtained experimentally at given displacements. The model maximum forces in each
cycle were about 20% higher than the corresponding experimental value and that up to a drift
value of 0.4%. For drift values between 0.4% and 1.5% and for an additional 0.9% drift beyond
that point of maximum moment, the numerically obtained strength of the model is almost
agreeing with that of the tested specimens. In a general sense, such discrepancies are sometimes
attributed to variability in the elastic modulus, or the speed of loading. However, this last item is
not applicable here, as it was ensured in all explicit analyses done here that the kinetic energy
produced in the analysis was almost zero; therefore, no inertial forces were produced during the
analyses and results are believed to be representative of static analysis results.



Second, after local buckling of the steel web, the strength obtained from the finite element model
degraded faster than that in the tested specimen. More specifically, the strength in the model
dropped by almost 15% over the drift from 1.75% to 2.25%, while the tested specimen developed
almost the same strength over the same drifts. This difference is attributed to the limits of the
mathematical model where strain values were specified to define the failure of the materials;
these values are theoretical values which might not have been exceeded in the test.



The state of stress triaxiality in the tested specimens is modeled through theoretical models where
there is a relatively significant variability in the parameters that define failure criteria, specially in
the case of concrete model.

In order to investigate the effect of elastic stiffness on the wall response, and to make sure that the effect
of foundation flexibility were accounted for when determining the effective wall stiffness, a second model
for the tested specimen was built, this time including the foundation and strong floor. The Dywidags
pretension was replaced by compression forces acting on the foundation at the locations of the Dywidag
bars. The foundation was modeled as an open groove (rectangular donut shaped), into which the wall was
inserted and tied using tie constraint where the embedded wall was physically tied to the foundation by
rebars. The foundation was modeled as elastic concrete, while the strong floor was considered as a rigid
body. However, it was found that the gain of modeling full foundation instead of fixed base condition was
limited compared to the variability attributed with the elastic modulus. Given the high computational cost
of the full model, and because it was observed that for a given loading speed and the same elastic
modulus, the fixed base model was able to capture the key features of the force displacement relationship
(including the elastic portion of the curve, which indicates that the limited flexibility observed during the
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test, specially at the initial cycles of loading, was not mainly attributed to foundation flexibility), all
subsequent analyses use the fixed-base model. Another factor that helped to eliminates sources of
flexibility of the test set-up (particularly, that of the strong wall in the lab on which the actuators reacted),
was to feed the model with the measured displacement from the string potentiometer (instrument SP5, at
the load application level). Thus, this displacement history was applied to the fixed base models
considered as the basis for simulating all of the tested specimens.
The value of Ec was altered many times, between 0.5 and 0.8 of the value given by the ACI equation for
regular concrete, in attempts to best match the experimental results. For the final analysis, Ec was taken
equal to 0.8 of the value proposed by the ACI equation for regular concrete. The resulting force
displacement relationship at 0.2% drift is shown in Figure 7-13 for a fixed base model, which shows a
reasonable agreement in the analytical and experimental elastic stiffness values at low drift levels.
The resulting deflected shape for both the full model and the Tested specimen at 0.6% is shown in Figure
7-16. This figure represents the height of the tested specimen on the vertical axis, and in-plane
displacement readings at five points where the string potentiometers SP1, SP2, SP3, SP4, and SP5 are
attached and that is compared to displacements at the corresponding nodes on the Abaqus model. The
Figure shows that the deflected shape of the specimen reasonably agrees with that of the tested specimen.
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Figure 7-10 Analysis of Specimen CFSSP-NB1 using Abaqus, Stress distribution shown at 0.6%
Drift

Figure 7-11 Local Buckling of the Web Plate at 1.8% Drift
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Figure 7-12 Buckling of the HSS Part of CFSSP-NB1 at 2.4% Drift

Figure 7-13 Force Displacement Relationship for Specimen CFSSP-NB1, Abaqus vs Test Values
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Figure 7-14 Elastic Stiffness of the Modeled CFSSP-NB1, Fixed Base Model

Figure 7-15 Full Model of Tested Specimen CFSSP-NB1
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Figure 7-16 Deflected Shape for the Tested Specimen, Full Model

7.3.7

Specimen CFSSP-NB2 Simulation

Figure 7-17 shows the force displacement relationship for the Abaqus fixed base model of Specimen
CFSSP-NB2 compared to the test results. The maximum load reached by the model was 284 kips, which
is 94% of the load attained by the tested specimen. The modeled specimen is shown in Figure 7-18. The
first local buckling starts to appear at 1.2% drift, as shown in Figure 7-19. Buckling of the round HSS
part of the cross section followed, at 1.8% drift, as shown in Figure 7-20. At 2% drift, the load carrying
capacity of the model degrades by about 30%, which is equivalent to 193 kips and 63% of the maximum
load capacity. Note that, at the same drift, the tested specimen strength only degraded to 279 kips, which
represents 92.3% of the maximum capacity. At 2.8% drift, the model degrades rapidly to reach almost
50% of its maximum value. Beyond that drift, there were significant degradation on the compression side
of the specimen and high deformation in the buckled region. When the analysis was completed, the force
sustained by the model was only 28 kips. Buckling of the skin plate at 2.8% drift is shown in Figure 7-21.
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Abaqus
Test

Figure 7-17Comparison Test results to Analysis Results for Specimen CFSSP-NB2

Figure 7-18 Fixed Base Abaqus Model for Specimen CFSSP-NB2, 0.6% Drift
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Figure 7-19 Local Buckling of the Web Plate at 1.2% Drift, CFSSP-NB2 Abaqus Model.

Figure 7-20 Buckling of the HSS part for the CFSSP-NB2 Model
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Figure 7-21 Local Buckling of the Skin Plate for Specimen CFSSP-NB2 at 2.8% Drift

7.3.8

Specimen CFSSP-B Simulation

Figure 7-22 shows the force displacement relationship for the Abaqus fixed base model of Specimen
CFSSP-B1 compared to the test results. The maximum load reached by the model was 288 kips, which
104% of the load attained by the tested specimen. The modeled specimen is shown in Figure 7-23 and
skin plate and tie bars are shown in Figure 7-24. The first local buckling starts to appear at 1.67% drift, as
shown in Figure 7-25, followed by buckling of the round HSS part of the cross section at 2.0% drift as
shown in Figure 7-26. At 2% drift, the load carrying capacity of the model degrades by about 21.3%
which is equivalent to 226.65 kips, which represents 76% of the maximum load capacity. At the same
drift, the tested specimen degrade to 276 kips, which represents 96% of the maximum capacity. At 2.8%
drift, the model degraded rapidly to reach almost 50% of the maximum strength value. Beyond that, there
was significant degradation on the compression side of the specimen and high deformation in the buckled
region, where the last sustained force by the model was 41 kips. It should be noticed that, as in the tested
specimen, the web skin plate and the round HSS buckled at different locations.
As for Specimen CFSSP-B2 reached a maximum load of 274 kips which represents 96.8% of the
maximum load reached in the test, however the concrete in the test had steel fibers in it which was not
accounted for in the model (specially that it didn’t show any significant impact during the testing). Local
buckling of the web plate occurred at drift level of 1.67% at 2 % the maximum load degraded by 27.2%
with a value of 199.472 kips. Figure 7-27shows the force displacement relationship for specimen CFSSPB2. It should be noted here that despite the strength of concrete in specimen CFSSP-B2 was less than that
for specimen CFSSP-B1 by 33%, yet specimen CFSSP-B2 performed slightly better.
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Figure 7-22 Force Displacement Relationship for Specimen CFSSP-B1

Figure 7-23 Model for Specimen CFSSP-B1
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Figure 7-24 Skin Plate and Tie Bars for Specimen CFSSP-B1

Figure 7-25 Buckled Web at 1.67% Drift, Abaqus Model CFSSP-B1
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Figure 7-26 Buckling of the Round HSS of Specimen CFSSP-B1

Figure 7-27 Force Displacement Relationship for Specimen CFSSP-B2
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7.3.9

Parametric Study on the CFSSP-Walls

7.3.9.1 General
Finite element analysis was used to investigate the possible behavior of the proposed CFSSP-Walls
configurations for values of some design parameters beyond those addressed in the experimental program.
The parametric study was limited and only covered the following aspects:
1. The D/t ratio, which is the ratio between the diameter of the HSS part of the cross-section and its
thickness, must be chosen such that the composite cross-section can attain its plastic moment
capacity, Mp (calculated as shown in previous chapters), prior to local buckling of the skin plate. the
experimental program limited the D/t ratio values to 0.044 E/Fy for all of the tested specimen. Here,
using finite element analysis, the behavior of CFSSP-wall with HSS having a D/t ratio of 0.076 E/Fy
is investigated. That later ratio is the one recommended for seismically highly compact concrete filled
round HSS as per AISC-341 (2010). This analysis is referred to as SPSSP-NB-M1.
2. The S/t ratio, which is the ratio between the tie bars spacing and thickness of the skin plate. Provided
that tie bars have adequate stiffness, the S/t ratio is the main factor controlling the local buckling of
the skin plate. The S/t ratio must be chosen such that the specimen can attain its plastic moment
capacity, Mp, prior to local buckling of the skin plate. Here, an arbitrary S/t ratio of 50 was
investigated, which is greater than the values of 25.6 and 38.4 investigated in the experimental
program. This analysis is referred to as SPSSP-NB-M2.
3. The last design aspect is the ratio between the thickness of the concrete web and the length of the
steel web. In the experimental program, it was taken equal to 0.2b. Here, a value of 0.35b was
investigated as part of the parametric study. This analysis is referred to as SPSSP-NB-M3.
For all the analysis performed in the parametric study, the material models, selection of the finite
elements used, and components interaction models, followed those presented in Section 3.6. As such,
steel was taken as a bi-linear material having value Fy  50ksi (to generalize results, instead of taking
the values obtained from the coupons for the experiment) and, concrete was selected to have f c'  4ksi .
Note that when studying the effect of a certain parameter, all other parameters were kept equalt to those
used in the experimental program, as shown in the following subsections where the model used in each
parametric study is presented together with the analysis results for each study. All examples were based
on the CFSSP-NB walls. It is believed behavior observed for this CFSSP-NB will remain valid for
CFSSP-B. The design parameter values considered in each model are summarized in Table 7-5 (where,
again, it is shown that for a given model, only one parameter is changed while all other parameters are
kept the same values as for the tested specimens). The displacement loading protocol for the models was
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taken as per Table 7-6. It should be noted that for all models built for the parametric study axi-symmetry
were used (symmetry around the weak axis) in order to cut down analysis time.
Table 7-5 Geometric Properties for Models Used in the Parametric Study.
Design
Aspect

Web

HSS

HSS

parameter

Model

D/t

S/t

tc

b

tc/b

Ratio

thickness

Diameter

thickness

investigated

(1)

(2)

(3)

(4)

(6)

(6)

(5)

(7)

(8)

(9)

(10)

44.8

25.6

14

70

0.2

2.57

0.3125

14

0.3125

D/t

25.52

51.20

8

40

0.2

2.46

0.3125

8

0.3125

S/t

25.52

25.6

14

40

0.35

2.67

0.3125

14

0.5625

tc

CFSSPNB-M1
CFSSPNB-M2
CFSSPNB-M3

Table 7-6 Loading Protocol for the Different Models
No of
Cycles
Drift%

7.3.9.2

2

2

2

2

2

2

2

0.50

1.0

1.50

2.0

2.50

3.0

3.50

CFSSP-Walls with D/t = 0.076 E/Fy (CFSSP-NB-M1)

The stress contours of the CFSSP-NB-M1wall in the longitudinal direction on at a drift of 1.5% is shown
in Figure 7-28. The height of the wall is 216 inches and total depth is 84 inches, depth of the web b is 70
inches, thickness for the web plate and thickness of the round HSS part of the cross section is 5/16 inch,
the thickness of concrete/diameter of the round HSS is 14 inch, and finally the spacing of the tie bars is 8
inches in both the vertical and horizontal directions. The plastic moment capacity for the model was
89,675.
The resulting force displacement relationship for the CFSSP-NB-M1 wall is shown in Figure 7-29. The
maximum base shear value is 533 kips which is equivalent to 1.28Mp. At a drift value of 0.8%, the web
of the CFSSP-NB-M1 model showed local buckling by the second cycle at drift 1.5%, the HSS part of the
specimen started to buckle. After 2% drift, there was a drop in the wall strength up to 0.9 Mp, after which
it started to degrade gradually, the wall was able to sustain up 0.9 of its plastic moment capacity at 2.5%
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drift indicating that the option of using D/t =0.076 E/Fy need to be investigate analytically and
experimentally.

Figure 7-28 Model for CFSSP-NB-M1
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Figure 7-29 Base Shear vs Lateral Drift for CFSSP-NB-M1 Wall

7.3.9.3

CFSSP-Walls with S/t = 50 (CFSSP-NB-M2)

For the specimen CFSSP-NB or CFSSP-B, both cases of S/t ratio of 25.6 and 38.40 were tested. Here, an
CFSSP-NB having an S/t ratio of 51.2, in the longitudinal direction, was modeled using finite elements to
investigate how the higher S/t ratios would affect the ability of CFSSP-Walls to develop their Mp values
and the required ductility performance. The model here is the same as that used for specimen CFSSP-NB,
except that spacing of tie bars was changed to 16 inch, for a thickness of the skin plate of 0.3125 (5/16) of
an inch. Most significantly, the model did not develop the cross-section plastic moment. The maximum
moment that the model reached was 23,337.37 kip-in, which is equivalent to 0.78 Mp , the web plate
buckled at 0.9% drift, and the model deteriorated rapidly after local buckling of the skin plate. Figure
7-30 shows the stress contours of the CFSSP-NB-M2 wall at 0.5% drift.
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Figure 7-30 Model CFSSP-NB-M2 Stress Contours

7.3.9.4 Thickness of Wall = 0.35 b
In tested specimens, the thickness of concrete was taken equal to 0.2b, with a percentage of steel area, As,
to the total area of the cross-section, At,(which is the summation of As and the concrete area, Ac ),equals to
8.15%. Here, a model was developed for a CFSSP-NB wall having a thickness of concrete equal to 0.35
b, where the depth of the web is 40 inches, thickness of the steel skin is 5/16 of an inch, concrete
thickness is 14 inches, and diameter and thickness of the HSS part of the cross-section is respectively 14
inches and 9/16 inch. The spacing of the tie bars was taken equal to 8 inches in both the horizontal and
vertical directions of the wall. The ratio of As/ At is equal to 6.51%.
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The resulting force displacement relationship is shown in Figure 7-32. A maximum capacity of
55,310.2kip-in was reached, which represents 1.19 Mp. The wall skin plate buckled at 1.5% drift, as
shown in Figure 7-31 . The load carrying capacity was maintained up to 3% drift.

Figure 7-31 Longitudinal Stresses in CFSSP-NB-M3 Wall Skin Plate
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Figure 7-32 Force Displacement relationship for CFSSP-NB-M3
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4

7.4

Summary

Finite element analyses were able to replicate three key aspects of the experimentally obtained results,
namely, their ability to reach their theoretical composite plastic moment capacity, Mp, their intial elastic
stiffness, and their ductility. Summary of the models simulating the tested specimen is shown in Table
7-7.
The finite element models simulating the tested specimens were not successful in capturing the degrading
stiffness within the different displacement cycles. This was particularly true in the early stage of loading,
when little degradation in stiffness was observed for the numerical models compared to the tested
specimen. However, in the plastic range, strength degrading that developed in the numerical model was
representative of that observed in the tested specimen, but not exact. This is attributed to shortcomings in
the material models used for concrete, and limitations in the concrete damage plasticity parameters
describing material damage. It was observed that results were sensitive to variability in the value of the
elastic modulus of concrete Ec (although comparisons of results for various values of Ec were not
presented here). For the specific type of concrete used in the experiment, self-consolidating concrete
(SCC), best results were obtained when a value equal to 80% of that used for regular concrete was used.
The load carrying capacity of the finite element model degrades after local buckling occurs by 15% to 20
% over drifts ranging approximately from 1.5% to 2%, while the tested specimen managed to hold its
capacity over the same drifts. This is attributed to the damage criteria prescribed in the material models,
where it is predetermined that at certain strains the material starts to degrade. The tested specimens
eventually similarly degraded, but this occurred at drifts approximately 0.5% higher than predicted by the
numerical models.
The value of S/t used in the numerical analyses was observed to have a small effect on the ability to
predict the maximum strength of walls. Comparing with the test results, the analysis for S/t of 25.6
matched the maximum strength within approximately 1%, whereas the case with S/t of 38.4 only matched
it within approximately 4%.
Results from a limited parametric study showed that it may be possible to obtain good results, ductile
response, and development of full plastic moment, Mp, with D/t ratio equals to 0.076 E/Fy for the HSS
part of the wall cross-section, and when wall have a concrete thickness of 0.35b. However, the wall
having S/t of 52 was unable to attain Mp and suffered rapid strength degradation after reaching 0.7Mp.
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Table 7-7 Finite Element Analysis Data Compared to Experimental Data

Specimen

Plastic Moment Capacity,

Ductility Coefficient,

Mp(kip-in)

µ

Test

F.E

Test/F.E

Test

F.E

(1)

(2)

(3)

(4)

(5)

CFSSP-NB1

305

306

0.99

5.13

3.11

CFSSP-NB2

302

284

1.06

3.67

3.60

CFSSP-B1

281

288

0.96

4.0

4.40

CFSSP-B2

283

274

1.03

5.50

3.25
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Chapter 8
CFSSP-WALLS DESIGN PROCEDURE
8.1

Introduction

Based on findings from the available literature review, experimental work, and analytical work presented
in the previous chapters of this report, a method for the design of CFFSP-Walls with dominant flexural
behavior was developed. The design principles revolve around the goal that the CFSSP-Wall section
should be able to develop its full plastic moment capacity and maintain it while going through relatively
large inelastic displacements. Accordingly, local buckling of the CFSSP-Wall skin plates should occur
only post yielding, which dictates constraints on the diameter-to-thickness ratio, D t , for the circular
parts of the wall cross-section’s skin plate and constraints on spacing of tie bars-to-web plate thickness
ratio, w t . The tie bars are spaced to minimize local buckling and to transfer shear between the skin plate
and the concrete core.

In the following sections of this chapter, requirements for different parameters relevant to the seismic
design of the proposed CFSSP-Walls cross-section are presented, in a format compatible with ASCE-7
(2010) and AISC-341 (2010) specifications. Section 8.2 reviews some seismic design parameters already
used by those specifications in with regards to their applicability for CFSSP-Wall, in terms seismic design
levels (i.e., strength, and ductility requirements for a given seismic demand. Then, expressions developed
to calculate the plastic moment capacity of the proposed CFSSP-Wall cross section are presented (Section
8.3), followed by a description on how elastic buckling theory was used to specify vertical and horizontal
spacing of the tie bars (Section 8.4), and how plastic deformation of the skin plate can be used to calculate
their diameter (Section 8.5). Brief comments on calculation of effective flexural stiffness (Section 8.6)
and plastic deformation limits (Section 8.7) are included. All of those parameters are used to establish a
seismic design procedure for CFSSP-Walls, proposed for possible implementation in AISC-341 (Section
8.8). Finally an example showing the details of the design procedure for the proposed type of walls is
presented (Section 8.9).
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8.2
8.2.1

Seismic Design Recommendations for CFSSP-Wall Design
Introduction

Although the proposed CFSSP-Walls are not explicitly covered by current seismic design codes, there are
some aspects of existing design codes that can be referenced in the design of CFSSP-Wall systems.
ASCE-7 (2010) addresses system ductility performance, and AISC-341 (2010) has recommendations for
the minimum thickness and maximum diameter-to-thickness ratio for the steel components and concretefilled members that could be applicable to CFSSP-Walls. For example, the diameter-to-thickness limit
ensures that the steel skin plates would not develop local buckling prior to the cross-section attaining its
full plastic moment capacity (yielding of the steel components of the cross-section). In this section, parts
of these existing codes and specifications addressing seismic design aspects that could be applicable to
CFSSP-Walls are considered.
8.2.2

ASCE Seismic Design Recommendations for CFSSP-Walls

The type of CFSSP-Walls considered here provides is currently included in the general category of
structural composite plate shear walls covered in section H6 of AISC-341 (2010), which states:
"Composite plate shear walls (C-PSW) shall be designed in conformance with this section.
Composite plate shear walls consist of steel plates with reinforced concrete encasement on one or
both sides of the plate, or steel plates on both sides of reinforced concrete infill, and structural
steel or composite boundary members".
However, close scrutiny of the design and detailing provisions outlined in clause (H6) reveals that they
are more specifically applicable to the design of steel plate shear walls encased in concrete, of the type
tested by Zhao and Astaneh (2004).

, their experimental and analytical work showed that this kind of

walls could achieve up to 4.2% inter-story drift which indicates that this type of walls have relatively high
ductility and that is revealed in the recommendations of the design codes for this type of walls (
discussed later in this chapter).
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As a consequence of the implied inclusion of CFSSP-Walls in AISC 341-10 Clause H6, this structural
system would share the same seismic design factors specified for “building frame systems with steel and
concrete composite plate shear walls” as per ASCE-7 (2010).
Table 8-1 presents seismic design parameters for CFSSP-Walls. Despite the fact that the type of CFSSPWalls considered here provides ductility through flexural yielding (rather than shear yielding for the type
of steel and concrete composite plate shear walls currently addressed by the provisions of AISC-341-10
clause H6), it is fortunate that the limited work done in Chapter 5 suggests that these design factors would
be appropriate for CFSSP-Walls.
Table 8-1 Seismic Design Factors used for CFSSP-Wall Design as per ASCE 7
Deflection

Building Frame

Response Modification

Over Strength Factor,

System

Factor, R



(1)

(2)

(3)

(4)

6.5

2.5

5.50

Concrete Filled
Sandwich Panel Wall

Amplification Factor,
Cd

However more research is desirable to be able to validate these response modification factors for a broad
range of composite concrete steel plate shear walls having different configurations, as changes in
configuration of the wall could modify its ductile performance mechanism (e.g. developing shear
yielding, or global walls instability for slender walls, instead of flexural yielding), which can have a
profound effect on the displacement ductility capacity of the wall system (and consequently the above
values of the seismic design factors).
8.2.3

AISC Seismic Design Recommendations

Although AISC-341 (2010) does not have specific recommendations for design of the proposed CFSSPWalls, it provides limiting values for the diameter-to-thickness , D t , ratio of compression elements for
moderately ductile and highly ductile members, as specified in Table D1.1, including limits that could be
applicable for the round HSS part of the proposed cross sections.
For composite, concrete-filled, round HSS, the limit value for highly ductile members,
moderately ductile limit,

md , respectively is given by:
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hd , and

hd  0.076  E Fy 

(8.1)

md  0.15  E Fy 

(8.2)

And twice that value for moderately ductile members.
For round HSS tubes (not filled with concrete), the D t limit for highly ductile members hd , and
moderately ductile members,

md , respectively, are given by:

hd  0.038  E Fy 

(8.3)

md  0.044  E Fy 

(8.4)

These limits, however, were developed to achieve flexural ductile behavior of composite columns, rather
than to ensure ductile cyclic compression/tension behavior of the wall’s boundary elements. For the
experimental program conducted in this project (Chapters 4 and 5), the limit specified by Equation 8.4
was used and shown to be effective to achieve the intended seismic performance, as mentioned earlier.
Finite element analyses presented in Chapter 6 investigated the performance of CFSSP-Walls with round
HSS having D/t ratio at the limit provided by Equation 8.1, and results indicated that these walls can
provide the required plastic moment capacity and ductility, theses limits were augmented in the proposed
CFSSP-Wall design procedure presented later in this chapter. The experimental and analytical work
presented in chapters 4 through 6 in this document the ratio of D/t that is equal to 0.044(E/Fy) seems to
guarantee ductile performance for the CFSSP-Walls under consideration, however the limited finite
element analysis presented in chapter 6 of this document shows that using D/t ratio equals to 0.076 (E/Fy)
for the HSS part of the CFSSP-Wall cross-section can provide the required ductile performance for the
CFSSP-Walls.
8.3

Plastic Moment Capacity of the CFSSP-Wall

As described in Chapters 3, 4, and Appendix B, the plastic moment capacity of the proposed CFSSP-Wall
cross section is calculated considering the following assumptions:
1.

The stress distribution on the steel part of the cross section (i.e., the HSS and steel webs), is uniform
and has a value of Fy
'

2.

The stress distribution on concrete in compression is taken as uniform and having a value of f c

3.

The factors accounting for actual shape of the stress distribution in concrete (typically equal to 0.85)
are neglected here, and a uniform distribution of compression stresses is considered instead. Note
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that, as shown in previous chapters, this provides good estimates of the cross-section strength (the
reduction in strength that the 0.85 factors would provide is compensated by increases in the concrete
core strength due to partial confinement).
The resulting expressions for the plastic moment capacity of CFSSP-Wall cross sections have been
derived using basic principles and the above assumptions. For the CFSSP-NB cross-section, the stress
distribution used to calculate Mp is shown in Figure 8-1.

Forces in the compressed part of the CFSSP-NB cross section are given by:

C1  0.5 AHSS FyHSS

(8.5)

C2   din2 8 f c'

(8.6)

C3  2tsC  Fy ( web)

(8.7)

C4  tc c  fc'

(8.8)

where,
c, is the length of the compressed part of the web part of the wall.
Forces in the tension part of the CFSSP-NB section are given by:

T1  0.5 AHSS F y , HSS

(8.9)

T2  2  b  c  ts Fy ,web

(8.10)

267

Din 2

X1

Fy
Fy
X2

f c'

Figure 8-1Schematic Diagram for Stress Distribution on CFSSP-NB cross-section
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By applying equilibrium between tension and compression forces, an expression for the length of the web
under compression, c can be calculated

C1  C2  C3  C4  T1  T2
c

(8.11)

2bts Fy , web  0.125( din2 ) f c'

(8.12)

4ts Fy , web  tc f c'

The plastic moment capacity, M p , of the section can be given by:

 2d 3  3 din2 c c 2tc  '
 2d

M P  0.5 AHSS Fy , HSS  HSS  b   b 2  2c 2  2cb  ts Fy , web   in

 fc
24
2 
 



(8.13)

For the CFSSP-B cross-section, the stress distribution is shown in Figure 8-2. Forces in the part of the
cross-section under compression are given by:

C1  AHSS Fy

(8.14)

C2  2tsC  Fy ,web

(8.15)
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N.A

Figure 8-2 Schematic Diagram for Stress Distribution on CFSSP-B Cross-section

C3 

 din2 '
 fc
4

(8.16)
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Xtc '
 fc
3

(8.17)

C5   c  X  tc . f c'

(8.18)

C4 

where,

X  0.5 din  din2  tc2 



The forces in the part of the cross-section under tension are given by:

T1  2(b  c)ts  Fy ,web

(8.19)

T2  AHSS Fy , HSS

(8.20)

By applying equilibrium between tension and compression forces, an expression for the length of the web
under compression stresses, c, can be calculated

C1  C2  C3  C4  C5  T1  T2
c

(8.21)

2bts Fy , web   0.67 Xtc  0.25 din2  f c'

(8.22)

4ts Fy , web  tc f c'

The plastic moment capacity, M p , of the section can be given by:

M p  AHSS Fy , HSS b  2 X  d HSS   b 2  2c 2  2bc  ts Fy ,web 
0.25 din2  0.5d HSS  c  X   0.33 Xtc  c  0.67 X   0.5tc  c  X 2  f c'



(8.23)

Strengths obtained from those closed-form expressions to estimate the plastic moment capacity are
compared with the maximum strengths developed by the tested specimens, in Table 8-2 . The expressions
derived based on the aforementioned assumptions are shown to conservatively estimate the plastic
moment capacity, M p , for the proposed cross-section configurations.
On average, for the two tested CFSSP- NB walls without boundary elements, the expression in 8.13 gives
a value of M P equal to 87% of the peak value obtained experimentally, while for the CFSSP-B walls
with boundary elements, the expression in 8.23 gives a value of M P that equal to 81% of the peak value.
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This difference is attributed to strain hardening of the steel and confinement of the concrete. Note that the
relatively larger difference obtained for CFSSP-B is possibly due to a more effective confinement of the
concrete inside the round HSS (leading to higher peak concrete strength).
Table 8-2 Plastic Moment Capacity Expressions Compared to Tests Peak Values
Proposed Expressions, M p

M P M max

(1)
CFSSP-NB1

Test Results, M max
(kip-in)
(2)
36600

(kip-in)
(3)
31969

(4)
0.87

CFSSP-NB2

36480

31969

0.88

CFSSP-B1

33720

27437

0.81

CFSSP-B2

33960

27437

0.81

Tested Specimen

8.4

Local Buckling of the CFSSP-Wall

8.4.1

Theoretical Plate Buckling Equation

The vertical and horizontal spacing of the tie bars, w1 and w2, respectively, are calculated such that the
skin plates would not experience local buckling before yielding. Beyond yielding, local buckling of the
skin plates will unavoidably develop during cycling inelastic response; these are restrained due to
presence of concrete such that buckling waves will only occur by deforming away from the concrete.
The elastic critical local buckling stress of a steel plate under uniform compression, neglecting the effect
of initial plate imperfections, is given by:

 cr 

k 2 E

12 1  2   S t 

(8.24)

2

where,

k , is the buckling factor of the plate dependent on its end conditions taken equal to 4 in case of simple
supported ends.
Wright (1995) used energy methods to derive closed-form expressions for the limits of the width-tothickness ratio, S t , under different loading conditions and that for sections filled with or encased in
concrete, The plate buckling waves will be unidirectional waves due the presence of concrete on one side
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of the plate. Wright equated the energy associated with the plate deformation into an assumed buckled
shape to that associated with load application on the plate.
The case under consideration is the case where a compression flange in concrete filled section is subjected
to uniform compression and have simply supported edges, and by considering yield stress as the critical
stress in the energy expression, Wright showed that the b t ratio should be less or equal 37 to assure
ductile behavior, yielding prior to buckling of the plates. For the CFSSP-Walls tested in this research the
maximum S/t ratio used were 38.40.
Assuming that plates having a simply supported edges is a conservative assumption, as the end condition
of the plates are determined through the horizontal spacing of the tie bars and their stiffness.
8.4.2

Elastic Buckling of Skin Plate

In the CFSSP-Walls considered here, the skin plate is composed of a circular or half circular section
welded to steel web plates.
Each web skin plate is considered as a column laterally-restrained at the tie-bars. Boundary conditions
were considered to be fixed end (due to continuity of the plate and symmetry) at the location of the tie
bars. The resulting “column” has a length of w1 , a rectangular cross section of width, w2 , and thickness,

t , and a corresponding column buckling factor, K , of 0.5 (for the theoretical fix-fixed case, as also
presented in AISC (2010). Per the Euler column buckling equation, the critical buckling stress,

 cr , for

the column is given by:

 cr 

 2E

(8.25)

 Le 
 
 r 

By making the critical stress equal to the yield stress:

 cr   y 

 2E
 Kw1 


 r 

(8.26)

2

and

r

w2t 3
t2
t


 0.289t
12w 2 t
12 2 3
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where,

r is the radius of gyration of column cross section w2  t ,

Le is the effective buckling length = K  L

L is the length of column, which is equal to the vertical spacing of tie bars, w1
Accordingly, substituting the expression for r into equation 8.23, and re-arranging the equation, the w t
ratio that ensures yielding of the web plate prior to its local buckling is given by the expression:

w1
E
 1.815
t
Fy

(8.27)

For steel with, E = 29000 ksi and Fy = 50 ksi, the resulting w t = 43.7
8.5

Design of the Tie Bars

The diameter of the tie bars should be selected such that they can provide adequate stiffness to control
local buckling of the web plates, resist the shearing force transferred between the reinforced concrete core
and the steel skin plate, and have adequate strength to resist the tensile force that develops during
formation of the plastic mechanism created during inelastic buckling of the web skin plate.
The first of these requirements is not quantified here, as it is believed to not be a controlling parameter for
most applications.

Also, given the large number of ties typically used in such walls, the second

requirement is not expected to govern design either. The tie bars could be conservatively sized by equally
dividing the shearing force between the steel skin plate and the concrete core, as per chapter 5 of this
document the steel web plates sustain approximately 50% of the shear acting on the panel.
The resulting shearing force per tie bar:

Vbar 

V
2n

(8.28)

where,
V, is the total shearing force at each floor level
n, is the number of tie bars between two floor
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Tensile force in the tie is calculated from the yielding of the web skin plate during buckling after the
CFSSP-Wall has attained its plastic moment capacity. When the web plates buckles, plastic hinging of
the skin plates forms as shown in Figure 8-3. Due to formation of this plastic mechanism, plastic moment
capacity of the plates are reached at the plastic hinges locations. The shear forces that develop at the end
of each buckled segment, obtained from equilibrium of the free-body-diagrams shown in Figure 8-3,
induce tension forces on the tie bars.

Figure 8-3 Buckling of the Skin Plates and Formation of Plastic Hinges
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In this free-body diagram, the buckled zone mechanism is idealized as a fixed end beam having a span of

w1 , width w2 ,and thickness, t , with plastic hinges formed at the fixed ends and mid span of the beam.
The corresponding plastic moment capacity of the cross section is given by:

M p ,w. p 

w2t 2
 Fy
4

(8.29)

The tensile forces acting on the tie bars due to formation of those plastic hinges in the buckled skin plate
can be calculated from beam reactions on left and right of the tie bar. The reaction, Vplate from the buckled
skin web plate can be calculated from the expression:

Vplate 

2M p

 w1 2 



4M p

(8.30)

w1

The resulting tension force acting on the tie bar due to formation of the plastic hinging mechanism in the
buckled web plate, is set as equal to the strength of the tie bar. This gives:

 w 
w 
d2
Ttie.bar  2Vplate  2  4t 2  2  Fy , plate  2t 2  2  Fy  tie.bar  Fy ,tie.bar
4
 4w1 
 w1 

(8.31)

Re-arranging this equation, the following required tie bar diameter is obtained:

 w  F
d min  1.59ts  2   y , plate

 w1   Fy ,tiebars





(8.32)

where

Fy , plate , Fy ,tie.bars , yield stress for web plate and the tie bars respectively
Welds used to connect the tie bar to the skin plate should also be able to develop the force calculated by
Equation 0.27.
8.6

Equivalent Elastic Stiffness

The effective flexural elastic stiffness for the CFSSP-Wall is to be calculated using Equations I2-14 and
I2-15 in AISC-341 (2010), given by:

( EI )eff  Es I s  C3 Ec I c

(8.33)

where,
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Is ,Ic are the gross moment of inertia for the steel and concrete parts of the CFSSP-Wall cross-section,
respectively.
C3 is a reduction factor accounting for the cracking of concrete, and given by:

 As 
C3  0.6  2 
  0.90
 As  Ac 

(8.34)

The effective stiffness is calculated as the summation of the full stiffness of the steel section and a portion
of the concrete stiffness to account for cracking of the concrete. In order to calculate the C1 factor based
on the experimental program, the peak displacement,  ,and the corresponding load, P, at the first
loading cycle were used to calculate the (EI)eff value considering the tested CFSSP-Walls as cantilever
beams of length , L, with lateral load acting at their end, such that:

PL3

3  EI eff

(8.35)

Since there were very little information about the actual elastic modulus for the concrete used in the
testing specimens, and because of the variability involved with concrete having fly-ash the experimental
data cannot be used to calculate the factor C3, yet the factor C3 was calculated based on the finite element
analysis for rectangular section used Chapter 3, push over analysis for the tested specimens, and finally
using the (EI)eff from Xtract to calculate C3, the details of these calculation is placed in Appendix D. The
estimated value of C3 factor is summarized in Table 8-3.
Table 8-3 Calculated C3 Factor Based on Test Results
CFSSP-Wall

(EI)eff

C3, AISC-341

C3, Test

(1)

(2)

(5)

(6)

CFSSP-NB1

295,473,917

0.763

0.38

1,102,486,803

0.80

0.33

Rectangular
CFSSP-Wall

8.7

Proposed Deformation Limit for the CFSSP-Walls

A limit to the in-plane lateral deformation of the CFSSP-Walls is determined based on the test results, by
defining the maximum displacement permitted in design as corresponding to that at which the
experimentally obtained CFSSP-Wall load bearing capacity degraded from the maximum value to eighty
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percent of its peak capacity. As it is expected that this lateral displacement limit will change depending on
wall geometry, the deformation limit is determined by first defining a limit strain value, then translated
into a curvature limit.
The maximum curvature,

max 

 c,max
X1



max , is given by:

 t ,max

(8.36)

X2

where,

 c,max ,  t ,max are maximum compression and tensile strain

X1 , X 2 are the distances from the plastic neutral axis and outermost compression or tension fibers
The relationship between maximum lateral displacement and curvature for a cantilever wall is given by:

Lp 

 max   p  max   p  Lp  L  
2 


(8.37)

where,

 max ,  p are maximum and plastic displacement

 p is the plastic curvature
L is the total length of the cantilever wall
Lp length of the plastic hinge which is equal to the total depth of the wall cross section, W, as described in
Chapter 6 of this document
By considering that the value for max   p accordingly the Equation 8.37 can be reduced to the
following form:

Lp 

 max  max  Lp  L  
2 


(8.38)
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The value of max can be taken as the maximum value reached in the experimental program, which were
equal to 75×10-5 (1/in) and 79×10-5(1/in) for the CFSSP-NB and CFSSP-B, respectively. An average
value of 77×10-5(1/in) can be considered for both CFSSP-Walls.
Accordingly the maximum displacement at the top of the CFSSP-Wall, wall,  max , should not exceed the
value given by Equation 8.38. As part of the design process, this value would be the one calculated
elastically for non-reduced seismic loads (i.e., before applying the R-factor).
8.8

Proposed Design Procedure for CFFSP-Walls

Designing a CFSSP-Wall is an iterative process that starts by selecting preliminary dimensions for the
cross-section based solely on the calculated strength demand on the system (beyond architectural
constraints, of course). After cross-section dimensions are selected, the actual plastic moment capacity of
the section can be calculated, and spacing of tie bars is calculated such as to prevent local buckling in the
skin plate prior to its yielding to ensure adequate transfer of the shearing force between the skin plate and
the concrete core, and to elastically resist forces from plate buckling. Then, the wall deformation limit is
checked by comparing the calculated curvature at the design drift to the curvature limit obtained from the
testing program. The following outlines the steps of that process in slightly more details, and illustrates
the sensitivity of some results to variations in the value of some parameters.
8.8.1

Preliminary Dimensions of the CFSSP-Wall Cross-section

CFSSP-Wall preliminary dimensions are calculated considering the strength demand on the wall, and
some general assumptions (for both kinds of proposed CFSSP-Walls) that can be summarized as follows:
1. The axial force acting on the wall is neglected and CFSSP-Wall is subjected to flexural demand only.
Interaction for combined axial load and flexure is to be checked in subsequent iterations.
2. Assume that both the HSS and the steel web parts of the skin plate have the same Fy. Although the
equations in Section 8.3 allow for different materials for the HSS and plates, this can be more
expedient in preliminary design.
3. Assume a concrete strength,, 𝑓𝑐′ . Note that, as far as flexural strength is concerned, selection of
concrete strength,, 𝑓𝑐′ , is of limited significance, as results presented below will illustrate. Per
available data strength of concrete should be taken between 4 and 7 ksi.
4. Assume a ratio between web thickness of the CFSSP-Wall and total web depth, b, that could range
between 0.1b to 0.2b.
5. Assume a thickness of the HSS (i.e., circular ends of the CFSSP-Wall) the same thickness as that of
the web skin plate.
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6. Assume that approximately 0.8 to 0.85 of the flexural demand is resisted by the steel part of the
CFSSP-Wall cross-section
On the basis of the above assumptions, an expression to calculate the web depth of the CFSSP-Wall is
derived for 0.8MD.
7. For CFSSP-NB wall web depth can be calculated according to the following:
i.

D ts  0.044  E Fy 

ii.

The plastic section modulus for the steel skin of CFSSP-NB is given by:

(8.39)



 Fy
Z P  22.73 Xb3  X 2  X  0.5
2

 E
iii.

(8.40)

The web depth, b, considering that 80% of the demand is resisted by the steel part of the
CFSSP-Wall cross-section, can be estimated by:

b  0.26

E 
 


 F2
X  X 2  X  0.5   y 
2


MD

3

(8.41)

where,
MD , Seismic demand calculated
X , ratio of half HSS diameter to the total web depth (taken between 0.1 to 0.2).
8. For CFSSP-B wall web can be calculated according to the following:
i.

D ts  0.044  E Fy 

ii.

The plastic section modulus for the steel skin of CFSSP-NB is given by:

(8.42)

Z P  34.1Xb3 1.68 X 2  1.5 X  0.5
iii.

Fy

(8.43)

E

The web depth, b, can be estimated by:

b  0.29 3

E 
MD
 2
X 1.68 X 2  1.5 X  0.5   Fy 

(8.44)

where,
MD , and X are as defined in item 7.
It should be noted here that D/t ratio chosen in the above steps reflects the limit that guarantee ductile
performance per experimental and analytical work presented in earlier chapter of this document, however



as mentioned earlier limited analytical work have shown that a value for D ts  0.076 E Fy



can be

used. The equations 8.41 and 8.44 are represented in Figure 8-4 to Figure 8-9 where this charts give the
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value of web depth b, knowing the flexural demand, geometric configuration of the wall and finally the
thickness of the concrete with regards to the web depth.
9. The preliminary dimensions obtained per the above steps and adjusted as necessary, the actual value
of M p is calculated using equations 8.12 and 8.13, and compared to the demand.
10. If M

p ,calculated

< M Demand changing the cross section dimensions or increasing steel strength is

effective, while increasing the concrete strength will not significantly increase strength, as shown in
Figure 8-4 to Figure 8-9 below. If M

p ,calculated

 M Demand the assumed cross-section dimensions is

adequate (and could be optimized is over-strength is significant). Note that flexure-axial interaction
can be taken into account at this stage, as appropriate.
11. Spacing of the tie bars is then calculated such that the CFSSP-Wall cross-section can attain its plastic
moment capacity prior to local buckling of the skin plates.
12. In-plane displacement at the wall free end is calculated using the un-reduced seismic loads (i.e., for R
factor of 1.0) considering the equivalent elastic stiffness using the equation provided in Section 8.6,
and compared against the displacement limit given by equation 8.33. Note that this is in addition to
the inter-story drift requirements of ASCE-7 (2010). If the lateral displacement limit are not satisfied,
it is proposed to increase the depth of the wall cross-section to increases the section stiffness and
increase the length of the plastic hinge.

To facilitate the preliminary design of the CFSSP-Walls, curves were constructed to help select
preliminary dimensions of CFSSP-Walls based on the flexural demand on the wall system. The curves
shown in Figure 8-4 to Figure 8-6 are used to design CFSSP-NB walls. The curves shown in Figure 8-7 to
Figure 8-9 are used as design aids for the CFSSP-B walls. These figures were developed using the
following assumptions:
'

a. The strength of concrete, f c , is taken equal to 4, 5, 6 , and 7 ksi.
b. The yield stress, Fy , for the HSS and steel web is taken equal to 50 ksi.
c. Total thickness of the wall is considered to be equal to X1b, where X1 is taken equal to 0.10, 0.15, and
0.2.
d. The thickness of the round half HSS of the CFSSP-NB cross section is the same as the steel web.
e. The thickness of the skin plate is normalized by considering the following:
I.

For CFSSP-NB walls, the diameter of the HSS, D, is taken equal to X1b, and the thickness of
the skin plate is calculated using equation 8.1, such that, t = 22.73D(Fy/E)
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II.

For CFSSP-B walls, the diameter of the HSS, D, is taken equal to 1.5X1b, and the thickness
of the skin plate is calculated using equation 8.1, such that, t = 19.725(Fy/E)

For a given flexural demand on the wall, the charts can be used to select a depth of the wall’s web and
consequently the rest of the wall dimensions. After selection the cross-section dimensions, the actual
plastic moment capacity of the wall is calculated, followed by selection of tie bars spacing, verification of
in-plane displacement at the top of the wall and inter-story drift for the CFSSP--Walls.
Although the curves in Figures 8-4 to 8-9 were intended as design aid, they are useful to show that the
changing concrete strength, fc', has an insignificant effect on MP.
The relation between the wall capacity and the web depth, b, at concrete strength fc' = 4 ksi, for different
ratios of diameter of the HSS part to the total web depth is shown in Figure 8-10 for CFSSP-NB walls and
shown in Figure 8-11 for CFSSP-B Walls.
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Figure 8-10 CFSSP-NB Wall Capacity for fc'=4ksi, and Different D Values

Figure 8-11CFSSP-B Wall Capacity at fc' =4 ksi, and Different D Values
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8.9

Design Example

This section presents the design of a building having CFSSP-Walls with and without boundary elements,
as the lateral load resisting system. The design example is based on "Design Example II: High Seismic
Design" presented in Chapter 5 of the Steel Plate Shear Wall Design Guide (2006). The example was
adjusted to be in compliance with the updated editions AISC-341 (2010) and ASCE-7 (2010), where
relevant discrepancies with the new codes were adjusted to comply with the current versions of codes.
8.9.1 Building Description and Proposed Lateral Load Resisting System
The building is a 9 stories office building with a total height of 122', with a typical floor height of 13' and
first floor height of 18', located in downtown San Francisco, on the corner of Montgomery and Market
Streets. The typical floor plan is shown in Figure 9-1. Eight CFSSP-Walls are distributed on the
perimeter of the buildings. The CFSSP-Walls have the same size and stiffness in order to eliminate
irregularities that lead to torsion effects and to facilitate analysis using the equivalent static method.
8.9.2

Construction Materials used for the CFSSP-Walls

The skin plate material for the CFSSP-Walls is A572 Grade 50 (with Fy  50ksi and Fu  65ksi ) and
concrete specified strength, f c  7ksi .
'

8.9.3 Seismic Loads
The total weight of the building, W is 20,700 kips. The latitude and longitude values for the site (

37.789o and 122.402o , respectively) were used to obtain the seismic ground motion values from USGS
website. For the prescribed location, the Peak Ground Acceleration (PGA) is 0.7062g, the spectral
accelerations at a period of 0.2 second, S s , and at a period of 1.0 second, S1 are:

Ss  1.7035g

(8.45)

S1  0.8501g

(8.46)
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Figure 8-12 Schematic Plan of the Building and Location of CFSSP-Walls

Spectral values are modified based on site class in accordance to ASCE 7 Tables 11.4-1 and 11.4-2, by
the modification factors:

Fa  1, Fv  1.5

(8.47)

Spectral response acceleration parameters for short period, S MS , and 1-second period, S1 , calculated
from ASCE 7 equations 11.4-1 and 11.4-2, are:

SMS  Fa Ss  1.70 g

(8.48)

SM 1  Fv S1  1.28g

(8.49)

Design earthquake spectral response acceleration parameters at short period, S DS , and 1-second period,

S D1 , determined from ASCE 7 equations 11.4-3 and 11.4-4, are:
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2
S DS  SMS  1.13g
3
S D1 

(8.50)

2
SM 1  0.853g
3

(8.51)

Accordingly, the seismic design category is D, according to ASCE 7 Tables 11.6-1 and 11.6-2. The
building has no structural irregularities and its height is less than 160 ft; consequently, according to ASCE
7 Table 12.6-1, the equivalent lateral force analysis method can be used.
The approximate building period is calculated using ASCE 7 equation 12.8-7:

Ta  Ct hnx  0.02(122)0.75  0.734sec
The period value, Ts 

(8.52)

S D1 0.853

 0.755sec
S DS 1.13

The associated seismic response coefficient, Cs , is determined in accordance to ASCE 7 equation 12.8-2,
and the response modification factor from ASCE 7 Table 12.2-1 for steel and concrete composite plate
shear wall, R, is equal to 6.5. The seismic importance factor from ASCE 7 Table 1.5-2, I e , is taken equal
to 1. Therefore:

Cs 

S DS 1.13g

 0.174 g
R I e 6.5 /1

(8.53)

The design base shear given by ASCE 7 equation 12.8-1 is:

V  CsW  0.174  20,700  3601.8 kips

(8.54)

The lateral seismic force, Fx , induced at any level is calculated from ASCE 7 equations 12.8-11 and
12.8-12:

Fx  CvxV
Cvx 

(8.55)

wx hxk

(8.56)

n

wh
i 1

k
i i
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The exponent k is calculated through interpolation between values of 0.5 seconds and 2.5 seconds, giving
a value of 1.117, and the corresponding calculated load at each story is presented in Table 8-4.
Table 8-4 Vertical Distribution Factors and Floor Forces
Floor Level

Vertical Load Distribution
Factor, Cvx

Floor Force, Fx (kips)

Roof

0.225

809

8th

0.174

625

7th

0.152

546

6th

0.129

464

5th

0.107

384

4th

0.0847

305

3rd

0.0635

228

2nd

0.0429

154

1st

0.0238

86

The accidental torsion was neglected on calculating the forces acting on the CFSSP-Wall, the forces
acting on the CFSSP-Wall are presented in Table 8-5.
Table 8-5 Forces and Shear on CFSSP-Wall
Height from Ground

Floor Level

Load per Floor (kips)

Shearing Force (kips)

Roof

213

213

122

8th

164

377

109

7th

144

521

96

6th

122

643

83

5th

101

744

70

4th

80

824

57

3rd

60

884

44

2nd

41

925

31

1st

22

947

18
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(ft)

8.9.4

Design of the CFSSP-Walls

As the step of interest of this example, CFSSP-Walls are designed to resist the flexural demands
calculated in the previous sections.

However, for the more general case, in addition to resisting

seismically inducted shear forces and moments, CFSSP-Walls will also be subjected to axial force due to
gravity loads acting on the wall’s effective tributary area as well as due to the self-weight. A number of
load combinations may have to be considered as part of design. Here, for expediency, only the following
load case is considered:

0.9D  1.0E

(8.57)

For expediency, to obtain the axial force acting on the wall, the floor load is approximately calculated by
dividing the total weigh of the building (20,700 kips) by the number of floors (9) and then by the square
foot area of one floor (150 ft2), which gives:

20700
 0.102 kip/ft2
9 1502

The resulting axial Load per CFSSP-Wall = Floor Load ×Tributary Area × Number of Floors =
0.115  20  9  270 kip
The corresponding moment due to seismic load acting on the cantilever CFSSP-Wall to consider for this
load combination is = 213×122 + 164×109 +144×96 +122×83+101×70 + 80×57 + 60×44 +
41×31+22×18 =83,749kip-ft = 1,004,988 kip-in
Note that, as mentioned in the procedure outline in Section 8.8, axial loads are not considered during
preliminary design of the walls, but considered in later design iterations, as will be seen in the following
section.

8.9.5

Design Procedure of CFSSP-Wall

Following the design procedure illustrated in 8.8 of this report, numerical calculations to design the
proposed CFSSP-Wall systems are illustrated below, for cases with and without boundary elements.
Starting with the CFSSP-Wall without boundary elements, design proceeds as follows (per the steps in
8.8.1:
1. The type of CFSSP-Wall considered here is CFSSP-NB, with material properties as given in section
8.9.2, concrete strength 7 ksi and steel yield strength of 50 ksi
2. Using previously presented set of design charts to select preliminary dimensions of the CFSSP-NB
wall. Here, by assuming the thickness of the wall to be 10% of its web depth, the chart shown in Figure
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8-13 (for CFSSP-NB having d = 0.10b) can be used. For the given moment demand of 83,749 kip-ft
'

(vertical axis), using the curve for f c = 7 ksi, an approximate value of steel web depth of 180 inches is
obtained (horizontal axis), as shown in Figure 8-13
3. For a web height of approximately 180 inches, a corresponding 18” diameter round HSS is selected.
Note that the inner diameter of the HSS is equal to the inner thickness of the wall.
4. The thickness of the steel skin plates is taken equal to that of the half HSS, which (for a steel elastic
modulus, E of 29000 ksi and the yield stress of #) is given by:

D t  0.044  E Fy   0.044  29,000 50   25.52
, which give, for D=18”, a minimum thickness, t =0.71in
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Figure 8-13 Preliminary Design of CFSSP-NB Walls using Aid of Curves
Note that a round HSS having this diameter and thickness is not listed in the AISC Construction Manual,
and likely would have to be custom made from a rolled steel plate with the required thickness. Likewise,
selection of the web thickness would be rounded up to the nearest available thickness. However,
calculations from here proceed with the exact thickness value calculated above.
5. The plastic moment capacity of the cross-section can be calculated using equation 8.13 for:
ts=0.71 inch., b=180 inch, tc=18 inch., AHSS/pipe=2πrts=40.15in2
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Then: MP =1,082,053 kip-in > Mu = 1,004,988 kip-in (Ok)
6. The spacing of the tie bar can be calculated, assuming single buckling curvature mode in the vertical
direction (direction of the flexural compression forces) considering the equation:

Sx 

2  E

3 1   2    cr


t  32.51" , the spacing of tie bars is taken equal to 32"


That will lead to 6 bars per horizontal row (180”/32”= 5.63, rounded up to 6).
It is assumed that the vertical spacing is taken equal to the horizontal spacing of the tie bars
Therefore, for an inter-story height of 156”, the number of tie bars per vertical rows =

156
 4.875  5Rows .
32
Summing the tie bars over horizontal and vertical rows, the total number of tie bars between two
floors is 6×5=30 tie bars

7. The minimum diameter of the tie bars, considering equal vertical and horizontal spacing of the tie
bars and the same yield stress for the steel of skin plates and the tie bars, can be calculated according
to:

d min  1.59ts

 w2   Fy , plate
  
 w1   Fy ,tiebars

"

1
  1.59  0.71  1.12"  1
8


8. Assuming a tie-bar connection detail similar to that used in Wall CFSSP-B2 (Chapter 4), design of
the fillet weld between the tie bars and the web skin plate can be accomplished as follows:
I.

Consider thickness of weld to be

1
4

"

 1"  1"
Aw   dtbtw    1    0.88in2
 8 4

II.
III.

The tension capacity of the tie bar = Atie _ bar  Fy  49.7kips

IV.

 Rw  2  0.75  0.6  70  0.88  55.44kips > 49.7kip

9. Check for shear strength of the tie bars:
The shearing force per one tie bar is given by:
Vn=(Maximum Floor Load /2×No.of Tie bars between floors)=(213/2×30)=
61.62kip
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3.05 kips < AsFu =

10. Check for strength of the wall combining both axial load and moment as per loading case given by
equation 8.57,according to the following:
I.

The axial capacity of the CFSSP-NB cross section is given by equation I2-13 in AISC-360 (2010)

pO  As Fy  C2 Ac fc'  295.7  50  0.85  3494.5  7  35577.275kips
II.

For the flexural buckling limit state based on column slenderness, considering the buckling to
occur in the direction of the Y-axis of the wall

 EI 
eff

y

 Es I ys  0.45Ec I yc  29000  24005  0.45  4768  92633  894,898,364

Pe   2  EI eff  /  KL    2 (89.5 107 ) / (1 (18 12)2 )  189328kips
2

Pe  0.44Po
 PO 



P
Pn  Po 0.658 e    32886.3kips





Pc  c Pn  0.75  32886.3  24664.725kips

Pr  0.9  270  243kip,

Pr
 0.0098  0.20 ,
Pc

The interaction equation as per in AISC-360(2010), using equation (H1-1B)
III.

Pr M rx
243
1004988



 0.933  1.0
2 Pc M cx 2  24665 1082053

11. The check for deflection can be calculated considering the CFSSP-Wall as a cantilever beam having
flexural stiffness given by:

EI eff  Es I s  c3 Ec I c = 5.42E10 kip.in2
where,
Ec=57000√𝑓𝑐′ = 4,768ksi
c3 = 0.45., Is=1,058,212 in4., Ic=10,989,315 in4

max/ top _ wall  17.62"
To convert the displacement into equivalent elastic displacement the values should be multiplied by
the factor R of 6.5, leading to:

max,elastic_equ  17.62  6.5  114.53"
This value is checked against the limit provided by Equation #, for a plastic hinge length, LP, taken
equal to total depth of the CFSSP-NB wall of 198". This results in:
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L 
198 


 max,elastic _ equ  max  Lp  L  P   77 105 198  1464 
  208.1"
2 
2 


Accordingly the wall deflection remains within the permissible limit.

Re-solving the Example but for CFSSP-B walls will go as follows:
1. In this case CFSSP-B is chosen together with material properties given in section 8.9.2
2. Using the set of design charts presented to set preliminary dimensioning of the CFSSP-NB wall by
assuming that thickness of the wall to be 10% of its web depth, and diameter of the HSS will be 1.5 times
the web thickness. Using the chart shown in Figure 8-7. Construct a horizontal line from the moment
'

demand till it hit the curve for f c = 7 ksi and draw a vertical line from the intersection point to read
approximated value for the steel web height as shown in Figure 8-14
3. The web height is approx. 160 inch, accordingly the diameter of the round HSS is 24"
4. The Thickness of the steel skin plates, considering that the steel elastic modulus, E equals to 29000 ksi
web and half HSS is given by:

D t  0.076  E Fy  , such that, t =0.54in. Approximated to 9/16", The diameter of the HSS is taken
equal to 24"
5. The plastic moment capacity of the cross-section can be calculated using 8.22, where:
ts=9/16 inch., b=160 inch, tc=16 inch., din=24",. AHSS/pipe=2πrts=42.411in2
The MP =1,044,242 kip-in > 1,004,988 kip-in (Ok)
6. The spacing of the tie bar can be calculated, assuming single buckling curvature mode in the vertical
direction (direction of the flexural compression forces) considering the equation:

Sx 

2  E

3 1   2    cr


t  25.75"  25" , the spacing of tie bars is taken equal to 25",


Accordingly 7 bars per row can be used.
It is assumed that the vertical spacing is taken equal to the horizontal spacing of the tie bars, which
leads to number of tie bars between two floors, can be calculated as follows:
The number of tie bars rows =

156
 6.24  6 Rows , edge distance will need to be adjusted. The
25

total number of tie bars between two floors = 6×7= 42 tie bars
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Figure 8-14 Preliminary Design of CFSSP-B Walls using Aid of Curves

7. The minimum diameter of the tie bars, considering equal vertical and horizontal spacing of the tie
bars and the same yield stress for the steel of skin plates and the tie bars, can be calculated according
to:

d min  1.59ts

 w2   Fy , plate
  
 w1   Fy ,tiebars

"

7
  1.59  0.5625 
8
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8. Design of the fillet weld between the tie bars and the web skin plate:
I.

II.

1
Consider thickness of weld to be
4

"

 7"  1"
Aw   dtbtw        0.69in2
8 4

III.

The Tension capacity of the tie bar = Atie _ bar  Fy  30.06kips

IV.

 Rw  2  0.75  0.6  70  0.69  43.47kips >30.06kip

8. Check for shear strength of the tie bars:
The shearing force per one tie bar is given by:
Vn=(Maximum Floor Load /2×No.of Tie bars between floors)=(213/2×42)=

2.53 kips < AsFu =

61.62kip
9. Check for strength of the wall combining both axial load and moment as per loading case given by
equation 8.57 according to the following:
I.

The axial capacity of the CFSSP-NB cross section is given by equation I2-13 in AISC-360 (2010)

pO  As Fy  C2 Ac fc'  264.82  50  0.85  3432.7  7  33666kips
II.

For the flexural buckling limit state based on column slenderness, considering the buckling to occur
in the direction of the Y-axis of the wall

 EI 
eff

y

 Es I ys  0.45Ec I yc  29000 18456  0.74  4768  89871  852,317,647

Pe   2  EI eff  /  KL    2 (85.2E 107 ) / (1 (18 12)2 )  180232kips
2

Pe  0.44Po
 PO 



P

Pn  Po 0.658 e    31134kips





Pc  c Pn  0.75  32886.3  24664.725kips

Pr  0.9  270  243kip,

Pr
 0.0098  0.20 ,
Pc

The interaction equation as per in AISC-360(2010), using equation (H1-1B)

Pr M rx
243
1004988



 0.97  1.0
2 Pc M cx 2  24665 1044242
9. The check for deflection can be calculated considering the CFSSP-Wall as a cantilever beam having
flexural stiffness given by:
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EI eff  Es I s  c3 Ec I c = 6.83E10 kip.in2
where,
Ec=57000√𝑓𝑐′ = 4,768ksi
c3 = 0.74., Is=1,061,160 in4., Ic=10,645,729 in4

max/ top _ wall  13.98"
To convert the displacement into equivalent elastic displacement the values in should be multiplied
by the factor R leading to:
The plastic hinge length, LP, is taken equal to total depth of the CFSSP-NB wall, 198".

max,elastic_equ  13.98  6.5  90.87"
L 

 max,elastic _ equ  max  Lp  L  P   77 105  201.89  1464  201.89   196.2"
2 
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Chapter 9
SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS FOR
FUTURE WORK
9.1

Summary

Research was conducted on concrete filled steel sandwich panel walls (CFSSP-Walls) in order to
investigate the ductility and seismic performance of this structural system under in-plane flexure. The
research focused onto walls which have an aspect ratio (height to cross section depth), h/W, over 2, such
that the ductile behavior of the wall is induced by developing the plastic moment capacity of the cross
section, Mp. Accordingly, an experimental program was executed at the SEESL lab at University at
Buffalo, followed by analytical investigation that involved plastic analysis, fiber analysis, and finite
element analysis. The experimental and analytical results were used to develop seismic design
recommendations for the CFSSP-Wall.
Previous studies on composite shear walls focused on walls developing the ductile behavior through shear
yielding, with relatively little available work on walls developing flexural yielding, as reflected in existing
design recommendations in AISC 341-10.
In the experimental program, 4 CFSSP-Walls specimens were tested under quasi-static cyclic loading
(following the ATC-24 protocols). These walls were divided into two groups, namely: Group NB and B.
Group NB consisted of walls with no boundary elements, where the specimens end flanges consisted of
half round HSS in order to avoid stress concentration at the corner welds. The specimens of group NB
had an aspect ratio h/W of 2.54. The two tested walls were different in their S/t ratio (expressing steel
plate slenderness, as a function of the spacing of ties, S, divided by the thickness of the plates), which was
taken as equal to 25.6 in specimen CFSSP-NB1 and 38.4 in specimen CFSSP-NB2. In both specimens of
Group NB, the tie bars interconnecting the two steel web plates were seamless 1 inch diameter bars plug
welded to the web steel plate.
The two Group B specimens had full round HSS at their ends, serving as boundary elements. The tested
walls of Group B had h/W of 2.67, and again the two tested walls were different in their S/t ratio, which
was taken as equal to 25.6 in specimen CFSSP-B1 and 38.4 in specimen CFSSP-B2. Other differences
from group B include the fact that specimen CFSSP-B2 tie bars were fillet welded to the web skin plates
(instead of plug welded), and that fiber concrete was used in that specimen in an attempt to reduce the
tension cracks in the concrete at ultimate behavior.
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The tested specimens of both groups performed well.

The four tested specimens were able to

attain/exceed the expected plastic moment capacity and were able to sustain their load capacity up to a
drift exceeding 3%, which emphasized the ductile behavior of these CFSSP-Walls. Strength degradation
of the tested specimens started with local buckling of the web skin plate between the first two rows of tie
bars, after attaining their Mp values. Then, cracks in the steel web started to develop at the tie bar web
skin plate connection, followed by local buckling in the round HSS part of the specimen. Fracture
eventually propagated from the location of the tie bars to the rest of the tested specimens. Local buckling
in the CFSSP-NB walls developed at similar height from the base in the steel web and the round HSS,
while for the CFSSP-B walls, local buckling developed in the web between the rows of the tie bars and at
the base of the HSS. The test results were used to evaluate the ductility of the CFSSP-Walls, and
calculation of their displacement and curvature ductility.
The finite element method using ABAQUS 6.10EF2 explicit solver was then used to establish models
simulating the behavior of the tested walls, and the calibrated models were further used to carry a limited
parametric study investigating design parameters that were not covered in the experimental program. This
included cases with S/t ratio of 50, D/t equal to 0.076 (E/Fy), h/W of 5.9, and finally the use of thicker
concrete (taken equal to 0.35b instead of 0.2b, where b is the length of the steel web of the CFSSP-Wall).
Finally, the experimental and analytical results were used to develop design recommendations for
CFSSP-B and CFSSP-NB walls, including expressions to limit the S/t and D/t ratios, and an expression to
calculate the required diameter of the tie bars (based on the plastic deformation of the steel skin plate
during local buckling). Simple plastic theory was used to derive expressions to calculate the plastic
moment capacity of CFSSP-NB and CFSSP-B walls. Graphical design aids were developed to facilitate
preliminary cross-section design of CFSSP-NB and CFSSP-B walls.

9.2

Conclusions

From the experimental and analytical work conducted in this research program, the following conclusions
are obtained:
1. CFSSP-Walls detailed in accordance to the procedures presented in this report can exhibit satisfactory
ductile performance through flexural yielding.
2. The use of round HSS at the end of the CFSSP-Walls cross-section is effective to avoid the premature
failure of the wall due to stress concentration at the right angle corners of composite members of
rectangular cross-section and observed by other researchers.
3. The tie bars linking the two sides of the steel sandwich panel plays an important role in the behavior
of the CFSSP-Wall and have to be adequately spaced in both the horizontal and vertical directions to
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prevent elastic plate buckling, to make it possible for the CFSSP-Wall to attain its Mp value, and
sustain this capacity through cyclic excursions with limited strength degradation up to 3% lateral
drift. The tie bar sizes are designed to sustain the tension force resulting from plastic deformation of
the buckled web skin plate.
4. The D/t ratio of the HSS part of the proposed CFSSP-Wall configuration need not be more than 0.044
E/Fy for the wall to perform adequately, however, the performed limited finite element analysis
showed that if the HSS part of the cross-section has a D/t equals to 0.076E/Fy it could still perform in
a ductile manner.
5. Calculating the plastic moment capacity of the proposed wall can be done assuming that the steel skin
plates have reached Fy in both tension and compression on their respective sides of the wall’s neutral
axis (considering bending around the strong axis of the wall) and considering that the concrete over
'

the entire compressed part of the wall has reached f c . Note that this simplification neglects factors
typically used in concrete design to account for the rectangular stress block and for the fact that
concrete is assumed to attain only 0.85 of its strength.

Experimental results have shown the

simplified approach proposed here to be conservative.
6.

Fiber analysis techniques can be used to estimate the capacity of the CFSSP-Walls, even when
considering different concrete models. When using bi-linear material models for both steel and
concrete, results will match those calculated in item 5 above.

7. Finite Element modeling can be used effectively to obtain the capacity, ductility, and modes of local
buckling of CFSSP-Walls. However, results can be sensitive to the types of material models used in
the simulation, and it is recommended to use the material models presented in this report.
8. CFSSP-Walls can be designed using the same seismic performance factors, R, specified in ASCE-7
(2010) for special composite shear walls.
9. Seismic design of CFSSP-Walls can be facilitated by the procedures developed to calculate
preliminary cross-section dimensions.

9.3

Recommendations for Future Work

Beyond the current study, many factors still need to be researched to develop a better understanding of the
behavior of CFSSP-Walls in seismic applications. This section highlights some of this needed research.


First, different configurations of CFSSP-Walls should be investigated, including walls with
rectangular cross-sections or with square HSS boundary elements.
studied could also include coupled wall systems.
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Different configurations



Walls with h/W ratio that is less than 2 should be studied. Particularly, for some low aspect
ratios, yielding will include contributions from both shear and flexural yielding.



Effect of the rigidity of the tie bars and its effect on the local buckling of the skin plates need to
be investigated. The primary role of tie bars is to provide supports for the steel panel. There may
be instances when the forces for which the tie bars are designed could give tie bar sizes that can
provide adequate strength but that might not be able to provide sufficient stiffness to adequately
restrain the ends of the buckled part of the steel web panel. A formulation for the required
stiffness of tie bars need to be established.



The possibility of using different vertical and horizontal spacing of tie bars could be investigated,
if instances exist where this could lead to more economical designs (taking into account possible
changes in the buckling mode in such conditions).



Other methods for tie bar skin plate connection should be investigated, including threaded tie bars
with nut welded to skin plate, or ordinary long bolts with head and nuts.



Applications with higher strength concrete (above 8ksi), as well as use of Engineered
Cementitious Composite (also called bendable concrete) that can provide improved tension
behavior, needs to be investigated.



Methods to design the seismic collectors that would have to be used with CFSSP-Walls need to
be investigated, with special attention to the connection between the collector and the wall to
achieve effective load transfer in this case.



The design of horizontal and vertical field splices for CFSSP-Walls need to be investigated, to
develop details that can achieve appropriate load transfer.



The connection between the wall and the foundation need to be further studied, and details should
be developed to economically transfer to the foundation the large moments generated at the wall
foundation interface.



In terms of analysis, more rigorous concrete models need to be used, particularly for crosssections where the concrete portion of the wall has a significant effect on the total wall capacity.
In this case, using a concrete model that can appropriately account for material damage under
cyclic displacement excursions is of paramount importance.



Due to eccentric load, the CFSSP-Walls could be subjected to in-plane and out-of-plane loading.
Out-of-plane loading with relatively small magnitudes will induce additional compression stress
into one of the skin plates, which could change the pattern of local buckling of the skin plate and
could even trigger local buckling at lower drifts compared to walls subjected to in-plane loading.
It is recommended to study the effect of simultaneous bi-axial loading on the behavior of CFSSPWalls.
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APPENDIX B
SPECIMEN DESIGN
B.1 Introduction
The specimen of the flexural concrete filled steel plate sandwich wall (CFSP Sandwich wall) under
consideration is a hollow built up steel section filled with concrete. For flexure about the strong axis of
the wall, the built up section is composed of a double skin steel plate acting as a web and half or full an
HSS sections acting as flange. The CFSP sandwich wall specimens with just half an HSS acting as a
flange is referred to as CFSP-NBni, the NB stands for that there is no boundary elements in such walls
and then refers to the specimen number i.e CFSP-NB1 is a CFSB Sandwich wall specimen that have half
an HSS as a flange and it is number one in the test series. Using the same nomenclature the CFSP
Sandwich walls having a full HSS section, boundary element, at their ends are named CFSB-Bn i.e
CFSP-B1 is a CFSB Sandwich wall specimen that have a full HSS as a boundary element and it is
number one in the test series.
The circular HSS welded to the web plates were used to avoid premature failure of the welds at sharp
corners, as described in the literature review Chapter 2. In the following sections design of both the
specimen and the test setup are presented.

B.2 Plastic Moment Capacity of the CFSSP-NB Sandwich Wall Specimen
For the specimen under consideration, the plastic moment capacity was calculated using basic principles
of plastic analysis (implemented in an Excel Spreadsheet) and verified through using both the EXTRACT
software and the finite element analysis program ABAQUS. Only results obtained using EXTRACT are
presented in this appendix the predicted plastic moment capacity of the tested specimens using finite
element analysis is presented in Table 3-4 in chapter 4 of this document.
The parametric dimensions of the proposed specimens are shown in Figure B-1. The section of the
specimen is typically formed of two steel plates, representing the web of the wall, having length L and
thickness t. Tie bars are placed between the two steel plates and plug welded to each of them. Tie bars are
spaced at a distance S. The half HSS section is welded to the web skin plates through using complete joint
penetration single bevel groove weld. The calculations used to predict the plastic moment capacity of the
tested walls are shown in the following sections.
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Figure B-1 Specimen CFSSP-NB

B.3

Moment Capacity of CFSSP-NB Sandwich Walls Using Plastic Analysis

At the location of the plastic hinge, the corresponding stress distribution on the cross section of the
CFSSP Sandwich wall is shown in Figure B-2.C1 to C4 are the compression forces and T1 and T2 are the
tension forces resulting from stresses acting on specific parts of the HSS section respectively (as
described below), and H1 to H6 are their corresponding lever-arms.
An EXCEL spreadsheet implementing the equations below has been used to calculate the plastic moment
capacity of various contemplated designs. The steps for calculation of the plastic moment are outlined
below. In this analysis, the steel section is assumed have reached the plastic limit, and nominal values of
material strengths are used assuming bi-linear material properties. Therefore, the stresses in the steel
section are taken as Fy in either tension and compression, and the concrete in compression is assumed to
reach an ultimate strength 𝑓𝑐′ . Concrete in tension is assumed to be cracked and not contributing to the
plastic moment capacity of the section.
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Figure B-2 Free Body Diagram for Specimen CFSSP-NB

Accordingly the forces acting on the section can be summarized as follows:
C1and T6are the compression and tension forces respectively developed in the half HSS sections at the
end of the wall cross-section.
C1 and T6 = Fy ×AHSS/2
where,
AHSS/2 = Cross section area of the half HSS
The arm of the force C1 is H1 and is given by
H1= (2r1/π) + y
where
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r1 = 0.5(D-t), is the radius from the center of the HSS to its mid-thickness.
and
Similarly, H6 is given by
H6 = (2r1/π)+ (L-y)
C2 is the compressive force in the concrete enclosed by the HSS section.
C2 = π×(D-2t)2×𝑓𝑐′
It’s lever armH2,is given by
H2 = 4(D-2t)/ 3π + y
C3 is the force in the steel web under compression, equal to 2ytsFY
where, y is the length of the web under compression.
It’s lever arm,H3,is given by
H3 =

y
2

C4 is the force in the concrete web under compression, given by y(b  2ts ) f c'
The corresponding lever arm, H4is given by

H 4  y T5 is the force in the steel web under tension, and equal to
2
The corresponding value of H5 is

 L  y  ts f y

L  y
2

The neutral axis position is calculated by setting the equilibrium between tension forces (in the steel) and
compression forces (in both concrete and steel), or equivalently setting the compression forces equal to
the tension forces. As such, the value of y can be calculated by solving the following equation after
substitution of the above expression into it:
C1 + C2 + C3 + C4 = T5 + T6
The plastic moment is calculated with respect to the plastic neutral axis of the CFSSP wall section.
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M p  C1.H1  C 2.H 2   C3  C 4  .H3  T 5.H5  T 6.H 6
The dimensions of the proposed CFSSP wall specimens are shown in Table B-1. Specimens CFSSP-NB1
and CFSSP-NB2 respectively have the same outer dimensions and the same material properties the only
difference is the spacing of the tie bars. Spacing of the tie bars is very crucial in minimizing local
buckling of the web steel plate sand it is one of the main parameters under investigation in this research.

Table B-1 Dimensions of the Proposed CFSSP-NB
Specimen

Web Plate Length, L

Web Thickness, in

HSS

S

f y (ksi)

f c' (ksi)

(in)
CFSSP-NB1

40

5 16

8.625×0.322

8

50

4

CFSSP-NB2

40

5 16

8.625×0.322

12

50

4

The plastic moment capacity of the proposed specimens is calculated as follows:
AHSS/2= 7.85×0.5 = 3.925 in2
C1=T6 = 3.925 x 50 =196.25 kips
H1= (2x4.161/π) + y = 2.648 + y
H6 = (2r1/π)+ (40-y)
C2 =0.5× (π.r2)× 4 = 0.5x(π×42)×4= 25.13 × 4 = 100.52 KIPS
H2 = 4×4/(3π) + y = 1.697 + y
C3 =2×0.315y×50 =31.5y,
H3 = y/2
C4 = 8×4×y =32 y
H4 = y/2
T5= 2×0.315×(40-Y)× 50 =1260 – 31.5y
H5 = (40-y)/2
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By equilibrium the value of y can be calculated as follows:
C1 + C2 + C3 + C4 = T5+ T6
100.52 + 31.5y + 32 y = 1260 -31.5y
95y = 1159.48
y = 12.205 in”
The corresponding plastic moment for the specimen is:

M p  C1.H1  C 2.H 2   C3  C 4  .H3  C5.H 4  C 6.H 5
MP = 196.25× (2.648+12.205) + 100.52 × (1.697 + 12.205) + 31.5 ×12.205× (0.5×12.205) +
32x12.205x(0.5×12.205) + 875.5425 × (40-12.205)×0.5 + 196.25×30.443 =27223 kip-in
These analysis steps were implemented in a spreadsheet to calculate the plastic moment capacity of
CFSSP Sandwich walls, with no boundary elements having different dimensions. Table B-2 shows the
corresponding spreadsheet results for Specimen CFSSP-NB1. The final outer dimensions of specimens
CFSSP-NB1 and CFSSP-NB2 are shown in Figure B-3.
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Table B-2 Capacity of the CFSSP-NB Wall

Figure B-3 Outer Dimensions for Specimen of Group CFSSP-NB
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B.4 Moment Capacity of CFSSP-NB Sandwich Walls Using Fiber Analysis
To verify the above analysis results, the XTRACT software was used. The material models used for both
of the concrete core and the steel case were elastic perfectly plastic models with no strain hardening. The
mesh used was half by half inch. The results from the XTRACT analysis report are shown in Figure B-3.
In the XTRACT analysis the concrete elements under tension have the red color, crushed concrete
elements have the light grey color and un-crushed concrete under compression have the blue color.
The plastic moment obtained by XTRACT is Mp = 26360 Kip-in. Given that the plastic moment
calculated using plastic section properties in Section B2.1 is 27107 Kip-in, this corresponds to a
difference of 2.83%. This small discrepancy is attributed to size of the mesh, the approximation used at
the round parts of the section and the fact that there is some bilinear hardening slope in the moment
curvature relationship despite the analysis used bi-linear elastic perfectly plastic steel material model.
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B.5 Plastic Moment Capacity of the CFSSP-B Walls
CFSSP sandwich walls having boundary elements consisting of complete HSS columns were considered.
This cross-section is an extension of the previous one, modified by replacing the half HSS at its ends by a
full HSS section instead. In this case CFSSP sandwich walls are considered to be having boundary
elements, the diameter of the HSS is selected to be larger than the width of the wall’s web. In the
following calculations, the dimensions of the CFSSP sandwich wall with boundary elements were chosen
such that the plastic moment capacities of the wall specimens with and without boundary elements were
almost the same.
The proposed section of the CFSSP sandwich wall with boundary elements is shown in Figure B-4 for a
generic cross-section. The total length of the web is L and thickness of each web steel plates is t. The total
width of the wall is b and spacing of the tie bars is S. Note that the steel web plates are to be welded to the
HSS using full penetration groove welds. The different parameters were used to illustrate how the plastic
moment capacity is calculated. The procedure to calculate the plastic moment capacity of the proposed
section is presented below.

Figure B-4 Cross-section of the CFSSP-B Specimens
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Figure B-5 Free Body Diagram for Specimen CFSSP-B

Similar to the case CFSSP-NB, the steel section is assumed have reached its nominal yield strength, Fy in
both tension and compression above and below the neutral axis. Concrete under tension is cracked and
does not contribute to the plastic moment capacity of the section while the concrete under compression is
assumed to reach an ultimate strength equals to f c' .
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Figure B-5 shows the internal forces generated in the section and their respective lever arms. The forces
generated in the section and the moment arms are summarized as follows:
C1 and T9are the compressive and the tension force in the HSS section respectively, defined as,
C1=C9 = AHSS×Fy
C2 is the compressive force in the concrete enclosed by the HSS section.
The corresponding lever arms are
H1=H2= ro+ y
H9 = ro + (h-2x-y)
C3and T8 are the forces in the steel web over the distance X in compression and tension respectively,
given by.
C3=C8 =2tsXfy
The lever arm H3is given by
H3 = X/2 + y
AndH8is given by
H8= X/2 + (h-2x-y)
C4 is the compression force in concrete for the area of the parabolic segment over distance X, given by

C4 =

Xb
 f c'
6

with a corresponding lever arm H4 given by
H4 = 0.3X+ y
where X is the height of the parabola and 0.3X is the position of the parabola c-g measured from the base
according to the geometric relationships.
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C5 is the force in the concrete web under compression, equal to
C5 = 2× t × Y × fy
The lever arm H5is given by
H5 = Y/2
C6is the force in the steel web under compression
C6 = bin × y × f c'
The corresponding value of H6is given by
H6 = Y/2
C7 is the force in Steel web under tension, equal to
C7= (h-2x-y)×ts×fy
H7is given by
H7 =(h-2x-y)×0.5
As a result of axial force equilibrium, the value of y can be calculated as follows:
C1 + C2 + C3 + C4 + C5 + C6 = T7 + T8 +T9
y = [2htsf y- C2- C4]/[4tsfy – bfc]
The plastic moment is then calculated with respect to the neutral axis of the wall section.
Mp = C1.H1+ C2.H2 +C3.H3 + C4.H4+ C5.H5 + C6.H6 +T7.H7 + T8.H8 + T9.H9
The cross section dimensions for the CFSSP sandwich walls with boundary elements specimens are
shown in Table B-4. The only difference between the two proposed specimens is the spacing of the tie
bars and consequently the b/t ratio for the steel skin plate of the wall. Table B-4 Proposed Dimensions of
CFSSP Wall Specimens with Boundary Elements, CFSSP-B.
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Table B-3 Specimens of Group NB
Specimen

Web Plate Length, L

Web Thickness,

HSS

S

Fy (ksi)

f c' (ksi)

(in)

(in)

CFSSP-NB1

40

5 16

8.625×0.322

8

50

4

CFSSP-NB2

40

5 16

8.625×0.322

12

50

4

A spreadsheet was developed to calculate the plastic moment capacity of a CFSSP sandwich wall with
boundary elements having arbitrary cross section geometry. Table B-5 shows the spreadsheet results for
the dimensions of Specimen CFSSP-B1.As mentioned earlier, dimensions of that specimen were chosen
such that its plastic moment capacity is of the same order of magnitude as that of the CFSSP sandwich
wall specimen without boundary elements.
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Table B-4 Specimen CFSSP-B Mp
Values used to calculate Plastic Moment Capacity for CFSP walls with Boundary Elements
Section Dimensions
Web
Web Plate thicness, t

HSS Section
0.315

HSS SELECTED

Diameter Thickness
0.322

8.625
Web Plate length,L

30

HSS Cross Section Area, in²

7.85

Inner wall, b (in)

6

Outer Radius of HSS,rₒ ,(in)

4.47

Total Web Thickness,
(steel - Concrete) in.

6.63

Inner Radius of HSS,rᵢ ,(in)

4.15

Concrete Strength,Fc
(Ksi)

4

Fᵧ (Ksi)

50

Overlab,X,in

1.16

rₒ - X

3.32

Segment Area

4.75

Parbola Spanderl Area

2.18

Area of Concrete
enclosed in HSS

54.15

Area of Steel Part X

0.73

C1=C9
C3=C8
C5
C7
H1=H2
H4
H6
H8

Section Forces ( Kips)
392.50
36.38
234.24
637.9927617
The Force Arm
11.91
7.78
3.72
20.83

y (in)

7.44

C2
C4
C6

216.58
8.70
178.47

H3
H5
H7
H9
Mp
(Kip.in)

8.01
3.72
10.13
24.73
26072

B.6 Design of the Test Rig Components
To design all elements of the test setup, the plastic moment value was multiplied by a factor of 1.5 to
account for expected values of yield strength higher than nominal values and for the development of
strain hardening in the steel elements in the CFSSP sandwich walls during testing.
Accordingly, in all following calculations, the following magnified value of Mp is used:
MP = 1.5×27107 =40660.5 kip-in = 3388 Kip-ft.
For the selected specimen geometry, in which a force is laterally applied at a proposed height of 10 ft, the
corresponding horizontal load (and horizontal shear force in the specimen) is equal to 338.8 Kips.
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design procedure that lead to its selected dimensions. In all of the following sections the forces considered
in the design includes the 1.5 safety factor on the plastic moment mentioned above.

Figure B-6 Different Components of Test Setup

B.6.1 Actuator Type
The shearing force acting on the specimen is in the order of 340 kips. The actuator to be used is the MTS
243.90T linear hydraulic actuator of 243.9T capacity, which is equivalent to536.54 kips capacity. The
position of the actuator on the strong wall and check for the strong wall integrity under the testing loads is
illustrated in later sections of this Appendix.

332

B.6.2 Head Plate Design
The size of the hydraulic actuator head governs the dimensions of the head plate used to apply
compression forces at the far end of the wall when the actuator is pulling. The plate dimensions
are18ʺx21ʺinches.To calculate the thickness of the end plate a force of (340/4) = 85 kips is considered to
act at each bolt location. The failure mechanism shown in Figure B-7 is considered.

.
Figure B-7 Failure Mechanism of the Head Plate
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Using yield line theory and the energy approach, the head plate thickness can be calculated as follows:




4.69

P= 180 Kip, h = 21 inch

P.



t2
 M p  h   50( )  h 
2
6

t = 1.55 inch =1 5/8ʺ
If stiffeners are to be used to support the free edge of the head plate such as to create three supporting
points as shown in Figure B-8, this will force the failure mechanism shown in the same figure and
consequently the thickness of the head plate can be reduced.

Figure B-8 Failure of Head Plate In Case of Stiffeners
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Again, using the energy approach, for the assumed yield line pattern shown in Figure B-8, thickness of
the end plate can be calculated as follows:
4.7×2×Mp× θ1 + 10.5×3×Mp× θ2 + 4.7×2×Mp× θ3 = P.δ
The relation between the various angles, θi’s, and the deflection under the load point, δ, are:
θ1 = δ/2.25
θ2 =δ/2.625
θ3 = δ/8.25
Using MP = 50.(t2/4) . for a unit width of plate, the required thickness can be calculated. However, since
the intent is to keep the plate elastic, the value of My (=Mp/1.5) is substituted in the above equations, and
the calculated needed thickness of the steel plate is equal to, t = 0.77 inch.
The corresponding actual plate thickness is selected to be equal to 7

"

8

.

Option one is to be selected due to ease of construction and because it is not significantly more expensive
when factoring labor costs. This was established as follows:
1) Alternative 1


Weight of the head plate = 173.83 Ibs.



Considering 2 dollars per pound, cost of the plate = $347.66

2) Alternative 2


Total weight including the stiffeners = 152.82 Ibs.



The cost of the head plate in this case is $305, by adding a cost of one hour of labor required to
weld stiffeners and estimating that to be $60 per hour. The total cost of alternative two is $365.
Since the first alternative is easier in construction and gives a cleaner solution it was the chosen
alternative.



The final dimensions of the head plate is 20″×24″ with hole diameters is 2 1/16″.
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B.6.3

Threaded Bars at the Head Plate

Four threaded bars are to be used to transfer the load from the actuator to the head plate. The force per
threaded bar is 85 Kips. The threaded bars are meant to remain elastic throughout the test. .For some
geometric constraints, namely the size of the holes in the actuator head, the diameter of the used threaded
bars should not be less than 2 inches. Accordingly, 2 inch diameter threaded bar are chosen. Their
ultimate strength in Tension is 121 Kips and pre-tensioned to 90 kips.

B.7 Load Transfer to the Foundation
A reinforced concrete foundation was used for the tested specimens. The following section focuses on
the load transfer from CFSSP wall specimens to the reinforced concrete foundation.
There are some constraints that dictate the proposed foundation dimensions. In particular, the foundation
depth is limited to two feet because of the limited length of the DYWIDAGS bars available in the
laboratory and used to connect the footing to the strong floor (purchasing longer bars was not a more costeffective solution).
The wall to footing connection has to be able to transfer the wall’s full plastic moment (magnified by a
safety factor of 1.5, as mentioned previously).
Since the wall cross section has reached its plastic capacity, the concrete is assumed to have reached 𝑓𝑐′
and the steel Fy, Figure B-10 shows the stress distribution on the wall section, the forces resulting from
this stress distribution is to be transferred to the foundation. The forces in the concrete is transferred to
foundation through bearing while the force in the steel case is transferred as shearing forces acting on the
interface surface between the steel case and the reinforced concrete foundation. Here, the effect of strain
hardening and higher than expected yield stresses values are considered by multiplying the yield stresses
by a factor of 1.5.
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Figure B-10 Stress Distribution at Wall-Foundation Interface

The corresponding tension force to be transferred through unit length of one web plate of the CFSSP
sandwich wall specimens:
FT = Fy ts  15.75 kip/in
where,
ts = 0.315ʺ
Given the aforementioned desired safety factor of 1.5, a value of 1.5 FT is considered in the following
calculations.

B.8 Load Transfer at the Web Using Reinforcement Bars
In this option reinforcing bars are passed through holes in the part of the wall that is embedded in the
foundation. These bars are subjected to shearing forces generated at the interface between steel and
concrete. Considering re-bars transferring shearing forces to be # 8 re-bars, having a diameter of one inch.
Drebar =1ʺ
The shear strength of the re-bars are calculated using the AISC equation for calculating the nominal shear
capacity of stud shear connectors (i.e. AISC 360-5 Eq. I3-3)

Qn  0.5 Asc f Ec  0.5 
'
c

 1

2

4  3605
4

 50.33  Asc Fu  65 Asc  65  0.78  51kip
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If two horizontal layers of re-bars are used to resist the pull from one of the wall’s web steel plate, and
using a safety factor of 1.5, the number of connectors needed to resist the tension force applied over the
entire length of the plate in tension when Mp is reached (i.e. length h-y as shown in Figure B-2) is
calculated as follows
Number of Bars, Nb 

1.5FT  h  y 
0.85Qn

 15.34bars

For both specimens of CFSSP sandwich walls with no boundary elements,CFSSP-NB1and CFSSP-NB2,
this number of bars is distributed over the length (h-y)of a tension stresses zone equal to 27.795ʺ.

The number of bars per horizontal layer, Nbl=

The corresponding spacing of bars is S =

Nb
 7.67  8 bars/ layer over the tension part
2

h y
 3.47ʺ
N bl

For the specimen's web of height the total number of bars per layer, NTL is given by:
NTL = h/S =11.52 =12 bar/layer
The actual spacing of bars h/12 = 3.33ʺ, or equivalently 3-5/16” when rounded to the nearest 16th of an
inch.
On the compression side of the web and disregarding the effect of local buckling the stress in the steel
will reach FY and consequently the distribution of the bars on the compression side is the same as that on
the tension side of the web, given the condition of cyclic loading. The distribution of the bars in part of
the wall embedded in the foundation is shown in Figure B-11for the specimen CFSSP-NB1.
For the case of specimens CFSSP-B1 and CFSSP-B2 the load transfer will follow the same concept
presented for CFSSP-NB1 and CFSSP-NB2. The web width in this case is only 30ʺ and calculations are
done using the same bar diameter and using again two horizontal layers of re-bars to transfer the load.
The resulting number of re-bars per layer is 9#8 spaced at 3 5/16ʺ.
To ensure that the force is going to be distributed evenly between the top and bottom rows of re-bars, it is
essential to provide stirrups in order to make sure that both upper and lower rows are engaged in the load
transfer. As a critical condition top bars should be checked for pulling out from the footing.
The following calculations assume that the stirrups used for this are #6bars
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The nominal strength of #6 bar in tension is φAbfy =0.85Abfy =0.85(0.44)(50)= 18.77 Kip
The number of re-bars needed = 2×51 / 18.77 = 5.43= 6 vertical re-bars
Figure B-9 show the free body diagram of equilibrium between the shearing forces transmitted through
the re-bars that are transferred as a tension force in the stirrups.
The stirrups are spaced at 3 1/2ʺ in the short direction of the foundation normal to the re-bars used to
transfer loads from the wall to foundation Figure B-12 shows the arrangement of the reinforcement bar
used to transfer loads into the foundation.

Figure B-9 Stirrups used to Transfer Load to shear Connectors Group
The second step is that to check that the top re-bars will not pull out from the concrete foundation.
Accordingly it is assumed that the top bar will pull out from foundation through a failure surface formed
at 45˚ as shown in Figure B-13. The stress formed at the failure surface is calculated and compared to the
permissible stress considering that the re-bar attain its maximum capacity.
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Figure B-10 Formed Cone for Top Bar Pulling

since h is equal to 5ʺ and the length of the rebar embedded s equal to 23.7ʺ

Qn   c sin 45(5 / sin 45)(23.7)  51
 c  0.43ksi < f c' / 2
Finally, to be able to develop yielding of the wall’s steel plate, the tensile strength at the net section along
the plane of the holes must be greater than the gross section yield strength.
The corresponding calculations at the net section of the wall at the location of the re-bar connectors are:
The spacing of the re-bars is 3 5/16ʺ.
The tributary area of the re-bar = S.ts = 1.04 in2
The net area, Anet = S.ts – (D+1/8).t = 0.685 in2(this accounts for the usual 1/16” tolerance for drilled
holes, and an additional 1/8” to account for the fact that the outside diameter of a #8 deformed bar is
greater than its nominal diameter).
The gross section yield force of (1.04)(50)(1.5)=78
Nominal strength of the net area = φt.( Fu ). Anet = 30.825,<.Agfy = 52 Kips (need reinforcement)
The web plate needs reinforcement. This is accomplished by welding on each web additional cover plate
having a thickness of 5/16ʺ to meet the conditions and requirements of the AISC 314-10were addressed
on reinforcing the wall web. The nominal strength of the steel plates used as reinforcement are the same
as that of the original steel web plate. Considering the kind of steel used to be ASTM 1043/1043M Gr
50(345), which in case of steel plates have Ry and Rt have a value of 1.2 and 1.1 respectively according to
table A3.1 in AISC 341-10, then:
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Anet Rt Fu  Ag Ry Fy

Anet  2  0.685in2  1.37in2
Ag  1.04in2

1.37 1.1 65  1.04 1.2  50 , Accordingly yielding of gross section will occur instead of
fracture of the net section.
Another way to check feasibility of the section reinforcement is to assume that the resulting thickness of
the first 2 feet of the wall is doubled such that the thickness of the steel plate embedded in the foundation
is 10/16ʺ. Accordingly the check for wall net section will be as follows:


The spacing of the re-bars is 3 5/16ʺ.



The tributary area of the re-bar = S.ts = 2.08 in2



The net area, Anet = S.ts – (D+1/8).t = 1.37 in2



The force at the bar = 50.33 Kips



The nominal strength of the net area = φt.(1.2.Fy). Anet = 58 ,> the force at the bolt
=50.33 Kip >Agfy = 52 Kips

B.9 Load Transfer at the Flanges using Annular Rings
Each flange of the wall is composed of either a full HSS tube a half circular tube. When the half tube
forming the flange of the CFSSP-NB yields in tension it the strategy adopted here to is suppose to transfer
this tension force to the foundation is through the annular ring welded to the base of the half circular
section, (Roeder et al 2003)..The maximum tension force in the tube is Ts. This force is transferred to the
footing through shear friction along the embedded length (neglected here as it cannot be reliably
quantified) and anchorage at the annular ring welded to the half HSS section. As a first step in load
transfer of the flange forces to the foundation, the embedment length of the CFSSP sandwich walls in the
concrete foundation must be large enough to assure that the stresses induced in concrete along an assumed
failure surface should not exceed the permissible limit. The conical failure surface proposed by (Roeder et
al 2004) for concrete filled steel tubes was considered and extrapolated for the case of CFSSP sandwich
walls under study. Figure B- 13 shows the proposed failure surface which is at 45 degrees starting from
the edge of the annular ring. Figure B-14 shows the plan view of the failure surface and the location of the
infinitesimal wedge subjected to forces at failure surface. According to Figure B-15 shows the wedge
under study that used to calculate the stress at the concrete proposed failure surface.
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Ts = σc.cosβ .Aconc

T

s

 d

D
2
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f

y

D
d
D
 d
Aconc     b f   cot  
d   ( le  b f le  le2 cot  )
2
2
sin 
 sin 
0
le

where:
bf is the width of the ring embedded in the foundation
D is the diameter of the HSS circular tube.

 is the angle of the failure plan
d  is the infinitesimal angle for the wedge under study

 is the vertical height of the failure surface measured for the base line of foundation
le is the length of the part of the wall embedded in foundation

Figure B-11 Proposed Concrete Fracture Surface in Foundation
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Figure B-12 Plan of the Failure Surface

Figure B-13 Failure Wedge in the Annular Ring, Roeder et al 2003

For an angle β = 45˚, the expression for the stress in concrete will take the form

D
tf y
2
c 
le2
D


b
l


f  e
2
2

Considering the following
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D = 8.625 in, t = 0.322 in, fy = 50 Ksi, bf = 2 in, le = 24 in
σc = 0.157 Ksi< 4 Ksi
The stresses in the foundation concrete are less than the permissible value. The embedment depth is
therefore sufficient to transfer the load.

 Concrete at the proposed failure surface is not crushed consequently the distance of the wall embedded
in the foundation is sufficient to develop the required load transfer.
As a next stage the width of the annular ring embedded in concrete foundation, bf, should be chosen such
that the thickness of the annular ring is economic and constructible.
The annular ring thickness is calculated such that the force in the half circular section is transmitted to
the foundation considering that the concrete strength applied to the ring, f c'  4ksi
The Force acting on a half cylinder is therefore equal to = 1.5tFY  1.5  0.322  50  24.15kip / in
where A is the area of unit length of the perimeter multiplied by the HSS thickness
The tensile force is transferred as a shearing force acting on the annular ring, the free body diagram is
shown in Figure B-14
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Figure B-14 Free Body Diagram Showing Force Transferred to Annular Ring
The unit shear strength of the annular ring = 0.6Fyt =30t
Therefore
30t =24.15, and tmin=0.805ʺ≈7/8ʺ
In order to find the width and the thickness of the annular ring, the yielding force acting on the half
cylinder section is equated to the concrete pressure force acting on the annular ring, this is illustrated
through the free body diagram shown in Figure B-15.
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Figure B-15 Free Body Diagram for the Loads on the Annular Ring
The width of the annular ring bf can be conservatively calculated assuming a rectangular strip
cantilevering from the HSS tube such that

f c'b f  T
4  b f  24.15Kips
b f  6"
f c'b 2f

bh 2
M

Fy
2
6
2
4  6 2 1 t f

 50
2
6
t f  2.93inch
This calculated thickness is excessively large and it can be reduced by using a stiffened annular ring
instead.. Plan of stiffened annular ring is shown in Figure B-16.The marked region between the stiffeners
is the critical part for the study. Two yielding mechanisms were considered in studying the annular ring
plate between the stiffeners. Figure B-18 shows the proposed failure mechanisms, assuming rectangular
plates to simplify calculations. The value c is taken as the largest width of the plate wedge for
conservatism.
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Figure B-16 Stiffened Annular Ring

In the Zone under study the stiffened edges are considered fixed ends together with edge toward the
circular section.

c
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Figure B-17 Proposed Failure Mechanisms of Annular Ring Plate
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For the proposed failure mechanisms the load Wu is equal to 4 ksi (strength of concrete used in
foundation).
The radius of the annular ring , R  rHSS 8.6250.322  6"  10.322"
According to the geometry chosen a vertical stiffer is used at 45˚ and the distances b and c can have the
following values:

b  6", c 

2 R
 8.11" accordingly mechanism (b) is chosen
8

b c  0.74
4ksi 

24
50
 2  0.74  1 t 2  
8.11 3  0.74  0.5
 4 
2

t  0.78"
If the annular ring plate thickness is taken equal to 1 inch that will give a safety factor = (12/0.782) = 1.64
The annular ring will have a 6ʺ width and thickness of 1
The stiffeners used to reinforce the annular ring are subjected to shearing force that can be calculated
considering that the spacing between the stiffeners is 8.1ʺ, measured on the outer perimeter of the annular
ring, the width of the annular ring is 6ʺ. The tributary area acting on a single stiffener is 8.1×6.
The shear force acting on the stiffener is equal to = 6  8.11 4  194.64kips
Figure B-18 shows the annular ring stiffener and the forces acting on its sides. Where the force of 196.64
kips act on side A of the stiffener as tension force, while the same force will be acting as a shear force on
side B of the stiffener.
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Figure B-18 Forces Acting on Stiffeners of Annular Ring

Side A of the stiffener is subjected to tensile force and the stress on this side is

6  t  50  194.64kip
t  0.64" 5 / 8"
For side B of the stiffener it is subjected to shear force,

194.6
194.6

t  h 5 / 8" h
h  10.37" 10.5"

 y  0.6 Fy 

Stiffener final dimension is shown in Figure B-19
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Figure B-19 Dimensions of the Annular Ring Stiffeners

The force is transferred from the circular HSS to the stiffener through fillet welds that can be calculated
considering fillet weld of thickness 5/16" and E70 electrode. .
The strength of the weld is equal to =  Fw Sw Lw  0.75  0.6  70  (5 /16)  0.707 10.5  73kips
For two lines of fillet weld the total welding resistance = 146 kip
The height of the stiffener is increased to 14ʺ to obtain the needed weld strength of

146 14
 194.67kip ,
10.5
The welding between stiffeners and the base plate is designed such that it could transfer the load of 194.6
kips.
The thickness of the welding can be calculated such that :

Sw 

194.6
194.6

 1.45"
 Fw Lw 0.75  0.6  70  0.707  6

that will lead to thickness of welding is 3/4" on each side of the stiffener and consequentially the
thickness of the stiffener should be 3/4".The final arrangement of the of the annular ring and the stiffeners
is shown in Figure B-20.
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Figure B-20 Annular Ring and the Stiffeners

B.10 Foundation Design
The foundation design is first subjected to the constraint that its thickness should not exceed two feet, as
the DYWIDAG bars available in the laboratory and used to tie the foundation to the strong floor have a
limited length.
The length and width of foundation are chosen such that there is no uplift of the foundation away from the
strong floor during testing of the composite wall. The tension force, uplifting force, developed due to 1.5
times the plastic moment capacity of concrete filled sandwich panel wall, 1.5 MP, is resisted by prestressed DYWIDAGS tied to the lab floor. The proposed dimensions of the foundation are 5ˊ×12ˊ with
16 DYWIDAGS having 1 3/8"diameter.
Using a simple rectangular cross-section analogy for the footprint of the footing, the inertia of the
foundation is:
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Ix 

b.h3 5 123

 720 ft 3
12
12

and the corresponding linearly varying stresses under the foundation resulting from the wall’s factored
plastic moment can be calculated. Using this model, the maximum flexural stress at the edge of the
foundation would be:

FM  1.5

MP
1.5  2268.5
y
 6  28.35  0.196kip / in 2   f c' (note that the laboratory’s strong
Ix
720

floor compressive strength is 4 ksi)
The DYWIDAGS used to connect the specimen to the laboratory strong floor are to be pre-tensioned to
50% of their ultimate strength. For a diameter of 1 3/8” the pretension up to 50% of the ultimate strength,
TDYW, is equal to118 Kips per DYWIDAG information presented in Figure B-21.

Figure B-21Technical Data for DYWIDAG Bars, Dywidag System International
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The corresponding uniform compressive stress on the strong floor due to pre-tensioning of the
DYWIDAGS is given by :FD =(Number of Dywidags/Af).TDYW
where :
Af = foot print area of the foundation.
To apply stress on floor such that no uplift occurs (which is equivalent to ensuring that no resulting
tension stresses exist when superposing the stress diagrams), the compression stress imposed by the pretensioned DYWIDAG bars must be larger than the tension stresses caused by the moments. This is
achieved using 18 Dywidag bars, such that:

FD 

16 118
 0.219ksi > FM
5 12

In order check for the uplift of the foundation a 3D model for the wall and foundation was built in
STAAD Pro software. In the model both the wall and the foundation were represented as a shells. The
model presented take into account the contact between the foundation and the strong floor through
considering a link element under the entire foundation. In the 3D model shown in Figure B-20 the link
element with compression only feature was used. A hinged support was used at the edge of foundation to
assure stability. The deformation showed uplift at the tension side of the foundation. The compressed side
of the foundation showed below floor level deformation. In both cases a relatively small deformation
values in the order of 0.01 inch were recorded and shown in Figure B-21. The deformation of the
foundation under the floor level is attributed to the fact that the link elements simulating the strong floor
is modeled as a columns having a cross section area equal to that of the tributary area for the link element.
and this assumption gives less stiffness than that of a continuous strong floor. However as aforementioned
the deformation is relatively small and in the order of 0.01 inch. If the stiffness of the link elements at the
compression side of the foundation becomes too high that will be the same as cancelling the link element
and using a hinged support at directly attached to the slab. Link elements showed compression force only
no tension. The Dywidags bars were modeled as a pre-tensioned element having a pre tension force of
118 kips.
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Figure B-22 3-D STAAD Pro Model

Figure B-23 Foundation Deformation
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The net stress distribution under the foundation obtained from simplified analysis is the summation of the
stresses FM and FD. However, the stress distribution used to calculate the internal moment and shear to
design the foundation is the result of only the wall moment capacity FM. This is because the Dywidag bars
only apply a pre-compression between the specimen and the strong floor. That clamping force is uniform
and produce no flexural strains in the specimen (by analogy, just like pre-tensioned bolts clamping two
flush flat plates together in bolted connections). The stress distribution under the foundation is given in
the Figure-B-24.
The shear and flexural forces acting on the critical section in the longitudinal direction can be calculated
considering the stress diagram adjacent to the critical section multiplied by its tributary area, and by its
lever arm for the flexure case. The location of the critical sections in both short and long directions is
shown in Figure B-25.

Figure B-24 Stress Distribution Under Foundation
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Figure B-25 Forces Acting on the Foundation Critical Section

The resultant forces for the stress diagram shown in Figure B-26, in terms of the average compression
stress , σ, are:
F1 =   b  wc = 0.065×48×60 = 187.2 kip
F2 = 188.64 kip
where:
b = Width of foundation
wc = The length of the foundation subjected to compressive stress measured from the edge of the
foundation up to the critical section.
The moment at the critical section can be calculated as follows:
M1 = F1. (0.5 wc) +F2. (0.67 wc) = 10559 kip-in (long direction)
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Figure B-26 Foundation Critical Section

Reinforcement of the foundation is calculated as follows:
Flexural reinforcement in long direction (to resist M1 shown above)

As 

Mu
10599

 12.4in2
 f y  jd  0.9  50  .95  20

As min 

200bd
 4.8in2
fy

Taking into account symmetry considerations and practical spacing requirements, a total of 16#8 bar are
used in each of the top and bottom layers of the foundations, with a spacing of 3.5ʺ between re-bars.
Flexural reinforcement in short direction to resist M2

M short = (0.196+0.065)×0.5×0.1305×48×25.68×0.5×25.68 = 2066 Kip.in
As 

2066
 2.41in2
0.9  50  0.95  20
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In this direction the required reinforcement is less than that of the minimum ACI requirement given by

AS min = 200. bd f y = 11.52𝑖𝑛2
Therefore, 27 bars # 6 (total area of 11.92 in2 are used in the short direction
Shear strength
T Vu= 375.84Kip
he shear stress and forces at the critical section, considering forces developed in the long direction, is

q

375.84
 0.313ksi
60  20

Shear strength of the corresponding cross section is
'
Vc = 2 f c bw d = 151.78 kip

Using the strength reduction factor for shear, φ, = 0.75
Vu / φ = 501.12 Kips >Vc/2 = 75.98 Kip, therefore stirrups are required.
The needed stirrups are designed considering the following:
The effective width of foundation = 56ʺ
The number of stirrups branches = 12
The stirrups used are # 4having 12 branches
The effective depth of the section is 20ʺ
Fyt =40ksi
Av = 12 × 0.196 = 2.352 in2
The spacing of the stirrups is given by ACI section 11.4.5.1

S

Av f yt d
 5.4" 5"
Vu
 Vc



.
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Recognizing that minimum reinforcement controlled the design of flexural reinforcement in the transverse
direction and in order to be able to minimize the number of the drilled holes in the part of the wall
specimen embedded in concrete, an alternative for the reinforcement arrangement is proposed here. In
this alternative the upper and lower main reinforcement in the short direction are used to resist flexure as
well as to transfer the shear forces from the wall to the foundation. In order to reduce the shearing force
acting on the re-bars an extra row of re-bars is used at mid-depth of the foundation. Accordingly, the
reinforcement bars in the short direction will all be 1ʺ diameter re-bars.
Revising the above calculations, the shearing force acting on a single re-bars = 102 /3 = 34 Kips
The average stress under the foundation = 0.131 Ksi
Moment acting in the short direction = 1048 Kip-in
The tension force acting on the flexural re-bars = (1048/18)/12 = 4.85 Kips
The tensile stress and the shear stress in the bar are given by
Q = the shearing force per bar = 34 Kips
Sx =0.78×0.5×0.212 =0.083
Ix = 0.196 Ksi
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The arrangements for the reinforcements bars and the stirrups used to transfer the load from the web of
the concrete filled sandwich panel wall to the foundation is shown in Figure B-27. The final arrangement
of the reinforcement bars is shown in Figure B-28.

Figure B-27 Reinforced Bars and Stirrups Transferring Load from Wall Web
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Figure B-28 Foundation Reinforced Arrangement

B.11 Check for Foundation Sliding
The shear force at the base of the foundation is transferred to the strong floor through friction resistance
achieved by pre-stressing of the foundation to the strong floor of the laboratory. DYWIDAGS pretensioned to 50% of their yielding force give a total compression force acting on the foundation, C = N D.(
0.5 Py) = 18(118.33) = 2129.94 Kips. Considering a friction coefficient μ between concrete surfaces
equal to 0.25, the sliding resistance = μ.C = 0.25×2129 =532.25 > 340 Kips (i.e. the lateral horizontal
force applied to develop 1.5 Mp of the wall). Therefore sliding resistance is satisfactory.

B.12 Design of Lifting Points
The tested specimen is composed of concrete filled sandwich panel and the reinforced concrete
foundation. The total weight of the specimen is 12 ton and in order to facilitate the mobilization of the
specimen before and after testing anchorage points should be designed to sustain the weight of the
specimens. There is four anchorage points which is essentially a bent # 8 bar embedded in the reinforced
concrete foundation. Figure B-18 shows the anchored bent bars used as lifting points. The bar should
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sustain the tension force applied on each lifting points, 4 ton, and should be embedded in the foundation
through a sufficient distance.
The Tensile capacity of the #8 bar is given by:

 Ab f y  0.75  0.785  50  29.43kips
According to the ACI code section 12.2.3 the development length required for a # 8bar can be given by
'
the following equation:

ld 

f y t e
20 f

'
c

db 

50, 000 11
1  39.52"
20 1 4000

B.13 Design of the Lateral Support System
To avoid lateral buckling of the CFSSP sandwich wall section and prevent global out of plan movement
of the wall, a bracing system is used. Figure B-29 shows the schematic diagram for the proposed lateral
support system. The dotted lines represent the presence of a truss normal to the view under study.

Figure B-29 Schematic Diagram for Lateral Bracing System
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The force required to provide nodal displacement at the tip of the wall is given by the equation (A-6-7) in
AISC LRFD Thirteenth edition.

Pbr  0.02M r Cd / ho  24.48Kips
The minimum required stiffness for the lateral bracing system is given by equation (A-6-8) AISC LRFD
thirteenth edition

1  10M Cd 
  136.05Kip / in


r
br  
  Lb ho

Where:

  0.75
ho  35.28in
Cd  1.0
Lb  120"
M r  43200 Kip.in
The forces acting on the bracing system can be illustrated in Figure B-30 showing the truss used as a
lateral support for the wall during testing and the estimated force acting on it.

Figure B-30 Loading of Lateral Bracing System
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All truss members were selected to be double angels back to back with a gusset plate thickness of 3/8ʺ for
the vertical chord members and one angle for diagonal and horizontal members. A summary of the forces
and buckling lengths is shown in Table B-6. Members were designed depending on the AISC thirteen’s
edition design tables for one angle and two equal angles under compression. For the double angle section
Table 4-8 of AISC thirteen was used as or the one angle section Table 4-11 was used. The results for the
3D structural analysis, forces and displacements, using STAAD Pro V8 is shown in Figure B-31.

Figure B-31Bracing System Displacements in Horizontal Direction
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Table B-5 Member Forces

Member Max

Force

In-plan

Out of plan Buckling

Forces

(Kips)

Buckling (in)

(in)

78.4

32

32

2Ls 3 ×3×5/16

Verticals

Zero

30

30

L 3×3×5/16

Diagonals

35.81

43.86

43.86

L 3×3×5/16

Chord
Members

Proposed Section

The stiffness of the truss can be calculated through dividing the force by horizontal displacement
24.5
 78.77kip / in
k  F 
0.311

Since there will be always two trusses acting at the same time the total stiffness will be 157.54 kip/in
which is more than the stiffness demand.
All of the lateral support system members were welded. The grade of steel used for the bracing system is
assumed to be A36 having a yield stress of 36 ksi. The electrode classification number, F EXX, is taken
equal to 70 ksi.
As an example the length of welding in the diagonal member is be calculated as follows:
The maximum force acting on a diagonal member is equal to 41 kips as per Table B-6
The thickness of the welding Sw, is assumed= 5/16ʺ, and length of weld,Lw is unknown

41   Rn  0.75  0.6FEXX   cos 45  Sw Lw
Lw =5.92 in
Distributed on the two sides of the weld
LW1 = 5.89(2/3)=3.92in
LW2 = 5.89(1/3)=1.96in
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Lw1

Lw2

The lateral load will be transmitted to the lateral support system Through member M1 as illustrated in
Figure B-21. Member M1 is composed of steel plates having thickness of 3/8ʺ the proposed cross section
is shown in FigureB-22. The Straining actions acting on member M1and its proposed cross sectional
properties is summarized in Table B-6.

Table B-6 Member M1 Straining Actions and Properties

Moment,

Shear Force,

kip.in

kips

196

24.5

Moment of inertia, in4

Web Area,
in2

28.76

4.5

Figure B-32 Out of Plan Force acting on the Bracing System
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Figure B-33 Cross Section of Member M1

The stresses in the section is given by:

f 

M
196
y
 4.0625  27.68ksi
Ix
28.76

Considering the case in which one side only is subjected to the force. The members of the lateral bracing
systems are designed to resist the reactions shown in Figure B-34. This members are bolted to the main
structures through A490 bolts having 5/8ʺ diameter.
For the lateral bracing, shown in Figure B-35,the maximum force in the diagonal members can be
designed considering the forces and the buckling lengths shown below.
20.42
FD 
 34kip
COS 53.13

Buckling length of the diagonal member =40ʺ
The selected section is L 3×3×5/16 and that according to the design Table
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Figure B-34 Schematic Side View of Lateral Bracing

Members of the lateral bracing are connected using bolts grade A490having ¾ ʺ diameter. Two bolts are
needed for each diagonal member. In order to assure the freedom of motion of the wall in the direction of
the applied Load the point of contact between the lateral support system and the wall is provided with
Teflon plate having 3/8ʺ thickness. In order to accommodate for the difference in the thickness between
the tested wall groups a T- shaped stiffener welded to the wall web is provided at the intersection of the
lateral support system and the wall. Figure B-36 Shows the Elevation of the truss used as a lateral support
system and illustrates the different components of the proposed lateral support system. Figure B-37 shows
the plan for the lateral support system and how it is connected to the tested specimens of group NBCFSSP.
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Figure B-35 Failure Mechanism for Gusset Plate

For the gusset plate of the diagonal member with the maximum force of 35.82 kips the failure surface is
shown by the dotted line in Figure B-22 the length of failure lines L1, L2 and L3 is 3.71ʺ,3ʺ and 3.77ʺ.
The thickness of the gusset plate is 3/8.
The fractured area =  3.71  3  3.77   3 / 8"  3.93in

2

The nominal resistance of the Gusset plate in tension=  Rn  0.75  3.93  50  147.375kips  35.82
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Figure B-36 Elevation of the Bracing System
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Figure B-37 Plan of Lateral Support System in Case of Group B Specimen

Figure B-38 Plan of Lateral Support System in Case of Group NB Specimen

As for the Anchorage of the trusses to the lab floor a pretension threaded is to be used the diameter of the
threaded bar is calculated such that the pretension force can provide enough friction forces which are
greater than the lateral load acting on the lateral support system.The diameter of the threaded bar can be
calculated as follows:
the friction between the base plate and the concrete floor,   0.2 and considering that pretension force is
equal to 60% of the threaded bar ultimate strength.
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 N  24.5, N  122.5kips
Accordingly the diameter of the threaded bar used is 1 3/8ʺ having a minimum ultimate strength of 237
kips.

B.14 Stability of the Specimen During Construction
During specimen construction and concrete casting the stability of the steel sandwich panel should be
checked. Any permanent deformation in the steel sandwich panel should be calculated and accounted for
as initial imperfection in the steel plates of the sandwich panel. For the stability checks the procedures and
formulations proposed by Corus Bi-steel design guide second edition (2003).
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APPENDIX C
EXCERPTS FROM XTRACT ANALYSIS
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