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Mixed steel-concrete structural systems are common for the construction of high
rise buildings. The efficiency of mixed systems can be substantially enhanced by
developing moment connections between structural steel beams and reinforced concrete
columns. Two methods for transferring the steel beam flange forces to the connection
panel, lever mechcnisms and face bearing plates (FBP), were experimentally investigated.
FBPs are steel plates welded to the beam at the column faces. Steel panel thickness,
and the thickness, width and configuration of FBP were chosen as variables. Nine, 1/2
to 2/3 scale steel beam-concrete column subassemblages, representing interior
connections, were tested under simulated monotonic lateral loads to examine the strength
and stiffness of the connections.

The test results show that face bearing plates substantially enhanced joint
strength. Variations in the thickness of these plates did not affect the joint
capacity. The joint capacity, however, was increased by increasing the width of the
FBP. Extending the FBPs above and below the beam was most effective and increased both
the joint strength and stiffness.

Based on the test data, a design model which identifies principal forces on the
connection panel was developed. The resistance to joint shear is furnished by a) steel
panel in pure shear and b) concrete panel through diagonal compression strut. A design

approach is proposed which can be used to detail the connections.
17. Doswenent Anstysis 5. Descripters

L)

Structural Engineering Composite Construction
Reinforced Concrete Testing

Steel Mixed Comstruction
Connections

B Identifers/Open-Ended Terms

c. COSAT| Field/Qrovp

18 Availability Batement - -
19, Securty Clase (This Repert) 21, Ne. of Pages
Unclassified
20. Secwity Cless (This Page) 12, Price
(Bee ANS-II® |y

*rve OFTIONAL FOmM 172 (417
iii (Formerty NTIS-3%)
Dao ot ol C




ACKNOWLEDGMENTS

This report is the Ph.D. dissertation of Tauqir M. Sheikh,
under the direction of Drs. Joseph A. Yura and James 0. Jirsa. The
material is based upon work supported primarily by the National
Science Foundation under Grant No. MSM-8412111. The American
Institute of Steel Construction and CBM Engineers, Inc., of Houston,
Texas, provided funds to initiate the project. The authors are
especially grateful to Dr. P. V. Banavalkar of CBM Engineers for his
help and encouragement in getting this research started.

Gregory Deierlein contributed to the planning and execution of
the experimental work which was conducted in the Ferguson Structural
Engineering Laboratory of The University of Texas at Austin. The
help of the many graduate students who assisted in the construction
of the test specimens and the actual testing, and the technical and
administrative staff of the Laboratory is greatly appreciated.

Sharon Cunningham typed the report.

iv




Chapter

1

TABLE OF CONTENTS

IXED STEEL CONCRETE STRUCTURAL SYSTEMS .........
% | INEPodUOtiOn s csssiscessnanssnsnsssnsnsrssns
.2 Mixed Steel-Concrete Systems .......coeeses
«3 The Connection Problem scssesssesasssasssss
4 Possible Connection Details .....vevvvrenns
. Scope and Objectives ..eseesvessensssesnnes

M
1
1
1
1
1
REVIEW OF PAST RESEARCH AND PRACTICES ...evvevvvs
2.1 Developments in the United States .........

2.2 Reae”ch ln Jamn R O O O BB O R O B O )
2.3 RESGArEN ‘1N MALPEIIA .cseviansssannenenaas

2

PERIMENTAL PROORAM s s svanmvsaesssunssswnsnsen
o] Test Series Description sssscescssncsssnnss
2 Specimen design and details ....coccnnenane
Feanl Dol QOLATIN 05 tncsnniesasssivs.senss
F2e2 COLMMR ABEALLSY 2oaoniaaniesssissinsas >
3.2.3 Specimen fabrication ...ccesvevances

w W

3+3 Malerlal PrODertlins ..csvasiasessaes s nies
3-“ Test SGt"Up SrA s s s s B e ssessEERe Rt aNEES
3.5 Load System ....... N e PR g
3.6 Instrumentation and Data Acquisition ......

3.6.1 Joint distortion drift and load
BORBERENTE s osterdessnansilcnanasss

3.6.2 Strain measurements ......ceccesenens

3.6.3 Data acquisition.sesccesesasesscnscsns

3.7 Goneral Test Procofur@....cuorecosscocossesss

EXPERIMENTAL RESULTS cccncccsscasncsesssssansnses
4 General Specimen Behavior ......ceseceecses
4,2 Stiffness CharacteriSticCs ..cecoveccnsvecns
4.2.1 Components of Joint Distortion .....
4,2.2 Member Contribution .....ccceeseense

4.2.3 Load vs. Joint Distortion
Relationship ccecssssssarsssnscsenes
4.3 Flange and Face Bearing Plate Stresses ....
4.3.1 Transverse and Longitudinal Flange
SUPOBRBEE suacssnsshabrsrusinesons Bl

Page

N T = -

-—

19

24
33

35
35
39

49
51
57
59
63
66

66
69
74
74

78
78
106
106
110

114
121

123



Chapter

TABLE OF CONTENTS

Page

4.3.2 Transverse and Vertical Stresses in
Face Bearing Plates ..cssessasssanas 127

4.4 Reinforcing Bar Behavior ....escesesnssssess 129
4.4.,1 Column Vertical Bars ....scesseeesss 131
H N2 JOINE TIOA wsennsiiviiveonsnantissiis 137
4.5 Connection Panel Behavior ....ceeeeeeseasss 139
4.5.1 Steel Panel Behavior ..........s e E
4.5.2 Concrete Panel Behavior ............ 141
EVALUATION OF JOINT STRENGTH ecsvesccconccsssnave THT
5.l Failure Criterfia ccvsssssssss sasasenikawine N7
5.2 Summary of Test ReSULILS .cceeevccccassasses 148
5.3 Mechanisms for Resisting Joint Forces ..... 15]
Bl JoifE BHBEP (Sisinissesanipusnsassinseevene 190
5.5 Moden of FRIIMPE | .vessvnsmnessnssssesss Neve: 103
5.6 Thickness of Face Bearing Plates ......... . 16T
5.7 Width of Face Bearing Plate ........sesese. 168
5.8 Configuration of Face Bearing Plate ....... 169
5.9 Thickness of Steel Pane€l ..seescssesosanens 171
DESIGN RECOMMENDATIONS .+vssssevsnvsasscasesonsnas 118
6.1 Parameters Governing Design .....coeveveses 173
6.2 Proposed Model for Joint Forces ........... 174
6.3 Explicit Considerations ....cecceeevvsscesses 178
6.3.1 Bearing Block Size and Intensity ... 178

6.3.2 Face Bearing Plate Size and
CONTARIPATION +xvassaiansavmiasaagia 100
6.3.3 Steel Panel Capacity s.ceeenses sxnba 185
6.3.4 Concrete Panel Size and Capacity ... 185
6.4 Other Considerations ..sessssscveassessssss 190
Sls Y BIange BIES .ismwenesivssbinsssvans, - 190
6.4.2 Beam Embedment and Aspect Ratio .... 192
6.4.3 Joint Reinforcement ........cceeceee 193
6NN Bond Conditions s.cosscssnascasaissas 198
6.8.5 Joint SLIFTNeSA ...cesescssssmsnnsne 1IN
6.5 Design APDProach c.ssssassssansissseevessssas 195
6.6 Limitations of Design Approach ............ 199
6.7 Comparison with Test Results ............., 202
CONCLUSIONS AND RECOMMENDATIONS cicccscccaccsnsns 205
T SUMIBIY. ¢ va'sstinio s o ohaonssenespedeabaenesss SO
i Conclusions .....s.. I T T P LT 205
7.3 Future Research NeedS ....cssesesnsssssssss 206

vi




(S

w

TABLE OF CONTENTS

Chapter Page
APPENDIX A: REVIEW OF JOINT DESICN ....covesencccssccanssss 208
APPENDIX B: DESIGN EXAMPLE .ccocccecoscsasvssssssonsosnsnce 231
LIST OF SELECTED NOTATIONS .iissssnsenscstsindscsssonononne €30

REFERENCES LA A R RN R R N R R R N R R R R R R N RN N 2"“

vii



CHAPTER ONE

MIXED STEEL-CONCRETE STRUCTURAL SYSTEMS

11 Introduction

In the last twenty years or so, several structural systems
for the construction of buildings have evolved to exploit the
best characteristics of both reinforced concrete and structural
steel. These structural systems are termed mixed steel-concrete
systems, composite systems or hybrid systems, and are especially
popular for the construction of tall buildings.

A structural system for buildings is composed of two
primary subsystems; lateral load resisting subsystem and gravity
load subsystem. Mixed structural systems invariably use struc-
tural steel for the gravity load subsystem. For the lateral load
subsystem, reinforced concrete or composite members in various
forms are used. The lateral load subsystem is designed to carry
its share of gravity forces and resist all the lateral loads.
This subsystem is also required to provide the stiffness required
for:

a) limiting lateral sway (drift) to prevent cladding
and partition distress;

b) limiting acceleration to prevent disturbing percep-
tion to lateral motion; and

c) providing overall system stability under the entire
gravity loads and lateral loads.

The overall effectiveness of a given combination of steel
and concrete components is controlled not only by structural

efficiency, but is controlled significantly by other factors like




material availability and cost, construction technology and
labor, and constraints from architectural and mechanical disci-
plines. A structural system most efficient under one set of
constraints may not be applicable in other situations. Mixed
systems, in general, utilize the most desirable characteristics
and assets of each material so that the combination may result in
a higher order of overall efficiency.

Mixed systems use structural steel for light and simple
floor framing, smaller size steel columns, and flexibility for
space planning, especially in the core. A typical steel beam and
composite metal deck floor system weighs approximately 60% of a
typical reinforced concrete floor system. Although the costs of
the two are comparable, reduced weight from steel framing can
still result in large savings in columns and foundation costs.
Another particular asset of steel construction is that elements
are prefabricated in plants under mechanized and controlled con-
ditions resulting in higher speed of construction which is a
major factor in determining the cost of most tall buildings.

Mixed systems use concrete for its moldability to any
shape, durability in different weather conditions, fire resis-
tance, insulating qualities, easy availability in any strength at
relatively low cost, better damping characteristics, and above
all, its inherent stiffness characteristics. Motion perception
and lateral stiffness are the most important structural con-
siderations, especially for tall buildings. Reinforced concrete
lateral load resisting subsystems, because of their larger mass
and better mechanical damping properties, reduce the problem of
perception to motion. The development of readily available high
strength concrete in the range of 7000 to 14000 psi has resulted
in much improved rigidity since the concrete elastic modulus

increases with the strength. High strength concrete has also




made it possible to keep the columns reasonable in size. Cost
analyses indicate [18] reinforced concrete columns are almost 11
times more cost effective in strength and about eight times more
cost effective in terms of the axial stiffness as compared to
steel columns. However, the concrete columns weigh about 25%
more and are almost three to four times the size of steel
columns. Also concrete is at a distinct disadvantage when it
comes to beams and floor framing because of higher labor costs
for formwork and shoring, and slower speed of construction.

In the current practice of mixed structural system design,
individual components within each of the primary subsystems are
still made of a single structural material, i.e. reinforced
concrete or structural steel. The connections between the steel
floor beams and lateral load resisting concrete members are
designed as simple shear connections. Hence, there is minimum
interaction between the two materials.

The economy of mixed systems can be substantially enhanced
by using members of two different materials within a subsystem,
e.g. steel beams with concrete columns/walls for lateral load
resistance. However, in this case a moment connection between
steel beams and concrete columns or walls is required.

Currently there is no data available for the design of
such connections and they are not covered in any design specifi-
cations. Various authors (Iyengar, 24; Griffis, 18) have
emphasized that research is critically needed for design methods
and standardization of connections between steel beams and rein-
forced concrete and composite columns.

1.2 Mixed Steel-Concrete Systems

Most mixed structural systems have been developed for

construction of tall buildings. Therefore, lateral load resis-



tance has perhaps been the most controlling subsystem into and
around which are fitted other subsystems required for gravity
loads. To date, most tall buildings of mixed construction are in
regions where wind resistance is of prime concern, but there is
growing interest in their use as economical structures in earth-
quake regions. Most of the mixed systems, with some adjustments,
can be adapted readily to seismic design and construction.

Some of the common mixed structural systems are:
composite framed tube system, concrete core braced system,
multiple concrete core support system, panel braced frame
system, and encased steel frame system. These systems are
described in detail in Refs. 22, 23 and 46. Only one of these
structural systems, composite framed tube system, is discussed in
the following to illustrate the possible use of steel beams with
concrete columns using moment connections.

The composte frame tube system is perhaps the most popular
mixed structural system. Like other mixed systems, the gravity
load subsystem consists of steel beams composite with composite
metal deck. The concept is shown in schematic form in Figs. 1.1
and 1.2. The floor beams are connected to the steel columns at
the interior using simple shear connections. At the exterior
these beams are connected to small steel erection columns which
are later embedded in the concrete columns. Small steel beams
are required at the exterior to brace the floor framing during
construction. These beams are also embedded in the concrete
spandrel beams as shown in Fig. 1.2. The floor framing and the
interior steel columns are designed to carry the gravity loads
only. A reinforced concrete exterior framed tube is used as the
lateral load-resisting subsystem. It consists of closely spaced
concrete columns at the perimeter of the building with deep

concrete spandrel beams. A typical section of the spandrel beam




N

l‘_ 20 ot 10'-0" = 200'-0" ]
CORE
T I E
Concrete Framed Tube Steel Floor Froming
Fig. 1.1 Typical floor plan - composite framed tube system.
[rm
r ] ? ‘.W\
Ity I
1: | | | :
_+ Concrete h: ' +-1
Column, i, Bracing Bearn\‘t.l,p_t. ;
\ i if‘“ P
Iy it
P ! "' 4 :. - 'II-— |
T R M0 S T Rk
oo le’s, ol 22 [T~ Concrete
= A TR i B T H Spandrel
T o 2 e T s /11 Beam
Erection Colurnn/
PLAN SECTION

Fig. 1.2 Conventional composite framed tube system details.




and exterior columns is shown in Fig. 1.2. The exterior framed
tube is designed to resist all the lateral loads.

Concrete placement for the exterior columns and spandrel
beams typically lags about 10-12 floors behind the steel erec-
tion. Metal deck installation quickly follows erection of the
steel framing after which concrete on the deck is placed. The
completed slab is also used as a construction platform for
lifting prefabricated reinforcement cages and gang forms for the
construction of the framed tube. The small exterior steel erec-
tion columns are designed to carry a maximum of 5-6 concreted
floors and 5-6 floors with metal deck only plus any construction
load. The contribution of the embedded steel column to the
concrete column's strength and stiffness is generally neglected,

The exterior framed tube form offers considerable flexi-
bility for variations in shape without significant loss of
structural efficiency of lateral load resistance. Partial or
incomplete framed tubes, cluster of tubes, and bundled tubes have
been used.

The total stiffness of the framed tube is controlled by
the axial deformation of the columns, the flexural deformation of
the beams and columns, and the shear distortion of the beam-
column joints. As the height-to-width ratio of a building
increases from two~to-five or more, the contribution of axial
stiffness of the columns to the overall stiffness increases from
10-20% to well over 50%. The reinforced concrete columns are
found to be cost effective in providing strength, as well as
axial stiffness, when compared to steel columns. The size of the
concrete columns would not be unreasonably large, especially when
readily available high strength concrete is used. The weight
would be slightly more than that of steel columns.
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The economy of the composite framed tube system could be
further enhanced if steel spandrel beams are used with reinforced
concrete columns, as shown in Fig. 1.3. This combination would
eliminate the formwork cost of spandrels. Steel spandrels would
simply replace the bracing beams and fuse with the remaining
steel floor framing. Similarly, steel beams could be used as
link beams with reinforced concrete walls in other mixed
structural systems. As mentioned earlier, this combination of
steel beams and concrete columns/walls requires information

regarding the moment connections between them.

P The Connection Problem

In the current practice of mixed systems there is limited
interaction between the members of two different materials i.e.
steel and concrete. The connections between steel floor beams
and concrete columns or walls are generally made using simple
shear connections. A few commonly used simple connection details
are shown in Fig. 1.4. These connections can be designed using
the recommendations of the Prestressed Concrete Institute (PCI)
committee on connection details [40, U41] and the American
Concrete Institute (ACI) building code [4].

In order to use steel and concrete together in the lateral
load resisting subsystem, a moment connection between steel beams
and concrete columns or walls would be required. Currently,
there is no information available for the design of such moment
connections. There is an urgent need for data to establish the
design guidelines for such moment connections so more economical
mixed systems can be developed.

In recent years there has been a growing interest among
design engineers to combine structural steel beams with

reinforced concrete or composite columns/walls. Despite the lack
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of design information, a few examples of their use have been
reported. Griffis [18], and Moore and Gosain [35] have described
their use in the structural system of two buildings; the 52-
story Three Houston Center Gulf Tower, Houston, Texas, and the
49-story First City Tower, Houston, Texas. The perimeter
composite framed tube or frame, consisting of steel spandrel
beams and composite columns, were designed to provide resistance
to lateral loads. Concrete shear walls linked with steel beams
were used for additional lateral resistance in the First City
Tower. Unfortunately, the details of the connections between
these steel beams and composite columns or concrete walls,
employed in these two buildings, are not published.

O'Leary and Undrill [37] have described a structural
system using steel beams and concrete columns. In this system
plane frames were used at the perimeter of the building to resist
the entire seismic forces of the building. These frames
consisted of rectangular structural steel beams and closely
spaced reinforced concrete columns. O'Leary and Undrill used Lhe
system in four completed multi-story buildings ranging from 14 to
17 stories. Typically, the columns were 3'-4" to 3'-9" deep with
about 3'-4" clear spacing between columns. Beams were solid
rectangular sections, ranging from 2 in. wide X 12 in. deep to 1-
1/2 in. wide X 6 in. deep in cross section. The moment
connections between the steel beams and the concrete columns were
made using bearing plates, as shown in the Fig. 1.5., which were
clamped to the beam with one long bolt at each side of the
rectangular beams. The concrete bearing stresses were limited to
those allowed in ACI 318 Code [4]. However, special
supplementary hoops were used adjacent to the plates. 0'Leary
and Undrill claim the system achieved the ductility of structural
steel beams without utilizing field bolted or welded connections
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Fig. 1.5 Typical connection details used by O'Leary and Undrill (Ref. 37).

with steel columns. Several construction problems were noted
including congested reinforcing in relatively narrow columns,
beam placement, etc.

The behavior of a framed tube or a rigid frame, when
subjected to lateral loads, is shown in a partial view in Fig.
1.6a drawn at exaggerated scale. Overturning moments cause axial
forces in columns. These forces, coupled with lateral shear and
relative axial movement of columns, cause reversed curvature
moments in beams and columns. In addition to resisting these
forces, the framed tube or rigid frame {s required to furnish
adequate stiffness to limit the lateral drift, perception to
lateral motion, and P-A effects due to gravity loads. Lateral
stiffness is comprised of axial stiffness of columns, flexural

stiffness of beams and columns, and joint rigidity.
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Under lateral loads, a typical joint i3 subjeeted Lo Lhe
forces from the adjoining members as shown in Fig. 1.6b. A
moment connection between steel beam and concrete column should

be designed to resist these forces and provide adequate rigidity.

1.4 Possible Connection Details
As described in the last section, moment connection

between a steel beam and concrete column must provide enough
strength to resist the forces from the adjoining members and
ensure adequate stiffness to limit total joint distortion.
Designing for strength involves, a) the transfer of steel beam
flange forces (shown as Tys €y T, and C, in Fig. 1.7) to the
joint or connection panel; b) the resistance of high shear
forces generated in the connection panel (shown as V, in Fig.
1.7); and c¢) the transfer of the column axial load through the
joint. The term "joint" or "connection panel" refers to the
concrete and structural steel within the depth of the beam
bounded by the column faces, as indicated in Fig. 1.7. The
structural steel and concrete are called "steel panel" and
"concrete panel", respectively. It is clear that most attention
should be directed to transferring flange forces to the
connection panel, since the joint should have substantial
strength to resist shear as well as axial load, if mobilized. If
needed, the steel panel can be strengthened with doubler plates.
A review of conecrete joints and steel joints is given in Appendix
A.

Several means of transfering stress from the steel flanges
to the connection panel are possible. However, bond forces may
not be relied upon as they are small in magnitude and vary
substantially under different steel surface conditions. Also, as

the load is increased, the bond is likely to break and it is not
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recoverable. Therefore, the bond forces are ignored. Five
methods of flange stress transfer are shown in Fig. 1.9 and are
described below.

Beam Embedment. If a steel beam is embedded in the

concrete column without any attachments, the flange forces would
be transferred to the steel panel by forming four reaction or
compression blocks, Ct, C;. Cb. and C: as shown in Fig 1.8. This
mechanism of stress transfer is called a "Lever Arm Mechanism."
It should be noted that in this mechanism only the steel panel is
mobilized and no flange force is transferred to the concrete
panel. The vertical shear force in the steel panel at the column

centerline, as shown in Fig. 1.8, is
V - Ct + Cb - Vl (1.1)
Complementary horizontal shear is equal to,

Vy, = Tp +C. -V, (1.2)

The maximum shear force is limited by the steel panel strength.

Face Bearing Plates. Flange forces may be transferred to

the concrete panel through the use of face bearing plates (FBP),
shown in Fig. 1.9a. These plates may be placed between the
flanges only at each side of the web and welded all around in
which case they will look like ordinary web stiffeners. Bearing
plates may also be extended above and below the beam in which
case they may require support plates as shown in Fig. 1.9a. The
face bearing plates would be welded to the beam before the column
is cast. As such, these plates would eliminate the need for
formwork between flanges. The face bearing plates could be equal

in width or wider than the beam flange.
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Steel Column. A small steel column (Fig. 1.9b) required

for the erection of steel framing, may improve the transfer of
flange forces to the concrete panel or may reduce the joint
distortion. The erection column may be welded directly to the
beam flanges or it may be field-bolted if a column base plate is
used. If, for ease of steel erection, the column must be
continuous, it can be offset from the beam centerline.

Shear Studs. Headed shear studs could be welded on the
outside and/or inside faces of the flanges to transfer the flange
forces to the concrete panel. Shear studs may also be welded on
each side of the web panel as shown in Fig. 1.9b to hold the
steel and concrete panels together. Shear studs might reduce the
joint distortion and in addition might increase the strength of
the connection.

Rods or Bars. As shown in Fig. 1.9b, threaded rods or

reinforcing bars may be fastened to the beam flanges near the
column faces. Alternatively reinforcing bars could be welded
directly to the flanges or through pieces of steel angles pre-
welded to the flanges. These rods/bars might improve the
efficiency of the "lever arm mechanism" or enhance the rigidity

of the connection.

1.5 Scope and Objectives

After identifying various connection details it is clear

that in order to understand and evaluate fully the moment
connection between steel beams and concrete columns, a large
number of parameters need to be investigated for their influence,
both qualitatively and quantitatively. The parameters include:
thickness and width of the flanges of the steel beam; thickness
of steel panel and its aspect ratio, i.e. ratio of column depth,

Dc' to beam depth, Db‘ thickness, width, and configuration of
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face bearing plates; size and orientation of steel erection
column; size, spacing and location of shear studs; slze and
quantity of rods/bars; ete. In addition, the influence of column
axial load, concrete strength, reinforcement details inside and
adjacent to the joint, and type of loading need to be
investigated.

The effect of steel beam web thickness; and thickness,
width, and configuration of face bearing plates on the
performance of steel beam-to-concrete column moment connections
were studied in this dissertation. Nine tests were conducted to
study these parameters experimentally. Past research and
practice in related areas, as well as all concrete and all steel
connections, were reviewed. Based on this review, as well as the
observed behavior of the test specimens, the influence of axial
load on columnsa, concrete strength, and reinforcement details
inside and near the joint, are conservatively assessed. A design
approach is developed in which both strength and stiffness
requirements of the connections are considered.

In current practice, mixed systems are used primarily when
wind forces govern the design. In this study, the performance of
moment connections between steel beams and concrete columns under
monotonic loading is of primary concern. Mixed systems,
especially those combining steel beams with concrete columns or
walls for the lateral load resisting subsystem, however, possess
a great potential for seismic resistance when the connections are
detailed adequately.

The scope of this study is limited to interior beam=-column

connections and the objectives are:

1. To investigate experimentally the behavior of moment

connections between concrete columns and steel beams
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with and without face bearing plates, primarily
under monotonic lateral loads.

2. To assess, from past research and practice, the
influence of secondary factors on the performance of
such connections.

3. To develop a design model and formulate
recommendations for the design of moment connections

between steel beams and concrete columns.

Before describing the test series, a brief review of the
past research and practice related to composite joints is
presented in Chapter 2. The behavior of reinforced concrete
beam-column joints and structural steel rigid connections and
their design guidelines are summarized in Appendix A. The test
series is described in chapter 3 and its results presented in
chapter 4. Joint strength is evaluated in chapter 5 and a design
model is proposed in chapter 6. Conclusions and design

recommendations are summarized in chapter 7.
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REVIEW OF PAST RESEARCH AND PRACTICES

2.1 Developments in the United States

There has not been any research reported in the United
States at this time for moment connections between steel beams
and reinforced concrete columns, as such. Some work on the
behavior of embedded steel sections used as brackets, which might
be relevant to this study, is presented here.

The Prestressed Concrete Institute (PCI) Committee on
Connection Details [40, 41] presented design equations for the
strength of structural steel sections embedded in reinforced
concrete columns/walls to serve as brackets. These equations
were based on conservative simplifying assumptions related to the
forces shown in Fig. 2.1a. The concrete compression stress block
was assumed to have a depth of 1,/3 and a width equal to beam
width, b. The ultimate concrete bearing capacity, V,, is given
as Eq. 2.1a in Ref. 41 and as Eq. 2.1b in Ref. 40.

vc B e (2-13)

gl T (2.1b)
3.67 + 1 a/le

The two equations are similar in form except that the shear span,
a or e, is defined differently.
The additional capacity of the bracket due to

reinforcement welded to the structural steel section as shown in

19
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Fig. 2.1 Resistance of embedded bracket at ultimate (Ref. 44).

Fig. 2.1b is given by Egs. 2.2a and 2.2b in Refs. 41 and U0,

respectively.
3A. f.
Vo = ~=2ePeeae (2.2a)
3+ 4 e/lg
"
3Ag Tg
vr‘ B @ meemememamaamam—-—-—— {2-2bJ

3.67 + U a/lg

where f; = 87000 (1-3 d'/1,) < ry and ry = specified yield
strength of the welded bars. The sum of Egs. 2.1 and 2.2 give
the combined capacity, Vu. The reinforcement, Ags if required,

is calculated as:
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Ag = 1/f, [.85 £, b1,/3 + Ay £y = V) (2.3)

Rath [44] examined the philosophy behind the PCI
recommendations [40, U41] for the design of embedded steel
sections used as bracket. The concept was believed to be
conservative but adequate in the absence of research data. He
also noted that holes (greater than 1 in. diameter) drilled
through the web of the embedded wide flange section can ensure
good concrete consolidation between flanges. Also, headed studs
welded to the web should ensure bearing confinement of the
concrete between the flanges as well as distribute bearing
stresses over a width greater than the width, b, of the steel
section.

Mattock and Gaafar [31] studied the behavior of embedded
steel sections as brackets both analytically and experimentally.
A total of five tests were conducted using 16-in. long steel
sections which were embedded in one face of a 12X 10 in, cross
section reinforced concrete column. A typical test specimen is
shown in Fig. 2.2. Rectangular steel sections of varying widths,
I-sections with thick flanges, and a W4 section were used as
brackets. The load was applied at a distance 4 to 6 in. from the
face of the column. Concrete compressive bearing strains were
recorded using strain gages, mounted on small mortar blocks which
were epoxied to the steel section before placement in the forms.
The gages were lost at ultimate load, however, the estimated
strain for the W4 section was 0.012 under the web. The strain
below the edge of the bottom flange was negligible until near the
ultimate load when it increased to a maximum of about 0.005.
This increase was attributed to a diagonal-strut action occurring

in the concrete between the bottom flange and the faces of the
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embedded steel section (Ref. 31).
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web of the W-section. The upper flange was not stiffened
externally and thus resisted a very small bearing stress. The
length of the compression zone, ¢, as shown in Fig. 2.3 was
approximately 70% of the embedded length, lgy for all five tests.
The sum of the bearing stresses under the top and bottom flanges
of the WU section was approximately the same as that on the
bottom of the solid rectangular section of the same width. The
bearing stress, however, increased as the ratio of the width of
the section, b, to the width of the column, bc' decreased. The
authors found the bearing stress, rb, was

fp = 0.85(b,/b)0-66 ¢ (2.4)

Other authors (21, 28, 60) found that concrete bearing strength
under strip loading was proportional to the concrete tensile
strength, f ., i.e. /T3, rather than the compressive strength,
f,. Hence Mattock and Gaafar proposed that the bearing strength
under the embedded section be calculated as:

£, = 54 /g (b,/b)0-66 (2.5)

Based on this relationship for f, and keeping c/1, = 0.666 and B4
= 0.80, Mattock and Gaafar proposed the following formula for the
design of the embedded bracket:

21 b 1. /b./b /f'
R A SR (2.6)
(0.88 + a/le)
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Hawkins and Roeder [19] investigated the connections of
steel beams to concrete columns through an embedded steel plate
with headed shear studs. A total of 22 tests were conducted.
These tests represent connections in which only a small moment is
transferred and the shear transfer dominates. A typical test
specimen is shown in Fig. 2.4. Shear spans, e, of only 3 in. to
12 in. were investigated. The loading simulated balanced gravity
load moments i.e. the columns as well as joint panel were
subjected to no shear or moment. The failure was due to yielding

of the studs or pull-out from the concrete.

2.2 Research in Japan

A structural system consisting of structural steel members
encased in reinforced concrete has been widely used in Japan
since 1920 for the construction of medium to high-rise buildings.
This structural system called, the Steel Reinforced Concrete
(SRC) structural system, has gained popularity after buildings
with this system performed better in the 1923 Kanto Earthquake.
A typical subassemblage of this system is shown in Fig. 2.5. The
structural steel and reinforced concrete elements are typically
proportioned so that there is a minimum stress transfer from one
material to the other, The strength of the members, as well as
the connections, are estimated using the method of superposition.
In accordance with this philosophy, the Architectural Institute
of Japan (AIJ), which is the specification writing body in Japan
for steel, concrete, and composite structures, has required since
1958 that the ratio of the capacities of the structural steel
elements in columns and beams should be between 0.5 and 2.0.
That is:

u u
0.5 < Mg /Mgy, £ 2.0 (2.7)
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where ch and H:b denote the flexural capacities of the steel
part of columns and beams, respectively.

In the last decade or so there has been a natural shift
towards using steel beams with SRC columns. This is generally
termed a "Steel-SRC Mixed Structural System" or "Mixed System"
and is especially popular for the prefabricated construction of
buildings.

A large amount of research has been carried out in Japan
to study beam-column joints for both SRC structures and Steel-SRC
mixed structures. Unfortunately most of this data is not widely
known because it has not been translated into English. Also,
much of this research has been carried out by private
construction companies and is not reported in the technical
literature. A brief review of the available research is
presented in the following.

In the period of 1950 to 1960, a number of research
programs were carried out to study the behavior of SRC members
and connections under various loadings. The findings of a few of
these research programs are summarized by Wakabayashi in Ref.
[51]. These studies were mainly conducted on composite
structures consisting of fabricated open-web steel sections,
connected with rivets and gusset plates and encased in a
monolithically cast reinforced concrete structure. Shear failure
of the connection panel was not recognized. Emphasis was placed
on the gusset plate and other steel connection details. These
research programs concluded that the strength of such connections
can be estimated as the summation of the individual strength of
the steel section and that of the ordinary reinforced concrete
section.

In the period of 1960 to 1970 after rolling of wide-flange

sections started in Japan, research on SRC members of full-web
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type started. These research programs also concluded that the
shear strength of the SRC connection panel can be estimated by
summing up the strengths of steel and concrete panels within the
depths of the steel beam and column. Wakabayashi, et al [62]
proposed the following semi-empirical formula for the shear

strength of connection panels such as shown in Fig. 2.6.

My
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Fig. 2.6 SRC beam-to-column connection.
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2M F
u yp ' '
v = Sl Ly tsp d, + f, b, d, (2.8)
dy /3
where tap = web thickness of steel connection panel,
F = yield stress of the web,
yp b 4B
c
be = effective width of concrete panel = -=----——-
2
d; = c¢/c distance of flanges of beam,
dé = c¢/c distance of flanges of column
v = ratio of shear strength of concrete to f,

empirically given by
v = 1.08 - 0.0024 f, (kg/cm?) (2.9)
or may be safely assumed as

v = 0.56 for £, < 300 kg/cm? (2.10)

Most tests until 1970 were carried under monotonic loads
or under a small number of cyelic loads. In the years after 1970
research interest was focused on hysteretic response of
connections. Tests were also reported on Steel-SRC mixed
connections. These tests were not conducted just to establish
design standards for Steel-SRC mixed construction, but more
importantly, to understand the stress transfer mechanism from
steel to concrete, both in SRC construction and mixed
construction. Aoyama et al. [10] carried out tests on two full
size SRC connections. The structural steel portion of the
members was substantial and was nearly identical for the beams
and columns. They found that the joint shear is resisted not
only by the concrete within the depth of the steel beam and

column but by the entire concrete panel. They proposed the
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following equation to estimate the joint shear strength:

yw’Vep
a(bo e e 9 A8 S W v i S (2.11)
dy  dy - 9
(1- =€ - -8 (-2
L H L H

where "bo = beam moment at column center line.

'

dc' d; = distance between flanges of column and beam,

respectively.

Jor Jp = distance between centroids of tension
reinforcement and compression stress block of
column and beam, respectively.

L, H = beam span and floor height

Py = web reinforcement ratioc in the panel zone

gsp = volume of steel panel = t.g,'p . dé ’ d‘;

Vop = effective volume of concrete panel = by « jy * J,

b = average width of column and beam.

Vo = ultimate shear stress of concrete as in Eq. 2.12.

vo = (0.65 - 0.0014 £)f, for f, < 232 kg/em?)

] (2.12)
= T75.4 kg/om2 for £, > 232 kg/em ]

Wakabayashi et al. [59] tested five 1/2 scale, cruciform
shape specimens of steel beams and SRC columns to determine the
shear strength of the connection. The size and strength of the
steel part of the column was varied. The ratio of the flexural
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strengths of steel column to RC column were 0.8, 0.4 and 0. They
concluded that the shear in the connection is resisted by the
steel panel and the concrete within the depth of the steel beam
and column, and can be estimated by Eq. 2.8. However, they found
the value of v to be 0.645 (concrete strength, fo = 300-350
kg/cmz). For specimens with no steel column, the shear strength
of the connection panel was found to be much lower. The authors
attributed this reduction in strength to bond failure of the main
column reinforcing bars passing through the connection panel.

Naka et al. [36] also conducted tests on four, 1/2 scale
Steel-SRC interior joints. Thickness of the steel panel and the
size of the steel column were varied. The ratio of the flexural
strength of steel column to steel beam was varied from 0.35 and
0.85. They also concluded that the shear strength of the
connection panel can be estimated by Eq. 2.8, with be' the
effective width of concrete panel, equal to b,/2, i.e. half the
column width. They found the shear strength ratio, v, to be more
than 0.30.

Fujimoto et al. [16] investigated the behavior of
connections in Steel-SRC system, with changing ratio of flexural
strength of steel column to the total strength of the SRC column.
They concluded that specimens with a ratio over 50% show good
hysteretic performance.

Minami [34] and Wakabayashi et al. [58] reported tests on
eight, 1/3 scale Steel-SRC exterior connections. Four specimens
were tested with column axial load and four without axial load.
The ratio of the flexural strength of the steel column to that of
the SRC column varied from O to 1.0. Results showed no
significant effect of axial load. As in Eq. 2.7, a minimum value
of 0.50 was recommended for the ratio of the flexural capacity of
the steel parts of the columns to that of the beams. The authors
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presented a stress transfer mechanism called the "Lever
Mechanism”, shown in Fig. 2.7. Based on this mechanism and using
a value of 2f, for the stress In concrete bearing against a steel
beam flange, the authors derived complicated formulae for
predicting the ultimate strength of the assembly. These formulae
need to be verified by more tests since most of the tests failed
by flexural yielding of the beams.
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Fig. 2.7 Stress transferring mechanism in exterior joint (Ref. 34).

Kato et al [25] investigated the strength of Steel=-SRC
joints in which the steel beam flanges were connected to steel
columns by high strength bolts using T-stubs. A total of six
specimens were tested with the depth of concrete cover and the
diameter of ties as variables. The effect of tie diameter was

found to be insignificant. Maximum strength of the connections
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was controlled by fracture of high strength bolts in tension.
When the strong axis of the steel column was oriented in the
plane of the joint, the depth of concrete cover had no influence
on the maximum strength. On the contrary, the depth of cover had
considerable influence when the column was oriented with its weak
axis in the plane of the specimen. The authors derived formulas
for estimating the strength of such connections which were based
on yield line mechanisms for the flanges and web of the column
near the bolted connections.

Tanaka et al. [50] studied the Steel-SRC connections with
face bearing plates welded to the steel beams. Six, 1/2-scale,
cruciform shape specimens with the weak axis of steel column in
the bending plane, were tested under cyclic loads. Axial load
was applied to three specimens. The ratio of the strength of
steel column to that of SRC column was varied from 0.1 to 0.50.
The authors found that only the concrete confined by the steel
flanges and the steel face bearing plates is effective in
resisting joint shear. Axial load had no significant effect.
The size of the steel column had a considerable effect on the
behavior and the authors recommended that the steel column
develop at least 50% of the total SRC column strength.

Shimizu et al. [49] tested eight 1/2 scale specimens of
steel beam-reinforced concrete column connections. All specimens
had steel face bearing plates welded to the beams. In addition,
the beams had reinforcing bars welded to the flanges to create a
rough flange surface. Unfortunately the columns failed before
the joint panels could reach capacity. Hence no conclusions
could be drawn about the face bearing plates as well as the
deformed flange surface of the beams.

Building structures in Japan are designed in accordance
with standards published by Architectural Institute of Japan
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(A1J). These standards for SRC connections have been regularly
revised. Wakabayashi has discussed the design formulas [52, 53,
54, 55, 56, 57]. The 1958 edition of AIJ standard gave no
recommendations for the shear design of SRC connections. In the
commentary of the 1963 edition, a design formula for the shear
panel was presented which neglected the conerete panel, The
commentary of the 1975 AIJ standard contained a method with
formulas for design of the connection panel, which were based on
the allowable stress design method. The 1985 edition contained
additional formula for the ultimate shear strength of the
connection panel. These formulae are discussed in Ref. 57.

It is apparent from the review of the Japanese research
that the ultimate strength of the SRC connections, proportioned
using Eq. 2.7, can be estimated conservatively. However, the
behavior of steel-SRC mixed connections, especially with small
steel column sections, is still not understood. As stated by Lu
[29] and Wakabayashi [55], intensive research is urgently needed
on (a) the mechanism of stress transfer from steel section to
concrete at beam-to-column connections, and (b) methods for

improving the anchorage capacity of the connecting elements.

2.3 Research in Australia

There has been some research in Australia for connections
of wide flange structural steel beams (composite with slab) and
wide flange structural steel columns encased in plain concrete.

Ansourian [8, 9] tested subassemblages of both exterior
and interior connections. Fourteen structural subunits were
tested to investigate connection shear. Comparison of the
composite structure with bare steel joints showed the connection
shear force for initial yielding almost doubled and the post-

ylelding stiffness was ralsed by a factor of six. Collapse of
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most of the specimens occurred by plastic buckling of the beam
and so the true ultimate strength in shear was not determined.
Analysis of the test results revealed three apparent
regimes of connection zone behavior. In the first regime the
column was uncracked and both steel and concrete were elastic.
The entire column section was effective in resisting shear. The
author commented that if the column and beam widths differ
significantly, the average of the two widths perhaps should be
considered for the concrete resisting shear. In the second
regime the concrete in the column was cracked and only the steel
web resisted joint shear. Yielding of the web marked the end of
the second regime. A third regime existed in which the stiffness
was provided only by strain hardening of the web and the elastic
column flanges stiffened by the concrete cover over these

flanges.
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CHAPTER 3
EXPERIMENTAL PROGRAM

In the experimental study interior connections in plane
frames were subjected to monotonic lateral loads. No axial load
was imposed on columns. The prime variables were the thickness,
width and configuration of face bearing plate and the thickness
of steel panel.

3.1 Test Series Description

The test series consisted of a total of nine (9) tests

(summarized in Table 3.1) in two groups. The first group
included specimens 1 and 2, which were designed as pilot tests to
establish the potential of the face bearing plates (FBP). The
results of the pilot tests were used to design the remaining
tests.

In a typical framed tube design, the depth of the
prototype concrete columns, D,, varies from 33 to 45 in. The
beam depth, Dy, varies from 30 to 42 in. In ordinary frames, the
column depth is anywhere from 24 to 36 in., and the beam depth 21
to 33 in. The aspect ratio of the connections, i.e. the ratio of
column depth, D,, to the beam depth, Dy, vary from 0.8 to 1.30.
A ratio around 1.0 or slightly larger, is more likely for the
framed tube and frames consisting of concrete columns and steel
beams.

Pilot tests were intended to represent the prototype
framed tube connections at 1/3 to 1/2 scale. A 15-in. square
section for the column and a 12-in. deep W12x22 rolled steel
section for the beams were used in specimens 1 and 2. The aspect
ratio was 1.25. Tests 1 and 2 model an ordinary frame at 1/2 to

35
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Table 3.1 Summary of Test Series
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2/3 scale. In specimen 1, a plain beam was embedded in the
concrete column. No means were provided for the transfer of
flange forces to the concrete panel. For specimen 2, Grade 50
face bearing plates of thickness, tp =T7/16~-in., were welded to
the beam in order to mobilize the concrete in the panel for
improved joint shear resistance. The total width of the face
bearing plates, “p' was 4 in., i.e. equal to the flange width of
the beam. The main features of specimens 1 and 2 are summarized
in Table 3.1. In order to compare directly the results of the
two specimens the geometry and reinforcement were identical
except for the FBP.

Additional seven (7) tests were planned to evaluate the
main parameters of the study. The member sizes were 1/2 to 2/3
scale for framed tube and 2/3 to full scale for ordinary frames.
A 20-in. square section for columns and a 17-1/2-in. deep built-
up section for beams were used, producing an aspect ratio of
1.14, These seven tests are listed as specimens 3 through 9 in
Table 3.1. The hybrid beam section was proportioned with a weak
web and relatively strong flanges. The web, made from A36 steel,
was needed to furnish a greater difference in shear resistance
between the steel and concrete panels. Grade 50 flanges were
proportioned so that they were not excessively thick while at the
same time providing adequate moment capacity to ensure connection
failure.

Specimen 3 was similar to specimen 1, that is, a plain
beam embedded in the column. It served as a reference specimen
for specimens 4, 5 and 6. Specimens 4 and 5 were designed to
study the effect of a face bearing plate and its thickness. A
thin FBP (tp = 3/8-in.) was used in specimen 4 and a thick one
(t.p = 7/8=in.) in specimen 5. The width, W Was 8 in., equal to
the flange width. All the other details were kept identical to
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specimen 3 for better comparison. Test specimen 5 was a
reference test for specimens 4, 7, 8 and 9.

A connection with a beam embedded in the concrete column
resists the joint forces by a lever arm mechanism, as described
in Chapter 1. The failure of such connections is controlled by
either the shear capacity of the steel panel or concrete crushing
against the compression flanges near the column faces. Specimen
6 was provided with a strong steel panel to find an upper bound
on the lever arm mechanism. For this purpose a 1/2-in. thick
doubler plate was welded on each side of the web in the joint
zone. Face bearing plates, 3/8-in. thick, were also used to
simulate the most realistic condition regarding the flange
stiffness under concrete bearing. However, to isolate any
transfer of flange forces through the FBPs to the concrete panel,
a 3/8-1in. thick styrofoam layer was placed on the inside of the
FBPs before casting the specimens. The remaining details for
specimen 6 were similar to those for specimen 3.

To study the effect of the width of the face bearing
plates, specimen 7 was provided with 12-in, wide plates.
Specimen 8 was designed to study the influence of the
configuration of face bearing plates. The plates were extended 4
in. beyond the flanges, thereby giving a total depth of 25-1/2
in. for these FBPs. Support plates, T/8-in. thick, were used on
these plate extensions so that the extension had about the same
stiffness as the plates between the flanges. The support plates
were placed outside the column in order to have the same steel
panel as the other tests. The remaining details for both
specimens 7 and B were identical to specimen 5.

In order to clarify the influence of the steel panel on
the extent to which the concrete panel can be mobilized for joint
shear resistance, a 11-1/2 x 13 in. hole was cut into the steel
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panel in specimen 9. The remaining details for this specimen

were identical to specimen 5.

3.2 Specimen Design and Details

A beam-column assembly between the points of inflection
of a frame subjected to lateral loads can be idealized as shown
in Fig. 3.1(a). The displacement at the column top due to the
lateral load, is equal to the inter-story displacement, ID. The
same member and joint deformations can be achieved by modeling
the beam-column assemblage as shown in Fig. 3.1(b) and loading
the beam ends. The displacement at the beam ends, A/2, is

related to the interstory drift as follows:

A = ID x L/H (3.1)

The test specimens were loaded as shown in Fig. 3.1(b) for
convenience. No axial load was placed on the columns.
Dimensions of the specimen used in the pilot tests is
shown in Fig. 3.2. The 15-in. square concrete column was 8 ft-
10 in. high between reaction points. The W12 structural steel
beam was 8 ft., between the load points. The dimensions of
specimens 3 through 9 are shown in Fig. 3.3. The height of the
20-in. square concrete column was 12 ft-2 in. between the
reaction points. The total beam length between the loading
points was 16 ft. In order to reduce material costs, only a 6 ft-
6 in. length of the 17-1/2 in. deep built-up steel beam was cast
with the concrete column. Extension beams were spliced to each
end of the built-up beam for loading purposes.
The specimens were designed to fail in the connection.
Both columns and beams were adequately proportioned and

reinforced to preclude any immature shear or flexural failure.
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Fig. 3.1 Modelling of beam-column subassemblage.
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The results of the research conducted by Mattock and Gaafar [31]
on embedded brackets and by Wakabayashi et. al. [58, 59] and
Naka et. al. [36] on SRC connections, as well as the pilot tests,
were used to estimate the connection failure loads.

3.2.1 Beam Details. A W12x22, Grade 50 beam was used

for specimens 1 and 2. The beam had a br/2t.r ratio of 4.7 which
is an average value for most rolled sections, The details in the
joint area are shown in Fig. 3.4. Four 7/8-in. diameter holes
were drilled in both specimens to accommodate U-shaped stirrups
that formed perimeter hoops in joint area. For specimen 2, two
pairs of 7/16 x 2 x 11-in., Grade 50 FBPs, fitting between the
flanges at each side of the web, were welded flush with the faces
pfztp for
these plates was 4.7. A 1/4-in. fillet weld was used to develop
the full capacity of the plates.

of the concrete column. The width-to-thickness ratio, w

A17-1/2-in. deep built-up hybrid section was used for
specimens 3 through 9. This section had low panel shear capacity
and high flexural capacity. The ratio bp/2t, for the flanges was
5.33 which is an average value for most rolled steel sections.
The beam details in the joint area for these specimens are shown
in Figs. 3.5 through 3.7. Eight 15/16-in. diameter holes were
drilled in each specimen to accommodate four pairs of U-shaped
stirrups in the joint area.

Specimen 3 contained a bare beam. Specimen 4 was
designed with a thin face bearing plate. A pair of 3/8 x 4 x 16
in., A-36 plates were welded all around with a 1/4-in. fillet
p/2t.p, of 10.67. A thick face
bearing plate, as shown in Fig. 3.5(¢c) was studied in specimen 5

weld. The plates had a ratio, w

and it served as reference test for most tests. Four 7/8 x 4 x

16 in. , Grade 50 plates were used, giving a up/2tp ratio of

4,57. These plates were welded to flanges using a 1/2-in. fillet
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weld. For the connection to the beam web, a partial penetration
weld was used at the inside face of these plates, due to their
proximity to the holes. At the outside face, however, a 1/2-in.
fillet weld was used.

Details for specimen 6 with a thick steel panel are
shown in Fig. 3.6(a). Four 3/8 x 4 x 16-in. A36 face bearing
plates were welded first. Two 1/2 x 15-1/4 x 18-1/2 in. Grade 50
doubler plates were then fitted between the flanges and face
bearing plates. A plug weld was used all around these plates to
connect them to the web. In order to minimize the transfer of
any flange forces to the concrete panel, a piece of 3/8 x 3-1/2 x
16-in. styrofoam was placed inside each FBP and a thin layer of
grease was applied on each side of the steel panel, as well as
inside faces of the flanges.

A wider face bearing plate was used in specimen 7. The
beam details in the joint area are shown in Fig. 3.6(b). The 7/8
x 6 x 16 in. Grade 50 FBPs extended two inches beyond the flanges
and the extension was 2.29 times the plate thickness., Welding
details were identical to specimen 5.

The face bearing plates extended over a depth of 25-1/2
in. in specimen 8 as shown in Fig. 3.7(a). All the plate pieces
used were of Grade 50 material. Four 7/8 x 4 x 16-in. FBPs
were fitted between the flanges. Welding details for these plates
were the same as those for specimen 5. Additional 7/8 x 4 x 8-
in. plates were welded to the beam flanges to extend the FBP U
in. beyond each beam flange. In order to function properly these
additional face bearing plates required support plates which
normally would be provided inside the joint, thus giving a clean
external appearance. However, for better comparison with the
other test results, the 7/8 x 4 x 8 in. support plates were
welded outside the joint.
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The details for specimen 9 with a weak steel panel are
shown in Fig. 3.7(b). A 11-1/2 x 13-in. hole was cut out of the
steel panel. The size of the face bearing plates and the welding
details were exactly like those for specimen 5.

3.2.2 Column Details. Columns were sufficiently

reinforced to prevent any shear or flexural failure outside the
joint., Low concrete strength was chosen to increase the
likelihood of failure in the connection. The column details as
well as the concrete strength were kept as uniform as possible,
within each group.

For specimens 1 and 2, eight #9 bars were used for
vertical reinforcement. The shear reinforcement for the column
consisted of #3 closed ties provided at 4-in. spacing. The
transverse reinforcement in the joint area is shown in Fig.
3.8(a), and was provided in accordance with the ACI-ASCE
Committee 352 recommendations for monolithic reinforced concrete
beam=column joints [2]. Provisions for Type 1 joints, i.e. for
non-seismic loads, were followed. The reinforcement provided is
about 2/3 of the reinforcement required in Type 2 joints for
seismic zones using Eqs. A.3 and A.4. Within the depth of the
beam two pairs of U-shape ties were provided at 5-in. spacing.
The first two ties below the beam soffit and above the top of the
beam were spaced at 2-in. and then at 4-in. spacings. Concrete
cover on the ties and aggregate size were scaled down as were all
dimensions in the tests. Clear concrete cover on the outside of
the ties was 3/U-in, and maximum 3/8-in., river gravel was used as
coarse aggregate.

For specimens 3 through 9, twelve #10 rebars were used
as vertical reinforcement. The shear reinforcement outside the
joint area was comprised of sets of #4 and #3 ties placed at 8-

in. spacings. The transverse reinforcement in and around the
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Fig. 3.8(a) Joint reinforcement for specimens 1 and 2.
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joint is shown in Figs. 3.8(b) and 3.9. The reinforcement
details were identical for all specimens, except for test 8, in
which a few extra ties were provided near the extended face
bearing plates. The amount of transverse joint reinforcement in
the direction of shear in this group of tests was equal to the
value recommended for seismic loads (Type 2 joints, Eq. A.3 and
A.4) and was higher than that for specimens 1 and 2. The provided
amount of transverse reinforcement in the direction normal to the
beam axis was half the amount in the direction of shear. Sets of
two U-shaped and two hairpin shape #3 ties were provided at 4-in.
spacing within the depth of the beam. Extra #3 closed ties were
placed above and below the beam as shown in Figs. 3.8(b) and 3.9.
A clear concrete cover of 1 in. was maintained. Crushed stone of
maximum 3/4-in. size was used as coarse aggregate for the
concrete.

Details of the joint area of specimens 1, 5 and 8, are
pictured in Figs. 3.10 through 3.12.

3.2.3 Specimen Fabrication. Column reinforcement cages

were fabricated except for the ties in the joint area, The cages
were erected and the beams positioned. The reinforcement in the
Joint area was then placed. A typlcal specimen is pictured in
Fig. 3.13. For casting the specimens, wooden formwork with 3/4-
in. thick plywood sheathing was used. Typically two specimens
were cast from the same concrete batch. As pictured in Fig.
3.14, two windows were provided in the formwork to place the
concrete in approximately 4-ft. lifts. A view of the concreting
operation is pictured in Fig. 3.15. Two 2-in. diameter, needle
type immersion vibrators were used for consolidating the
concrete. A set of fifteen standard 6x12 cylinders were cast
Wwith the specimens. Two days after casting, the formwork was
stripped and the specimens were left in exposed laboratory
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Fig. 3.10 A view of joint area of specimen 1.

Fig. 3.11 Joint area of specimen 5.



Fig. 3.13 A typical reinforcement cage.

Fig. 3.12 Joint area of specimen 8.
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environment for curing. The eylinders were cured in Lhe same
manner.

3.3 Material Properties

As described in Sec. 3.1, the test series was planned such
that only one parameter was varied in each test, so a clear
evaluation of each parameter could be made. Structural steel
beams for all specimens within a series were cut from one single
length of beam. All column reinforcing bars of the same size for
specimens within a series came from the same heat, except for
specimens 8 and 9 which were from a different lot than those for
specimens 3 through 7. Although an effort was made to keep the
concrete strength uniform for the specimens within each series,
it varied from 3550 to 4000 psi.

Tension coupons were tested to determine structural
steel properties. These coupons were cut from the web and
flanges of beams and face bearing plates. For the beam web,
coupons were taken both in the longitudinal and the transverse
direction, i.e. along the axis of the beam and perpendicular to
it. Two coupons were tested for the material property desired at
each location or direction. For better sampling, each of the two
coupons were taken from a different specimen within the group and
the results were averaged. The plate coupons were machined to
the ASTM A370-77 specifications [7]. A 2-in. gauge length was
used for all the coupons, except those for flanges of the beams
in specimens 3 through 9, where an 8-in length was used. For the
column reinforcing bars 36-in. long pieces were tested in tension
with an 8-in. gauge length. These pieces were ordered with each
lot of rebars and were from the same heat material.

A typical load-strain plot for a tension coupon is shown
in Fig, 3.16. The static yield plateau was usually flat and was
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Fig. 3.16 Typical load vs strain piot for tension coupons.

determined by taking three static load points, A, on the yield
plateau, at selected strain intervals. At each of these points
the machine was stopped, thereby holding the deformation constant
for five minutes before taking the load reading. The same
procedure was used during the connection tests when a specimen
began to lose its stiffness., The static yield load of the
tension coupon was defined as the average of these readings. For
the tension coupons from the beam webs, the strain hardening
modulus, Egy, as well as the strain at the onset of strain
hardening, Egpr Were also noted. Procedures outlined by Adams
[32] were followed. A set of three readings were recorded at two

points, B, at .005 to .010 strain apart. Again, the deformation
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was held constant and the load was recorded each at time
intervals of 2-1/2, 5 and T-1/2 min. after stopping the machine.
Thus, three values of modulus were calculated based on the two
points B at 2-1/2, 5 and 7-1/2 min. The modulus of strain
hardening, Esh' was defined as the average of these three values.
The strain at the onset of strain hardening, €gp+ Was estimated
to be at point, C, obtained by intersecting the line joining the
two B points at 5 min. with the static yield plateau. Strain was
measured using a 2-in. or 8-in. extensometer capable of measuring
strains with .0001 in./in. accuracy. The extensometer was
removed after the readings at point B were recorded, and the
specimen was loaded to ultimate. Percent elongation was then
determined from the failed specimens using the pre-marked gauge
length. A summary of the material properties both for structural
steel and reinforcing bars are listed in Table 3.2.

The target concrete strength was 3500 psi for specimens
1 and 2 and 4000 psi for 3 through 9. The concrete strengths at
28 days after casting and on the day of testing, are listed in
Table 3.3.

3.4 Test Set-Up

Simulated lateral loads were applied by loading the
opposite beam ends upward and downward while permitting no
displacement at the top and bottom of the column. The test set-
up used for specimens 3 through 9 i{s pictured in Figs. 3.17 and
3.18. The set-up for specimens 1 and 2 was similar.

The test set-up prevented displacement in any direction at
the column ends but permitted in-plane rotation at the column
ends. A piece of 1-1/4-in. nominal diameter pipe was embedded in
the concrete columns at b6-in. from the ends. A 1-1/8-in.

diameter, A354 Crade BD stud was greased and placed through the
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Table 3.2 Material Properties - Steel Coupons and Reinforcing
Bars
Specimms Desaription Satic ut. Cauge 1 Blong Srain
Yield Stress Length Hardening
Streas
(kat) (ki) (in.) (&ﬂ {imn)
1-2 Long. Web 56.6 7.5 2 .0 20 .0
1-2 Tranv. Web 5.3 .7 2 8.2 A6 020
1=2 Flange & FBP hy.5 66.3 2 3T w—— —
3-9 Long. Web ¥.5 56,5 2 0,5 335 022
3=-9 Tranv. Web 35.9 56.1 2 33.1 27.0 .00
3-9 Flange 50.6 76.3 8 5.1
386 3/8-in. FEBP 3.4 68.5 2 38.0
4,5 19 7/8~in. FBP 58.9 B1.3 2 n3.3
1=2 #3 tars 62.1 .1 8 17.0
1-2 9 bars 6.2 0.1 B8 18.6
3=-17 3 bars 65.0 101.8 8 15.3
3-7 # bars 61.6 90.2 B 18.3
3=17 #10 tars 65.7 104.2 8 16.1
B-9  bars 7.0 12.4 8 1.0
8-9 #i tars 60.0 101.8 8 1.6
8-9 10 bars 6.3 104.5 8 15.8

Table 3.3 Concrete Cylinder Strength

--------------- - - -

Day of Testing

Specimen 28-day Strength Age Strength

(pst) (days) (psi)

3 1 3300 93 3550
2 3300 106 3550

3 4oo U2 500

] 4100 48 4300

5 4100 56 4300

6 3900 T4 Looo

T 3900 81 kooo

8 3600 28 3600

9 3600 39 3700

...... - -




Fig. 3.17 Test set-up for specimens 3 thru 9.

floor fixture

channel strut
angle brace
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Fig. 3.18 A view of test set-up.

Fig. 3.19 Detail at the column base.
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embedded pipes, and fastened to the base fixture at the bottom
and to a channel strut at the top. The base fixture, shown in
Fig. 3.19, was made with two 22-in. channels attached to a 1-1/4-
in. thick plate which was tied to the floor slab. At the column
top two 12-in. channels were used as a strut, tied to the
reaction wall, as shown in Fig. 3.20. To prevent any lateral
movement, an angle brace was used diagonally from the column top
to the reaction wall, as shown in Fig. 3.17.

The specimens were loaded at the beam ends using two 50-
ton, hydraulic rams as pictured in Fig. 3.21. The rams were tied
to the floor through a pedestal and an eye bracket. The rod end
of the hydraulic ram was connected to the beam at its centerline
using a female rod clevis and a 2-1/2-in. diameter pivot pin.
The beam web was reinforced by plates at the pivot pin to reduce
the bearing pressure and to reduce the clearance between the web
and the female clevis.

3.5 Load System

The lateral load on the beam-column assemblage was
simulated by applying equal and opposite loads at the beam ends,
f.e., an upward load at one end and a downward load of equal
magnitude at the other end. Since the ram area in tension was
less than that in compression, by the area of the piston rod, the
tension ram required more hydraulic pressure than the compression
ram for the same magnitude of load. The desired ratio of
pressure in the two rams was controlled by using a multipressure
load maintainer.

A schematic diagram of the loading system used is shown in
Fig. 3.22. Hydraulic pressure was provided by a single electric
pump, and a multipressure load maintainer was used to control the

load applied by the hydraulic rams. The pump, load maintainer
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Fig. 3.20 Detail at the column top.
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Fig. 3.22 Schematic of load system.
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and rams were all connected using flexible pressure hoses. 0il
shut off valves and dial gage pressure indicators, as shown in
Fig. 3.22, were provided. In addition, two pressure transducers
were installed in the pressure lines to electronically monitor
the loads.

The multipressure load maintainer enabled the operator to
manually control the rate of pressure increase, to maintain a
fixed pressure, and to shut off the flow of o0il into a ram. It
also allowed the operator to increase the pressure to the two
rams at a proportionate rate while maintaining the constant
pressure ratio. It should be pointed out that this load system
as well as the test set-up is in static equilibrium even when the

magnitude of load in the two rams is not the same.

3.6 Instrumentation and Data Acquisition

To collect information regarding distortion in the jolnt
area, to understand the stress transfer from the members to the
connection panel, and to study the resistance mechanism of the
panel, the following instrumentation was used.

3.6.1 Joint Distortion, Drift and Load Measurements. 1In

order to understand the stiffness deterioration of the

connection, the three main components of interstory drift are
identified as shown in Fig. 3.23. The first component is the
elastic flexural deformation of the beam and column which can be
estimated if the members are assumed to deform elastically. The
second component is the panel separation which is the rigid body
rotation of the steel beam with respect to the concrete column.
The third component is the shear distortion of the connection
panel or joint.

To measure the total drift of the beam-column

subassemblage, linear voltage displacement transducers (LVDT) -
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Fig. 3.23 Components of beam deflection.
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also termed as potentiometers - were used, as shown in Fig. 3.24,
All the potentiometers had 2 in. stroke, except for
potentiometers 1 and 2 which had a" 6-in. stroke. Potentiometers
3 and 4 were necessary for specimens 3 through 9, to account for
any slip in the beam splices. Potentiometers 5 and 6 were used
in specimens 3 through 9 to monitor the panel separation.

-&:‘l{— 13‘%

FOR ADD'L LVOT'S
IN THE JOINT AREA
SEE Fig. 3.25

12 NOTE : LVOT'S 3 THRU 6 WERE
'ﬁ"_' NOT USED FOR SPCMN'S

1 AND 2.

Fig. 3.24 Location of LVDTs - looking north.

It was anticipated that the shear distortion of the
concrete panel, especially near the outside face, might not be
equal in magnitude to that of the steel panel. This difference
in the shear distortions of the steel and concrete panels, plus
the panel separation, would almost be equal to the relative beam
inclination (near the column) relative to the column centerline.
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The relative beam inclination (RBI) was measured as shown in Fig.
3.25. A frame made with small angle sections was mounted on the
beam 2-in. away from the column face, on each side of the joint.
Four pointed screws were used to position the frame at the
discrete location. Two potentiometers with 2-in. stroke were
extended from each of these frames to measure the change in the
distance to the column centerline. A view of this frame is
pictured in Fig. 3.26.

A small electronic digital inclinometer, as shown in Fig.
3.27, was used to record absolute rotation at a few points.
These readings were taken at the beam web and concrete faces near
the joint. The locations are shown in Fig. 3.28.

The loads applied to the beam ends were monitored by
measuring the hydraulic pressure of the loading rams. Dial gage
pressure indicators as well as electronic pressure transducers
were used.

3.6.2 Strain Measurements. The specimens were

instrumented with strain gages at various locations in the
connection. Two types of strain gages were used. Foil gages
with 1/4-in. gauge length, in single, cross and rosette patterns,
were used to monitor stresses in the structural steel and
reinforeing bars. Resin impregnated, polyester mold, single
gages with a 2-1/2-in. gauge length, were embedded in the
concrete to monitor diagonal strut action of the concrete panel.
The total number of strain gages varied from 30 in some specimens
to 40 in others,

Typical locations for strain gages on column ties and
vertical bars in the joint area are shown in Fig. 3.29 for
specimens 1 and 2, and in Fig. 3.30 for specimens 3 through 9.
Not all the gages shown in Fig. 3.30 were used in every specimen.

For example, the six gages shown for vertical bars were mounted




70

Screws w/ pointed ends.

RODS

|
I
1
¢
I
|
' " | ALL THREAD

/
.LL

7Y

R ;
5 6
A v

ELEVATION LOOKING NORTH VIEW LOOKING WEST

Fig. 3.25 LVDTs for joint distortion.

Fig. 3.26 Steel frame to measure joint distortion,




71

Fig. 3.27 Electronic digital inclinometer to measure the column face rotation.
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Fig. 3.28 Locations for rotation measurements with electronic inclinometer
(specimens 3 thru 9 only).
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only for specimens 3 through 5 and 8. Concrete strain gages were
embedded in a few specimens. Typical locations are shown in Fig.
3.30. Concrete gages at locations C1, C2, U1, and U2 were used
in specimens 5 and 9. One concrete gage at location C2 was
embedded in specimens 6 and 8, Concrete gages at all five
locations were used for specimen 7.

Single and cross strain gages were mounted on the steel
beam in the joint area to monitor both transverse and
longitudinal stresses in flanges and face bearing plates.
Rosette gages were place on the web to measure shearing stresses.
A few gages were installed on the beam flange away from the joint
to check the load applied by the hydraulic rams. Typical
locations of these strain gages is shown in Fig. 3.31 for
specimens 1 and 2, and in Fig. 3.32 for specimens 3 through 9.

3.6.3 Data Acquisition. The data from the pressure

transducers, LVDT's and strain gages were processed using a data
acquisition system. During the test the deflection at one end of
the beam was continuously plotted against the ram load at that
end using an X-Y plotter.

Prior to testing the specimens, steel beams were white-
washed. Local yielding could then be visually identified as the
white-wash flaked away from the steel with the brittle mill
scale. Concrete cracks were marked throughout the loading

history.

3.7 General Test Procedure

The same general test procedure was followed for almost
all the test specimens. Before loading a specimen to ultimate
load capacity, a low level load cycle, representing an
approximate service load level, was applied in each direction.
This service load level was kept at about half the anticipated
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ultimate load capacity of the specimen. This low level load
cycle was skipped for specimens 5, 7 and 9, in order to retrieve
more information from the embedded concrete gages that would
otherwise have ceased to function due to concrete cracking.

Each specimen was eventually loaded to ultimate capacity
in one direction. Loads were increased in small increments until
the specimen started losing stiffness, at which point the loading
was displacement controlled. Small increments of displacements
were imposed at beam ends. At each of these incremental points,
static loads were recorded in the same manner as described for
the tension coupons. The 0il flow from the load maintainer to
the loading rams was shut off at the valve, preventing any
further displacement and allowing the load to drop to {ts static
value after few minutes. All the data were recorded at each of
the incremental stages. The specimens were unloaded typically
around 3 to 4% drift. The specimens were then loaded to failure

in the other direction.




CHAPTER 4
EXPERIMENTAL RESULTS

The specimens were subjected to simulated lateral loads
in which one end of the beam was loaded upward while the other
downward as shown in Fig. 4.1. A typical loading curve is
schematically shown in Fig. 4.2. For the presentation of the
test results, the first half of the low level cycle, in the
primary direction, is cycle L1. The second half, i.e. in the
reverse direction, is cycle L2. Similarly, the first and second
halves of the ultimate load cycle are Ul and U2, respectively.

During the test, data were collected at several stages.
Each of these stages were identified by consecutive numbers. The
concrete cracks were labelled with the stage numbers so as to
trace their progression.

Under the loads as shown in Fig. 4.1, the beam flanges
and column faces in diagonally opposite quadrants are subjected
to the same kind of stresses, tension or compression. While
describing the joint distress, the specimen orientation as well
as the loading direction is identified by noting the type of

stress in the particular flange or column face.

I.1 General Specimen Behavior

The specimen behavior is described by a plot of load vs.
drift. An average of the loads at the two ends of the beam is
plotted. The two loads were approximately equal until the
specimen started losing stiffness beyond which the ram causing
compression in the top flange carried more load. The drift of
the specimen is calculated as the ratio of the total relative
vertical displacement between a point on each beam, to the

distance between the two points.
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The critical concrete cracks are identified. These
include diagonal shear cracks on the column sides and various
cracks on the column faces as shown in Fig. 4.3. The following
special cracking patterns are defined. Diagonal shear cracks,
ds, started on the column sides in beam-column joint. Typically
the first crack occurred close to the diagonal connecting corners
of the joint and was followed by cracks parallel to it. As the
load was increased, these cracks turned upward near the column
compression faces. Cracks labelled tr radiated from the tension
flanges. Typically first tr cracks originated from the tips of
the tension flanges, followed by cracks initiating from the
tension flange-web junction. Cracks td radiated downward at an
angle, from the tip of the tension flange. As the load was
increased, these cracks occasionally turned into flexural cracks.
Cr cracks radiated from the compression flanges at a steep angle.
First Cr cracks originated at the flange tips and in some cases
were followed by cracks radiating near the compression flange-web
junction.

The load points of importance for each specimen are
listed in Table 4.1. To evaluate the joint rigidity the initial
stiffness of the specimen as related to the joint moment is also
listed. These values are not a direct measure of absolute joint
stiffness, but they are useful for relative evaluation of
different connection details and are calculated using the
deformation at a load of 15 kips. Detailed description of each
test is presented in the following.

Specimens 1 and 2. Pilot tests 1 and 2 were designed to
investigate the potential value of face bearing plates. Figure
4.4 shows the load vs. drift plot for specimen 1 which had a
plain W12 beam. In cycle L1, no distress was noted until a load
of 11.8 kips was reached and cracks tr developed (Fig. 4.5). On




3 ” . .
Table 4,1 Significant Load Points
Init. Sifr Ist Diag. Yielding Primary Direction at Reverse Ist Crushing Sign At Maximum Drift
T o I y gl e 2 arife 2 brife ke ma | on
(K'/rad.) (kips) (kdps) (kips) (kips) (kips) (kips) (kips) (%) (kcipm) (1)
1 16,200 11.8-14,8 17.6 16.9 17.0 17.8 18.5 16.9 0.9 18.3 1.3
2 ' 20,250 12.6 13.2 2.2 2.5 %.2 2.7 2.7 0.9 .6 4.9
3 94,600 15.1 18.7 15.1 17.4 18.8 21.0 17.% 1.0 20.0 2.9
] 93,200 15.1 14.5 4.1 T4 R.5 2.5 7.4 1.0 5.3 3.7
5 91,700 15.1 15.1 19.6 2. 34.3 R.7 28.1 .9 3.2 k.5
6 110,400 16.1 24,0 — BH.7 5.3 %.7 8.7 1.1 .6 5.0
7 111,800 15.7 15.7 18.6 34.6 n.2 36.7 334 .9 §3.5 u.8
8 151,900 2.2 15.3 2.1 &7.0 9.5 T 0.2 1.2 5.1 1.5
9 93,200 15.0 20.4 — 21.0 3.5 28.0 27.1 1.9 34,3 4
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17.8 kips at 2% drift. Prior to reaching the ultimate load, local
yielding of the flanges near the column was noted in the west
beam which carried about 10-23% more load than the east beam.
Also, concrete crushed against both compression flanges and a gap
of about 3/16-in. was noted under (or above) the tension flanges.
At the ultimate load of 18.3 k a drift of 3.3% was reached.
Under loading in the other direction i.e. cycle U2, the specimen
was less stiff. However, the cracking behavior was very similar
to that in Cycle Ul. The specimen carried slightly higher load
in this eycle. The load-drift plot shows good energy
dissipation.

Figure 4.6 shows the load-drift plot for specimen 2 in
whieh a 7/16-in. FBP was used. 1In cycle L1, specimen 2 was
slightly stiffer than specimen 1. Two flexural cracks appeared
at this stage; one at the level of the tension flange and the
other a few inches inside the joint (Figs. 4.7 and 4.8). 1In the
other direction, cycle L2 there was almost no residual drift. As
the load was increased in cycle U1, first diagonal shear cracks
appeared at a load of 13.2k and cracks td initiated at the tips
of the tension flanges. Cracks tr were noted at a load of 20.7k
(Fig. 4.8). Some signs of concrete crushing against the top
compression flange were also observed, followed by cracks Cr
radiating from the tips of the compression flanges. At a load of
26.2k yielding was recorded in the steel panel and a few more Cr
cracks developed near the compression flanges (Fig. 4.8). Near
the ultimate load the beam loaded upward carried about 15% more
load than the other. Concrete above the compression flanges was
crushed and spalled and a 1/4-in. gap was noted under (or above)
the tension flanges. A large permanent drift was observed upon
unloading. The response of the specimen in cycle U2 was soft at

first but it regained stiffness as the cracks closed. Pinching
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Fig. 4.6 Load-drift plot of specimen 2.

Fig. 4.7 A view of joint 2 after cycle U1.
(Upper left flange in compression)
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Fig. 4.8 A view of joint 2 after failure.
(Top flange in compression in L1 and U1)

of the hysteresis loop can be seen in Fig. 4.5, however, the
specimen still showed good energy dissipation. The specimen
carried slightly lower load in cycle U2, Cracking behavior was
pretty similar to that of cycle Ul resulting in a symmetrical
cracking pattern.

Specimen 3. Specimen 3 was the first of the seven tests
in the second group and had a plain steel beam embedded in the
concrete column. The load=drift plot is shown in Fig. 4.9. 1In
cycle L1 no distress was noted and the specimen showed almost no
residual drift upon unloading. Unlike specimen 1, almost no
residual drift was recorded after cycle L2. First flexural
cracks appeared in cyecle Ul at a load of 15.1k (Fig. 4.11).
Yielding of the steel panel was recorded and subsequently the

specimen lost substantial stiffness. At a load of 16.6k (.63%
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Fig. 4.9 Load-drift plot of specimen 3.

Fig. 4.10 A view of joint 3 after failure.
(Top flange in tension in L1 and ut)
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drift), cracks tr originated from the tips of the tension flanges
(Fig. 4.10). Crushing of the concrete against the compression
flanges was noted at a load of 17.4k. A couple of small diagonal
shear cracks (Fig. 4.11), were observed on each column side at a
load of 18.7k. The specimen carried an average load of 18.8k at
2% drift. A few small yield lines near the flange-web junction
outside the joint were noted both in the flanges and the web at a
load of 19.1k (Fig. 4.10). Crushing of the concrete was more
pronounced at this stage and a gap of about 3/16-in. was noted
under (or above) the tension flanges. The specimen exhibited
greater stiffness in the post-yield regime compared to specimen
1. This could be attributed to thicker beam flanges in specimen
3. Near the ultimate load, the beam loaded upward carried about
28% more load than the other beam. Upon unloading, the specimen
showed large residual drift. In cycle U2, a load of 21.0 kips
was reached at 2% drift. Cracking was essentially the same as in
cyecle Ul. The load-drift plot indicates large energy dissipation
characteristies.,

Specimens 4 and 5. Specimens 4 and 5 were designed to

study the effect of face bearing plates and their thickness.
Figure 4,12 shows the load vs. drift plot for specimen 4 which
had a thin, 3/8-in. A36 FBP. 1In cycle L1 the specimen was loaded
to 14.5k when first diagonal shear crack appeared on the joint
diagonal (Fig. 4.13). A small tr crack also radiated from the
tension flanges as shown in Fig. 4.15. The initial stiffness of
the specimen was almost the same as that of specimen 3. In cycle
Ul, the specimen was less stiff than in cycle L1. Yielding in
the steel panel was recorded at a load of 14.1k. Flexural cracks
near the tension flanges were also noted at this load level. At
a load of 24.3k old tr cracks progressed further and new tr and
td cracks appeared on the column faces (Fig. 4.15). A few ds



Fig. 4.11 Joint 3 after failure.
(Left beam loaded upward in L1 and U1)
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Fig. 4.13 Joint 4 after cycle U1.
(Upper left flange in compression)

Fig. 4.14 Joint 4 after failure.
(Left beam loaded upward in L1 and U1)
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Fig. 4.15 Joint 4 after failure.
(Top flange in compression in L1 and U1)
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Fig. 4.16 Load-drift plot of specimen 5.
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cracks were also noted on column sides. Concrete crushing
against the compression flanges was noted. The specimen carried
average 32.5 kips at 2% drift. Yielding was noted in the FBP
located in the beam loaded upward which was confined near the
compression flange at the weld toe and is pictured in Fig. U4.15.
Upon further loading these FBPs were noticeably bent at the weld
toe. Also, yield lines were noted in the web outside the joint,
for the beam loaded upward only (Fig. 4.15). At a load of 35.3k,
cracks Cr arose from the tips of the compression flanges and
concrete crushing was eminent against these flanges. At the
ultimate, upward load was about 23% higher than the downward
load. A 5/16-in. gap was noted near (or above) the tension
flanges. In the reverse direction, cycle U2, the stiffness of
the specimen increased as the cracks closed. The specimen
carried 32.5 kips at 2% drift, the same load as in cyecle Ul.
The cracking and yield-lines pattern were pretty symmetrical as
pictured in Fig. 4.14,

A thick, 7/8-in. FBP of Grd. 50 material was used in
specimen 5. Figure 4,16 shows the load-drift plot for this
specimen. The low level load cycle was omitted in this test.
The cracking pattern as well as the general specimen behavior was
very similar to that of specimen 4. However, no yielding or
distress was noted in the FBPs. Diagonal shear cracks and
flexural cracks appeared at about the same load level as in
specimen 4. The web yielding, however, was recorded at a higher
load, 19.6 kips. Figures 4,17 and 4.18 show the crack patterns.
At 2% drift the load was 34.3 kips, slightly higher than specimen
4, Web yielding outside the joint for the beam carrying a higher
load, started at a load of 30.1k and was more prominent than in
specimen 4 (Fig. 4.18). The ultimate load was 37.3k. Beam




Fig. 4.17 Joint 5 after cycle U1.
(Upper left flange in compression)

Fig. 4.18 Joint 5 after failure.
(Top flange in compression in L1 and ut)
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loaded upward, carried about 30% higher load than the other beam.
A 3/8-in. gap was recorded under (or above) the tension flanges,

Specimen Q, Specimen 6 was designed to study the effect
of the steel panel, strengthened with doubler plates. Styrofoam
was placed inside the FBPs to preclude transfer of flange forces
to the concrete panel through them. The load-drift plot is shown
in Fig. 4.19. The initial stiffness was slightly higher than
specimen 5. First flexural cracks appeared at a load of 16.1k.
In cycle Ul, the initial stiffness was lower than in cycle L1.
First, diagonal shear cracking was noted at a load of 20.6k, away
from the joint diagonal (Fig. 4.20). At a load of 34.8k more ds
cracks appeared near the joint diagonal. Cracks tr and td also
radiated from the tips of the tension flanges. Signs of concrete
crushing against the top compression flange were observed at a
load of 38.7k and the stiffness dropped substantially. Yield
lines in the web and the compression flange, adjacent to the
joint were noted in both beams. These yield lines appeared
earlier than expected, perhaps due to the residual stresses
caused by welding and flame cutting of the plates. Yield lines
were also noted in the so called FBPs, perhaps due to the
compressive stresses and can be seen in Fig. 4.21. At 41.9k
cracks Cr appeared from the tips of the compression flanges. A
flat plateau was reached at an average load of 45.3 kip at 2%
drift. At ultimate load, the upward load was about 20% higher
than the downward load. A gap of about 1/2-in. was noted under
(or above) the tension flanges. Crushing of concrete against the
compression flanges was severe (Fig. 4.22), hence the specimen
was unloaded. In cycle U2 almost the entire residual drift was

recovered before the stiffness increased. The resulting S-shaped

hysteresis loop indicated a reduction in energy dissipation
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Fig. 4.19 Load-drift plot of specimen 6.

Fig. 4.20 Joint 6 after cycle U1.
(Upper left flange in compression)




Fig. 4.21 Joint 6 after failure.
(Top flange in compression in L1 and U1)

Fig. 4.22 Joint 6 after failure.
(Top flange in compression in L1 and Ut)
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capacity of the specimen. The specimen carried substantially
less load in cycle U2, 36.7 kips at 2% drift.

Specimen 7. A 12-in. wide, 7/8-in. thick, face bearing
plate was used in this specimen. The load-drift plot is shown in
Fig. 4.23. Load cycle L1 was omitted in order to avoid damaging
the embedded concrete strain gages. The initial stiffness of the
specimen was the same as that of specimen 6. First ds and
flexural cracks appeared at a load of 15.7k (Figs. 4.24 and
4.25). Yielding of the steel panel was recorded at 18.6 kips.
As the load was further increased, more flexural cracks appeared
between the flanges and away from the joint. Cracks radiating
from the tension flanges were absent except for cracks td,
arising from near the flange tips, which were noted at a load of
36.2k. Concrete crushing against the compression flanges was
also seen at this stage. The load was 41.2 kips at 2% drirt.
Yield lines were noted in the web and the compression flange
(Fig. 4.25). Yield lines were also seen in the FBPs near the
tips of the compression flange of the beam loaded upward (See
Fig. 4.25). At a load of 42.4k cracks Cr extended from the tips
of the FBPs (not the tips of the compression flanges) and
penetrated to the column edges (Fig., 4.26). Near the ultimate
load, the beam loaded upward carried about 20% more load than the
other beam. A 3/8-in. gap was measured under (or above) the
tension flanges. The behavior of the specimen in cycle U2 was
similar to that of specimens 4 and 5. The specimen carried an
average 36.7 kips at 2% drift, which was slightly less than the
corresponding load in cycle Ul.

Specimen 8. Face bearing plates extended 4 in. above
and below the beam in this specimen. The load - drift plot {s
shown in Fig. 4,27. The initial stiffness was much higher than
the other specimens. First diagonal shear cracks appeared at a
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Fig. 4.23 Load-drift plot of specimen 7.

Fig. 4.24 Joint 7 after cycle U1.
(Upper left flange in compression)




Fig. 4.25 Joint 7 after failure.
(Top flange in compression in L1 and U1)

Fig 4.26 Joint 7 after failure.
(Top flange in compression in L1 and U1)
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Fig. 4.27 Load-drift plot of specimen 8.

Fig. 4.28 Joint 8 after cycle U1.
(Upper right flange in compression)
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load of 15.3k. Flexural cracks were noted at a load of 20.2k at
the tips of the extended FBPs near the tension flanges. At a
load of 25.4k cracks tr originated from the tips of the tension
flanges as seen in Fig. 4.30. In cycle U1, steel panel yielded
at a load of 29.1 kips. Upon further loading, more ds and
flexural cracks appeared on the column sides and faces (Fig.
4,28). Crushing of the concrete near the compression flanges was
noted at a load of 50.2k when the specimen started losing its
stiffness. At 2% drift, the specimen was carrying 54.5 kips
load. Near the ultimate, the beam loaded upward carried about
20% higher load than the beam loaded downward. Yield lines on
the web and compression flanges outside the joint were extensive
(Figs. 4.30 through 4.32). The built-up beams reached almost 90%
of their flexural capacity in this test. Extended face bearing
plates near the compression flanges also showed yield lines which
can be seen in Fig. 4.31. A vertical movement of 1/4-in. was
recorded for the extended FBPs near the tension flanges. The
specimen was unloaded when severe crushing and spalling of
concrete near the compression flanges was noticed. The specimen
carried considerably less load in cycle U2, U7.1 kips at 2%
drift.

Specimen 9. An 11-1/2 x 13-in. hole was cut into the
beam web to weaken the steel panel in Specimen 9. The load-drift
plot for the specimen is shown in Fig. 4.33. Cycle L1 was
omitted in this test. The initial stiffness of the specimen was
the same as in specimen 5. First flexural cracks appeared near
the tension flanges at a load of 15.0k. Cracks tr propagated
from the tips of the tension flanges at a load of 18.0k (Fig.
§.35). First diagonal shear cracks appeared on the joint
diagonal at a load of 20.4k. More cracks appeared as the load

was increased (Fig. 4.34). Concrete crushing near the




Fig. 4.29 Joint 8 after failure.
(Upper right flange in compression in L1 and ut)

Fig 4.30 Joint 8 after failure.
(Top flange in compression in L1 and u1)




Fig. 4.31 Joint 8 after failure.
(Bottom flange in compression in L1 and U1)

Fig. 4.32 Joint 8 after failure.
(Top flange in compression in L1 and U1)
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Fig. 4.33 Load-drift plot of specimen 9.

Fig. 4.34 Joint 9 after cycle U1.
(Upper left flange in compression)
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Fig. 4.35 Joint 9 after failure.
(Top flange in compression in L1 and U1)

Fig. 4.36 Joint 9 after failure.
(Top flange in compression in L1 and U1)
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compression flanges was noted at a load of 27.1k. At a drift of
2%, the specimen carried average 31.4 kips. Cracks Cr radiated
from the tips of the compression flanges to the column edges (See
Fig. 4.36). Near the ultimate load the beam loaded upward
carried about 26% more load than the other beam. A gap of 3/8-
in. was recorded under (or above) the tension flanges. Yield
lines were noted in the web outside the joint (Fig. 4.35). The
stiffness characteristics of the specimen in cycle U2, were
similar to specimen 5. At 2% average drift, the specimen carried
28.0 kips, about 90% of that in cycle Ul.

4,2 Stiffness Characteristics

In order to evaluate the stiffness characteristics of
the steel beam to concrete column connections, the relationship
between joint shear and joint distortion need to be studied. The
joint distortion and its various components were measured
directly. However, shear forces must be computed from the forces
transmitted to the joint by the adjoining members, as shown in
Fig. 1.8(b), assuming mechanism of transfer of flange forces to
the concrete panel is known. For the purposes of comparison,
the stiffness characteristics are presented in terms of load vs.
joint distortion. This relationship should be qualitatively
similar to the shear vs. joint distortion diagram and is not
dependent on shear force computations.

4.2.1 Components of Joint Distortion. The beam

deflection or drift is due to the elastic flexural deformation of
members and to joint distortion. The total distortion in the
joint is comprised of steel panel separation and shear distortion
of the connection panel. Due to strain incompatibility of steel

and concrete panels, the shear distortion of the two panels is
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not the same. A definition of the terms used here i{s given in
the following.

a) Drift - ratio of the total relative vertical
movement (A) between a point on each beam, located
at an equal distance from the column centerline, to
the distance between these two points (X). It is
calculated as a percentage and related directly to
the interstory lateral drift in buildings.

b) Member Contribution - contribution of the elastic
flexural deformation of the beams and columns, as
shown in Fig. 3.23(a), to drift.

c) Total Joint Distortion (TJD) - total distortion in
the joint due to panel separation and panel shear.

d) Panel Separation (PSep) - drift caused by the rigid
body motion of the steel beam (or panel) with
respect to the column, as shown in Fig. 3.23(b).

e) Panel Zone Distortion (PZD) - shear distortion of
the connection panel. Since the shear distortion
in the steel and concrete panels differ in
magnitude, PZD is considered equal to the greater
of the two.

f) Steel Panel Distortion (St1PD) - shear distortion
of the steel panel in the joint.

g) Concrete Panel Distortion (ConcPD) - shear
distortion of the concrete panel in the joint.

h) Relative Beam Inclination (RBI) - inclination of
the steel beam just outside the joint relative to
the centerline of the concrete column at the joint.

As defined above, the TJD, consisting of panel

separation and steel panel shear distortion, causes drift in
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excess of the member contribution. Whereas, the drift caused by
the PSep is not influenced by the size of the joint, that caused
by the St1FPD does. As illustrated in Fig. 4.37, the St1PD will
be smaller as the joint size decreases, i.e. ratio X/x,
inereases, To account for this effect, the TJD as well as the
St1PD as computed from the measured drift were corrected for the
joint size, as indicated in Fig. #4.37. However, this correction
could not be made for specimens 1 and 2, because the

instrumentation was not the same as in specimens 3-9.

Connection Panel
| i

Steel Beom

Corr. Distortion, Q=8 'x,'

Fig. 4.37 Joint size correction for shear distortion.
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The total joint distortion in the test specimens was

calculated as follows:

TJD = (Drift - Member Contribution - PSep) X/x + PSep (4.1)

where member contribution was computed as described in Sec. 4.2.2
and panel separation was measured by the LVDT's near the faces of
the concrete column as described in Chapter 3. The TJD as
computed by Eq. 4.1 compared well in general with that measured
using the electronic digital inclinometer. The steel panel shear
distortion was then computed as follows.

Stl1PD = TJD - PSep (4.2)

Again, this computed value compared very well with that measured
using the electronic digital inclinometer,

The relative beam {inclination (RBI) for the test
specimens was measured using a frame mounted on the beam near the
joint, as shown in Fig. 3.25 and described in Chapter 3. The
RBI includes the panel separation and the difference in the shear
distortions of the steel and concrete panels. Hence the concrete
panel distortion at the centerline of the column sides was
computed as

ConePD(CL) = TJD - RBI (4,3)

The concrete panel distortion was also determined at the faces of
the concrete column by measuring the absolute rotation of these
faces using the digital inclinometer. The ConcPD(face) was then
computed by deducting the column rotation at the joint due to its
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elastic flexural deformation. These measurements and
computations were not made for specimens 1 and 2.

As mentioned above, the total joint distortion was
computed from the measured drift by subtracting the member
contribution. Since the member contribution was a small part of
the drift, the TJD should be quite accurate. However, the same
may not be true for its components, especially at early loading
when the magnitudes of distortion were small. The panel
separation, which was a key in determining other components, may
not be so accurate the way it was measured. Figure U4.39 shows
the typical arrangement used for measuring panel separation.
There were two sources of error in this arrangement; a) flexural
deformation of column under the beam, and b) steel panel
distortion. The flexural tension cracks and the flexural
compressive strains in the concrete column between points A and
the beam soffit (See Fig. 4.39) overestimate the panel
separation. The relative magnitude of error is large when the
distortions are small. For instance, a 0.01-in. wide flexural
tension crack would cause 0.001 rad. (i.e. 0.1%) excess panel
separation. The second source of error was the steel panel
distortion. As shown in Fig. 4.39, StlPD increases measured PSep
and results in a smaller St1PD (as per Eq. 4.2). The magnitude
of error perhaps ranged from 20 to 35% of the St1PD. Due to
these inaccuracies, the composition of TJD in quantitative terms
may be misleading, and hence this data is presented in a
qualitative form only.

4.2.2 Member Contribution. The Member Contribution

here refers to the drift caused by the elastic flexural
deformation of the beams and columns. The members of the test
specimens were over-designed to force the failure in the joint.

Hence, there was almost no inelastic flexural deformation in
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these members. However, the column concrete was cracked due to
flexural tension at an early load in most of the specimens.
Hence, the gross concrete area was not effective in providing
stiffness. Also, column reinforcing bars in the joint area
slipped in most tests causing additional drift which is recorded
as part of panel separation. Member contribution to drift was
very small as compared to the overall drift of the test
specimens.

A typical test specimen is shown schematically in Fig.
4,38, For the purpose of calculating member contribution, the
joint is assumed infinitely rigid. Equal and opposite loads P
are applied at the beam ends, a distance L apart. The distance
between the two points where deflection is measured, i{s indicated
as X. Height of the column between reaction points is shown as
H. These distances in lower case, i.e. £, x and h, represent the
corresponding distances after deducting the joint size.

A simple analysis of this sub-assemblage would show that
the total vertical deflection, A, between the two points at a
distance X apart, would be

A = =mememm—- (<)% 4 mmmmmmmeeeceeeeee (4. 4)

and, the corresponding drift would be

PAL  h, Px2(141.5 a/x) x
A7 5 etesgnsa ()R ¢ s (=)  (4.5)
12 EaT, B 12 By Iy X




(3]
o

.

2

F =N

113

The concrete compressive strength, f& for specimens 1
and 2 was 3550 psi at the day of testing. Using the ACI
recommendations, the modulus of elasticity, Eqe 18 equal to
57000/?& i.e. 3396 ksi. The moment of inertia of the gross

transformed section of the column is 6210-1nu and that of the

cracked transformed section is 3260-in.u. The load at the beam
end when the column concrete in flexural tension reaches {ts
modulus of rupture of 7.5/r’;_. is B.7 kips. Hence for the purpose
of calculating member contribution, the effective moment of
inertia, Ic. for the column section in specimens 1 and 2 was
taken as 3500-in".

For specimens 3 through 9, the concrete strength, fb on
the average was 4000 psi, yielding a modulus of elasticity, Eor
of 3605 ksi. The moment of inertia of the gross transformed
¥ and that of the cracked

transformed section is 10.000-in". The load at the beam

section of the column is 18,790-in

end, when the concrete in flexural tension reaches ?.5/rb is

10.5 kips. Hence, effective moment of lnertia, 1 for the

o
column section was taken as 13,000-1nll for specimen 3 and 10,500~
in.u for specimens 4 through 9.

The drift of specimens 1 and 2 was based on the
deflections measured at the beam ends, {.e. X = L, while that of
the specimens 3 through 9 was based on the deflections measured
at the two points, distance X = 5 ft-2 in. apart., Using the
values of Ec and Ic as mentioned above, the member contribution
to drift for any load P at the beam ends, was calculated based on

Eq. 4.5, as follows

Specimens 1 & 2 : Member Contribution = P/66% (4.6a)
Specimen 3 : Member Contribution = P/183% (4.6b)
Specimens 4 through 9 : Member Contribution = P/159% (4.6¢c)
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4.2.3 Load vs. Joint Distortion Relationship. In this
section the total joint distortion (TJD) and its various

components are described. Since specimen 5 was designed as a
reference test for the evaluation of most parameters, its results
are presented first, followed by specimens 4, 3 and 6 through 9.
The results of pilot tests 1 and 2 are presented last. The
composition of joint distortion for each test is summarized in
Table 4.2 for better comparison

Specimens 5 and 4. Figure U4.40 shows plots of total

joint distortion and its two main components, panel separation
and steel panel distortion, for specimen 5 in which a thick FBP
was used. A comparison of TJD in Fig. 4,40 and drift in Fig.
4,16 clearly show the similarity of two plots due to a small
member contribution. This similarity was noted in all the
specimens. The joint in specimen 5 was extremely rigid in the
beginning but started softening as the load was increased above
10 kips, presumably due to breaking bond between the steel beam
and concrete and bending of FBPs. Upon further loading the steel
panel yielded at 19.6 kips when the TJD was 0.29%. The joint
gradually started loosing stiffness as more and more diagonal
shear cracks appeared on the concrete panel. It reached a load
of 34.1 kips at 2% TJD. Upon further loading more cracking and
crushing was noted. However, the joint not only maintained its
strength but showed a small increase, before the specimen was
unloaded at H4.25% TJD.

Panel separation accounted for almost the entire TJD at
the low levels of load but soon dropped to B80%. After the steel
panel yielded the contribution of PSep further dropped to 60% and
stayed almost constant thereafter. Steel panel distortion, thus,
contributed about 40% to the TJD. Figure 4.41 shows plots of
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Table 4.2 Summary of Joint Distortion (Cycle Ul)
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Fig. 4.40 Composition of joint distortion in specimen 5
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steel panel distortion and the concrete panel distortions as
measured at the centerline of column side and at {ts faces. The
ConcPD(CL) was almost zero In the beginning but after the
concrete started cracking (around 20 kips load) it increased to
about 20% of TJD and stayed at this level through the remaining
load history. The ConcPD(face) was 40% of TJD. The concrete
panel exhibited the same distortion as steel panel at the faces
but lagged behind at the column centerline.

The TJD in specimen 4 which employed a thin FBP, is
plotted in Fig. 4.42. Like specimen 5, the joint was initially
quite rigid. The stiffness changed at around 5 kips, perhaps due
to bending of thin FBPs. The joint stiffness was comparable to
that of specimen 5.

The total joint distortion was composed of PSep and
St1PD, accounting for about 60% and 40% of TJD, respectively.
Concrete panel distortion at the column faces was a little bit
greater than the St1PD, about 45% of TJD. ConcPD(CL) was about
25% of TJD up to 20 kips load but thereafter steadily dropped
down to about 12% of TJD, thereby demonstrating a distortion lag
similar to specimen 5,

Specimen 3. The plot of TJD for specimen 3 which
contained a plain beam, is shown in Fig. 4.42. 1Initial stiffness
of the joint, like other specimens, was almost perfectly rigid.
However, as the bond between the steel beam and concrete broke at
a load of about 5k, stiffness dropped rapidly. Once the steel
panel yielded at about 15 kips, the joint had very low stiffness.

The components of TJD, PSep and St1PD, accounted for B80%
and 20% of TJD, respectively, up to 10 kips. The contribution of
PSep beyond this load steadily dropped to 40% at ultimate load.
ConePD (face) was less than St1PD and was almost nil up to 15
kips, whereafter, it gradually increased to 60% of TJD at
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ultimate load. ConcPD(CL) was zero through the entire load
history.

Specimen 6. In specimen 6 doubler plates were used to
prevent shear yielding of the steel panel. The TJD for the
specimen is plotted in Fig. 4.43. The initial stiffness was
about 30% greater than the corresponding stiffness in specimens U
and 5. Around 0.7% TJD and 35 kips, the concrete started
crushing against the compression flanges and the joint stiffness
dropped further. The joint reached its peak strength, i.e. 46.8
kips at 2% TJD. With further loading, the joint strength dropped
slightly, a characteristic of this specimen only. Perhaps this
was due to extensive concrete crushing.

The measured panel separation was about 90% of TJD in
the primary direction of loading and about 110% in the reverse
direction. However, in view of the accuracy of these
measurements, it can be assumed that the PSep accounted for

nearly all of TJD. ConcPD (face) was recorded 45 to 55% of TJD
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Fig. 4.43 Load vs TJD plot for specimens 3, 6, 8 and 9.




o ® ]

-

(o]

119

through the entire load history of the specimen. ConcPD(CL) was
almost nil up to 20 kips but increased linearly to 30% of TJD at
peak load and to about 55% of TJD, thereafter.

Specimen 7. A wider face bearing plate was investigated
in specimen 7. The plot of load vs. total joint distortion is
shown in Fig. 4.42. The stiffness characteristics of the joint
were almost the same as that of specimen 6, 30% greater than the
corresponding value in specimens U and 5.

The panel separation accounted for about 80% of TJD
initially, but as the load exceeded 30 kips, PSep dropped to
about 65%. The remaining joint distortion was due to the St1PD.
The ConcPD (face) was a little higher than St1PD, around 40% of
TJD. However, as the load reached ultimate, the ConcPD (face)
dropped below St1PD. Contrary to the other tests, ConcPD(CL) in
this test was almost exactly the same as St1PD, which may mean
the concrete panel was mobilized more effectively. Also It is
interesting that the magnitude of ConcPD(CL) in this test was the
same in as in specimen 6.

Specimen 8. A plot of TJD for specimen 8 which had
extended FBPs is shown in Fig. 4.43, The joint showed almost no
distortion up to 15.0 kips. Upon further loading stiffness
reduced slightly but was almost two and a half times that of
specimens 4 and 5. At 29.1 kips, when the steel panel yielded,
the joint showed 0.17% TJD. The joint stiffness started
deteriorating at 50 kips average load as the concrete crushed
against the compression flanges. The joint reached its ultimate
strength at 55.0 kips at 2% TJD and maintained it until 3.61%
TJD, when it was unloaded.

Panel separation, as measured, accounted for almost 100%
of TJD until 40.0 kips and dropped down almost linearly
thereafter to about 60% at ultimate load and beyond. Concrete
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panel distortion at the columns faces was 80% of TJD almost
through the entire loading history, and was significantly larger
than the St1PD. ConcPD(CL) was about 30% of TJD until 30 kips
and then increased almost linearly to about 80% near ultimate
load.

Specimen 9. The total joint distortion in specimen 9 in
which the steel panel was cut out, is plotted in Fig. 4.43. The
stiffness characteristics of the joint were similar to specimens
4 and 5. The magnitude of load carried by the specimen was also
close to that in specimens 4 and 5. The TJD composition was 55%
panel separation and 45%, so called St1PD, almost through the
entire load history. ConcPD (face) was equal to the StlPD.
However, typical of most specimens, ConcPD(CL) lagged behind the
distortion at column faces. It was zero up to 20 kips, and
ranged from 20% of TJD to 35% at ultimate,

Specimens 1 and 2. Specimens 1 and 2 were designed as

pilot tests to investigate the potential of FBPs. The plots of
total joint distortion for the two tests are shown in Fig. 4,44,
It should be pointed out that the member proportions in these
tests were entirely different from those in remaining seven
tests. Hence, while a particular load at the beam ends would
cause identical joint shear in specimens 1 and 2, it would
correspond to entirely different joint shear in the remaining
tests. Therefore, the results of these two tests cannot be
compared directly with those of other tests.

A distinet feature of the TJD plot for the two specimens
is the absence of initial rigidity of joint which was observed in
specimens 3 through 9. The joint stiffness of specimen 1 was
fairly constant up to 15.0 kips and .50% TJD. As the steel panel
yielded at 16.9 kips, the joint had almost no stiffness.




F 5
(42

(¥

121

26.1

[ ]
(4]
i

]
o

o
A

ave. load @ beam ends (kips)
I

o] 1 2 3 ; 5 !‘»
distortion ( % )

Fig. 4.44 Load vs TJD plot for specimens 1 and 2.

ConcPD(CL) was almost zero through the entire load history.
Other components of distortion were not measured.

The initial joint stiffness in specimen 2 was around one
and a half times that of specimen 1. The joint lost some
stiffness around 16.0 kips when the TJD was 0.30%. As the
concrete above the compression flanges started crushing, the
joint lost substantial stiffness at 23.5 kips and 0.77% TJD.
ConePD(CL) was about 25% of TJD over the entire load history.

4.3 Flange and Face Bearing Plate Stresses

The forces resisted by the steel and the concrete panels
of the joint are shown in Fig. U4.45, The individual

contributions to the overall joint resistance depends on the
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connection details, i.e. face bearing plates, the relative
stiffness of the two panels, ete. To get information on
internal distribution of forces within the panel, the strains in
the beam flanges inside the joint and in the face bearing plates
were monitored at a few locations. The data were recorded as
strains and later converted into stresses by multiplying with the
modulus of elasticity, Ea.
effect. Therefore, the calculated stresses, as presented in the

with a due consideration for poison's

following, were only correct until the material reached its
elastic limit, i.e. measured yield strength, Fy. Reader should
exercise caution while interpreting these data beyond stress Fy.
4.3.1 Transverse and Longitudinal Flange Stresses.

Cross pattern gages were used to monitor the surface strains at
the flange centerline in the longitudinal and transverse
directions. Typically a gage was 4 inches inside the face of the
column on the flanges subjected to compression under the primary
loading defined in Fig. 4.1. The longitudinal stress history in
the two flanges of specimen 5 (thick FBP), shown in Fig. 4.47,
are similar. The longitudinal flange stresses calculated at the
face of the column using simple beam theory are shown for
reference. As expected the flange stresses are lower than the
calculated stresses at the column face at low load levels. As
the ultimate load was approached, the compressive flange stress
increased rapidly. This was unexpected since the compressive
stress at the gages should reduce when the force from the tension
flange of the other beam is transferred to the FBP, once the
steel web panel is yielded. The large compressive stress near
the ultimate load indicate that perhaps the stress is not uniform
across the flange width. The surface stresses could be affected
by bending of the flanges about their own axis. After the steel
panel ylelds in shear, additional resistance is furnished by the
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bending strength of the flange plates until plastic hinges form
near four corners, as shown in Fig. 4.45. 1In future studies
strains should be measured on both surfaces of the flange so that
the average flange stress can be determined and local flange
bending stresses eliminated.

The transverse flange stresses at the two gage locations
of specimen 5 are plotted in Fig. U4.48. Because of the gage
locations and loadings, the stress histories were expected to be
similar, and they were in most specimens, but in specimen 5 they
were very different. Gage B indicated a slight tension until 15
kips when the direction changed to compression and the stress
increased to 12 ksi near the ultimate load. The stress history
at this gage was a better representation of what was noticed at
both gage locations of most specimens. The initial tension was
presumably due to the transverse bending of the flanges caused by
bearing forces as shown in Fig. 4.46(a). A major part of this
bearing force was transferred to the steel panel through the
flanges and the concrete wedged between them and the steel panel,
as shown in the figure. However, after the steel panel yielded
in shear more of this bearing force was transferred to the
concrete panel causing the reverse bending of the flanges as
shown in Fig. 4.46(b), thus indicating compressive stress at Gage
B beyond 15 kips. On the contrary, Gage A indicated tension
through the entire load history. The stress increased to 9 ksi
at 35 kips before dropping to about 3 ksi at 36 kips, when the
gage ceased functioning. A different stress history at Gage A is
hard to explain. One can only speculate that it is perhaps
because of the unsymmetrical nature of concrete panel caused by
the entrapped air and vertical consolidation of concrete

constituents under the flanges, as shown in Fig. 4.49.
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The transverse stress history in the flange of specimen
6 (with doubler plates) is plotted in Fig. 4.50, Four cross
pattern gages, one on each flange, were installed. The stress
history at the compression flanges, gage A and B, was symmetrical
to that at the tension flanges, Gages C and D. Since the steel
panel did not yield, Gages A and B indicated surface tension due
to transverse bending as shown in Fig. 4.46(a), through the
entire primary loading. The flanges at Cages C and D were bent
in the opposite direction. The stress at all four locations
increased slowly and reached yield stress at a beam load of 40
kips. It is not clear if thicker flanges would have increased
the specimen strength since the steel panel did not reach its
shear capacity. The symmetry of stress history at the tension
and compression flanges indicate that a significant part of the
column flexural forces were transferred to the steel panel
through the tension flanges.

4.3.2. Transverse and Vertical Stresses in Face Bearing

Plates. Cross pattern strain gages were mounted on the FBPs in
most of the specimens. Typically two gages were used, one each
on the west and the east FBPs. Their location is given in Fig.
3.32.

The history of transverse stress at the two gage
locations in specimen 5 (thick FBP) is plotted in Fig. 4.51. The
surface stress was compressive in nature through the entire
primary loading, and was due to transverse bending of FBPs under
the bearing pressure. As the load was increased, the stress
increased at an accelerated rate, reaching a maximum value around
40 ksi. Gage A, located on the west FBP, typically showed a
slightly higher stress since the west beam, loaded upward,
carried more load compared to the other beam.
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The vertical stress at the two gage locations of
specimen 5 are plotted in Fig. 4.52. As stated earlier, because
of the symmetrical locations and loading, the stresses were
expected to be similar, but the two gages typically showed a
significantly different stress history. Gage B of specimen 5
indicated a small magnitude of stress which was compressive in
nature until near ultimate load when it changed to tension. In
contrast, Gage A indicated a small tension at low loads which
increased quickly and reached yield. A high tensile stress at
Gage A was noted in most specimens, though not quite as high in
other specimens. It is not clear why the vertical stress history
differed so much at the two locations. Perhaps It could be
attributed to the consolidation of concrete under the flanges,
causing unsymmetric concrete panel properties as stated earlier
and shown in Fig. 4,49, The tensile vertical stress in the FBPs
could be due to the transfer of tension force of the column
vertical bars to the diagonal compression strut through friction
at the FBPs, as shown in Fig. 4.53.

The vertical stress in the FBP of specimen 6, in which
only one cross pattern gage was installed, is plotted in Fig.
4,54, The stress increased almost steadily in compression,
reaching a maximum of 30 ksi at the peak load. As the plates
were isolated from concrete, they had almost no bending stresses.
The entire stress was due to the distribution of bearing pressure
from the compression flanges to the steel panel as shear. The
stress history shows the effectiveness of the FBPs in

distributing bearing forces on the flanges.

4.4 Reinforcing Bar Behavior

Research conducted on reinforced concrete beam-column

joints has indicated the bond characteristics of column vertical
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bars are especially important for the stiffness of the joint.
Also the transverse reinforcement {n the joint enhances concrete
shear capacity by providing confinement. To evaluate the
performance of joint reinforcement, a few of the vertical bars
and ties were instrumented in the test specimens. Selected data
from this instrumentation are presented in this section. As
mentioned in the last section, the data from these
instrumentation were recorded as strains and later converted into
stresses. Therefore, the calculated stresses, as presented here,
were only correct until the material reached its elastic limit.
Reader should exercise caution while interpreting these data
beyond measured yield strength, Fy.

N1 Column Vertical Bars. The strains in the

vertical bars were monitored in specimens 1 through 5 and 8. 1In
specimens 1 and 2, four bars closest to the steel beam were
instrumented while in other specimens vertical bars in one corner
were gaged. The gage locations are given in Chapter 3.

The stresses indicated by the gages located at the
bottom flange level for specimen 5 (thick FBP) are plotted in
Fig. 4.55. The stresses in the same bars at the top flange level
are plotted in Fig. 4.56. GCage labelled AT malfunctioned and is
therefore not plotted. Stresses in the bars calculated at the
gage locations, based on the cracked transformed section
properties, are plotted for reference. The stress obtained by
strain gages AB, BB and CB, located in the flexural tension zone
under primary loading, compared reasonably well with the
calculated stress as shown in Fig. 4.55. The stresses indicated
by the gages were slightly lower than the computed values in the
early part of loading, but as the concrete cracked the stresses
gradually increased to the computed value. Strain gage AB
malfunctioned around 33 kips. Gages BT and CT, located in the
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flexural compression zone under primary loading, indicated a
small compression in the early part of loading, but soon changed
direction to tension which increased with load, as shown in Fig.
4,56. The tension at each gage was lower than the stress at the
corresponding gage at the bottom flange level, except near the
ultimate load when the stresses sharply increased. These stress
histories indicate that during early part of loading, the tension
in these reinforcing bars at bottom flange level was transferred
to the concrete through bond within the beam depth, as shown in
Fig. 4.57(b), therefore gages BT and CT indicated a small
compression. However, as the steel panel yielded in shear and
the bond with concrete deteriorated, a part of the vertical bar
tension was anchored in the compression block above the top
flange, as shown in Fig. 4.57(b), thus Gages BT and CT indicated
tension. Near the ultimate load some readjustment of stress at
the top flange level took place and Gage BT indicated a stress
lower than the corresponding Gage BB while Gage CT indicated a
stress higher than the corresponding Gage CB. It will be
incorrect for this specimen to compare the average stress of two
functioning gages at top flange level to the average of three
gages at bottom flange level. Similar comparison for other
specimens, where all the gages functioned, indicate the average
stress at the top flange level to be close to the average value
at the bottom flange level near ultimate indicating that there
was little transfer of stress from bars to concrete over the beam
depth. The readjustment of stress among the bars near ultimate
load could not be rationalized with the available data.

The stress history at gages located in the flexural
tension zone under primary loading of specimen 8 (extended FBP)
is plotted in Fig. 4.58, Gage labelled CB malfunctioned, and is
therefore not plotted. The stresses indicated by the strain
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gages were slightly lower than those calculated based on the
cracked transformed section properties of column at the tip of
the extended FBP. As the load exceeded 47 kips, the stress at
both gages sharply dropped. Perhaps the bars were bent about
their own axis, causing the net surface stress at the gage
location to reduce while still maintaining the net tension across
the area of the bar. Bending of the bars could be due to the
transfer of part of the flange forces, C, and T,, to the diagonal
compression strut through the mechanism shown in Fig. 4.59(b).
Part of this force was transmitted on the bars located across the

column depth and returned back to the diagonal compression strut
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via tension in the ties as indicated in Fig. 4.59(b). The stress
history at the gages located in the flexural compression zone of
the column is shown in Fig. 4.60. The initial load range in
which the stress was compressive {n nature was higher than in
other specimens. Also, the magnitude of tension beyond this
range was relatively small, although the specimen carried almost
1-1/2 times the load recorded for specimen 5, for instance. This
lower tension could be due to the longer bar development length
available within the beam depth. It should be pointed out that
the effective depth of the steel beam due to the extended FBPs
was almost 50% more in this specimen. Near ultimate, like {n
other specimens, the tension in all the three gages sharply
increased, reaching yield (65 ksi) fn AT, 48 ksi in BT and 19 ks{
in CT, giving an average stress of 44 ksi which compared very
well with the calculated value at the tip of the bottom Ext. FBP.
This means the vertical bars were debonded within the beam depth
at the ultimate load.

4.4.2 Joint Ties. The strains in the ties within the
beam depth and in a few ties located above and below the beam
were monitored in all the specimens. The gage locations are
given in Chapter 3.

The gages located within the beam depth typically
recorded strains after the diagonal shear cracks appeared and
increased almost linearly to yleld near the ultimate load. Since
there were no diagonal shear cracks in specimens 1 and 3, the
joint ties in these specimens showed hardly any strain. The ties
near the mid-depth typically yielded early and were strained
higher than others. Figure 4,61 shows the stress history in the
ties across the column depth located in the top half of the joint
in specimen 5 (thick FBP). High stress and yielding of both,
ties across the column depth, and those across its width,
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indicate their effectiveness in confining the diagonal
compression strut,

Qutaide the joint, the two sets of instrumented ties
across the width of column face In compression, typlcally
indicated a very small stress until near ultimate load when the
stress increased sharply to yield as the concrete started
crushing. Ties inside the joint reached yield earlier than those
outside, and were strained more. The outside ties were effective
in holding the concrete together under high bearing stress
thereby improving bearing strength. The two sets of instrumented
ties across the column depth, located above the top flange, were
strained after the concrete started cracking which increased with
the load and reached yield in some specimens. The outside tie of
the first set was typically stressed highest, followed by the
inside tie of this set. The stress history of these gages in
specimen 4 (thin FBP) 13 shown in Fig. 4.62. The higher stress,
typical in the outside ties, was perhaps due to the mechanism
described earlier and shown in Fig. 4.59.

4,5 Connection Panel Behavior

4,5.1 Steel Panel Behavior. The shear stress in the

steel panel was monitored with a single rosette strain gage at
the center of the panel in specimens 3 through 8. In specimens 1
and 2 two rosette strain gages were installed at one third points
on a line at mid-depth of the beam. The strain data from these
rosettes were analyzed using Mohr's strain circle and maximum
shear strain was calculated. The maximum shear stress was then
calculated using this strain at each load point. Whereas the
strain calculations were valid through the entire load history or

until the gage malfunctioned, the calculated maximum shear stress

was only correct until the material reached its elastic 1imit.
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The steel panel was considered to have yielded when the maximum
shear stress reached a stress value of F,/JET according to the
Von Mises's yield criteria, where Fy is the measured yield
strength of the steel panel material, 36 ksi for specimens 3
through 8 and 56 ksi for specimens 1 and 2. The doubler plates
in specimen 6 were 50 ksi.

The gages typically did not indicate much shear in the
steel panel until adhesive bond between the steel beam and
concrete was overcome (at a load of around 10 kips). The shear
stress then increased with load until it reached yield. The load
corresponding to the yield stress for each specimen is listed in
Table 4.1 at the beginning of this chapter. As planned, the
steel panel in specimen 6 did not yield. As the load was further
increased, in most specimens the maximum shear strain increased
sharply. Figure 4.63 shows the plot of maximum shear stress at
the gage location in the steel panel of specimen 5 (thick FBP).
The shear reached yield stress at 20 kips. Unlike most
specimens, the maximum shear strain reduced slightly then rapidly
increased again at 26 kips. It is not clear why the strain
dropped after reaching yield, perhaps the shear was redistributed
from the steel panel to the concrete panel. Nevertheless, almost
the entire joint shear due to load above 26 kips was resisted by
the concrete panel. Some resistance was provided by bending of
the flanges about their own axis.

4.5.2 Concrete Panel Behavior. The concrete panel in a

few specimens was instrumented with resin impregnated, 2-1/2 in.
gauge length, embedded strain gages. The location of these gages
in each specimen is described in Chapter 3. Typically the gages
were placed along the diagonal between the west-top and east~-
bottom corners of the connection panel at the quarter-point and

mid-point. The gages placed in the confined zone within the
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flange width were labeled as C1 and C2. The gages located in the
less confined zone outside the flange width, were labelled as U1,
U2 and U3.

The data from these gages, like others, were recorded i{n
terms of strain., Due to the non-linear stress-strain
relationship for concrete, these results are presented as such.
The relationship between stress and strain of concrete depends
very much on whether it is confined or unconfined. Figure 4,64
shows typical stress-strain curves for both confined and
unconfined concretes. The stress is shown in terms of the
compressive cylinder strength of concrete, fi, The curve shown
for unconfined concrete represents fairly well the stress-strain
relationship for concrete strengths between 3000 and 6000 psi.
The peak stress may not be exactly at .002 strain but lies very
close to it. The stress-strain curve for confined concrete,
however, is typical only in shape. The magnitude of the peak
stress, fc max® 28 well as the slope of the descending branch, z,
are very heavily dependent on the amount of confinement. For the
concrete confined by spiral or hoop reinforcement, the stress
fomax May range from ffto 2 f7, However, if the concrete is
confined by closed structural steel sections, {.e. circular or

rectangular tubes, the stress f may be several times higher.

C max

The exact magnitude of f for the portion of concrete panel

¢ max
confined by the steel bean:n flanges and FBP in this series of
tests is impossible to determine. However, the concrete panel
outside the width of flanges, which was perhaps confined only by
the joint ties, may be well represented by the stress-strain
curve for confined concrete in Fig. #4.64.

The strains in the concrete panel of specimen 5 (thick

FBP) as recorded by gages C1, C2, Ul and U2, are plotted in Fig.
4,65. Gages Ul and U2 recorded about half the strain of C1 and
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C2 up to a load of about 25k. Upon further loading the strain in
gages C1 and C2 increased much faster. At ultimate load C1 and
C2 recorded 0.011 and 0.012 strains, respectively and U1 and U?
0.0027 and 0.0015 strains, respectively. This large lag in
strain between the C and U gages, suggest that the concrete panel
within the flange width may be separated from the concrete panel
outside the flange width. This leads to the hypothesis that the
diagonal compression strut of the concrete panel was perhaps
confined within the widths of flanges and FBPs near the ultimate
load. The stress in this diagonal strut was at least equal to or
greater than f!, The width and depth of this strut could not be
determined from these data.

In specimen 6 doubler plates were welded on the steel
panel and a styrofoam layer was placed behind the FBPs to prevent
any participation of the concrete panel in resisting the joint
shear. A single concrete gage C2 was used to measure the shear
in the concrete panel. A maximum strain of 0.00008 in./in.,
which correspond to a stress of 290 psi, was recorded at 40 kips
before the gage malfunctioned. This small stress clearly shows
the concrete panel resisted almost no joint shear. Nevertheless,
the pattern of diagonal cracks on the concrete panel as shown in
Fig. 4.20 and described in Sec. 4.1 was very similar to that of
specimens 5 and 7. Perhaps the diagonal cracking of the panel
was due to the tension transferred from the column vertical bars
in flexural tension, and due to the fact that the nature of the
applied loads is such that shear distortion is imposed on the
concrete panel.

Five strain gages were embedded in the concrete panel of
specimen 7 (wide FBP). The strain history of all five gages is
plotted in Fig. 4.66, The strains recorded by gages C2 and U1
are perhaps lower than the actual magnitudes since they indicated
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tensile strain at low loads, perhaps due to cracks in the
vicinity. The gage U3 which was at 8-1/4 inches off the web,
recorded strains smaller than .0007 in./in. up to 42 kips load
when it ceased functioning. It is clear that the strain lag
between gage C1 and U1 and between C2 and U2, was much smaller
than what was noticed in specimen 5. It should be pointed out
that the gages Ul and U2 were located 6-1/2 in. from the web,
almost the same distance as the edge of the FBPs. Gage U3 which
was outside the FBP, showed a large lag in strain compared to the
other gages. The diagonal compression strut of the concrete
panel may have been confined by the FBPs.

In specimen 9 the effect of an extremely weak steel
panel (hole cut in web) on the performance of the concrete panel
was studied. Almost the entire joint shear was carried by the
concrete panel. Four concrete gages, C1, C2, Ul and U2, were
embedded, but gage C2 did not work. The strain history of the
remaining three gages is plotted in Fig. 4.67. At ultimate load
gages C1, Ul and U2 recorded strains of .015, .008 and .0035
in./in., respectively. Comparison of strains in gages C1 and Ul
indicate much smaller strain lag than in specimen 5. The maximum
strains in gages U1 and U2 were almost two to three times the
corresponding maxima in specimen 5. This comparison clearly
indicates the diagonal compression strut in this specimen
extended beyond the width of flanges and FBPs since the specimen
carried almost the same load as Specimen 5 even though the steel

panel was cut-out.
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CHAPTER 5
EVALUATION OF JOINT STRENGTH

In this chapter, the test data are synthesized into a
behavioral model for joint strength. Different mechanisms for
the transfer of flange forces to the concrete panel are
identified and the possible failure modes of the joint are
discussed. The effect of face bearing plates on the joint

stiffness and strength is evaluated in greater detail.

5.1 Failure Criteria

In many of the tests a maximum load was not reached.

The tests were terminated when gross joint distortion occurred.
Specimen 3, for instance, supported a load of 16 kips at 0.6%
drift and 20 kips at 3%, when the loading was discontinued.
Thus, the determination of a "failure load" is somewhat
arbitrary. In addition to strength, the deformation of the joint
both at service load level and over-load (ultimate load) should
be considered in determining the faflure load, Excessive
deformation near ultimate load may cause large second order (P-A)
effects which can affect the strength. It is also important that
the joint maintains a substantial part of its strength, even at
excessive deformations, to avoid sudden and brittle failure and
to provide ductility.

In current design, the lateral drift under service wind
loads is limited to 0.2 -~ 0.5% (Ref. 12). The lateral drift is
the result of member deformation and joint distortion. In all~-
steel frames, particularly for tall buildings, it is customary to
recognize the shear distortion of the connection panel, in one
form or the other. Usually the frames are analyzed by ignoring

the connection size and considering centerline dimensions of the
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framing members rather than clear spans. It is assumed that for
most structures the longer span compensates for the loss of
stiffness due to shear distortion of the steel connection panel
(Ref. 14). Some designers analyze frames considering finite but
rigid joints and later add the estimated drift caused by shear
distortion of the panel zone. Contacts with structural engineers
indicate that joint distortion may contribute from 10 to 35% to
the overall lateral drift of the steel frame. In the design of
all-concrete building frames, joints often are considered rigid
and shear distortion is ignored altogether despite the fact that
test data indicate substantial joint distortion. Tests on
reinforced concrete beam-column subassemblages conducted by
Meinheit [32] indicate a total joint distortion at service load
level of 0.20 to 0.35%. -

How much joint distortion should be permitted at failure
is a difficult question to answer. For the purpose of defining
the useful ultimate strength of the steel beam-to-concrete column
joints, a value of joint distortion at the failure load equal to
8 to 10 times that at service load may be adequate. The average
value of distortion in steel beam-to-concrete column joints at
service load levels may realistically be limited to about 0.20 to
0.25%, i.e. the same as the value measured in reinforced concrete
beam-column joint tests, With joint distortion at failure as 8
to 10 times a value of 0.2 to 0.25%, the failure load can be
defined at 2% total joint distortion and is the value used in
this study.

5.2 Summary of Test Results

Failure load for each of the nine test specimens is
listed in Table 5.1. The initial joint stiffness as related to

the joint moment is also tabulated for comparison of connection
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TABLE 5.1 Summary of Test Results

Specimen  Concrete  Init. Stiff, Failure Remarks
No. Strength  Rel. to Joint Load
T e
1 3550 26,400 18.0 Plain beam
2 350 38,500 26.1 FBP
3 4500 149,000 18,5 Plain beam
4 4300 146,200 .4 Thin FBP
5 4300 143,400 34.1 Thick FBP
6 4000 193,500 46.8 Thick St1. Panel
7 4000 197,800 1.4 Wide FBP
8 3600 369,700 %.0 Extended FBP
9 3700 146,200 31.2 No Stl. panel
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details. These values are for the primary direction of loading.
Due to severe damage of the joint during this loading, response
under loads in the reverse direction was not used to determine
joint capacity. The test results show that face bearing plates
substantially enhanced joint strength. Varliations in the
thickness of these plates, did not affect the joint capacity.
This capacity, however, was increased 20% by increasing the width
of the FBP from 8 to 12 in. Extending the FBPs above and below
the beam was most effective and increased the joint strength by
60% of that with unextended FBPs.

The comparison of joint stiffness for specimens with and
without FBP indicate that while the FBP increased the stiffness
by about 45% in pilot specimens, it did not affect the stiffness
of specimens 4, 5 and 9. This difference in behavior cannot be
explained by the test data available. However, the wider FBP in
specimen 7 and the thick steel panel in specimen 6 increased the
joint stiffness by about 30%. The extended FBP of specimen 8
enhanced the stiffness by 150%. The total joint distortion was
typically composed of 50 to 60% panel separation with the
remaining due to steel panel distortion. Specimen 6, which had a
thick steel panel, was an exception and derived its entire TJD
from panel separation.

In addition to flexural cracks, two basic types of
concrete cracks were noticed: a) those radiating from the
tension and compression flanges on the column faces, and b) the
diagonal shear cracks on the sides. Diagonal shear cracks were
present irrespective of whether or not the diagonal compression
strut was mobilized in the connection panel. These cracks
appeared as a result of shear distortion imposed on the

connection panel due to the nature of loading.
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The column vertical bars passing through the joint were
substantially debonded near the ultimate load in all the
specimens except specimen 3. These bars transferred their
tension to the connection panel through the compression block
above the compression flanges,

The strain gages embedded in the concrete panel
demonstrated a large strain lag near the ultimate load between
the concrete panel within the width of flanges and FBPs
(whichever is more) and that outside this width. It seems the
two parts of concrete panel were separated near the peak load.
This effect was minimal in specimen 9, which had the steel panel
cut out.

5.3 Mechanisms for Reaisting Joint Forces

The concrete in the joint area was mobilized to carry
more joint shear by the addition of face bearing plates. The
transfer of beam flange forces and the column vertical bar
tension to the connection panel and the resistance provided by
steel and concrete panels is detailed in this section.

The forces transmitted by the beams and columns on a
typical connection are shown in Fig. 5.1. The forces from each
beam are considered to be of equal magnitude. Also, due to the
determinate nature of the test specimens, the forces transmitted
by the top and bottom columns are of equal magnitude. For
simplicity, the entire beam moment i{s resolved into the flange
forces, C, and Ty. The column moment is resolved into vertical
bar tension, T,, and a compressive stress block, Ca+ The nature
of the stress block C, differs substantially from the familiar
parabolic stress blocks in flexural or axial compression, and In
reality is a high intensity bearing pressure acting on a width
narrower than the actual column width. In most specimens this
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width is equal to the beam flange width, and is discussed later
in further detail. The magnitude of this stress block C, depends
on the state of the bond of the vertical bars within the joint,
and must satisfy the following relationship

Co = To ¢ T, (5.1)

by summation of vertical forces at a column section near top
flange. Figure 5.2 shows the stress profiles of a column
vertical bar under two extreme bond conditions. When the bar is
fully bonded within the depth of the joint, it is in compression
near the top of beam, resulting in a stress block C, of magnitude
smaller than the tension Tc' When the bars are completely
debonded, the stress block C, is equal to twice the tension Tar
However, when the bars are partially debonded as in the test
specimens, the magnitude of stress block Cc is between Tc and
2T,. The difference between tensions T, and T'c must transfer to
the connection. It is transferred partly to the concrete panel
as bond force, Fb. and remaining on the tension flange as stress
block C:_‘. as shown in Fig. 5.3. A part of this stress block, C;_..
is transferred to steel panel and is labelled as Cc.:s in Fig.
5.4(a). The remainder, Cc:c' is transferred to the concrete
panel through friction against FBPs, Fp. as shown in Fig. 5.4(b).

In order to segregate the steel panel and the concrete
panel mechanisms of joint resistance, each of the external
forces, shown in Fig. 5.1, are split into two components as shown
in Fig. 5.5. The forces which are apportioned to the steel panel
are shown in Fig. 5.5(a) and carry an extra subscript, 's', with
them. Similarly, the other part of these forces assigned to
concrete panel are shown in Fig. 5.5(b) with an extra subscript,

Qv
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The forces acting on the boundary of the steel panel are
shown in Fig. 5.6(a). The steel panel provides resistance to the
joint forces by virtue of panel shear. The horizontal shear
force, V,,, is transmitted by the flange forces and may be
calculated by summing the horizontal forces on a flange [refer to
Figs. 5.5(a) and 5.6(a)], as follows:

Vhs - cbﬂ + Tbs = 'Vca (5-2)

The vertical shear force, Vygr is caused by the stress blocks ccs
on the compression flange and Cés on the tension flange, as
explained earlier and shown in Figs. 5.3 and 5.4(a). The stress
block C,q accounts for a major portion of shear. Summation of
vertical forces on the left half panel shown in Fig. 5.6(a),
gives the vertical shear force as

(5.3)

"
+C

v = C cs

vs AN

cs S

The steel panel provides resistance to the joint forces by virtue
of panel shear. After the shear strength of the steel panel is
exhausted, additional shear resistance is provided by the bending
of beam flanges about their own axis until plastic hinges are
formed at the four locations shown in Fig. 5.5(a).

The concrete panel provides resistance to the joint
forces by the familiar diagonal compression strut mechanism. The
forces on the strut are shown in Fig. 5.6(b). The beam flange
forces are transmitted to the strut, a) through FBPs as bearing
stress block Cp and b) as friction force Fp under the compression
flanges. The tension in the vertical bars is transferred to the
concrete strut, partly as friction behind the FBPs, Fp. and by
direct bond transfer, Fb' The majority of this bar tension,
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however, reaches the concrete strut via the stress block Ccc
which also includes flexural compression of the column. The net
horizontal shear force in the concrete panel as per Fig. 5.6(b)
is therefore, |

th = Cp + Ff - Vcc (5-“)
The net vertical shear force in the concrete panel is equal to
VVC - CCC » Fb + Fp . VbC (5.5)

It should be noted here that the friction forces Fp and
Ff can only be mobilized in the presence of the respective
compression stress blocks Cp and ccc' Furthermore, the
equilibrium considerations require both horizontal forces Cp and
Fe and vertical forces C,,, Fp and Fy to be acting simultaneously
in order to form the concrete strut. It is unlikely that the
concrete panel will be effectively mobilized without face bearing
plates or other means of direct stress transfer. The test
results of specimens 1 and 3 reinforce this concept.

In the above description the general behavior of a steel
beam-to-concrete column moment connection is outlined. Various
components of forces at the boundaries of both steel and concrete
panels are identified. Whereas each of these component forces
are important from the behavioral aspect, only a few may be
important for determining the joint strength at failure. As
described in Chapter 4, the vertical bars in most specimens were
significantly debonded at ultimate load. Hence the forces C'

es’

Fp and Fb were small. With the available test data it may not be

possible to quantify these forces. Therefore, in the subsequent
evaluation of the test results, their contribution will be
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ignored. The steel and concrete panel are analyzed for the

forces shown in Fig. 5.7.

5.4 Joint Shear

In order to determine the magnitude of the forces in
Fig. 5.7 and thus shear force in the joint, the distribution of
the forces C, (= C,g + C,,) and C, need to be known. In the
absence of this information, further assumptions are made to
estimate these forces. As shown in Fig. 5.8, the resultant of
the compression block C, is assumed at the centroid of the
tension reinforcement. The resultant of the compression block Cp
and friction force Fe is assumed at the centroid of beam flanges.
Based on these assumptions, the tension force in the vertical
bars, T, net compression force Ce and the total horizontal shear
V,, at the failure load were calculated for each test specimen and
are given in Table 5.2, The horizontal shear force carried by
the steel panel, for those specimens in which shear yield was

reached i{s estimated as,

Vs = L2 t, + ---B (5.6)

where F, = measured yield strength
t = thickness of steel panel

Z = distance between the centroids of the tension
reinforcements.

Mp = plastic moment capacity of flanges based on the
actual material strength, and

dy, = center-to-center distance between flanges.
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Table 5.2 Estimated Joint Shear

Specimen  Panel Material Sea Cap, Fallure Retar Comp. Total Hariz Fea in Sear in Narm, Remarks
__Strength__ of Steel Load Tensicn Block Srear Stl. Pmel  Conc. Panel  Shear
No. Cone.  Steel Panel (2% TD) T Co2T, % Y Yoo Stress
W odo o) oam)  tiage) (kips) (kips) (it pe) (kips) 3
1 3550 56 B 18.0 66.4 133 106 %8 8 2.2 Plain beam
2 0 56 % 26.1 %.3 193 154 B 56 15,7 FBP
3 4500 3*% @ 18.5 107.7 215 16 ® 7 6.8 Plain beam
L 300 % ® 2.4 188.7 3T 288 ® 19 18.7 Thin FBP
5 4300 ¥ ® 341 198.6 397 33 e 2n 20.1 Thk. FEP
6 oo 36/50 510 4.8 215 545 neé 372 el 4.3 Doubler P
7 4000 ¥ ® 5.4 2u1.1 g2 368 @ 27 18.2 Wide FBP
8 3600 36 @ 5.0 0.3 641 489 ® 07 0.4 Bxt. FBP
9 3700 3% 2 32 181.7 363 218 o] 253 26.0 Hole

t+ Based on the mesured shear stress = 20.5 kai

09t
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For specimen 6, the horizontal shear in the steel panel is

estimated based on the measured shear stress, F

a» 38

Vhe = Fg Zp tgp (5.7)

For specimen 9 in which the steel panel was cut out, the shear
resistance due to the frame action of the remaining panel is
estimated based on the plastic moment capacity of the T-sections.

The horizontal shear carried by the concrete panel is
also listed in Table 5.2 and is calculated as the difference of
Vy, and V,,

th = Vh i Vhs (5-8)

In order to normalize the concrete shear, the thickness of the
concrete panel which was effective in providing shear resistance
must be established. The data from the concrete gages indicated
a large strain lag between the concrete panel within the width of
beam flanges and FBP (whichever is larger) and that outside this
region. Also the equilibrium considerations of the concrete
strut require that it receive both vertical force Ccc and
horizontal force Cp at its ends. Therefore the thickness of the
concrete panel, tcp’ is assumed to be equal to the beam flange
width, by or the width of FBP, W whichever is larger.

tep * max[be, up] (5.9)
However, with this definition there should be a 1imit on the
width of the FBP projecting beyond the flange width, The limit
is addressed in the next chapter.
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Based on the thickness of the concrete panel as defined
in Eq. 5.9., the normalized shear stress,

Y = —----""-—-_- (5-10)
Con Da V23

ep "¢
is also 1listed in table 5.2. For specimens 1, 3, and 6, in which
any direct transfer of beam flange forces to the concrete panel
was precluded, the magnitude of concrete shear stress was small
and varied from 2.2 7?_6 in specimen 1 to 6.8 v"-f-'_'c in specimen 3.
The relatively high value in specimen 3 was perhaps due to two
factors, a) more transverse reinforcement in the joint, and b)
low tension in the vertical bars resulting in less bond
deterioration within the joint depth.

For specimens 4, 5, and 7, in which FBPs were used, the
concrete shear stress varied from IB/FE to 20v7t_,';,. However,
specimen 2 carried only 15.7/f7, It 1s not clear If the faflure
load of this specimen was controlled by the shear strength of the
concrete panel. Specimen 9, with a hole in the steel panel,
carried concrete shear stress of 265{: This higher magnitude of
shear stress, as well as the concrete strain gage data suggest a
relatively wider concrete strut is mobilized in the presence of a
weak steel panel. Specimen 8, which had extended FBPs, carried
the highest magnitude of concrete shear stress, IH.HH Again,
the higher concrete shear in Specimen 8 indicates that a wider
concrete strut can be mobilized when the stiffness of the steel
panel 1s low compared to the effective stiffness of the concrete
panel, which is obvious from the joint stiffness and from the
fact that the steel panel yielded at a high load for specimen 8.
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5.5 Modes of Failure

Before the main parameters chosen for this study are

evaluated, the possible modes of failure of the connection will
be discussed. The following failure modes have been {dentified:
shear failure of the panel zone, concrete crushing against the
beam compression flange, concrete crushing against the face
bearing plates, shear fracture of the face bearing plates, and
transverse bending failure of the flanges and face bearing
plates. Due to the limited number of tests it may not be
possible to determine the load related to every mode of failure.

Connection Panel Shear. The connection panel consists

of a steel panel and a concrete panel. In the absence of any
direct means of stress transfer from beam flanges to the concrete
panel, such as a FBP, almost the entire shear resistance Is
provided by the steel panel. However, when such means are
provided, both ateel and concrete panels resist the joint shear.
Initially, the major part of the shear resistance is provided by
the steel panel until it yields. Subsequently, the concrete
panel is mobilized and furnishes the additional resistance
without any noticeable change in joint stiffness and response.
The connection is considered to have reached failure when the
horizontal joint shear is equal to the total shear capacity as
follows:

G =il s (5.11)

where Vg, and V., are the steel and concrete panel horizontal

3p P
shear capacities, respectively.

Concrete Crushing Against Compression Flanges. As

described earlier, the flexural forces from the concrete column
including a substantial part of vertical bar tension {s
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transferred to the connection panel as a compression stress block
C, as shown in Fig. 5.1 and 5.8. This high intensity stress can
best be termed "bearing stress" and acts on an area with a width
equal to the thickness of the concrete panel, tcp' as defined in
Eq. 5.9, or the flange width, br. when FBPs are not provided.
The extent of this area, as well as the actual distribution of
the force Cc cannot be determined in the present scope of work.
However, it is clear that if this force is too high and
distributed on a narrow area, the connection may fail due to
crushing of concrete under high bearing stress, similar to the
failure of specimen 6.

Concrete Crushing Against the Face Bearing Plates. It

was explained in the last chapter that the beam flange forces are
transferred to the concrete panel by friction Fp under the
flanges and by the bearing stress block Cp acting against the
FBPs as shown in Fig. 5.6(b). Although the magnitude of each of
these forces was not determined experimentally, the sum of the
two forces should be approximately equal to the shear force in
the concrete panel, V.. Also, the distribution of the force Cp
cannot be determined with the available test data. Under certain
conditions the bearing stress may exceed the crushing strength of
the concrete in the connection panel, resulting in a premature
failure of the connection. In the series of tests conducted in
this study none of the specimens appeared to fail in this mode.

Shear Fracture of Face Beariqg Plates. The transfer of

flange forces to the concrete panel through the FBP can adversely
affect the steel beam and the FBP. Forces on the flanges and the
FBP are shown in Fig. 5.9. Equilibrium requires that the
following relationship be satisfied.

Cp* P2 = Co * Tno = Voo (5.12)
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The distribution of force Cp across the depth of the FBP depends
on the thicknesses of the steel web, steel panel and FBP. The
intensity of bearing stress would be maximum near the beam
flanges and the shear in the FBP along a-b-c, as shown in Fig.
5.9 would be equal to the total force Cp. The FBP should be
thick enough to preclude shear fracture along a-b-c. For beam
sections with a thin web and steel panel, the shear transferred
along line b-c may be controlled by the capacity of the steel web
in compression just outside the joint and that of the steel panel
in tension inside the joint.

COLUMN BEAM
¢
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e — - ’
Coc Fy Toe o
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Fig. 5.9 Forces on face bearing plates.
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The connection failure in this mode was not experienced
in any of the nine tests. However, if this failure mode
controlled, it would have occurred in specimen 4, since it had
3/8-in. FBPs with measured yield strength, Fy. of 43.4 ksi and
ultimate strength, F,, of 68.5 ksi. Calculations indicate that
beam web yielding rather than FBP fracture would control along
side b-c. Assuming length b-c equal to one quarter the clear
beam depth, i.e. 4 in., the force C_, at shear fracture of the FBP

p
is

F
- b
Cp = 2 Loy tp + Fyy 200ty (5.13)

68.5
- —;5- x2x 3.75 x .375 + 36.5 x 2 x 4 x .26

= 111.2 + 75.9 = 187.1 kips

Hence, the maximum force Cp in specimen 4 is 187 kips. A lower-
bound estimate for the shear in the concrete panel of the
specimen, at failure is 196 kips (Table 5.2). This comparison
reinforces the assumption that at least a part of the flange
force was transferred to the concrete panel as friction force Fp.
Strain hardening of the beam web along b-c could also explain the
higher strength but extensive yielding of the beam web was not
observed so the friction component seems more plausible.

Transverse Yielding of Flanges and Face Bearing Plates.

As stated in Section 5.2, the transfer of column flexural force
Cos tO the steel panel causes the beam flanges to bend inward.
The two flanges are stiffened by the concrete wedged between them
and the steel panel, as shown in Fig. 4.51(a). However, if the
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flanges are too thin to support the force Ccs' required to yield
the steel~-panel i{n shear, the flanges will ylield in transverse
bending. This may be followed by a premature crushing of
concrete bearing above the flanges. The effective width of the
flanges supporting C,, may decrease when the beam flanges are
wide and thin. This mode of failure should be guarded against
when a thick steel panel is provided since this produces a large
potential force Cog+ It 1s worth noting that a substantial
portion of the strength of the concrete panel may not be
mobilized until after the steel panel yields in shear as the
distortion of the steel panel becomes different in nature from
that of the concrete panel.

The behavior of the FBP in transferring the flange
forces to the concrete panel as bearing force Cp. is similar to
that of the beam flanges described above, except that the
stiffening effect of the concrete wedges is not present.
Therefore, when the FBPs are wide and thin, their entire width
may not be effective in supporting the force Cp. resulting in
premature crushing of concrete bearing against these plates.

5.6 Thickness of Face Bearing Plates

The results of this test series show that the face
bearing plates substantially enhance the connection strength by
effectively mobilizing the concrete in the joint area. The plot
of total joint distortion for pilot specimens 1 and 2 in Fig.
U.47 show a 45% increase in both strength and stiffness of the
joint due to the FBPs. The plot for specimens 3, 4, and 5, shown
in Fig. 4.45, indicate the FBPs increased the joint strength by
75 to 85%; however, they did not change the stiffness.

One of the main parameters chosen in this study was the
thickness of the FBP. A 3/8-in. thick, A36 plate with width-to-
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thickness ratio, up/tp = 10,7 was used in specimen 4, while a

7/8-in. thick, Grd. 50 plate with up/tp
specimen 5. The results of the two specimens, shown in Fig.

= 4.6 was employed in

4,45, indicate the thickness of the FBP had no appreciable effect
on strength or stiffness of the joint.

The strain gages mounted on the FBPs of specimen 4
indicate yielding occurred near the weld toe. Yielding of those
plates was also observed when flakes of mill scale separated from
the plates. The strain gages of specimen 5 showed almost the
same magnitude of stress but no yielding of the Grd. 50 FBP.
These results indicate that the bearing force Cp on the FBPs was
concentrated near the web and flanges, more so on the thin plate
of specimen 4 than the thick plate of specimen 5.

The face bearing plates of specimen 4 appear to give

realistic data on which to select the thickness of the FBP,

5.7 Width of Face Bearing Plate
To evaluate the effect of FBP width, a 12-in. instead of

an 8-in. wide FBP was used in specimen 7 which was otherwise
similar to specimen 5. A comparison of the test results for the
two specimens, plotted in Fig. 4.45, indicate a 20% increase in
strength and about 35% increase in the stiffness of the joint.
The data from the strain gages mounted on the FBPs of
specimen 7 indicated the bending stress at the weld toe reached
yield (60 ksi) at ultimate load. In comparison, the stress in
specimen 5 reached a maximum of 40 ksi. The bearing force Cp was
high and distributed over a wider FBP in specimen 7. Also, the
results of the strain gages embedded in the concrete panel (Sect.
4,5.2) indicate a wider concrete diagonal strut was mobilized in
specimen 7. As analyzed in Sec. 5.4, the wider FBPs of specimen
7 effectively increased the thickness of the concrete panel to 12
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in. How far the FBPs can be extended beyond the flange width

without reducing their effectiveness still needs to be
determined.

5.8 Configuration of Face Bearing Plates

A FBP between the two flanges of the beam {s not the
most efficient configuration for transferring the flange forces
to the concrete panel. At the expense of some added cost, the
efficiency of FBPs may be improved by extending them above and
below the beam. This configuration was studied in specimen 8,
which was otherwise similar to specimen 5.

The results of specimens 5 and 8, shown in Fig. 5.10,
indicate the extended FBPs increased the joint strength by 60%
and the stiffness by more than 150%. Since the two specimens had
identical steel panels, the entire increase in joint strength
came from mobilizing a larger volume of concrete in the
connection panel. As shown in Table 5.2, the shear capacity of
the concrete panel in specimen 8 was more than double that of
specimen 5. Also, the compression force Cc bearing on the
compression flanges was 18% higher than specimen 6, which failed
by crushing of the concrete against the compression flanges.
This means the crushing strength of concrete bearing on the
compression flanges was enhanced due to the additional
confinement provided by the extended FBPs.

The maximum stress recorded by the strain gages mounted
on the portion of FBPs fitting between the top and bottom flanges
of specimen B was about 20 ksi, i.e. almost half of what was
recorded in specimen 5 at the peak load. The gages on the
extended portion of FBPs indicated the stress near the weld toe
was less than 20 ksi prior to reaching ultimate load at which
point the stress increased rapidly to yield (60 ksi). This shows
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that the extended portion of FBPs transferred a substantial part
of the flange forces to the concrete panel, thus mobilizing the
concrete more efficiently.

5.9 Thickness of Steel Panel
The steel panel was varied in thickness from 1/4=in. in

most specimen to 1-1/4-in. in specimen 6 to almost zero in
specimen 9, in order to examine the influence of the steel panel
strength on connection capacity.

The response of specimens 3 and 6 are plotted in Fig.
4.46. While the thicker steel panel of specimen 6 enhanced joint
strength to almost 2.5 times that in specimen 3, the joint
stiffness was improved by only 30%. As planned, the mode of
failure of the connection was changed from connection panel shear
in specimen 3 to concrete crushing against the compression
flanges in specimen 6. This gave {nformation regarding the
bearing strength of the concrete on the compression flanges. The
strain gage data for specimen 6 indicate yielding of flanges at
the centerline due to bending in the transverse direction at 3/4
of the maximum load. It is not clear how much this might have
influenced the concrete bearing strength, certainly the results
yield a lower-bound value.

The results of specimens 5 and 9, as shown in Fig. 5.11
and analyzed in Table 5.2, show that the absence of the steel
panel in specimen 9 increased the shear capacity of the concrete
panel by about 30%, compared to that in specimen 5 which had a
1/4=in. thick steel panel. The overall stiffness of the joint
was not affected. The data from the strain gages embedded in the
concrete panel suggest a relatively wider diagonal concrete strut

was mobilized in specimen 9.




CHAPTER 6
DESIGN RECOMMENDATIONS

In this chapter a design approach is formulated for
proportioning and detailing the moment connections between steel
beams and concrete columns. The approach is developed for
connections in moment resisting plane frames or framed tubes,
primarily for non-seismic loads and is confined to interior
connections. The approach can be extended to exterior
connections; however, corner or knee connections are excluded.
The formulation is based on the results of this experimental data
discussed in chapters 4 and 5.

In current practice a moment connection between steel
members {s designed according to the AISC Load and Resistance
Factor Deaign (LRFD) Specifications, September 1986 [6] or the
AISC Specifications, November 1978 [5]. A moment connection
between concrete members is designed according to the ACI-ASCE
Committee 352 recommendations [15]. The design philosophy for
the moment connections in non-seismic zones differs in the two
specifications. While LRFD specifications require the
connections to be designed for the adjoining member forces due to
factored loads, ACI-ASCE Recommendations require them to resist
the actual flexural strength of the adjoining beams, based on the
specified strength of concrete and reinforcing steel. The
calculated flexural strength of the reinforced concrete beams
does not differ substantially from the beam forces due to
factored loads since reinforcement is provided for strength only.

It seems appropriate that the connections between steel
beams and concrete columns should be designed based on the forces
due to factored loads similar to that required by the LRFD

specifications. This would eliminate an unnecessary premium on

172
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connection costs and details when the sizes of the structural
members are controlled by stiffness and drift requirements and
not by the strength considerationa. However, the Importance of
strong and stiff joints cannot be emphasized enough. Joint
distortion at service load and factored loads must be controlled
to ensure the integrity of the joint and the column, thus
minimizing the consequences of inaccuracies in the structural
analysis which may result due to flexibility of joints, inelastic
flexural deformation of members, etc. Also, under creep and
shrinkage, the induced forces due to relative axial movement of
columns and the second order effects may exceed those considered
in normal structural analysis. Therefore, the connections in
this design approach are recommended to be designed for 120% of
the adjoining member forces resulting from factored loads, even
when these amplified forces exceed the member strengths. This
additional factor of safety is in line with the AISC design
philosophy which provides a F.S. of 2.0 for sudden and brittle
failures, e.g. material fracture or member buckling and a F.S. of
1.67 for gradual and ductile failures like material yielding and

flexural plastification of members.

6.1 Parameters Coverning Design

As discussed in Chapter 5, the most important parameters
controlling various failure modes of a moment connection between
a steel beam and a concrete column are the bearing strength of
concrete against the compression flanges and the face bearing
plates, the size and configuration of the FBPs, and the shear
capacities of the steel and concrete panels. Other
considerations which need to be {ncluded in these design
recommendations are flange size, joint aspect ratio, joint

reinforcement, bond conditions, and joint stiffness. These later
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parameters, which have not been investigated in this experimental
program, are included in these recommendations in an implicit
form, based on the past research and practice, as well as, the

observed behavior of the test specimens.

6.2 Proposed Model for Joint Forces

Figure 6.1 shows a typical interior connection between a
steel beam and a concrete column, subjected to forces from the
adjoining members due to lateral loads. When the connection
reaches capacity or fails, these forces are resolved as shown in
Fig. 6.2. The column vertical bars are considered to be
completely debonded and the bearing force Co is considered to be
acting on an area having length a, and effective width, be' with
uniform bearing stress A,f}, where Ao is the coefficient of
bearing stress against the compression flange. The effective
width, by,
as defined in Chapter 5. That is,

is equal to the thickness of the concrete panel, t'cp'

be = max[br. wp] (6.1)

where bl‘ is flange width and ""p is width of the FBP. Summing up
all the vertical forces shown in Fig. 6.2 at a column section
near the top flange,

a
Cy te 2T, lcfébebc(ag) (6.2)
C

Summation of moments due to these forces yields,

aC
Mo = 0.5C.D (1= =)
DC
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Fig. 6.2 Modelling of external forces on the joint.
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a a
p2 (- (1- -9)] (6.3)
c DC

= 0.5 A,fib,

The joint shear resistance is furnished by both steel
and concrete panels as shown in Fig. 6.3. The steel panel
provides resistance by virtue of pure shear strength and the
concrete panel by diagonal compression strut strength. The total
horizontal shear capacity of the joint is thus equal to

- v + v (6-")

sp is the steel panel capacity and "cp is the concrete

panel capacity mobilized after the steel panel has reached its

where V

capacity.

The flange forces are considered to be transferred to
p against the FBPs,
p* For the distribution

triangular as well as rectangular

the concrete panel entirely as bearing force C

on an area having width w_ and depth a

P

P
bearing blocks were considered. Triangular distribution may

of this bearing force C

better model the actual behavior but a rectangular bearing block
results in less complicated computations. Hence, the bearing

forces C, is considered to be distributed with a uniform bearing

P
stress A, p
The joint forces exerted on the beam are shown in Fig. 6.4. As
was shown in Figs. 5.5(b) and 5.6(b), the transfer of flange

forces Tbc to the concrete panel through the FBP cause tension in

Q& where A_ is the plate bearing stress coefficient.

both flanges. Summation of horizontal forces shown in Fig. 6.4
at a beam section adjacent to the FBP gives,

a
Cp = 2Ty, = Apféwpdptap) (6.5)

p
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The summation of the moments due to these forces must be equal to

the beam moment,

a
My = 0.5C,d, (1- ;E) ¢ 0.5 Vyg dy + 0.5 V, Dy,
p

a
1y 48 =& —~ =
= 05ACagdp =F (1 dE) + 0.5 Vygdy + 0.5V,Dy
5 g (6.6)

Also, horizontal shear across the concrete panel shown in Fig.
6.3(b) can be expressed as:

a
Vpe = Cp = Apfl wp dg (;9) (6.7)

p

The proposed model, as described here, can be used to
estimate the ultimate strength of a steel beam-to-concrete column
connection as a function of the values chosen for the bearing

stress coefficients 10 and A, and the ratios ac/dc and a_./d

p -
The evaluation of these coefficients and ratios, as well as the
horizontal shear capacity of the joint, are presented in the

following section.

6.3 Explicit Considerations

6.3.1 Bearing Block Size and Intensity

a) Bearing against compression flanges (a,, A,). The

values for the depth of the bearing block, a,, and the Bearlng

stress coefficient, 1,, should be chosen such that the failure of
the connection due to crushing of concrete against compression
flanges is prevented. Specimen 6 (with doubler plates) was
forced to fail in this mode, hence the results of this test are
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used to evaluate a, and A\,. For specimen 6, Egs. 6.2 and 6.3
indicate that a value of 0.3 for the ratio a,/D, and 3 for the
coefficient A, satisfy both column moment (M,) and joint shear.
In almost all the test specimens, irrespective of the failure
mode, crushing of concrete against the compression flanges was
noted as the drift increased. The failure was similar in
behavior to that of an under-reinforced concrete section in
flexure where concrete crushes at eventual failure. Therefore,
the design philosophy is kept similar to that of under-reinforced
concrete sections in flexure. A constant value of 3 is
recommended for A,e With the ratio ac/Dc varying from 0 to a
maximum value of 0.3. That is, for the connections where a FBP

is provided between the flanges only,

and

a,/D, £ 0.3 (6.8b)

The effective width of the bearing block is equal to bes @s
defined in Eq. 6.1.

b) Bearing against Face Bearing Plates LEEF‘LEL
, and the bearing

The

values for the depth of the bearing block, ap

stress coefficient, ap. should be chosen to prevent crushing of
concrete against the face bearing plates. In the series of tests
conducted in this research program, none of the test specimens
failed in this mode. However, specimen 9 (with a cut-out steel
panel) had the highest bearing stress against FBPs. An analysis
of test results of this specimen according to Egqs. 6.5 and 6.6

yield a bearing stress coefficient, A., of 3 when the depth of

p
the bearing block, ap. is equal to 0.25 dp. Hence, the maximum
values for the coefficient xp and ratio ap/dp are conservatively
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taken as 3 and 0.25, respectively. In a design approach the
bearing force could be distributed in one of the following two
ways. Either the stress intensity, 1.e. Ap could be kept
constant while varying the depth aps similar to the way a bearing
force on the compression flange is handled, or the depth an could

be kept constant while varying the stress intensity A  according

to the magnitude of the total force. For concre:e bearing
against the FBP, the latter approach is adopted. It has the
advantages of simpler computations and better represents the
behavior at low loads. Hence, a constant value of 0.25 is
recommended for the ratio ap/dp with the coefficient lp varied
from O to a maximum of 3. That is, for the connections where a

FBP is provided between the flanges only,

ap/dp = 0,25 (6.9a)
and
Ap <3 (6.9p)
The effective width of the bearing block is equal to up. t he
width of the FBP.
6.3.2 Face Bearing Plate Size and Configuration

a) Width: Face bearing plates enhance the capacity of
a steel beam-to-concrete column connection by mobilizing the
concrete panel for the resistance of joint shear. With a minimal
additional cost, the connection capacity is further increased
when a FBP wider than the flange width is used. This increase is
taken into account by considering (a) the effective width, be' of
the bearing forces Co and Cp and (b) the effective thickness of
the concrete panel, both equal to the width of the FBP. It is,
however, certain that the width of the FBP cannot be projected
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too far beyond the flange width without adversely affecting its
function. In the absence of any experimental data, it is
arbitrarily recommended that such projection be limited to 2.5
times the plate thickness. That is

W ibr+5t

p (6.10)

P

where t.p is the thickness of the FBP.

b) Depth: The beam flange forces can be transferred to
the concrete panel much more efficiently by extending the FBP
above and below the beam, This extension of the FBP also
enhances the crushing strength of concrete against compression
flanges by providing additional confinement. An analysis of the
results of specimen 8 yield a bearing stress coefficient A, of
3.8 when the ratio a, /D, < 0.3 is used. Due to a lack of test
data it 1s recommended that a conservative value of the
coefficient A\, be taken as 3.5 where the FBP 1s extended above
and below the beam, 1i.e.

For extended FBP

Ao = 3.5 (6.11)

In the previous section, the depth of the bearing block,
an, and the bearing coefficien Ap were defined for connections
where the FBP is provided between the two flanges. The bearing
force Cp on the FBP extended a distance €p above and below the
beam is diagrammatically shown in Fig. 6.5. If the depth of the
FBP, dp. is defined as shown in Fig. 6.5, the expressions for the
force Cp moment Hb and shear th. as given in Eqs. 6.5 through
6.7 would still be valid provided the flange thickness, tr. is
small compared to the FBP depth, dp. It seems reasonable to
assume that for any substantial increase in connection strength,

the FBP should be extended at least a distance dm/ll or br/.?.
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Fig. 6.5 Forces on extended face bearing plate.

Also, the FBP portion near the flanges, steel panel and the
support plate would be the stiffest part and hence bear most of
the force Cp. Therefore, for the connections where the FBP is
extended above and below the beam, the depth of the bearing

block, ap, is recommended as

a = 0.25dp, + e

> < 0.5 dpy

)

a./d (6.12)

pldp = 0.25 djy/d, + ep/d, < 0.5 dy/d

p ' % p

For the bearing stress coefficient Ap. it is recommended that the
value given in Eq. 6.9(b) be taken. The support plate should be
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designed as a bracket for the bearing force resisted by the
extendeh FBP.i.e.lpféwpep.

¢) Thickness. The thickness of the FBP should be
proportioned to prevent shear fracture and flexural ylelding
under the bearing force Cp. Referring to Filg. 5.9 and as
mentioned in Sec. 5.5, the shear transferred along b-c¢ |is
controlled by either a) the capacity of the steel web in
compression at one side of the FBP and i{n tension at the other,
or b) the ultimate shear capacity of the FBP itself. Assuming

the length b-c is equal to br/2. the bearing force C., when the

P
FBP reaches shear fracture [case (a)], may be expressed as

1

Since the bearing force Cp is equal to the shear force in the
concrete panel, th. the thickness of the FBP may be given as

- )
£, = === - LN (6.14)

where F,, is the tensile strength of the FBP material and Fyu is
the yield strength of the beam web outside the joint.

In case (b) when the shear capacity of the FBP controls
shear transfer along the entire length a-b-c, the bearing force

Cp at shear fracture may be written as:

2
cp - ,-/-;r Fub Pp t.p (6.15)

which gives the following expression for the thickness of the
FBP.
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SR it (6.16)

To prevent shear fracture of the FBP, its thickness should be
equal to the larger of the two values given by Egs. 6.14 and
6.16.

The FBP should also be thick enough to provide the
bending strength needed to support the bearing force Cp (Fig.
5.9). Since the exact distribution of the bearing force Cp is
not known, the flexural forces in the plate cannot be determined
accurately. Therefore, based on the test results of specimen 4
in which a 3/8-in. thick FBP was used, an empirical equation is
developed for the thickness of the FBP. If a uniform bearing
pressure of intensity C, th/(wp dp) is assumed on the FBP (Fig.
6.4), the FBP moment may be estimated as:

FBP Moment = Cp(-=---° w2 (6.17)

where C1 and Cz are constants. The flexural resistance of the
FBP can be written as

FBP Capacity = Cst2 F (6.18)

yb
Equating Egs. 6.17 and 6.18, the expression for FBP thickness can

be written as

Vi,. W
t, = Cy (-2--B)0.5 (6.19)
Fyb dp
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From the test results of specimen 4, the constant Cy Is
determined to be about 0.2. Hence, to prevent flexural ylelding
of the FBP, {ts thickness is recommended as

Vv W
t. = 0.20 (-26--B)0.5 (6.20)

Also, from the stiffness standpoint, the width-to-thickness ratio
of the FBP is recommended to be kept less than 22

wp/ty < 22 (6.21)

6.3.3 Steel Panel Capacity. The steel panel resists

the joint shear until it yields. After complete yielding some
additional resistance is furnished by frame action of the flanges
bent about their own axis. This additional resistance is ignored
in this design approach. The horizontal shear capacity of the
steel panel is recommended to be taken as:

1 a, 6
v u woe P ton Da(1= ==) (6.22)
sp yp "sp "¢
3 D,
where pr is yield strength and tsp the thickness of the steel
panel.

6.3.4 Concrete Panel Size and Capacity. The concrete

panel provides resistance to joint shear through a diagonal
compression strut mechanism. A substantial part of this
resistance is mobilized only after the steel panel has yielded.
Tests have demonstrated that the effective thickness of the
concrete panel is equal to be' as defined in Eq. 6.1. With this
definition for the size of the concrete panel, the horizontal

shear capacity of the concrete panel can be expressed as follows:
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Vo = 1 /E3 BBy (6.23)
where fa is the compressive strength of concrete in psi and Y is
a shear strength factor for the concrete panel.

To evaluate Y, the test results are reanalyzed in Table
6.1 using the proposed model for the joint forces described in
Section 6.2. The bearing block depths a, and ap and the bearing
stress coefficients A, and Ap are defined in Eqs. 6.8, 6.9, 6.11
and 6.12. The horizontal shear in the steel panel V.., is
calculated as:

2Mb

Vo = === = Vg & Vg (6.24)
dy,

where Vsp is the horizontal shear capacity of the steel panel
which for the purpose of this analysis is given by Eq. 6.22, to
which the additional shear due to plastic hinging of the flanges
is added. This gives a lower-bound value for shear in the
concrete panel. For specimen 6, in which the steel panel did not
reach its shear capacity, the horizontal shear Vsp is limited to
the value, estimated based on measured shear stress in the steel
panel. For specimen 9 in which the steel panel was cut-out, the
shear capacity vsp is estimated as the shear resistance due to
the frame action of the remaining panel based on the plastic
moment capacity of the T-sections. The horizontal shear in the

concrete panel, Vy ., is calculated using Eqs. 6.6 and 6.7, i.e.

Vpo = mmmm--22-2o.8.00 (6.25)



Table 6.1 Revised Analysis of Test Results

Joecimm Pnel Materlal Fallure
M. Load P o
tr"l at) (g u)n
mi) Ol i ' Fatlure Mode
(1 (2) (3) (4) “trf bﬁfﬁe (14)
- %0 % 18 0 729 3 8 Panel shear
2 ¥ 56 2.1 o8 .32 1057 -] 5 24,9 Oush on Flange/
Panel Srear
3 00 3 18.5 1562 .08 150 o 5.0 Panel Shear
x w00 ) 2.4 s 6 7% #0 5 24,8 Panel Shear
5 &30 3 W, 2818 a7 20 283 1 27.0 Pael Swer
6 oo (%92} .8 350 2 s ] u8 Orush on Flange
7 oo 3* 1.8 w5 A 60 e 5 28,5 Panel Sear
8 3600 36 5 B643 .30 T 3% = 40.6 Crush on Flange/
Panel Shear
9 370 - .2 2634 .18 %83 = 5 3%.2 Panel Shear

* based on actual Stress (n steel panel

LB1
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This value of V,, is listed in column 10 of Table 6.1. The shear
strength factor, Y, is calculated in column 13. The probable
mode of failure for each specimen is listed in column 14,

The analysis of test results presented in Table 6.1
shows the connection in specimen 6 failed due to crushing of
concrete against the compression flanges. Failure of specimens 2
and 8 was either due to crushing of concrete against the
compression flanges or shear in the connection panel. The
remaining specimens clearly failed in shear at the connection
panel.

The calculated values of the shear strength factor, Y,
for the concrete panel of the test specimens are listed in column
13 of Table 6.1. Two distinct ranges of values are noticed. For
specimens with FBP placed between the flanges, Y varied from 24.5
to 27.0. For the specimen having a cut-out steel panel and that
with extended FBP, Y ranged from 36.2 to 40.6. It is clear that
if the effective thickness of the concrete panel, be' is defined
by Eq. 6.1, the shear strength factor, Y, is a function of (a)
the relative stiffness and strength of the steel panel and (b)
whether the FBPs are extended above and below the beam or not.
The ratio of concrete panel shear capacity to that of steel panel
for specimen 9, which had a cut-out steel panel, was
approximately 14.0. However, it is unlikely that the shear
capacity of the concrete panel would have changed much {f this
ratio was somewhat lower. There is a certain ratio of concrete
and steel panel shear capacities, beyond which a higher value of
shear strength factor, Y, could be used. This ratio is
arbitrarily chosen equal to 10.0, {.e.

YVaul

ep vap > 10.0 (6.26)
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Substituting Eqs. 6.22 and 6.23, this condition may be written

as,

/‘3'7/!"(':' be
............... > 10.0 (6.27)
¢
pr tsp(1 5- )
e

Substituting Y = 36, a,/D, = 0.30 and b, = by, Eq. 6.27 may be
expressed as

t C ormisnsmisaiia S (6.28)

Hence, the following values of Y are recommended for calculating

the shear strength of the concrete panel per Eq. 6.23.

(1) When the FBPs are extended above and below the
beam with a minimum extension, ep, equal to br/2
or dpllh. whichever is smaller, or when the
thickness of the steel panel,

9/TT, b,
T
sp = F
yP
Y = 36 (6.29a)

(ii) For other connections with FBP
Y = 2} (6.29b)
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6.4 Other Considerations

A few selected parameters were investigated experiment-
ally inthis test program and were incorporated in the design
recommendations discussed in the previous section. Some other
important parameters are considered in this section which are
based on observed behavior of the test specimens, and past re-
search and practice in the related areas.

6.4.1 Flange Size. As described in Section 6.2, and

shown in Fig. 6.3, a part of the bearing force C, labelled as
Ccs. is transferred to the steel panel through the beam flanges,
causing shear in the panel. The flanges are stiffened by the
FBPs, as well as the concrete wedged between flanges and the
steel panel as depicted in Fig. 4.46(a). It is important that
the flanges be strong enough to support the bearing force ccs'
required to yield the steel panel in shear, since most of the
shear strength of the concrete panel cannot be mobilized unti]
after the steel panel has ylelded. It i{s, however, difficult to
know the exact distribution of the bearing force Cca' and thereby
determine the true nature of stresses in the flanges.
Therefore, the flange thickness, te, required to support the
force C,q, 18 determined empirically from the test results of
specimen 6 in which transverse stress in the flanges reached
yield near the ultimate load. The expression for tr is derived
as follows:

Assuming the force C,, 1s distributed uniformly on the
flange, as shown in Fig. 6.6, the bearing pressure, Pps» may be

expressed as follows:

pb - CS ----- (6.30)
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Fig. 6.6 Transfer of forces on the flanges to the steel panel.

where C5 is a constant. The moment in the flange due to thia
bearing pressure may be written as

Flg. Moment = Cﬁpbbf (6.31)
and the flexural resistance of the flange can be written as
F1g. Capacity = CTtngr (6.32)

where C; and C, are constants and F_,, is the yield strength of
6 7 f

y
the flange material. Equating 6.31 and 6.32 and substituting Eq.
6.30, the thickness of the flange, ty, may be expressed as

follows:
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te = Cg(-22--% -0 (6.33)

CB is a constant. The bearing force Cos required to yield
the steel panel, may be taken approximately equal to
(pr//g)tspnb. Therefore, equation 6.33 may be written as

be Dy t., F
t.r - Cg(-s-'g“‘ee--!B)O's ‘6v3")

c “yf

Based on the test results of specimen 6, the constant Cg is
calculated as 0.3. Hence, the minimum flange thickness required
to support the bearing force Cog Which would yield the steel
panel in shear is recommended as:

D, F
tp = 0.3(bp tg, -2 -¥B)0.5 (6.35)
D, F
¢ "yf

6.4.2 Beam Embedment and Aspect Ratio. Aspect ratio of

a connection or joint is defined as the ratio of column depth,
D,» to beam depth, Dy. 1In the tests conducted in this study,
this ratio varied from 1.14 to 1.25. If the aspect ratio is too
small or too large, as compared to the range of values studied,
the connection behavior may differ from what was observed and
concluded from these tests. The aspect ratio may influence the
distribution of bearing forces Cc on the compression flanges, and
affect the shear strength of both steel and concrete panels. The
proposed design recommendations should be used with caution when
the aspect ratio of a steel beam to conecrete column connection
does not fall between 0.75 and 1.5.
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6.4.3 Joint Reinforcement, A large amount of research

has been carried out to study the influence of transverse
reinforcement on reinforced concrete beam-column joints. While
different codes and design recommendations disagree on the
contribution of transverse reinforcement to joint shear capacity,
especially for the seismic design, there is general agreement
that a minimum amount of transverse reinforcement is required for
confinement of the joint concrete and the transmission of column
axial load.

In steel beam-to-concrete column connections, joint
reinforcement between the top and bottom flanges is needed and
some transverse reinforcement may be needed above the compression
flanges to strengthen the concrete subjected to bearing stresses.
Due to the limited number of tests in this study, the effect of
the amount of transverse reinforcement in the joint could not be
evaluated. In the tests the transverse reinforcement was
proportional as recommended by ACI-ASCE Committee 352 [2] (Egs.
A.3 and A.4).

Strain gage data indicated that joint ties within the
beam depth, particularly those located near mid=-depth were
effective in providing confinement to the concrete panel. Ties
above the compression flanges, especially those normal to the
beam axis improved bearing strength of the concrete., It is
recommended that the area of transverse reinforcement in the
direction of shear should be at least equal to that given by Egs.
A.3 and A4, That is,

SpDof Y A
Agn = 0.3 -1-8-2¢-B . ) (6.36)
fyn Ao
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but not less than

on = 0.09 -H-8-€ (6.37)

The area of transverse reinforcement in the direction normal to
the beam axis may be reduced to half that given by above
equations, if the joint is subjected to no shear in this
direction. The vertical spacing of ties within the beam depth
should not exceed six inches. 1In addition, at least two sets of
ties spaced not more than three inches apart should be provided
above and below the steel beam.

6.4.4 Bond Conditions. Bond deterioration of column

vertical bars reduces joint stiffness and increases story drift.
In the design of steel beam-to-concrete column connections, it
may not be practical to completely eliminate bond deterioration
of vertical bars. However, similar to the approach adopted by
ACI-ASCE Committee 352 [2], the diameter of the column vertical
bars passing through the joint should be restricted so that bond
deterioration is not excessive at expected drift levels. The
ACI-ASCE Committee 352 recommendation that the diameter, dpape Of
the column vertical bars meet the following requirement

Dp/dpap (c0l) > 20 (6.38)
is suggested as a guide for proportioning column bars in steel

beam-concrete column connections.
6.4.5 Joint Stiffness. In the design of a moment

connection between steel beams and concrete columns, not only the
strength but also the stiffness should be considered. Failure
criteria defined in See. 5.1 include stiffness considerations.

Test results indicate that joint distortion at service load level
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are of the same magnitude as observed for reinforced concrete
beam-column joints. A connection designed according to the
recommendations outlined in this chapter may exhibit a total
Joint distortion up to 0.25% at service loads. However, since
all the joints in a frame are generally not stressed to their
capacity, the joint distortion would probably result {n drift
much less than 0.25%. It is suggested that if even higher joint
rigidity is required, the connections should be designed more
conservatively by keeping the shear stress in the concrete panel
as well as the bearing stresses on the compression flanges and
FBP lower than those recommended.

6.5 Design Approach

The design formulation developed so far does not include
the strength reduction factor, ¢, for the connection strength in
various failure modes. It is important to use an appropriate
value of ¢ which is consistent with applicable load factors and
satisfies the AISC-LRFD Specifications [6] or ACI Building Code
[u].

In the following, the design recommendations are
synthesized into a ten-step procedure. The strength reduction
factor, ¢, is included in the previously developed equations.
Notations used in the formulation are as indicated in Figs. 6.1
through 6.3. A design example is presented in Appendix B.

1. Select proportions: Check to see if aspect ratio

of the joint is within limits, i.e.

0.75 < Do/Dy < 1.5 (6.39)

Choose face bearing plate (FBP) configuration,
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Check bearing on comp. flanges: Find a, /D, by
solving the following equation

a a oM
_9 (T - _9) P — g-—--z- (6. ‘m)
DO Dc #A cr(!:beDC

where ¢ for bearing on concrete = 0,60, b =
max[br,wp] and for connections where FBP is
provided between the flanges only,

‘c = 3.0
and for extended FBP
*c - 305

The calculated ratio ac/Dc should not exceed 0.30.
Calculate shear in steel panel, Vg:

oMy
Vpg = == = Vo < Vgy (6.41)
dy

where shear capacity of the steel panel

1

a
V| = § == BB oDy = =2) (6.42)
sp 77 ypspie D,

and ¢ for steel panel shear = 0.90
Check shear in concrete panel, Vhet

2Hb _..Egsdb o chb

Vo = : (6.43)
fpfit= -B)
dp
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where for connections with FBP between flanges
only, ap/dp = 0,25, For connections with FBP

extended a distance ep above and below the beam,

a d “ d
-2 . 0.25 -Bl 4+ B ¢ 0.5 --P'

dp dp 9y dp

The calculated shear th should not exceed the
shear capacity of the concrete panel,

Vop = @YWTZ b, D, (6.44)

where ¢ for concrete panel shear = 0.85 and Y is
defined as follows:

(1) when the face bearing plates (FBPs) are
extended above and below the beam with a minimum
extension ep equal to bg/2 or dm/ﬁ, whichever is
smaller, or when the thickness of the steel panel,

¢ et (6.45a)
Y = 36

(i1) For other connections with FBP

Y = 24 (6.45b)

Check bearing on face bearing plate: Calculate the
coefficient of bearing stress against FBP, lp, and
check to see if it is within limits, 1i.e.
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A s < 3.0 (6.46)

s -
¢rcupap

where ¢ for bearing on concrete = 0.60.

Calculate face bearing plate thickness: Thickness
tp of FBP must satisfy the largest of the
following:

For shear fracture (¢ = 0.75),

S iy aereans - (6.47a)
¢ Dp Fup
or
I v
tp = ~m--ife (6.47D)
26 beFyp

V W
t. = 0,2(~02.CR)0:5 (6.47¢)
P oF . d
yb%p
but wp/tp £ 22 and the width Yo of the FBP,

Yo £ bf + 5tp
Design support plate as a bracket to resist the
bearing force on the extended FBP = *pfb“pep
Check flange thickness: To avoid plate bending,
the flange thickness, tr. must satisfy

bet
te 2 0.3(-5-2B--B__YRy 0.5 (6.48)
¢ D, F

where ¢ for plate bending = 0.90.
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P Calculate joint reinforcement: The area of
transverse reinforcement in the direction of shear

should be at least equal to

S, D. f! A
Agp = 0.3 2--S--S(- - 1) (6.49a)
ryh Ac
but not less than
S, D. f!
Agn = 0.09 o P (6.49b)
fon

The area of transverse reinforcement in the
direction normal to the beam axis may be reduced to
half that given by above equations, if the joint is
subjected to no shear in this direction. The
vertical spacing, S;,» should not exceed six inches.
In addition, at least two sets of ties spaced not
more than three inches apart should be provided
above and below the steel beam.

10. Check size of column vertical bars: The diameter
of the column vertical bars, dbar' should be such
that ‘

6.6 Limitations of Design Approach

Several limitations to the proposed design approach must
be noted. The design recommendations presented here are
applicable to connections with face bearing plates (FBP) only and

not include other means of stress transfer which may very well
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prove to be efficient. Another consideration is the presence of
axial load on the column, which could not be included in the
scope of this study. Tests on steel beam-to-SRC column
connections, conducted by Minami [34] and Tanaka et al. [50] have
shown no significant effect of axial load on the connection
capacity. For reinforced concrete connections, ACI-ASCE
Committee 352 report [2] has also concluded that the axial load
on columns have no significant effect on the connection capacity.
New Zealand Concrete Design [38), however, considers the
influence of axial compression as beneficial. For structural
steel connections, experimental evidence [26] has shown that
almost all the column axial force is transferred to the column
flanges in the joint once the panel zone has yielded in shear.
It is anticipated that in steel beam-to-concrete column
connections, most of the column axial force would be transmitted
through the concrete outside the beam width and the influence of
axial load on the connection capacity should range from
insignificant to beneficial. It is, therefore, conservative to
ignore the column axial load in this design approach. However,
caution should be exercised when the columns are subjected to
axial loads greater than half the crushing capacity.

Another limitation is that the procedure is derived for
interior beam-column joints only. While similar equations can be
written for exterior joints, special attention should be given to
the transfer of tension flange forces to the concrete panel. The
beam should be extended to the far face of the concrete panel and
FBPs provided at both faces of the concrete column. Also, the
shear capacity of the concrete panel in exterior connections may
be lower than in interior connections. For reinforced concrete
exterior beam-column connections, ACI-ASCE Committee 352 [2]
permits a joint shear of 75 to 80% of that in interior
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connections, thereby recognizing the reduced confinement of the
concrete panel in exterior connections. Although the confinement
conditions in steel beam-to-concrete column connections may not
differ substantially from interior to exterior connections, it {s
still suggested that the shear in the concrete panels of exterior
connections be limited to 3/4 the recommended value, until
additional test data is available to justify a higher value.
Reader should note that the terms "interior"™ and "exterior"
connections in this test differ from those used in ACI-ASCE
Committee 352 report [2]. While the connections in this test
series (beams framing into two opposite faces of columns) are
termed "interior" in this text, they would be classified as
"exterior" according to ACI-ASCE Committee 352. Similarly, the
connections with beam framing into one face of the column only
are termed "exterior" in this text, but would be classified as
"corner" as per ACI-ASCE Committee 352.

One last limitation, which must be pointed out, pertains
to the concrete strength in the joint area. The use of high
strength concrete, ranging from 8000 to 14,000 psi and readily
avallable at a very competitive price, is rapidly gaining
popularity, especially for the construction of tall buildings.
It must be pointed out that the proposed design recommendations
are based on tests conducted with concrete strengths ranging from
3500 to 4500 psi. The characteristics of high strength concrete
may differ from those of medium strength concrete. Therefore,
the application of the proposed design recommendations to
concrete strengths higher than 6000 psi should be carried out
with caution.
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6.7 Comparison with Test Results

The recommended design formulations are compared to the
capacity of the test specimens in Table 6.2. Although these
design recommendations require a face bearing plate (FBP) in all
connections, the formulation is still valid for connections
without FBP, provided the flanges are adequate in strength and
stiffness to support the bearing force required to yield the
steel panel. Therefore, all the tests in this program and a few
others with sturdy beam flanges are included in this comparison.
In Table 6.2, shear capacities of the steel and concrete panels
are calculated using Eqs. 6.42 and 6.44. For this comparison a
strength reduction factor, ¢ = 1.0, is used. The concrete panel
capacity, as controlled by crushing of concrete against the FBPs,

Table 6.2 Comparison of Design Approach with Test Results

Cono. Panel Cap, Fredicted Lond
Vg, (cips) P (xipa)
=< i Bais  Gwe B ; Yy =
Wo. Vg (kiga)  Swa o PP Pwel Gap.  on Flg. Bl um) P =
) @) @ 5 (6) ki) @ o
1 o or —_ 1.2 Z3.6 17.2 18.0 1047
2 L) 8 1z 5.5 3.6 23.6 26.1 1.106
3 » or o= na 5.9 1.1 18.5 1,666
i L] b w3 30.5 51.5 0.5 A 1.062
5 w0 = m3 1.4 51.5 0.4 W, 192
6 w0 o — 4.0 7.9 1.9 6.8 ar
Lz] 64 576 9.8 n.as 9.8 1N 1.00
8 % 36 683 5.2 5.6 53.2 %.0 1.034
9 0 3% % 8.6 .3 8.6 n.2 1.09
Wit [na] 3o ot — 2.9 1.5 2.5 .0 09
we(ny] % ot -_— 9.4 B0 « 30 2.0 e
M0 (3] 103 or —_ 2.7 2.3 2.3 15.5 JTE4e
ms0(6] 9 n 86 16.0 15.03 15.03 7.5 1,148

* Tests condicted under repeated cyolic loads.
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is calculated aa per Eq. 6.6 and is tablulated in Col. 4. The
capacity of the specimens, listed {n Col. 7 is based on the
smaller of a) the panel capacity per Eq. 6.43, or b) concrete
crushing against the compression flanges, Eq. 6.40. The measured
capacity is listed in column 8. The ratio of the two capacities
is tabulated in column 9. For the nine specimens tested, the
ratio Ptest/Pdeaign vary from 0.97 to 1.13, except specimen 3 for
which this ratio is 1.67. The high ratio for specimen 3 is due
to a) the additional shear carried by the frame action of the
flanges, and b) the participation of concrete panel through bond
between steel beam and concrete. Specimen 6, for which the
connection capacity is controlled by the concrete crushing
against the flanges, {ndicate the lowest ratio, being 0.97.
However, this ratio is 1,106 for specimen 2 for which the design
strength was controlled by the same mode.

In addition to the nine tests conducted in this research
program, four more tests found in the literature are compared in
Table 6.2, All four specimens were tested under reversed cyclic
loads ranging from 20 to 30 cycles at various deflection levels.
Since the monotonic envelope was not obtained, the comparison of
these tests with the design formulations based on monotonic
liading may not be entirely valid. Tests labelled WR1 and WR2,
reported by Wakabayashi et al. [59] carried a constant axial
load of 157 kips (1.12 ksi) on the columns in addition to the
cyelic lateral loads. The axial load is ignored in calculating
the predicted capacity. Test labelled MS000 is reported by
Minami [34] and was conducted on an exterior connection. Test
TMS10 is reported by Tanaka and Nisigaki [50] and was carried out
on connections with face bearing plates. A small size steel
column (d = 6.7", be = 3.9", t = 174", te = 3/8") with its weak
axis in the plane of the joint, was also present, which is again
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ignored in this analysis. The dimensions for each of these four
specimens are listed in Table 6.3. The computations of
predicted load (columns 5 and 6 of Table 6.2) indicate that the
capacity of all four specimens was controlled by concrete
crushing against the flanges, although the panel capacity for
specimens MS000 and TMS10 was close to the crushing capacity.
The ratio Pteat’Pdeaign for these tests vary from 0.74 to 1.15,
As stated earlier, their low strengths were due to the repeated
cyclic nature of loading and does not warrant any concern for
monotonic wind type loads.

In the final analysis, the design recommendations
presented here can adequately predict the strength of steel beam
to concrete column connections detailed within the limitations

outlined.

Table 6,3 Salient Features of Japanese Tests

S, Yo, Desmor{ ptlon W (na] W2 (na] 000 (53] w10 ()
1 Specimen Capncity, P (ki) 5 3 15.5 17.25
2 Colum Axial Load, kips (ki) 157 157 —— —

(1.12) (1.12)

3 Cone, Strength, 1), (pal) 2 %870 X0 250
B 1. Panel Strength, 'yp (kat) .2 .5 0.1 6.9
5 Beam span, L (in.) 108 108 “ &
6 (olumn Helght, H (1n.) % % 8 51
7 Colum width, B, (in.) .87 1.81 9.84 1.8
B Colum depth, D, (in.) 1n.n .% B.B6%/9. B4 n.g
9 Beom degth, 0y, (In.) 9.5 9.8 1.8 9.8
10 Flange width, b, (in.) L% 3.9 1% LR
1" Flange thicknems, te (in.) 1.7 .47 .78 354
12 Stl. Panel Thicknems,

tsp (in.) 66 1.26 .63 2%
13 FEP size (v, dp %) —_— —_ — LS2I3E/8
W, Comection type intelor interior eter|or inteior
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CHAPTER 7
CONCLUSIONS AND RECOMMENDATIONS

Tk Summarx

In recent years mixed steel-concrete structural systems
have gained popularity for the construction of tall buildings.
Although these systems are termed "mixed", the structural members
within a subsystem, {.e. gravity load subsystem or lateral load
resisting subsystem, are made of single material, steel or
concrete. These systems traditionally make use of simple shear
connections between steel beams and concrete columns. As a
result, there is minimum interaction between the two materials.
The efficiency of mixed systems can be substantially enhanced by
combining members of both structural steel and reinforced
conerete within a subsystem. This would require a moment
connection between steel beams and concrete columns, Currently
there is no information available for the design of such
connections.

Several methods are available for the transfer of steel
beam flange forces to the connection panel. The lever mechanism
and face bearing plates (FBP) were investigated experimentally in
this study. The steel panel thickness, and the width,
configuration, and thickness of FBP were chosen as variables.
Nine, 1/2 to 2/3 scale steel beam-concrete column subassemblages
representing interior connections were tested under simulated
monotonic lateral loads. The specimens were instrumented to
examine both strength and stiffness.

7.2 Conclusions
The test results show that face bearing plates (FBP)
substantially enhanced joint strength by effectively mobilizing
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the concrete panel. Variations in the thickness of these plates
did not affect the joint capacity. This capacity, however, was
increased 20% by increasing the width of the FBP from 8 to 12 in.
Extending the FBPs above and below the beam was most effective
and increased the joint strength by 60% and stiffness by 150%.
The data from strain gages embedded in the concrete panel
indicate that only the concrete panel within the width of flanges
and FBP was mobilized, except when the steel panel was very weak,
in which case a wider concrete panel was effective.

Based on the test data a design model for the connection
zone was developed to determine joint capacity, which identified
principal forces on the connection panel. The resistance to
joint shear is provided by a) the steel panel in pure shear, and
b) the concrete panel through diagonal compression strut. Checks
are made to ensure that bearing forces on the compression flanges
and on the FBPs do not produce crushing of the concrete. Other
modes of failure - shear fracture of FBPs, flexural yielding of
FBPs and flanges - are identified and formulations developed to
size the thickness of the FBPs and flanges. A comprehensive
design approach was presented which can be used to determine the
strength of interior connections between steel beams and concrete
columns employing face bearing plates.

7.3 Future Research Needs

1. Other means of panel zone stress transfer - steel

erection columns, shear studs, rods/bars - need to
be investigated.
Zs The influence of steel beam width and joint aspect
ratio on the connection capacity should be studied.
5% Exterior connections: Test data are needed to

examine exterior connections.
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Axial load: The influence of column axial load on
the connection capacity should be investigated,
especially Iin connections where wide steel beams
are used.

Joint reinforcement: The amount of joint
reinforcement required within the beam depth for
shear and confinement, and above and below the beam
to confine the concrete under high bearing stresses
should be examined.

High strength concrete: Concrete strengths ranging
from 8000 to 14,000 psi are rapidly gaining
popularity, especially for the construction of tall
buildings. Work is needed to determine
modifications required in the proposed deslign
recommendations for high strength concrete,
Seismic loads: These tests were conducted
primarily under monotonic loads; however, one
complete load cycle at large deformations was
applied. The test rsults showed large energy
absorbing capacity, especially by the steel panel
in shear, which indicate a good potential for the
use of such connections in the seismic zones as
well. Work is needed to establish hysteretic
characteristica of connections under repeated

cyelic loads.




APPENDTIIX A

A.1 Review of Reinforced Concrete Beam-Column Joints
Until recently, the typical connection of reinforced
concrete members was assumed to be a noncritical component. The

design of joints was often limited to satisfying anchorage
requirements. Numerous structural failures pointed to connection
inadequacies as a contributing factor in undesirable structural
performance especially where lateral forces due to strong wind or
earthquakes are significant. A large amount of research has been
carried out in the last 10 to 15 years and it has become obvious
that the joint can be a weak link in the structure. Based on
this research, design recommendations have been made but they
vary substantially from one study to another. There is
disagreement as to the basic mechanism controlling the transfer
of forces across a joint, as well as to the relative importance
of the parameters to be used in design.

The joint should be designed for the interaction of the
multi-directional forces which the members framing into it
transfer to the joint. A free-body diagram of a planar beam-
column joint with the forces at the boundaries is shown in Fig.
A.1. There are three considerations associated with the design
of these joints, namely; (a) shear resistance across the joint,
(b) anchorage of the main longitudinal bars of the beams and
columns passing through the joint, which may be in tension on one
side of the joint and compression on the other, and (c¢)
transmission of the column axial load through the joint region.

Shear force across the horizontal section of the joint,
as shown in Fig. A.1, may be calculated as

VJ - T

p + Cy + Cp-Vy (A.1)
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(b) Ponel Truss Mechanism

(a) Concrete Strut Mechanism

Fig. A.2 Mechanism for joint core shear resistance.
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assuming the joint panel is adequately reinforced with both
horizontal and vertical ties and there is absolutely no bond slip
of the main longitudinal bars of the beams and columns, there are
two mechanisms of joint core shear resistance which satisfy the
equilibrium requirements of the joint core. These mechanisms
are:

Ta A diagonal compression strut mechanism earrying the
concrete compressive forces across the joint, as
shown in Fig. A.2a.

2. A panel truss mechanism of joint core reinforcement
carrying the longitudinal bar forces across the
joint, as shown in Fig. A.2b

The differences in design philosophies stem from the

emphasis given to these two joint core shear resistance
mechanisms and the anchorage requirements of the main
longitudinal bars of the beams and columns. In the U.S. and
Japan, shear strength is based on the compression strut mechanism
and anchorage requirements are not severe. In the New Zealand
and European approach shear is based on the panel truss mechanism
and anchorage requirements are strict. To elaborate these
differences, the recommendations for the design of reinforced
concrete beam-column joints as given by ACI-ASCE Committee 352
and the New Zealand Concrete Design Code are presented and
compared in the following.

A.1.1 ACI-ASCE Committee 352 Recommendations. First

recommendations for the design of the beam-column joints in

monolithic reinforced concrete structures were reported by ACI-
ASCE Committee 352 in 1976 [1]. The recommendations were
substantially revised in ACI 352 R-85 [2]. The revised design

recommendations are as follows.
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Joints are required to be designed for forces calculated
from the flexural strength of the beams. In seismic zones the
flexural strength is required to be increased by at least 25% to
account for the yield strength of the reinforcement exceeding
specified values and for the strain hardening. The entire shear
resistance is considered to be provided by the concrete. No
reinforcement is required for shear, however, minimum horizontal
transverse reinforcement i{s required for the confinement of the
joint concrete and for transmission of column axial load.
Calculated shear in the joint must not exceed Vj. where

—p

where bJ = average width of the beam and the column.
Dc = depth of the column
¢ = strength reduction factor = 0.85
In seismic zone of high risk,
Y = 20, 15 and 12 for interior, exterior and corner
joints, respectively.
In non-seismic zones
Y = 24, 20 and 15 for interior, exterior and corner
joints, respectively
f; = concrete cylinder compressive strength (psi) but
not more than 6000 psi.

For transverse reinforcement, at least two layers of
reinforcement (consisting of the same ties as provided for the
column) are required to be provided between the top and bottom
layers of the longitudinal reinforcement of the deepest beam.
The spacing between these layers should not exceed 6-in. In
seismic zones, however, the area of this transverse reinforcement
should be at least equal to:
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Ash - 0-3 §D-E---9 ('8 b 1) (‘.3)
yh A, Z
but not less than
h
Agp = 0.09 < Rt (A.W)
ryh

In seismic zones when spiral transverse reinforcement is

used, the volumetric ratio, P should be:

pg 2 0.12(f4/f,) (A.5)

where Sy spacing of hoops (in.)

h" = depth of the column (in,)

ng = gross area of the column (ln.z)
A, = confined area of the column (1n.2)

Agp, = total area of transverse reinforcement (in.z)

fyh
In addition, the column vertical bars extending through the joint

= yield strength of transverse reinforcement (psi)

are required to be well distributed around the perimeter of the
column core for seismic design.

Where beams of substantial width frame into two opposite
faces of the joint, transverse reinforcement in the direction of
the beam may be omitted in non-seismic zones. In selsmic zones
reinforcement must be provided but may be reduced by 50% in
direction of the beam,

For joints in seismic zones, the diameter, dbar' of all
the main beam and column bars passing through the joint must
satisfy

Do/dpae (beam) > 20
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and
Dy/dpar (col) > 20

where D, and Dy are the depths of column and beam respectively.
REY e The New Zealand Standard. The New Zealand
concrete design code [38] gives a procedure only for seismic

design of reinforced concrete beam-column joints. Like the ACI~-
ASCE Committee 352 recommendations, this code requires the joints
to be designed for forces calculated using the actual flexural
strength of the beams. These forces are required to be further
increased by 25% for 40 ksi reinforcing steel and by 40% for 55
ksi steel.

The contribution of the diagonal compression strut
mechanism to the shear strength varies as a function of the
magnitude of the axial load on the column and on the location of
plastic hinging in the beam (adjacent to the joint or away from
it). The shear carried by the diagonal compression strut is
calculated as follows:

1) When plastic hinging in the beam occurs at the column

face,
Vo = O  when Py < 0.1(£4/Cs)A, (A.6)

Von = (1/80)/ [(CyPg/Ag) =~ (£4/10)] byD,  (A.T)
when Pg > 0.1 (£0/C5)A,

2) When plastic hinging in the beam is forced to occur at
a distance away from the column face:

Von = 0.5(Ag/Ag) Vi1 + (C4P)/(0.0ALL)]  (A.B)
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3) Voy = (Ago/Rge) Vyy[0.6 + (C5P)/(AgEL)] (A.9)

th. Vjv = horizontal and vertical design joint shear,
respectively

Vch' ch = shear capacity of diagonal compression strut
in the horizontal and vertical direction,
respectively
design joint shear in the two principal directions.

bj = b, or b, + 0.5 h,, whichever is smaller

bc. b, = width of column and beam web, respectively

Dc = overall depth of the column in the direction being

considered

Pe = minimum axial compressive column load

ng = gross area of column cross-section

fo = concrete compressive cylinder strength

Ag» A; = area of tension and compression reinforcement
of the beam, respectively

“Bc"'sc = area of tension and compression

reinforcement of the column, respectively.

When the joint shear is greater than the concrete

capacity, shear reinforcement is required. The total area of

horizontal shear reinforcement required to be placed between the

top and bottom reinforcement of the beam is

and the total area of vertical shear reinforcement required to be

placed as intermediate column bars on the side faces of the

column is
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AJV - (VJ\' - Yy )/f

» (A.11)

yv
where fyh and fyv are the yield strength of the horizontal and
vertical shear reinforcement, respectively.

The code requires the total horizontal shear strength in

either principal direction to be limited to

Vin < 18/Tg byD, (A.12)

For confinement of the joint core, the recommendations
require the total area of horizontal transverse steel in each
principal direction to be at least equal to:

Agn = 0.3 Sp h" [(Ag/Ag) = 1] (£/fyp) [0.5 + 1.25 (Pe/6fohg)]
(A.13)

but not less than
' L)
Agp = 0.128, h" (£o/fy) [0.5 + 1.25 (Pe/ef Ag))
(A.14)

where S, = spacing of hoop

h" = depth of the column

A, = confined area of the column

Agn = total area of horizontal transverse reinforcement
However, if the joint has beams framing into all four column
faces and plastic hinging occurs away from the column face, this

transverse reinforcement may be reduced to one-half.
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The diameters, d.., of the beam and column bars passing

through the joint are required to satisfy the following:

(1) beam bars: when plastic hinging occurs at the column
face D,/dp,. 2 25, 35 for 40 ksi and 55 ksi bars,
respectively. When plastic hinging is forced to occur
away from the column face, D,/dp.. > 20, 25 for 40 ksi
and 55 ksi bars, respectively.

(2) column bars: Dp/dy,. > 15, 20 for 40 and 55 ksi bars,
respectively.

where Dy» Do = overall depths for beams and columns,
respectively.
A.1.3 Comparison of the Two Methods. The comparison of

the two recommendations can only be made for seismic design of
the beam-column joints. The Committee 352 recommendations rely
almost entirely on the diagonal strut mechanism and consider the
joint shear strength insensitive to both joint shear
reinforcement and axial compression. The New Zealand code relies
heavily on the panel truss mechanism, thus requiring substantial
shear reinforcement, and considers the influence of axial
compression as beneficial.

The design philosophy of Committee 352 is based on tests
conducted on beam=column joints without vertical shear
reinforcement. It was observed in these tests that after
diagonal cracks propagate in the joint, bond of the main bars of
the beam and column deteriorates. The tension in these bars is
anchored partly in the diagonal strut and partly in the
beam/column compression block across the joint. This increases
the intensity of stress in the compression block thereby
transferring the entire tension force of the reinforcing bar to

the diagonal strut. This new force system is shown in Fig. A.3.
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Fig. A.3 Forces on a joint after bond slip,

However, due to loss of bond, the joint loses stiffness. It is
also noted in these tests that the joint maintains a substantial
portion of its strength after repeated cycling even when plastic
hinging of the beam occurs adjacent to the joint,

Park [38] argues for the New Zealand philosophy saying,
"The diagonal strut mechanism will not be effective if full depth
cracking occurs in the beam at the column face due to cyelic
flexure." It appears, the New Zealand philosophy is based on
tests where the beams were subjected to severe plastic hinging
adjacent to the joint under cyclic reversals. The committee 352
states in its report [2], "The New Zealand approach is based on

the performance of statically determinate beam-column
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subassemblies at very large deformation reversals which would
correspond to excessive drift values in frame structures."

This controversy, however, should not affect the design
approach formulated in this study for the steel beam-to-concrete
column connections, as it is confined to monotonie, i.e. wind

type loads.

A.2 Review of Structural Steel Beam-Column Connections

In steel construction typically "rigid connections"
(moment connections) are made by attaching beams to each side of
the column which in itself is a continuous member, The
orientation of the column can be such that the beams frame either
into the column flanges, i.e. the column is subjected to moment
about its strong axis, or the beams are attached to each side of
the column web, thereby subjecting the column to moments about
its weak axis. For the purpose of this study, only connections
where the column is bent about its strong axis are presented.
Also, as was pointed out earlier, this study is restricted to
interior connections only.

Rigid connections are intended to provide a full transfer
of moment and little or no relative rotation of members within
the joint. For this purpose, beams can be attached in a variety
of ways, a few of which are shown in Fig. A.4. The design of
these connections involve providing sufficient stiffening
material so that the connection will transmit moment from beams
to columns and vice versa, without undesirable deformations.
Some columns are sturdy enough to carry the beam moment without
stiffening. Other columns require stiffening of thelr webs or
flanges to aid in transmitting the concentrated forces from the
flanges of the connected beams.
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Fig. A.4 Contineous beam-to-column connections (Ref. 48).
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The design of a beam to column rigid connection in
structural steel requires that (a) beam flange compression and
tension forces are transferred to the column web, and (b) shear
resistance of the panel zone is adequate.

A.2,1 Transfer of Flange Forces. When the forces in beam

flanges are transmitted to column flanges, horizontal stiffeners
as shown in Fig. A.4(b) may be required. Such stiffeners prevent
web crippling and the overall web buckling when the beam flange
forces are compressive, For the transfer of beam flange
tension, the stiffeners may be required to prevent a premature
fracture of the column web and excessive deformation of the
column flange which could result in fracture of welds connecting
the beam flange to the column flange.

Consider a beam flange transmitting the force be‘ to a
column as shown in Fig. A.5. When the maximum strength of the

f -
/o S ;
25 " 4
sadlE | A [
}:f'Ei{ E th+ 5k mw o = -
\ r— I '
COMPRESSION \\ v :! ¥
OR
\r—] - A
TENSION FLANGE ] = ;r' (b) With column stiffener
—d !l

(a) Without column web stiffener

Fig. A.5 Strength of column web (Ref. 48).
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column web is reached, AISC - 1.15.5.2 (5] assumes the load is
distributed along the base of the fillet (k from the face of
flange) on a 1:2.5 slope. Thus, the minimum column web
thickness, t, required to prevent the crippling or premature
yielding of the web is:

P e s (A.15)
(tb*Sk)ch

where t, = thickness of flange or moment connection plate
delivering concentrated force, inches.

K = distance between outer face of column flange and

web toe of its fillet, inches.

F = column yield stress, ksi

Py = computed force delivered by the flange or moment

connection plate multiplied by the proper load
factor, or the capacity of flange (Anyb) if
plastic hinging of the beam is required, e.g. when
moment redistribution is considered for gravity
loads or when it is part of a moment resisting
frame in earthquake zones.

In addition, vertical buckling of the web plate under the
compressive flange force must also be avoided. Based on the
buckling solution of a plate subjected to equal and opposite
concentrated loads in its plane, AISC-1.15.5.3 [5] gives a
semiempirical expression for web buckling,

<8 ¢ ennminan L8 (A.16)
t

where dc is the clear depth of column web.
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In order to avoid excessive deformation of the column

flanges under the beam flange tension force, as shown in Fig.
A.6, the resistance of the flanges must be known. The thick
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Fig. A.6 Strength of column flange in tension region of connection (Ref. 48).

central portion of width, m, may be assumed to resist the beam
flange force as if it were rigid. Thus the column flange direct

resistance,

The remainder of the column flange resistance is due to plate

bending of the projecting portion of the flange. A yield-line
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analysis shows the column flange bending resistance of the form,

2

Where C, i1s a coefficient depending on the column flange width,
q, its length, p, the projected beam flange width, X1y and the
boundary conditions. Hence, the total resistance of the column
flange is,

2
Prrange = 2C1 Fyo tf * Fyo tp m (A.19)

AISC-1.15.5.3 [5] assumes the column flange length, p, equal to
12 te. Additional conservative assumptions regarding the
relative dimensions of beams and columns are made to simplify Eq.
A.19 so that

2

P!‘lange (A.20)

Using Eq. A.20, AISC- 1.15.5.3 [5] requires the column flange
thickness to be at least equal to

ted 0.4 VFyp7F = (A21)
to prevent excessive deformation of the flange. When either

of Eqs. A.15 or A.16 is not satisfied, a stiffener must be
provided on the column opposite the compression flange of the
beam. And when either of Eqs. A.15 or A.21 is not satisfied, a
stiffener must be provided on the column opposite the tension
flange of the beam. The expression for the required area of the

stiffener, nst. as given in AISC-1.15.5, is
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R a eosesdeseownaeesscs (A022)

t is the yield stress of the stiffener material.

In addition to satisfying Eqs. A.15 through A.22, the
stiffener geometry must also comply with the empirical rules of
AISC-1.15.5.4 which are as follows:

1.

and

3.

The width by of each stiffener plus 1/2 the
thickness t of the column web shall not be less
than 1/3 of the width b of the flange or moment

connection plate delivering the concentrated force

Poes

b, + t/2 > b/3 (A.23)

s
The thickness tg of stiffener shall not be less
than t,/2 and the local buckling requirements for
compression elements must be satisfied. Thus

tg 2 ty/2 (A.24)

bg/ts < 95/F,~ (A.25)

When the concentrated force Ppe Occurs at only one
flange of a column, the stiffener length need not
exceed 1/3 of the column depth.

The weld joining stiffeners to the column web shall
be sized to carry the force in the stiffener caused
by unbalanced moments on opposite sides of the

column.
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Popov et al [43] recently studied the behavior of large
beam-column assemblies under cyclic loading. They found that
after the formation of plastic hinges in the beams adjacent to
the connection, the beam flanges strain harden which result in
yielding and/or buckling of the stiffeners. They concluded that
the design of stiffeners based on the nominal yield of the beam
flanges is unconservative.

Miller [33] has outlined the design recommendations for
rigid connections in the Load and Resistance Factor Design (LRFD)
Specifications [6]. Nominal strength for web yielding overall
web buckling, as well as local flange bending are the same as
discussed above. However, the nominal strength must be
multiplied by a resistance factor, ¢, to obtain the design
strength. The resistance factors, ¢, are as follows:

Web yielding 1.0
Overall web buckling 0.90
Local flange bending 0.90

A.2.2 Shear in Panel Zone. The connection panel in the

beam-column rigid connection should be designed to resist the
forces transmitted from the members framing into it. A typical
joint, subjected to the moments and shears from the beams and
columns due to the antisymmetrical loading that could be caused
by wind or earthquake is shown in Fig. A.7. This loading results
in large shearing forces in the connection panel, m=-n-o-p. The
net shearing force across the depth of the column web can be
resolved as:

Y = GTL~¥ (A.26)

The connection panel not only should have the strength to resist
this large shearing force, but should be stiff enough to avoid
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Fig. A.7 Forces on a typical rigid connection.

excessive story drift due to joint distortion which could cause
large P-A effects and hence jeopardize the stability of the
frame.

AISC Specifications [5] in the commentary of Sec., 2.5
limit the shearing stress in the connection panel to F}./v’? as per
Von Mises yield criteria. Assuming the distance between
centroids of column flanges as 0.95dc. the following formula for

the shearing strength of the panel is given:
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where dc is the overall column depth, t is the panel thickness
and Fr is the web yield strength. In Eq. A.27, the 1oss in shear
capacity due to the axial load on the column is not conslidered.
If the axial load on the column {s considered, Eq. A.27 ia

modified and becomes

= (PP )2
Vpax = 0-55 Fy do tV/1-(P/Py)

y (A.28)

where P is the axial load on the column and PY is its capacity at
yield. However, experimental evidence [26] has shown that after
the panel zone yields in shear, almost all of the axial force in
the column is transferred to the column flanges in the joint,
Clearly this is true only for columns in which the flanges have
the necessary capacity. Hence, in most cases, it may not be
neceasary to include the effect of axial load.

There have been questions regarding Lhe distribution of
shear stress within the panel. Elastic solutions show that the
distribution is a parabolic variation from a constant stress at
the corners of the panel. However, measured strains [14]
indicate that the elastic shear strain distribution is more
nearly uniform than parabolic.

In the last few years research [14, 15, 26, 27, 43]
indicates that the behavior of connection panels in shear is
bilinear. A linear elastic response was exhibited until the
panel yields completely in shear. The panel stiffness in the
linear region is

K = A'G (A.29)

where A' is the effective area of web in shear and is equal to

(d,~tg) t, where typ is the thickness of column flange, and G is
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the shear modulus of the panel. Post-yielding response is
approximately linear, with decreased stiffness, over a wide range
of deformation. Until recently, linear post=-yielding behavior
was attributed to strain hardening. Research [14, 26, 27, 43]
has indicated this behavior is due to the flexural rigidity of
the flanges at the connection panel boundaries as shown in Fig.

A. a.

Plastic hinges
in column
flanges

___.....-"

N

Fig. A.8 Connection panel at ultimate shear capacity.

Fielding and Chen [14] have given the following formula
for the stiffness of the connection panel in the post-yielding

region.
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K, = 2HEI./07 (A.30)
where d8 is the depth of the girder and I Is the moment of
inertia of the column flange = (brtP)IIE. They consider the
ultimate shear capacity of the panel is reached when the web
panel completely yields and plastic hinges form in the column
flanges as shown in Fig. A.8. The following equation is given
for the ultimate shear capacity of the panel.

Vpax = (Fy//3) A" + WM c/d (A.31)

where Mpr - Fy(brtF/H) in the absence of axial load on the
column. More correctly, ”pf should be calculated taking into
consideration the flange axial tension or compression due to
column moment.

Krawinkler [26] has approximated Lhe post-elastic
stiffness of the web panel by springs at the four corners of the
panel.

2
2l e

or (A.32)

———

He defines the ultimate shear capacity of the panel as the shear
at the total angle of distortion of four times the distortion at
shear yield, and proposes

Yaax ™ KeY, + 3 Kp ?y (A.33)

o
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The studies reviewed show that there is a large margin
of reserve strength in the connection panel beyond shear yield.
However, it is achieved at a large distortion of the panel.
Therefore, the connection design should be based on the required
connection rigidity rather than on the criteria defining
connection yielding.

For seismic design Krawinkler and Popov [25, 2T]
recommend that the joints should be permitted to dissipate energy
through limited inelastic deformations. This can be
accomplished by considering the post elastic shear strength of
the joint and would eliminate unnecessarily thick doubler plates.

In view of this research, the LRFD Specification [6]
gives the following nominal strength for the panel zone in shear

Ry = 0.7 Fydgt (A.34)

n
However, this needs to be multiplied by the resistance factor ¢
of 0.90 to get the design strength. It is, however, ironic that
Popov, et al. [43], based on their more recent tests on large
beam-column assemblies, find the current code provisions for
panel shear somewhat unconservative for seismic design. They
write:

"There is a very delicate balance as to how much
inelastic rotation must be taken by the beams and how
much may be permitted to be taken by the panel zones.

A modest increase in panel zone thickness over the
currently stipulated code provisions improves the
ductility of joints by forcing the development of
inelastic rotation in the beams."”
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APPENDIX B

Design Example

This design example is presented for a typical
connection at the lower stories of a H40-story framed-tube

structure.
Data Given
Column shear due to wind (working loads),

Vo = 200 K
M = 900 K!'

c
V, = 200K v,
*
Mb - 875 K' *’

Column Size: 39-in. x 39~in.
£3 = 5000 psi

Vert. Reinf.: 28 - #14 T=.E=‘-'-‘='i'==== r’.
Beam Size: W36 x 160 v, |J=P'
F = 36 ksi §
: N
F, = 58 ksi
b = N2.0"
; +
Db - 36'01" ?
t'f = 1.02" 12 . Q" "
tw - 0-65‘

Solution

Forces due to factored loads:

LF for wind = 1.30

Additional amplification factor for connections = 1.20
%, = 1.2 x 1.3 x 200 = 312 kips

Mo = 1.2 x 1.3 x 900 = 1404 k-t

231
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Vp = 1.2 x 1.3 x200 = 312 kips
My = 1.2 x1.3x 875 = 1365 k-ft

Select proportions:

Aspect ratio, D,/Dy = 39/36 = 1.083 |
Q.75 € 1.083 < 1.5 - 0K

Let us try FBP fitting between the flanges only. Keep

Wy = bp = 12.0"

Bearing on compression flanges:

e a0 M
i (] = w=) i m———— e
Dy Dy $AfibeDS
For bearing ¢ = 0.60
Ag= 3.0
b= max [bf, up] = 12.0"
a a 2 x 1404 x 12
-2 (1 = =8) m e 5 = 0.205
Dq Do 0.6 x 3.0 x 5 x 12 x 39

= 0.29 < 0.30 - 0K

Shear in steel panel:

a
Shear cap., V.. = ¢ (13 Fy. to. D. (1 = =)
sp yp “sp “e D,
For panel shear, ¢ = 0.90
t-sp = t" - 0165"
Vgp = 0.9 x (1//3) x 36 x 0.65 x 39 (1 - 0.29) .

= 336.7 kips
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Actual shear in steel panel:

dy = Dy = te = 36.01 - 1.02 = 34.99"

2 x 1365 x 12
vhs E e —— - 312 - 62“03 kipﬂ > VB

34,99 P

hence Vhe * vap = 336.7 kips

Shear in concrete panel:

Shear cap. ch = ¢WTY b, Do

For shear in concrete panel, ¢ = 0.85

9/TTb, 9 x /5000 x 12

-------- 2 meemmemeecsmeeeee w21
Fyp 1000 x 36

tgp = 0.65" > 0.21"

hence Y = 24

Vep = 0.85 x 24 x /5000 x 12 x 39/1000

= 675 kips

Actual shear in concrete panel:

dp(I-ap/dp)

d - Db e ztr - 33097 1“.
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2 x 1365 x 12 - 336.7 x 34.99 - 312 x 36.01

33.97 (1 - 0.25)
= 382.5 kips < 675 kips - 0K

Bearing on FBP:

For bearing ¢ = 0.60

a, = dp(ap/dp) = 33,97 x 0.25 = 8.49 in.

P 0.6 x 5x 12 x 8.49

= 1.251 < 3.0 - 0K

FBP thickness. Let us use FBP of A-36 material, Fyb = 36,
Fub = 58 ksi

(i) Shear fracture, Eq. 6.47a:

For shear fracture, ¢ = 0.75

v3 (382.5 - 12 x .65 x 36)
tp B¢, CEeS - - = 0.337"
+15 X 12 x 58
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(i1) Shear fracture, Eq. 6.47b

Y3 VYhe
B, = ==mmee=Sae
P 2 ¢ by Fyp
V3 x 382.5 A
W - - - - a 5"

2x .7T5x 12 x 58

(11i) Flexural bending, Eq. 6.47c

v 0.5
ty = 0.2(--28--B-)
¢ Fyp dp
For plate bending, ¢ = 0.90
382.5 x 12
By = 0420 {secnmanemmemens— ) = 0.834" controls
.90 x 36 x 33.97
Let us try 7/8 in. thick FBP
12
Wo/t, o === = 13,71 ¢ 22 = OK
8

Use 12 x 33-7/8 x T/8" FBP

7. Design support plates:

Not applicable

8. Check flange thickness:
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For plate bending ¢ = 0.90

) 5
= 0.9 x 39 x 36

> 0.849 in,
te = 1.02" > 0.849" - 0K

Calculate joint reinforcement:

D, £y A
(1) Agp = 0.3 = 2 30 .

fyn A
Let us use GRD. 60 steel, fyh = 60 ksi

Concrete cover = 1=1/2" glear

hence, A, = (39 = 2 x 1.5)(39 = 2 x 1.5) = 1296 {n.?
Ag = 39 x 39 = 1521 in.

A 39 x 5 1521
G b Jmu
Sh 60 1296
= 0.1692
& By T
(11) Ag, = 0.09 -9;-9-_9
yh
Agh 39x 5
WP DO X i = 0.2925 controls
Sy 60
1(‘zsh

=== = 00,2925 controls
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Provide #6 Ud-legged ties spaced vertically at 6"
centers. Also provide two sets of ties at 3"
spacing both above and below the beam.

10. Check size of vertical bars:

Dy, 36
- m me=== = 20.6 > 20 - 0K
dbar 175

Summary
Use 12 x 33-7/8 x 7/8" FBPs

Provide six sets of #6 4-legged ties spaced vertically
at 6-in. centers. Also provide two sets of ties at 3-in. spacing
both above and below the beam.

NOTE: The connection is designed for realistic forces
in the lower stories of a 40-story bullding. It should
be pointed out that by using wider or extended FBPs or
higher strength concrete, the same connection could
carry substantially higher forces. This shows the
combination of structural steel beams and reinforced
concrete columns can be used as a viable alternative.




LIST OF SELECTED NOTATIONS

distance along the beam as shown in Fig. 4.38
depth of stress block C,. See Fig. 6.2

depth of stress block Cpe See Fig. 6.3(b)
effective area of web in shear

confined area of column

gross area of column

total area of horizontal shear reinforcement in the
Jjoint area

total area of vertical shear reinforcement in the
joint area

total area of transverse reinforcement

required area of the stiffener

width of flange or moment connection plate. See
Fig. A.5 and 2.1

overall width of beam

overall width of column

effective width of connection panel

flange width

width of stiffener plate

column width

dimensionless constants

force in compression flange of beam

force Cy assigned to concrete and steel panels,
respectively

Compressive stress block upon compression flanges.
See Figs. 5.1 and 6.2,

force C, assigned to concrete and steel panels,
respectively
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compressive stress block upon tension flanges.

Fig. 5.3
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See

force C, assigned to concrete and steel panels,

respectively. See Fig. 5.4,

bearing stress block against face bearing plates.

See Fig. 5.9

distance between centers of top and bottom flanges

of beam. See Fig. 6.1

diameter of the reinforcing bar
depth of column web

depth of girder. See Fig. A.8.

depth of face bearing plate as shown in Figs. 6.1

and 6.5.

depth of face bearing plate between flanges when

FBPs are extended above and below the beam.
Fig. 6.5.

overall depth of steel beam. See Fig. 6.1
overall depth of column. See Fig. 6.1
extension of the FBP. See Fig. 6.5

Young's modulus of elasticity

modulus of elasticity of beam material
modulus of elasticity of column material
modulus of elasticity of steel

strain hardening modulus

bearing stress on concrete

concrete compressive strength in kg/cm2
concrete tensile strength

compressive strength of concrete in psi
yield strength of reinforcing bars

yield strength of transverse reinforcement

See



Fub

Fyb
Fye
ye
Fyp
Fyst
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yield strength of vertical shear reinforcement in
the joint

force of the column vertical bars transmitted to
the joint by bond. See Fig. 5.3

friction force under compression flanges. See Fig.
5.6

friction force against FBP

shear stress in steel panel

tensile strength of structural steel

tensile strength of the FBP material

yield strength of structural steel

yield strength of the FBP material

yield strength of steel column

yield strength of the beam flange

yield strength of steel panel

yield strength of the stiffener material

yield strength of the beam web

shear modulus of elasticity

height of column, less joint size. See Fig., 4.38
depth of column

height of column. See Fig. 4.38

interstory drift. See Fig. 3.1(a)

moment of inertia of beam X-section

moment of inertia of column X-section

moment of inertia of flange about its own axis
distance between outer face of column flange and
web toe of its fillet. See Fig. A.5

elastic panel stiffness

post-yielding stiffness of the panel

beam span, less joint size. See Fig. 4.38

length between points a and b. See Fig. 5.9



Tbc' Tba

length between points b and ¢. See Fig. 5.9
beam span. See Fig. 4.38

width of central portion of flange as shown in Fig.
A.6

moment in beam and column, respectively. See Fig.
6.1

plastic moment capacity of flanges in bending about
its own weak axis.

flexural capacity of the steel part of SRC beam and
column, respectively

distance as shown in Fig. A.6

intensity of bearing stress. See Fig. 6.6

load at beam ends

force delivered by the flange

minimum axial compressive load on column

axial load capacity of column at yield

distance as shown in Fig. A.6

nominal strength of the panel in shear

spacing of hoops

column web thickness or panel thickness

thickness of flange or moment connection plate.
See Fig. A.5

thickness of concrete panel

thickness of face bearing plate

thickness of stiffener plate

thickness of steel panel

force in tension flange of beam

force T, assigned to concrete and steel panels,

respective. See Fig. 5.5
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tension force in column vertical bars near tension
and compression flanges, respectively. See Fig.
5.1

force Tc assigned to concrete and steel panels,
respectively. See Fig. 5.5

force T, assigned to concrete and steel panels,
respectively. See Fig. 5.5

shear force in beam and column, respectively

shear V), assigned to concrete and steel panels,
respectively. See Fig. 5.5

shear V, assigned to concrete and steel panels,
respectively. See Fig. 5.5

shear capacity of diagonal compression strut in the
horizontal and vertical direction, respectively
total horizontal shear in the connection panel
horizontal shear in the concrete and steel panels,
respectively

horizontal shear across the joint

design joint shear in the horizontal and vertical
direction, respectively

shear capacity of the concrete and steel panel,
respectively

net shearing force across the depth of the column
web. See Fig. A.7

width of face bearing plate. See Fig 1.9(a)
distance X, less joint size. See Fig. 4.38
distance as shown in Fig. A.6

distance between two points on a beam where
deflection is measured. See Fig. 4.38

distance between centroids of tension
reinforcement. See Fig. 5.8
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normalized shear stress in concrete panel =

ke
t'chc'/rc

shear strain of the panel at yield

displacement between the two points on a beam. See
Fig. 4.38

strain at the onset of strain hardening

strength reduction factor

coefficient of bearing stress on compression
flange. See Fig. 6.2

coefficient of bearing stress on FBP. See Fig.
6.3(b)

ratio of shear strength of concrete panel to f,
volumetric ratio of the spiral transaverse

reinforcement
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