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Vhen the {dea of an International Workshop on Connections and the
Behaviour, Strength and Design of Steel Structures was first conceived,
it reflected the recognition that whereas much research and development
work has been conducted on steel structures in general, and on the
miscellaneous components and connections in particular, relatively little
attention has been paid to the increasingly important aspects of the
unified, complete structure. Part of this deficiency is clearly related
to the complexity of the structures, and the fact that most researchers
have devoted their attention to determining the characteristics of the
individual elements. It is also related to the analytical and
experimental problems that have been encountered by investigators of
topics that are highly non-linear and three-dimensional in nature, for
which neither computational nor testing facilities of adequate capacity
have been available until but in recent years.

The advent of very powerful computers, coupled with the development
of sophisticated testing and data acquisition equipment, have made for
the completion of research studies of increasingly more complicated
member, connection and, to a certain extent, overall frame response
problems. The former difficulties of being capable of solving the
problems, given the proper tools, are therefore now being removed at an




accelerating pace. However, this poses an array of problems of a
different nature for the researchers, but especially for design standard
writers and their wusers, the design engineers. Specifically, the volume
of information is becoming large to the point where it is no longer
realistically possible to keep abreast of all new developments. Secondly,
methods and procedures vary substantially from one locale to the next,
with the result that interpretation of the findings and how they may
apply to a particular case will be a dubious undertaking. Finally, with
studies being carried out in universities, research laboratories and
companies around the world, some amount of duplication of research is
essentially unavoidable.

On the background of the problems that have been outlined in the
preceding, the idea of an intensive workshop was conceived. It was felt
that with the gathering of a group of researchers with extensive
experience in the study of steel structures and their connections, to
present and discuss their own ongoing research project as well as those
of others, it would be feasible to arrive at an assessment of the state-
of-the-art. In addition, having established the status of current
knowledge, an important function of the workshop would be to address the
criteria and topics of future research, as well as to discuss suitable
vehicles for pgathering and maintaining a coherent data base for
connections. The latter activity would be particularly important for
designers and code writers, to serve as a source of reliable information
on connections.

To achieve the most in-depth, intensive discussions of the problems,
it was decided to limit the workshop attendance to a relatively small
group of internationaly recognized researchers, code writers and design
engineers with extensive background in the study of connections and steel
structures, It was felt that this was essential to the success of the
workshop, on the premise that the attendees would not need to be educated
by each other in the traditional technical conference format, but rather
would be able to have truly in-depth exchanges of opinions, methods,
procedures, results, and future directions, For the same reasons the
wokshop program was organized such that the discussion time could be
maximized, with primary emphasis on the informal exchange of ideas and
understanding. The proceedings reflect the importance of the discussions
and the evaluations of research needs and data collection efforts, to the
effect that individual chapters address these items following the written
contributions of the invitees for each technical session.

It was decided to organize the workshop into technical sessions with
the following primary subject coverage :

Session N°1 : Local Analysis of Joints

Session N°2 : Modeling of Load-Deflection Behaviour
Session N°3 : Methods of Frame Analysis

Session N° : Frame Stability and Simplified Methods
Session N%5 : Design Requirements and Codes

Session N°6 : Data Base Organization and Summary

The following comments highlight the topics that were to be discussed
within each session, along with the anticipated outcome.




The session on local analysis of joints was intended for a review of
current theoretical and experimental research dealing with the local
behaviour of actual connections under load., Local behaviour was defined
as the detailed and full-range response of the connection, Including all
connecting parts, wmechanical fasteners, welds, and so on. Such studies
are essential for the understanding of the failure mechanisms of the
connection, as well as for identifying the main load and deformation
controlling parameters. The three primary characteristics of non-linear
behaviour can also be identified, namely, stiffness, ultimate strength,
and ductilicy,

The expected outcome of the local analysis session was the
acquisition of information on the most important numerical and
experimental research work on local connection behaviour, including load
transfer mechanisms and failure modes. It would also establish
familiarity with the ctypes of connections that are used in actual
structures around the world, and facilitate correlation efforts.

Due to the complexity of connection strength and behaviour, it was
decided to divide the session on modeling of load-deflection behaviour
into two sub-sessions. Their topics of coverage and anticipated outcome
are discussed in the following.

The first sub-session on modeling was aimed at mathematical modeling
with parameter identification, as well as comparison with test results.
Specifically, rather than dealing with the local conditions, as were the
topics of the first session, the discussions and papers of this modeling
session were intended to reflect the overall connection response. Special
emphasis was therefore placed on developing an inventory of connection
moment-rotation mathematical models. The latter may have been based on
curve-fitting techniques or statistical analyses of test results ; it may
also have been possible to derive M-®-equations that are associated with
the physical characteristics of the connections. Further, in recognition
of the non-linear response of all realistic connections, contributors
were asked to consider the global characterization of semi-rigid joint
behaviour, including for column footings. Finally, the correlation
between connection model and test results is important, and it was also
intended to obtain an evaluation of the effects of the sense of loading,
{i.e. monotonic and <cyclic 1load effects would be significant
considerations.

The expected outcome of the first modeling sub-session was the
development of an inventory of mathematical models of semi-rigid
connections, including a collection of moment-rotation (or similar)
curves and the attendant primary variables for stremgth, behaviour and
ductility.

The second sub-session on connection modeling was aimed at the
classification problem, with an introduction to the data base concept.
Thus, it was felt that sufficient experimental and other information is
currently available for several connections in various countries. The
expected outcome of the session might be the development of a
classification system for beam-to-column connectlons, including
considerations such as initial stiffness, ultimate strength, and rotation
capacity at service and ultimate load levels.




The session dealing with the subject of frame analysis was intended
for a presentation of the methods of structural analysis which
specifically include the constitutive law of the connections. Procedures
are currently available which incorporate first and second order
geometric and material effects for the connections, the structural
members, and the entire frame, but it was felt that it would be important
to establish exactly what the individual solutions can accomplish, and
how well rthey correlate with tests (if any) and other analytical
solutions.

The anticipated outcome of the frame analysis session was the
establishment of a repertory of computer programs, including definitions
of the primary assumptions and variables. It was also expected that some
frame test results would be presented, to lend further support to the
theoretical research results.

Recognizing the unique problems of frame and member stability, the
session addressing the topics of frame stability and simplified methods
was intended for dealing with : (1) the influence of semi-rigid
connection characteristics on the stability of members and frames,
including serviceability and ultimate limit state considerations, and (2)
the development of simplified methods of calculation for column and frame
stability, as well as for member forces. It was felt that the simplified
solutions might be more adaptable to practical usage, such as would be
considered by design engineers.

The expected outcome of the frame stability session was the
presentation of stability solution procedures for members and frames,
taking into account known stiffness characteristics of the connections.
The computer solutions that were thought of would also be expected to
facilitate the computations of member stress resultants and displacements
throughout the frame. It was also thought to be possible that these
results might indicate approaches that could take into account second
order (P-Delta) effects, without necessarly having to go through complete
second order frame solutions.

The technical session addressing design requirements and codes was
aimed at dealing with subjects such as the status of incorporating semi-
rigid connection and frame response concepts into design codes as well as
practice. This would necessarily have to include some considerations of
cyclic loading, such as may be encountered under seismic conditions, as
well as material requirements. A particular group of concerns would be
those associated with serviceability and ultimate limit states, the
questions of story and overall lateral deflections (drift) of frames, and
the format of limit states design criteria for structures with semi-rigid
connections. This should also consider the questions of necessary and
available rotation capacities.

The outcome of the discussions of code requirements was envisioned
to be an assessment of the state-of-the-art of code development in
various countries, along with indications of what is perceived to be
needed for practical design criteria. In particular, it was known that
actual structural designs had been performed by at least one company in
the United States and possibly others elsewhere ; it would be of
significant interest to have the assessments of such designers of the
current knowledge and future needs.




In addition to providing a final review of all of the papers and the
respective discussions of the wvarious technical sessions, the final
session was intended as the outlet for two primary groups of
presentations, namely, (1) a discussion and evaluation of a potential
data base organization and (2) the reports of the session reporters and
research reporters. The former subject was of significant interest,
especially to the effect that it was hoped that a proper organizational
structure would facilitate future exchanges of information, as well as
avoid any duplication of work. The research reporters and their function
were considered crucial to the workshop, as these reports would focus
only on the work that needs to be undertaken, to remove current
deficiencies of available data and to add to data bases as well as
methods of analysis and design. It is noted that the use of research
reporters constitutes the first time such assignments have been utilized
in a technical conference setting ; it might be considered by other
groups for similar activities in the future.
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LOCAL ANALYSIS OF JOINTS




BOLTED AND WELDED CONNECTIONS IN STEEL STRUCTURES

.

Jan STARK
Eindhoven University of Technology, Eindhoven, The Netherlands

Frans BIJLAARD
TNO Institute for Building Materials and Structures, Delft, The Netherlands

Gerhard SEDLACEK
University of Aachen, Aachen, West Germany

ABSTRACT

On European (Eurocode 3) as well as on world level (ISO/TC 167) work is
going on to come to international harmonisation of design procedures for
steel structures. Both activities focus on a presentation of design codes
in a limit state design (LRFD) format. A brief review will be given of the
design rules for bolts, as now proposed in the drafts of the international
documents. To wvalidate the strength functions and to determine suitable
values for the model factors, a statistical re-evaluation of available test
information is carried out. Preliminary results of this study are presented
and compared with the proposed new design rules.

INTRODUCTION

The 1984 draft of Eurocode 3 is now under revision on the basis of the
comments from the EEC member states. The final draft is planned for the end
of 1988. The European Commission has recognized the need for background
information that confirms and explains the rules presented in EC3. The
authors of this paper are charged with the task to provide such information
for the rules on fasteners and joints. The results of this study are also
relevant for the work on an international standard in ISO/TC 167. The
conversion of traditional working stress design methods for connections
into a limit state design format was not easy. It was found that many of
the rules in existing national standards were based on engineering
judgement, more than on a consistent evaluation of experimental evidence.
The following procedure is used for the determination of the design rules
on fasteners in EC3. Based on observation of actual behaviour in tests and
on theoretical considerations a "design model® is selected. Then by
statistical interpretation of all available test data i.e. regression
analysis the efficiency of the model is checked. Eventually the design
model has to be adapted until the correlation of the theoretical values and
the test data is sufficient. Then through manipulation with the statistical
data of the test population, the model factor <« can be determined.
Dividing the strength function by the model factSr Tgq Bives the design
expression.

A first attempt for this evaluation, based on a procedure proposed by the
EC Coordination Group [1, 2], is reported in [3]. The results showed
clearly that the procedure was not adequate for the purpose of checking
strength functions and had to be adapted.

In this paper a revised evaluation procedure for the same strength
functions as in (3] is presented.

DESIGN MODELS FOR BOLTS

Bolts in a joint can be loaded in tension, shear or a combination of
tension and shear.




Resign model for a bolt loaded in tension

If a bolt is subjected to increasing tensile load fracture will occur in
the threaded portion. By definition the stress area of the bolt A_ is the
cross sectional area of a smooth cylinder which, subjected to tefision, has
the same failure load as the threaded part of a bolt from the same

h
y @

ln-

Fig. 1 Bolt loaded in tension

material. The formula for A_, given in Fig. 2, 1is internationally
standardised.

Fig. 2 Definition of stress area

It is evident that, based on the definition of A , the strength function
for a bolt in tension will be taken as:

Fo=fa A

where £ . is the ultimate tensile strength of the bolt material.

In a Jo!.nl:“io called prying forces may occur due to flexibility of the
connected parts. This is illustrated in Fig. 3.

In conventional design methods the

N R0 Ny occurence of prying forces is sometimes

taken into account in the design

expression for F_. Principally this is

not correct and thérefore in EC3 it is

suggested to account for prying forces

on the loading side of the safety
verification.

Fig. 3 Prying forces Q in a T-stub joint
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Design models for bolts loaded i{n shear ,

The maximum resistance of a joint loaded in shear may correspond to four
different failure modes as illustrated in Fig. 4.

l | l

) bl €) d)
shear failure hole shear failure tension failure
of bolt elongation of plate of plate

Fig. 4 Possible failure modes of bolted joint loaded in shear

For each of these failure modes, a "design model®™ is selected. The strength
function for shear failure of the bolt (Fig. 4, mode a) is based on the
pure shear strength of the bolt material. Based on experimental evidence,
the pure shear strength r is taken as 0.7 £ . . The shear plane may pass
through the threaded portﬁn of the bolt or tﬂou;h the shank (see Fig. 5).
Dependent on the case considered the strength function per shear plane is:

Fv - 0.7 fub‘. or 0.7 fub A

shear plane through
threaded portion

Yk

shear plane through
Fig. 5 Bolt loaded in shear shank

If the end distance of the bolt hole 1is sufficiently large to avoid
occurence of the shear mode of failure shown in Fig. &c, the bearing
pressure between the bolt and the plate will cause ovalization of the hole
under increasing load. Although even a significant ovalization of the hole
is not an wultimate limit state in the strict sense, it is considered
necessary to give a limit for the mean bearing stress to control
deformation. According to [4] the mean ultimate bearing stress may be taken
as 3 £ if the plates are in compression, wvhere f_ is the yleld stress
level Yof the plate material. The strength flnction for bearing (hole
elongation) will be:
T - 3 fy dt

where d is the shank diameter and t is the plate thickness.
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1
! In EC3 it is assumed that this value is
I also applicable for plates in tension
if the end and edge distances are
"'-_i_ ~®  sufficiently large. In case of smaller
end distances the shear mode (Fig. 4,
1 mode c) will occur. To determine the
I main parameters of the strength
I o l function for this case, the simplified
model shown in Fig. 6 is used.

Fig. 6 Simplified model for shear failure of the plate

Assume that the length of the longitudinal shear planes is approximately
0.9 times the end distance e,. According to the Von Mises yield criterion,
the design shear stress is Ty = 0.6 fy. The design load will then be:

-2 % B
Fy’b 2*0.9e, t*0.6 fy
ey
- 1.1 a fy dt
a fy dt
e,
where a is a function of a4
So the design function
takes the same form as for
- hole elongation with the
*bearing stress®™ 3 f
mete b replaced by a f_. y
#‘ €ces | This design function is
8 e m— =z used in draft EC} where o
EC N ane 150 67 is taken lla-"“"53 (see
it s Fig. 7). It is ifiportant to
realise that the design
" function for bearing in
Fyraty @t fact covers two different
‘l Al failure modes.
[ 112 ] F] .

T
Fig. 7 Factor a for the "bearing strength"
as a function of the end distance

In the design function for shear failure of the plate, the yield shear
stress r_ is introduced, following existing practice. However, failure will
mmllyy not occur before the shear stress is equal to the ultimate shear
strength r . For the revision of EC3 therefore comparison studies will be
carried t to investigate whether the strength function for F, can be
expressed in terms of f rather than f . Shear failure of the plate can
also occur when the pitfh P between twd bolts in a row is relatively small.
To account for this failure mode, ihe factor a in the strength function for
bearing is also made dependent of 4 (see Table 1).




- b

A small edge distance e, will
cause a splicting type of failure
as {llustrated in Fig. 8. This
reduces the capacity. At the
present not much test data are
available from test specimen with
smaller edge distances thenm 1.5
d. In draft EC3 the edge distance
is therefore limited to a minimum
of 1.9 4.

Fig. 8 Illustration of influence of edge distance
on shear failure mode of the plate

The strength function for tensile failure of the connected parts (Fig. &4,
mode d) is based on the assumption that failure occurs if the net section

A_is fully stressed upto the tensile material strength {u. So the strength
unction is:

Re =4, £,

To prevent excessive deformations of the member, also the mean stress in
the pgross cross-section at ultimate load should be less than the yield
strength, with v, = 1. In the case of unsymmetrical or unsymmetrically
connected members such as angles (see Fig. 9), tests show that rupture at
an edge may start well before the mean stress in the gross section is f .
In that case a reduced effective net section is taken into account in the
strength function, as illustrated in Fig. 9.

"L--r -

s
ey

RuthyA.t,

Fig. 9 Illustration of reduced effective net section
for an angle connected on one leg only

Design model for bolts under the combined action of tension and shear
If the shear plane passes through the threaded portion of the bolt (Fig.

5), failure will most certainly occur over the shear plane. The strength
function {s based on a simple interaction formula:




I s &<
t v

where F. and I"‘r are the design capacities with respect to tension and
shear ind should be determined for the stress area A (see Table 1), T
is the normal force and V is the shear force acting on the bolt.

1f the shear plane passes through the shank, dependent on the ratio of
tension and shear, fallure may either occur in thg s (shear plane) or
the threaded part. In the interaction formula F_ and F_ may be determined
for the cross section A of the shank, but ndditioﬁluy the tensile capacity
of the threaded part should be checked with:

£ 2
T s
. TRa

In Table 1 the strength functions according to some recently published
international documents are summarised in comparison with the strength
functions assumed for the evaluation of test results.

Tes 1 10 Drafe 150 187 | Deafy B03 Based on evalustion
Copacitiss (&3] (3] i of test results
Isngile cemecity mallest of:
l‘ .,.I’”a'
ene_ A £, A £, A Lt A
kel s b2 T T |
1.23% T 1.2% 1
T hd
fiheas cepagily
.72, A 0.8 L A .22, A e, A
Thread piaies B | B | P T |
1.2% T 1.33 1
" 3 Rd
v .72, A 0.8 A 0.7¢ A .72 A
- Shak — iy —_—b —
1.2% 1 1.23 1,
r R
af db
Besring sapecisy af dn af de af du
¥ o y : Y
%" as12s—-03 a=? ael
» | . 4 d
: 5 o~ o valus of & to be
--:.n‘ L8] = -0.3 e o.rs e
LR B ax) L8}
Ismalle of sapasity
2l _counedled sesbars
- At AL
. At At X
L "
Flate or or or or
AT AL At At
AN - o u AN
1.28 .
v 1.25 '!u
” s -I‘tlu
smgle, 1 balt e, - 4 e 2, - b e
2 ¥y 1 1 1,
L
nale, A N
2 or more bolte . AL
"y n'y L

Table | Summary of design rules for bolted connections
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EVALUATION OF TEST RESULTS -l

To validate the strength functions and to determine suitable values for the
model factors a re-evaluation of available test information is carried out.
Test results from different sources are systematically stored in a data
base at the University of Aachen. The total collection of test results on
bolts amounts at the present more than 1900, By a joint CEB-ECCS-
coordination group, a uniform evaluation procedure for test results is
developed, which is independent of the material and the structure
considered [1, 2]. This procedure i{s adopted by the Eurocode organisation.
But as mentioned in the introduction this procedure had to be adapted and
the revised procedure is described in [8].

For the case that for each bolt and eventually the connected plate the
actual material strength and the geometric properties are known, the
procedure as used in (8] 1s described. For every specimen { the
experimental wvalue r_, is compared with the value r_,, calculated with the
relevant strength funftion (without v, ,) and taking FAto account the actual
properties of the specimen. For a choun test population, the values of L
and r , can be plotted in a diagram (Fig. 10).

I YL
“/“.‘/b.‘/‘./w.
T
P ~
-//
///

Fig. 10 Sample mean and correction for deviation

1f the strength function is exact and complete, all the points (r_., r_.)
lie on the bisector of the angle between the axes of the dh;n:‘md He
correlation coefficient p. = 1. However, in general the points will
scatter. So the mean vilue T_ and the standard deviation s__ of the test

values Tyt respectively the calfulated values r,_, are determihéd:

ti
'l‘uts:i’v-%.!:rﬂ; a“-/%. (Er’ﬁ-n.i"’)

\

Er

SR g gL N =
Theory: T, = 1\ . e’ See a n: & P n. 2"

The correlation coefficient Pe then follows from:

.fv.l.‘

]

5% n.s__.s
T

-~

L

A Ir
»

re

If the wvalue of p_ 1is greater than 0.9 the correlation is considered
sufficient. Then a mekn value correction is carried out. The straight line
is determined, which intersects the origin and represents the mean values
of the tests,

rv-brt



_described before. Two additional cases can be distinguished:

o,
The coefficient of this line follows from:
f B St
b=t T —
i=] “ei

The formula for this line of mean values is then multiplied by a
coefficient ‘! to find the characteristic line (5% fractile). The value of
a

§, can be lculated with the statistical data of the population [8].
!t!ul].y with good approximation the model factor y,, can be calculated:

B &

b %

Not all test reports provide the data on actual material and geometric
properties of test specimen as required for the straight forward procedure

- Simple values of the material strengths in the sample are given, but
these can not be related exclusively to individual test specimen;
- Only the characteristic values of the material strength are given.

The procedure has been modified for these cases. Instead of the strength of
each specimen, the mean value of the sample is used and the standard
deviation of the coefficient §  1is increased properly. Comparison
calculations show that the modified procedure gives satisfactory results.

PRELIMINARY RESULTS OF THE EVALUATION FOR BOLTS

Only as an indication some preliminary results are given, At present for
the evaluation all relevant test data in the data base are used without any
critical review of the test reports. In Fig. 11 the r g ° Tyy dlagram is
given for shear tests on B.8 bolts, where the shea¥ plane #nu- throuth
the threaded protion. Fig. 12 shows the ratio between r , and r , for the
same type of test, but for different bolt grades.

LI ‘ mean value
o | / characteristic
50
200 b e/t = -
4 : H
¥ 9 A
ol L iR | BRSSO WL
. "y 4 T
LB e - - - e DS
O 50 w0 10 200 250 %0 - 4656 a8 ;!“
Fig. 11 Fig. 12
Shear failure of 8.8 bolts Shear failure of bolts of different

Shear plane through threaded portion ., grades with shear plane through
threaded portion
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This figure clearly shows the tendency that higher grades have lower shear
capacities. Based on this information it should be considered to reduce for
10.9 bolts the ultimate shear strength of 0.7 !u' as assumed in the
strength function (Table 1).

CONCLUDING REMARKS

For welded comnections the same procedure will be followed in evaluation of
test results., At the moment about 510 test results are available mainly
from the international test serie. An example is shown in Fig. 13. The
design strength was based on:

-
Taisich

where F is the tensile force on the connection, £ a £ is the sum of the
throat thickness times the length of the welds and a depends on the
steel grade (a = 0.85 for Fe 360; a = 0.80 for Fe 420; a = 0.71 for

Fe 510).

rvy

Fig. 13 Weld failure

- eu

1. MAIER, V., KERSKEN-BRADLEY, M., "Experimentelle Bestimmung der Trag-
fahigkeit wvon Bauteilen - Grundideen der Auswertung” Festschrift
Prof.Dr.-Ing. Bodo Heimeshoff zum 60. Geburtstag, Lehrstuhl foir
Baukonstruktion und Holzbau, TU Minchen, 1986.

2. "Auswertung von Versuchsergebnissen bel Berficksichtigung von Rechen-
modellen - Zur Beschreibung der Einflussgr8ssen®, Forschungsbericht
Institut fr Bautechnik, Berlin IV 1-5-396/84,

3. STARK, J.W.B., BIJLAARD, F.S.K., SEDLACEK, G,, "Bolted and welded
connections in steel structures”. To be presented at the International
Conference on Steel Structures, Cardiff, 8-10, 1987.

4. "European Recommendations for Steel Construction®, European Convention
for Constructional Steelwork (ECCS), Brussels, March 1978,
ECCS-EG 77-2E.

5. "European Recommendations for bolted connections: in structural
steelwork”, European Convention for Constructional Steelwork, Technical




17

Committee 10: Bolted and Welded Connections, Publication No 38, Fourth
Edition, March 1985

‘6. "Steel Structures, Materials and Design®, Draft Document 150/TC/167/5C1
~ Doc. N1l4E, Norges Byggstandardiseringsrad, Oslo, January 1986,

. "Eurocode No 3: Common Unified Rules for Steel Structures®, Commission
~ of the European Communities, Brussels 1984, Report EUR 8849 DE, EN, FR.

"Procedure to determine the characteristic strength functions from

. tests". Proposal for Part 1 of the background documents for the design
~ rules in Eurocode 3.



STRENGTH OF CONNECTIONS IN BENDING COMPARED TO
ULTIMATE BEHAVIOUR RATHER THAN ELASTO-PLASTIC THEORY

Anders Granstrém
AG Konstruktioner,
Bjbrns backe 3,
§-182 35 Danderyd,
SWEDEN

ABSTRACT

In the design of structures, large structural elements such as beams
and columns are generally designed according to elastic or elasto-plastic
theory based on the yield strength measured on small tensile specimens.
When it comes to connections these theories are often extresely
conservative, particularly where bending is the governing failure mode.

In this paper the reason for the great strength of connections is
discussed, and a few test results are presented that illustrate the
sagnitude of the strength increase in relation to elasto-plastic theory.

INTRODUCTION

The yield limit or the 0.2% limit is generally used as a design
criterion for beams and columns, the strength of which are not governed by
elastic instability. That procedure is justified, since only moderate
straining is necessary to eliminate even great residual stresses created
by the rolling and welding processes.

It is well known that steel, due to strain hardening, sxhibits a
greater strength than corresponds to complete yield of a cross section.
However, strain hardening generally starts at rather great strain values,
see table 1 111, In a beam there is little use of this extra strength
since it is paired with sxcessive yielding in large arsas and large
deflection, which may be unacceptable sven in an ultimate state condition.

In connections, however, sxcessive straining is local and affects the
over-all deformations in the large structure to a much smaller extent.
Therefore strain hardening should be considered, and may offer a great
contribution to the design strength of a connection. Actually, it was
found in 121 that the ultimate strength in bending of a detail may be

18
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TABLE 1
- Results from tensile & compressive tests on various structural steels

88 Steel Plltof Tensile tests Comoressive tests
3 Re. Rer Re  Strain hard. Re. Rew Strain hard
~No - N/mm® N/mo® N/mn™ starts at %X N/me® N/mn® starts at %

. 1Mm2 HE200A 297 306 4&9 1.5 304 37 1.2
1412 PL 1S 259 270 426 1.3 32 329 1.2

2624 Pl 12 755 805 800 2.8 767 792

considerably greater than UTS. The reason for this beshaviour {s that the
‘trus fracture stress in a tensile test, due to contraction, fig 1, is
about twice as great as UTS. This fact is also shown in fig 2 13! for a
-?'mn structural steel, designated I, and a cold finished steel,
designated II.

With plates in bending the contraction of the tensile zone is
ained by the compressive zone. Therefore the potential factor of
mh increase should be about 2 related to UTS, and about 2 to 3
related to yield, depending on the type of steel.

Initi1al crose section A,

Final cross section A,

A /A - .4

 Figure 1. Tensile test at failure, where the fracture stress calcul ated
: on the initial area Ao is slightly less than UTS
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Figure 2. Principal stress-strain relationships according to I3

RESULTS

In this chapter a brief view on actual test results is given,
including details in tension, bending, tension & bending, and compression.
Also welds in compression are included.

Details in tension

In 121 details similar to that shown in fig 3, cut out from larger
details, and with various types of welds, were tested to failure in
tension. The average ultimate stress in the connection, with little
variation, was about 1.7 times the yield strength (YS) as measured in a
tensile test. This is fairly close to UTS from the tensile tests, which
varied between 1.6 and 1.8 times YS.

Details in bending
Also in 121, details similar to that shown in fig 3 with various
types of welds. The loading span was in most cases 300 or S500mm. Most
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~ details were loaded to large deformations without fracture. Only in one
~ case, with giant fillet welds (a=17mm) one of the horizontal sesbers
failed, in brittle fracture at 2.1 times YS., Many of the other details
were loaded up to 2.6 tises YP without fracture.

Another investigation 141 with thick plate in bending showed an
ultisate stress of 2.1 times Y5, ses figé.

e £

5 ]

¥ /130

62 - 508

L &

Figure 3. Mild steel details tested in bending

2 .85 8.18. 8.15 B.20 8.25

Figure 4. Bending test according to 141




Even in bolted end-plate connectipns 15!, where the strains close to
the tension mesber are considerably greater than at the yield line near
the bolts, average ultimate bending stresses of 3.5 tises YS for mild
steel, and 1.8 times Y§ (and UTS) for ductile EHS, were evaluated
neglecting the differant magnitude of strain at the two yield lines.

Details in tension &k bending

The details loaded in tension or bending according to fig I were
later straightened, machined flush, and bolted together as end-plate
connections 161, The maximum stresses at failure of the connections were
calculated, conservatively assuming equal compressive and tensile stress
and squal stress in the tension member and at the bolt line, with minor

Great strein

Aoderste strain

Fronr o

Figure 5. Uneven strain distribution in bolted end-plate connection
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fons for geometric distortion during the test and different YS of

end plate, fig 6. In spite of the great mean tensile stress, also
in #ig &, the maximum stresses are of the magnitude of 3 - quite
ible with the ultimate stresses in pure bending.

Considering the mode of fracture and the magnitude of the ultimate
. Stress, a correction for shear stresses is obviously not useful. Factors
~ that should be considered should rather be large strain concentration,
~ heavy welding, and thick plate.

/] P - w jr
) g ]
-,
1 _1 i o
e 1. — w -
! [_'_
2 _

kel 11 1
r-:c u:. il :::m:r ?:li'uﬂ-

"' Figure 6.' Mean stresses and maximum stresses related to yield strength
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Figure 7. Cospression test configuration

Details in compression

Equally high strength was found by the author for details in pure
cospression, and even gresater strength was found for small welds, in an
investigation aimed to decide acceptable lack of fit (gap) in connections
with transmission of forces by assumed contact pressure. The test results
wara never published, but some findings were used in ECCS Recommendations
171 and a few more were referred to in IIN Recommendations 1B,

The tests were executed as indicated in fig7. The guide angles were
used since initial plastic buckling started soon after yield in the thin
compressive mesber. With guide angles, as indicated in fig 7, the load was
possible to increase to levels corresponding to 730 Mpa on the 10mm &

800 Mpa on the 15em compression member. Without any visible sign of
fracture, the compressive sember was then more or less liguidized,
“floating out" around the guide bolts a couple of mm. These stresses
correspond to about 3 times YS of the mild steel compression members.
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In the case of the 3.5ma fillet welds, the maxisum stress reached
occasionally 2000 Mpa calculated as mean compressive stresses over the
throat sections, which corresponds to 4 times the specified UTS for
tensile specimens. Still the gap was not completely closed, and the welds
sustained at subsequent tensile loading the specified UTS.
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ABSTRACT

The paper is aimed to compare the behaviour of several types strong
axis of beamto-column bolted joints, which are commonly used in practice.

INTRODUCTION

An experimental investigation was recently performed at the University
of Lidge, with the financial support of IRSIA and ARBED [1]. Three types
of connections between a beam and a column flange (strong axis connection)
were considered : i) end plates, ii) double web cleat, and iii) flange
cleats (fig. 1). All the connections are bolted ones with bolts of quality
10.9 (H.S. bolts), preloaded to 0.8 times the material yield stress or, in
some cases, with a lower torque moment (controlled hand tightening). The
basic data are listed in table | ; all the mechanical and geometrical proper-
ties of specimens were measured but are not listed here. The testing
arrangement is shown in figure 2. The load P is increased step by step
either up to collapse of the connection, or up to a maximum deflection (20
cm) of the cantilever end. The deflections are measured at the ends of the
column and cantilever beam, as well as the slopes of beam and column axis
in the joint. From these measurements, the relative rotations of the con-
nection, of the joint and that due to the shear flexibility of the column
web are deduced (fig. 3).

26
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Column Beam | Relative | Connection|Loading | Axial | Bolt [Clea~-
c B Stiffness| (fig. 2) force | tight. france d
B/C N (mm

HEB160 | IPE200 0,78 a s 300kN c -
HEBI60 | IPE200 0,78 b s - c 0
HEB160 | IPE200 0,78 c s - c 15
HEB160 | IPE200 0,78 a s 700kN c -
HEBI60 | IPE200 0,78 b s - c 15
HEBI60 | IPE200| 0,78 c s - M| 15
HEB160 | IPE200| 0,78 a s - c -
HEB160 | 1PE200| 0,78 b | Cye - c 0
HEB160 | tPE200| 0,78 & v e - g Al
HEB160 | IPE300 3,35 a F L8 - ¢ -
HEB160 IPE300 3,35 b | 5 - c 15
HEB160 | IPE300 3,35 e s - c 15
1IPE240 | IPE200 0,50 a s - C -
IPE300 | IPE200| 0,23 a § - ¢ -
HEB160 | 1PE200) 0,78 a | cye - c| -
HEB160 IPE200 0,78 b S - M 15

| EB160 | 1PE200| 0,78 c l Cye - c| 15

lmlﬁo IPE300 3,35 a { Cye - c -

'HEB160 | IPE300| 3,35 b | cye - c| o

| HEB160 | IPE300 5 ¥ c { Cyc - c 15
IPE240 | IPE200| 0,50 a | Cye - c -
IPE300 | IPE200 0,23 a | Cyc . C -

]

axial force is negligible or d has no meaning

static loading ; Cyc : cyclic loading

preloading to 0.8 fy 3 M : controlled hand tightening

Table | - Basic data for the test specimens

i

b)

N+P

|
|
|
|
|
A

Figure | - Types of joints
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Figure 2 - Testing arrangement
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Figure 3 - M-¢ Curve : a) of the connection ; b) of the joint ;
¢) of the web column - (end plates).

RESULTS OF THE STATIC TESTS

Connections with end plates.

The relative rotations of the connection and of the joint are nearly
linear at the beginning of the loading (fig. 3.a,b). Then occurs yielding,
which is followed by a strain hardening of quasi constant stiffness. The
column web behaviour is different at all; the web is first nearly infini-
tely rigid, then yields rather suddenly (fig. 3c). From the test results




the influence of the main parameters can be summarized as follows :

29

a) The axial force has no sensible effect on the yield shear force in the

range ¢ < 130 MPa , i.e. 0 = 0.5 £, vhile theyielding moment of the
column flange is affected so that “the linear portion of the M-¢ curve
is reduced ; this observation is in accordance with Packer's and

Morris' conclusions [2] but in contradiction with Zoetemeijer' and
Munter' omes [3);

b) The initial stiffness of the joint seems just be little influenced by

c)

the axial force ;

It is necessary to distinguish between both behaviours of the column web
and of the connection and to modelize them separately, as it appears
clearly from figures 4. a~c. In test 07, the column web and the connec-
tion contribute the rotation in similar proportions, while, in test 0l0,
the deformation is mainly due to the shear flexibility of the column
web, which is weaker than the connection. It can also be observed that
the use of the full elastic strength of the beam would imply a marked
non linear behaviour of the joint.

M{kNm) M{kNm) M{kNm)

.

010;

AT . ~~Mq (IPE 200}

kNm | Mg |Mp

IPE 200) 68) | 77.2
IPE 300/168,6 [190.1

Dirad) Dirad)
004 006 008 00 002 004 006

(a) (b) (e)

Figure 4 - M-¢ Curve : a) of the comnection ; b) of the joint ; ¢) of the

d)

web column - (end plates).

The initial stiffness intests 07 and 014 - specimens fitted with same
end plates - is shown dependent on the dimensions of the column flange
(fig. 5). The more marked non linear behaviour of specimen 014 is due
to a weaker column flange and to the yielding of the compressed zone of
the web column. With respect to similar stiffness, specimen 013 bene-
fics from the stronger rigidity of IPE240 column flange. Unlike test
07, the collapse of the connections 013 and 014 is reached, due to
yielding in the compressed part, of the column web, and the associa-
ted rigidity becomes nearly zero.
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Connections with double web cleat.

The response of the tests carried out on such connections is quite
different from the previous one. The linear behaviour with a nearly cons-
tant stiffness is followed by successive slips of the bolts due to hole
clearance. When all the bolts are bearing, the holes are ovalized and the
cleats distort and yield. Following conclusions can be drawn :

a) The curves corresponding to similar specimens 05 and 016 (d = 15 =mm) are
plotted in figure 6. Only the bolt tightening is different : preload to
0.8 £ for specimen 05 and controlled hand tightening for specimen 016.
The lével of tightening does not alterate neither the initial stiffness,
nor the behaviour after slip ; only the bending moment associated to the
first slip varies and does it proportionnally to the preload in the
bolts (fig. 6).

b) By reducing the clearance d (fig. 1) from 15 mm to zero (specimen 02),
the transmission of the applied bending moment is modified with the re-
sult of a much higher inirial stiffness (fig. 6). Indeed compression is
transmitted by direct bearing between beam-and column flanges, while
tension is supported by frictiom, thenm by shear after slip occurs, and
last by bearing pressure. The non linearity before slip is due to dis-
torsion and yielding of the angles in the tensile zone, and last by the
slip initiation in the upper bolts in the beam.

€) A deeper beam (IPE300) allows the use of deeper angles with four bolts
(specimen 011), with the result of an initial stiffness nearly equal to
that of specimen 010 (connection with end plates). The clearance d=l5m
allows the beam-and column flanges bearing and explains the increase of
rigidity at the end of the test (fig. 7).
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Connections with flange cleats.

The M-¢ curves dealing with tests n® 03 - 06 ~ 012 are shown in figure
8. It can observed that :

a) The initial stiffness of tests 03 and 06 is not affected by the level of
tightening and that the ultimate strength is quasi independent of this
level. However, the slip is initiated earlier for test 06.

b) With a deeper beam, (test 012), the initial stiffness does not change
significantly ; so for the overall shape of the M-¢ curve.

MikNm|

M (kNm)

kNm | Mg |Mp( r

4 | m /
@irad)

Q02 004 006 008 QW0 002 004 006 Q0B O0J0 012

Fig. 8 = M-¢ curves for tests 03 - 06 Fig. 9 - Comparison of M-¢ curves for
= 012 (flange cleats). 3 types of connections.

rison between different tvpes of connections.

Figure 9 shows for instance the M-¢ curves associated respectively to

the three types of connections for a joint between a HE160B column and an
IPE300 beam.

CYCLIC TESTS

The cyclic tests were performed in accordance with a standard procedu-
re [5]. At the present time, the results have not yet been fully investi-
gated. Therefore only a cyclic test is compared to a static one, both
being carried out on identical specimens (fig. 10).




Charge (kN)

Déplacement (mm.)

Figure 10 - Comparison between static and cyclic tests.
MODELLING OF M-¢ CURVES

An ambitious goal would be to define the M-¢ curve of a joint from the
whole geometry and the mechanical properties of the connection and of the
connected elements. Such an attempt was made for connections with end pla-
tes [4] but has to be somewhat modified [6] and improved in order to be in
a quite satisfactory agreement with experimental results. The authors are
intended to contribute such improvements and extend the procedure to other
kinds of connections and to shear column webs.
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ABSTRACT

This paper presents the results of a study of the static behavior of
semi-rigid steel beam-to-column connections. From the experimental
investigation, the geometric parameters vhich most significantly affect the
moment-rotation performance of the connections have been evaluated. An
analytical model vas developed to predict the complete non-linear static
moment-rotation behavior of the connections. The model was found to
compare reasonably well with the test data for the range of connection
stiffnesses examined.

INTRODUCTION

The analysis of steel frame building structures with fully rigid beam-
to-column connections is a straightforvard one, and buildings utilizing
such framing systems have been used extensively in design practice. More
recently, increasing interest has been expressed in the use of semi-rigid
(partially restrained) connections for building frames, spurred by
potential economies that may be realized from simpler connection details,
and by "tuning" the connections (i.e., adjusting connection stiffnesses) to
optimize the distribution of moments in the connected members.

Semi-rigid connections are characterized by a decidedly non-linear
moment-rotation (M-4¢) behavior which, in  turn, can contribute
significantly to the performance of the complete structure, including
strength limits and drift considerations [1-4]. 1In certain instances,
definition of the complete M-¢ relationship may not be necessary, and an
estimate of the initial stiffness of the connection (initial slope of the
M-¢ curve) will suffice. For example, under service gravity live load and
vind load fluctuations, corresponding to a nominally elastic response of
the structure, frame analyses using linearized connection stiffnesses may
be adequate [5,6]. Under extreme loading conditions, however, such as
those imposed in a seismic event, use of the full non-linear M-¢ curve
(complete hysteresis loop) is required to assess structural performance.

In the study reported herein, the static moment-rotation behavior of
connections consisting of bolted top and seat flange angles, and double web
angles, wvas investigated. The objectives of the study have been to
experimentally determine the geometric parameters which most significantly
- affect connection performance, and), from these data, to develop analytical
models to predict the static M-¢ behavior. Models used to predict the
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initial stiffness of the connections,are reported elsevhere [7]. In this
paper, a semi-empirical model for pnd.‘.ctln; the complete non-linear M-4
curve of the connections is presented.

EXPERIMENTAL INVESTIGATION

Description of Test Program y

The test members consisted of a pair of beam sections attached to a
centrally positioned stub column. The connection elements vere comprised
of top and seat angles bolted to the flanges of the beams and supporting
column, together with double veb angles bolted to the beam web and to the
column flanges. The top and seat angles vere the same for a given test,
and the wveb angles vere centered on the beam. ASTM A36 steel vas used for
the members and connection elements; all fasteners were 3/4-inch or 7/8-
inch diameter ASTM A325 heavy hex, high strength bolts. A325 hardened
vashers vere used under the turned elements.

Tvo beam sizes, V14X38 and VBX21, vere used in the test program. For
the l4-inch sections, the overall beam length wvas 20 feet, and for the 8-
inch sections, 12 feet, so that the span-to-depth ratio wvas slightly less
than 20 in each case. The stub column for the V14X38 beams vas a V12X96
section; a V12X58 column section was used vith the VBX21 beams. Heavy
column sections wvere selected to minimize column panel zone deformation,
thereby confining the deformations to the connection elements. Details of
the V14X38 and VBX21 connections are shown in Figs. 1 and 2, respectively.

A pair of duplicate specimens was tested simultaneously using the
framing arrangement shown in Fig. 3. A 55 kip, hydraulically actuated ram
vas used to apply load to the test members through the central stub column.
In all of the tests, the controlled input variables were the rate and
magnitude of actuator displacement. Complete details of the test
procedures, including specimen preparation and types of instrumentation
used, are reported in Ref. [8].
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Figure 1. Details of Connection for V14X38 Beam
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Figure 3. Schematic of Test Member and Loading System
Test Results

Eighteen specimens vere tested in the experimental investigation. The
geometric properties that were varied in the parametric study included:
the depth of the beam sections, the thickness and length of the beam flange
angles, the gage and spacing of the bolts in the leg of the flange angles
connected to the column flange, the thickness and length of the web angles,
and the bolt diameter. Details of the geometries of the individual test
specimens are reported in Table 1.

A summary of the test results is presented in Table 2. Table 2
includes the initial stiffness of the connection, the slope and intercept
moment of a secant line from the origin intersecting the M-¢ curve at a
rotation of 4X10-3 radians, and the moment and tangent slope at 24X10-3
radians. The latter slope, although not intended to represent a final,
constant slope for a specific conneétion, does allov comparisons to be made
among the various connections, as well as quantifying the degree of
softening of a connection relative to its initial stiffness. Similarly,
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the reported secant slope and moment are indicative of the relative
behavior of the connections during the early part of the loading cycle.

Table 1
Schedule of Test Specimens
R B o L 0 M S
Mmber  Section Diameter (inches) on Column {inches)
{ inches) Flange
{inches)
1451 Wise 34 | Lexax3e 8 2112 s mA 812
1452 w1438 LAX4X1/2 8 212 wdx3 12x14 8 12
1453 W8 34 | Lsxes 8 2112 2403 124 5 120
1454 Wloe 34 | Lsxeas 8 2112 243 1208 812
8s1 wax1 4 | 16X L/XS16 6 2 24 1AM 512
852 Wax21 34 |3 128 6 2 40 1A 512
8s3 wax21 34 | Lsx3 12X516 8 2 240 LA 512
854 w1 A4 | LexExye 5 112 4 LA 512
8ss wex1 4 | Lsxaxis 8 212 20 1204 512
856 wax21 4 | LEXXS/16 5 212 40 A 512
as? waxa1 A | Lsxaxis - 1112 240 LA 512
1455 W 18 | wsuxas [ 212 2L 1204 812
1456 wioas 74 | L2 8 212 40 1A 812
1458 Wieo8 18 | L6xaxSs 8 212 240 LA 812
1459 Ws 14 | w2 8 2112 40 1A 812
8s8 wax2] 14 |18X 12X516 6 2 24 A 512
859 WX 8 |usx3lax3m 6 2 240 LA 512
8510 wax21 14 |0 122 a0 A 512
*Iwo Bolts at 3-inch spacing, mounted in top two holes on stub column, Fig. 1.
Table 2
Summary of Test Results
Specimen  Initial Slope  Slope of Secant Line Moment at Slope of N9 Moment at
Musbe © of M- Curve to M4 ',’“‘" at  4.0x10°3 o.;. at 2003
4.00073 cadjans  radians 200073 radisgs  radisns

(t-i.n. m-i) (t-h. 210" ) {k=in.) (u-u. 10" ) (k=in.)

_\radian radian cadian
1481 195.0 108.7 435 5.8 688
1482 295.0 151.8 607 12.6 (947)*
1483 115.9 88.8 355 3 652
1484 21.9 124.0 496 8.3 822
1485 7 117.4 467 10.8 763
1486 286 146.9 589 10.3 1053
1458 579 25.9 1027 15.0 1561
1459 258 154.1 624 9.3 1024
8s1 66.7 “.3 n a1 329
852 123.4 9.0 276 1.5 (384) %
8s3 104.7 64.3 257 4.0 @
854 15.3 14.4 5.5 2.2 165
8ss 7.7 4.9 191.5 L1 ey
8s6 19.5 30.0 120 3.2 T
857 48.0 w.e 163 3.2 381
8s8 70 . 183 3.8 380
859 104 54.5 226 a4 [he]
8510 ) 104.1 o 6.9 (634)0ee

* Major slip at 12 X 10™3 and 20 X 10~3 radians
** major slip at 16 X 1073 radians
#ss Major Slip at 5.3 X 10~3 radians
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The complete moment-rotation curves for several of the test connections
are shown in Pigs. 4 and 5. In all of the tests, the connections exhibited
an M-4 response that became non-linear early in the loading sequence.
This is attributed, primarily, to local yielding and eventual plastic hinge
formation at each toe of the fillet in the angle attached to the tenslon
flange of the beam. Another hinge developed in the vicinity of the bolt
line on the leg of the flange angle attached to the column, together with
progressive plastic hinging in the outstanding legs of the wveb angles.
Vith the exception of three specimens that exhibited slip in the connection
angles, all of the test connections were able to develop continually
increasing moments through the full range of rotations imposed during the
tests. During the latter period of loading, a nearly constant or only very
gradually decreasing positive slope of the moment-rotation curve was
exhibited by all but one of the specimens.

458
1600 1=8/8"
“SE
1200 tei2"
Hs9
Moment 800 t= 12"
kip= inches

Flange Angles: Mhickness voriable

400 goge on ool = 2 -1/2"
length =0'-8"
Web Angles : ZL-4x3-1/2x1Mx0'-8-1/2"
0 5 HM-.W
0 80 wso 240 320 400

Rotation, radans (X1000)
Figure 4. Typical Moment-Rotation Curves for V14X38 Specimens
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160 goge on ool = 2
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Web Angies : 2L-4x3-1/2x1Mx0"-5-12"
Bokt Diometer : 7/8"

A A L —

o 80 80 240 R0 400

Ratgtion, rodians (X1000)
Figure 5. Typical Moment-Rotation Curves for V8X21 Specimens
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From the experimental investigation, [7,8], it vas found that, of the
geometric parameters studied, those that most significantly affect the
initial stiffness and moment-rotation performance of the connections are:
The depth of the beam section to vhich the connections vere framed, the
thickness of the flange angles, and the gage (including the effect of bolt
diameter) in the leg of the flange angle attached to the coluan.
Variations in the length of the flange angles, and the length and thickness
of the veb angles, had a less pronounced effect on connection response.

PREDICTION OF MOMENT-ROTATION BEHAVIOR

In 1969, Sommer [9] developed a technique to predict the moment-
rotation curve for flexible type connections. The use of Sommer’s method
can lead to predictions of a negative M-¢ slope. To overcome this
problem, a modified procedure vas developed [7]; the analytical model,
vhich uses the test data from the parametric study described above, is of
the form:

¢ = C,(KM) + C,(KM)> + C,(KM)° (1]
1 2 3
vhere: ¢ = rotation of end of beam vith respect to column face
M = moment developed by beam-to-column connection
Ci- empirically determined coefficients
. “a
and K-Pl ?2"'Pn

vhere: P‘- geometric parameters affecting M-4 relationship
@ empirically determined exponents

The parameters (P) selected for the model were the depth of the
supported beam (d), the thickness (t) and length (1) of the flange angles,
the "effective" gage (g-d, /2) in the leg of the flange angles attached to
the column flange (vlm:ob; is the gage from heel of angle and db is the
bolt diameter), and the thickness (tc) of the veb angles.

Using the curve-fitting process described in Refs. [7,8], the followving
numerical values of the exponents oy and coefficients ci vere obtained:

Pyt oy = -1.1280877
P, = d a, = -1.2870455
Py =t ay = -0.41454097
P, =1 o, = -0.69412158
Py = g-d,/2 ag = 1.34994572
and C, = 0.2232429%10™
C, = 0.1850728X10”
C, = 0.3188976x107"!

Comparisons of the moment-rotation curves predicted by Eq. [1] with the
test results for several test specimens are shown in Figs. 6,7. In general,
vith the exception of the stiffest connections in both the V14X38 and VBX21
test series, the model offered reasonable approximations to the moment-
rotation curves of the connections up to the limits of rotation examined in
the test program. For the stiffest connections of each beam size, the
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model underestimates the moments developed at the larger connection
rotations. It is recommended, therefore, that Eq. [1] be restricted to
connections in vhich the flange angle thickness is of the same order as the
thickness of the beam flange; use of this expression should not be
extrapolated to predicting the M-4 response of significantly stiffer
connections nor to connections consisting of top and seat angles only.

se
o 1=5/"
use H‘," ol
1200 ve" Predicted ———
~ 89
Moment 1= 172"

kip= inches

C2L-4a3-1/2x1Mx0"-842"
s = g  m )

4] L) €0 240 20 400

Rotation, radans (X1000)
Figure 6. Predicted Moment-Rotation Curves for V14X38 Specimens

Flange Angles thickness vorioble

160 9oge on col = 2°
length =0'-6"
Web Angles 2L -4x3-1/2x1Mx0'-5-12"
ulqm:‘m' |

o 80 B0 240 320 400

Rotation, radions (X1000)
Figure 7. Predicted Moment-Rotation Curves for WBX21 Specimens

SUMMARY, CONCLUSIONS

A test program vas conducted to .gvaluate the static moment-rotation
performance of semi-rigid beam-to-column connections consisting of top and
seat flange angles, and double web angles. Initial stiffnesses and
complete M-4 curves vere quantified for connections of varying geometry.
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From the test program it wvas found that, for the type of connection
studied, the geometric parameters that most significantly affect moment-
rotation behavior are: the depth of the beam section to which the
connection elements are framed, the thickness of the flange angles, and the
effective gage in the leg of the flange angles attached to the column.

Using the test results, a parametric model vas developed to predict the
complete non-linear static moment-rotation behavior of the connections.
The model offers reasonable predictions of the M-¢ response of the
connections; howvever, for the stiffest connections tested wvith each beam
size, it underestimates the moments developed at the larger rotations.
Until additional data are available and further refinements to the model
are possible, it is recommended that the expression reported herein be
confined to the estimation of M-¢ curves for connections in which the
thickness of the flange angles does not exceed appreciably the thickness of
the flange of the supported beam.
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EXPERIMENTAL ANALYSIS OF END PLATE CONNECTIONS
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ABSTRACT

The prediction of joint rotational behaviour is a preliminary step in the
analysis of semi-rigid frames. Mechanical models may be used and the
behaviour of the whole joint obtained by "summing up" the contributions of
the individual components. In order to develop simple models suitable to
predict such component contributions results from ad hoc experimental
research are needed. The paper presents an experimental technique adopted
for that purpose. Results related to extended end plate connections are
reported and their evaluation in order to characterize the moment rotation
relationship discussed.

INTRODUCTION

The great majority of the investigations related to steel joints were,
till recently, aimed at defining their ultimate strength capacity. The
knowledge of the behaviour of the joints over its complete range were not
of particular interest. Frame design was in fact based on the simple ideal
models of rigid and pinned joints. Late research work, both experimental
and numerical [1-5], contributed to a better understanding of the
~ influence of joint flexibility on the performance of the whole frame. The
 possibility of considering the joint behaviour as a design parameter,
allowing advantages in terms of cost effectiveness and/or structural
reliability to be achieved, is indicated. The practicality of such an
approach requires the capability of predicting the joint response.

This problem seems not yet solved. In effect, the number of governing
mechanical and geometrical parameters (even for connections with simple
detailing), suggests the suitability of an approach, which separate the
contribution to the whole joint behaviour of its individual components
(fig. 1): 4i.e. column panel zone (fig. 1lb), column flanges (fig. 1lc),
connection elements (fig. 1d). The joint response is then obtained by
"summing up" these contributions (fig, 1le). The feasibility of this
procedure has already been established [6,7]. Moreover, such an approach
has the advantage to favour a straight definition of the joint "rotation",
a quantity which was given in the past a nonidentical meaning by different
researchers.
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The authors are conducting a research aimed at developing simple mechan-
ical models, allowing for the prediction of the joint moment rotation
curves. With reference to this philosophy by components, the first phase
of the study is devoted to the behaviour of the sole connections [8]. This
paper intends to highlight the experimental technique adopted and present
a first series of results related to extended end-plate connections. Their
evaluation is finally discussed in order to point out the parameters use-
ful for the prediction and to single out the contribution of the different
components (end plate and bolts). This data gives the preliminary informa-
tion needed to select suitable mechanical models and represent the neces-
sary benchmark to their validation.

ROTATION OF A CONNECTION AND COMPONENTS CONTRIBUTION

The rotation of the connection
(fig. 1d) can be defined with
reference to the end of the
beam,as indicated in figure 2,
under the assumption that this
cross section remains plane. In
reality, because of the yielding
induced by the high contact
pressures and/or by the interac-
tion with the end plate in the
tension zone, this assumption is
generally not fulfilled.

Nevertheless, it seems the most appropriate for its practicality, due to
the simplicity and the consistency with the classical beam theory. In the
same figure a criterion is graphically defined , which enables a singling
out of the contribution to the connection rotation {an) of the defor-

mability of the end plate {Qp) and of the bolts “b"

TESTS ON EXTENDED END PLATE CONNECTIONS

The geometrical characteristics of the connections tested are reported in
figure 3. End plates with extension on one side or on two sides of the
beam were considered. Within the same type of connection only the plate
thickness was varied, allowing different ratios between the plate and
bolts stiffness to be obtained.
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The specimen was connected to a counterbeam with negligible deformability.
Displacement

transducers 5 TeST -
located as in P
figure 4 made ' IPE 300 o e 11 s
it possible to  gpm1-1 12
determine: a) "\'-». € 12 | 18
the connection = : - — | gpB1-2
rotation (four !ﬂ_,_..* EP 1-3 18
transducers A M M—Q EPB1-3

in fig. 4a); EP 1-4 [ 20
b) the rota- |+ |+ +1 + + |+ - | EPB1-4
tion of beam %' EP 1-5 | 25
cross section + U+ | + ]* + EPB1-5

at 300 mm from

the plane of HOLES ¢ 21.5 BOLTS M 20 GRADE 8.8

the connection - Fig. 3

(two transdu-

cers B in fig. 4a); c) the rotation due to bolt deformation (four transdu-
cers C in fig. 4b). Finally, displacement transducers with the sensitive
pin entering a concentric hole in the tension bolts (fig. 5) enabled a
control on the initial tightening conditions and a following of the bolt
axial deformation. Bolts were pretensioned up to a force equal to the 40%
of the nominal tensile strength; this state of stress roughly approximates

the snug tight condition.
The
specimens

were sub-
ject to a
horizontal
force ap-
plied to
the upper
end of the e Y i
beam stub r -

s0 to give
rise in the
connection
to bending
moment and
shear. In order to obtain a realistic appraisal of the connection
response, the load is increased by a series of subsequent loading and
unloading cycles.

Fig. 4a Fig. 4b Fig. 5

EXPERIMENTAL RESULTS AND THEIR EVALUATION
The rotational behaviour of the overall connection is described by the
moment - rotation characteristics. The figure 6 gather all the M - ‘cn
relationships obtained for the specimens tested, grouped by type of
connections. The average value ip b of the plastic moments of the beam is

also reported, determined on the base of the experimental yield strength
and the actual dimensions of thé cross section. It may be remarked that
all the connections showed a moment capacity greater than the plastic
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moment of the beam, though their ultimate strength increased with the end
plate thickness from 181.5 kNm (EP1-1) to 225.7 kNm (EP1-5) for the EP
tests and from 202.8 kNm (EPB1-2) to 227.5 kNm (EPB1-5) for the EPB
tests. A comparison between the curves related to the corresponding
specimens of the two series shows that the presence of the extension of
the end plate on the compression side has a limited influence on the
connection behaviour and strength.

[ ¥ ] 1, Li)
(awed e e
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¥

Fig. 6
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The significant strains in the beam stub, within the hardening range,
caused the inelastic buckling of the compressive flange (and of the
adjacent zone of the web for the specimens with thicker end plate) before
the moment capacity of the connection was achieved.

The rotation capacity .u, = nil at the contrary adversely affected by the

increase of the end plate thickness: ‘u o decreases respectively

from 0.08 to 0.02 rad (EP connections) and from 0.05 to 0.01 (EPB
connections).

Although these differences in strength and ductility, the moment rotation
relationships do have a very similar shape, characterized by a linear
elastic response up to a moment value ranging from the 40% (thin plates)
to the 60% (thick plates) of the ultimate capacity followed by a behaviour
remarkably nonlinear. The shape
and the extension of the curve in
the latter range depends upon the
connection component, which
principally is affected by
yielding. When the end plate is
relatively thin, the connection
rotation in the nonlinear range
is mainly due to the elastic-
plastic bending of this component
(fig. 7): for the connection EP1- 100
1 the end plate contributes more

than the 90% of the overall
rotation. The rotation capacity Fig. 7
of the whole connection is then
substantially affected by the
local ductility of the tension

zone of the end plate. This 0 02 04 06 Ppad
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#uctility is generally wvery high, but may be considerably reduced as a
. consequence of the process of welding the beam flange and the plate,
" which modifies the material characteristics in a zone were important
plastic strains should develop. The contribution of the bolts becomes more
and more significant (up to about 35% for the test EP1-5) with the
Jdncrease of the end plate thickness. The limited ductility, typical of
" ‘high strength bolts, tends then to affect negatively the rotation capacity
~ of the overall connection.

"The measures related to the bolts elongation pointed out some interesting
_features of their behaviour; in particular, as it appears from the curves
"dn figures 8 and 9, related to the average deformation histories of the
. external and internal to the beam stub respectively for the
_gonnections EP1-1 {tp- 12mm) and EP1-5 {tp = 25mm),:

TEST EP 11

N4

TEST EP 1

a4

2 68[mm 0 a 2 3 Smm

TEST EP 1-8 TEST EP -8

Fig. 9b

i 2 S[mm © A 2 & [mm)

a) The initial preload llqniﬂcari{ly decreases, and often tends to vanish,
since the very first loading cycles, though the bolt stress remains in the
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elastic range well below the elastic limit. This loss of preloading seems
then to depend principally upon the permanent deformation of the washers.
b) The bolts internal to the beam are substantially more stressed than the
external bolts. However, the increase of the end plate thickness reduces
this difference in the stress state.

c) The end plate thickness affects the type of the bolt stress state, as a
comparison between the curves related to the external bolts (figg. 8b for
the test EP1-1 and 9 for the test EP1-5) already suggest. The external
bolts in the specimen EPl-1 experienced remarkable plastic deformations.
while their behaviour in the specimen EP1-5 shows a limited nonlinearity,
although the ultimate strength of the connection is attained under a
higher applied moment. If an attempt is made to determine the axial force
in the bolt by relating the deformation measured during the connection
tests to the constitutive law determined via tensile tests on individual
bolts, the results indicate that yielding in the bolts of connections with
thin end plates is beginning when the axial load is noticeably lower than
the yield strength value deduced from the tensile tests. This discrepancy
is on the contrary modest for the connections with the thickest end plates
(tp- 21 and 25 mm). These results point out that the significant

deformations of thin end plates tend to subject the bolts to'a
nonegligible bending, as in effect experimentally observed. ¢
The presence of this bending moment greatly influences the yield and the
ultimate strength of the bolt and therefore explains the above mentioned
differences in the behaviour of the external bolts of tests EP1-1 and
EP1-5. As to the internal bolts., the plate, due to its greater stiffness,
imposes at the same time higher axial forces but lower bending moments;
the type of behaviour is then less affected by the plate thickness
(compare also figures B8a and 9a).

The knowledge of the rotation of the beam cross section at 300 mm from the
connection plane (fig.4a) allows

also the flexural response of the L
end part of the beam to be kN
determined. The plastic
deformation of the beam was
always important, as it appears
from figure 10. These results
emphasize the need that, in
experimental research, rotation
measuring techniques are adopted,
which allow the flexibility
inherent to the sole connection
response to be singled out from
that of the end part of the beam.

Fig. 10
The results as a whole represent
a consistent set of data, which ° k.
makes it possible to draw some . ) v

first general conclusions on the v 04 08 Pied
mechanical models more appropriate for prediction purposes.

The additional restraint, given to the end plate in the zone internal to
the beam by the presenceg of the beam web, influences to a large extent the
connection behaviour. Such a restraint causes a nonnegligible
dissymmetry, with respect to the beam tension flange,both of the plate
deformation and of the stress state of the same plate and of the bolts.
Consequently, the models which symmetrize the plate and bolts behaviour,
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such as the T stub model, may not always be able to predict the connection
response with satisfactory accuracy. In particular, they cannot (at least
they cannot directly) recognize the different stress state of the internal
and external bolts. The complexity of the observed behaviour suggests that
a greater accuracy can be achieved by models, which account in a more
realistic way for the end plate behaviour, by dealing separately with the
external and the internal part. The former part can be simply modelled as
a cantilever element clamped at the beam flange and subject to the bolt
reaction and to the possible prying

forces. The part internal to the beam *
has to be considered as a plate with
appropriate edge restraints. A first

validation of this modelling procedure

is given by the results related to the
prediction of the connection plastic
" moment (see the folowing section). The
plastic mechanism presented in figure
11 (and obtained by modifying the
proposal of reference 9) allows this
moment to be determined with an error
lower than the 9%, For thick end
plates the plastic mechanism of the
internal part of the plate may not be
.activated, because it would correspond
‘to a force in the bolt greater than its tensile strength. A further
improvement may be obtained, by refining, on the base of the experimental
data, a method proposed by one of the authors [10].

-+

- -

Fig. 11

MODELLING OF THE M - & CHARACTERISTICS

The use of simple mechanical models in order to predict the moment
- rotation relationships requires the definition of the parameters which can
be regarded as “characteristics", i.e. suitable to describe the rotational
behaviour of the connection. The model accuracy is then checked on the
base of its capability of evaluating these parameters with satisfactory
precision. The experimental results were therefore thoroughly analysed
with the aim at defining the characteristic parameters for end plate
- connections.

Figure 12 shows the rotational response of a specimen to the first loading
" cycles. The effect of the loss of the preloading of the bolts on the
overall connection behaviour is apparent. In the initial phase, two
different stiffness values characterize the response related respectively
to the conditions of plate in contact (kij and of plate separated from the

flange of the counterbeam (ki M}. The loading (and unloading) branch
defined by the stiffness ki shortens up to vanish after a few cycles. The

. stiffness kl sod (which remains almost constant for all the loading and
unloading branches) characterizes completely the elastic branches of the
subsequent cycles. The inelastic behaviour is highly nonlinear and shows a
remarkable strain hardening; however, it seems possible to identify a
characteristic value of the stiffness, k“, defined as the mean value of

the stiffnesses of all the inelasfic parts of the loading branches (fig.
12).
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The wvalues of the stiffnesses L
ki,nd and k-t determined for the

connections tested are reported in
table 1, where also the contributions
of the end plate and of the bolts are
singled out.

In order to describe completely the
connection characteristic it is also
necessary to define the values of the
elastic limit moment ll. and of the

plastic moment !lp. The latter defini-

tion is not clear-cut, when based on
the experimental results. It seems ap-
propriate to refer to a conventional
value and define the plastic moment as
the moment at which a significant in-
crease of the plastic deformation of
the connection becomes apparent. This
moment level may be practically ob-
tained by means of the stiffness
parameters previously defined. Two

boundary values of llp "‘p.lnt and

)lp' - up’ may then be determined on the

base respectively of the initial
stiffness ki and its reduced value

ki,r.d’ following the procedure

illustrated in figure 13. The two
evaluations of the plastic moment dif-
fer only slightly for the connections
tested; the mean value was then
assumed and is reported in table 2.
The table 2 gathers the values of n.

and ﬂp ; the ultimate moments “u of

the connection, the plastic moment of

the beam stub IIP b and the rotation
’

Oucorrupondinq to M, are also

reported.

The knowledge of the above mentioned
parameters enables a modelling of the
connection behaviour as illustrated in
figure 14. However, representation
with higher level of accuracy can also
be used.

An analysis of tables 1 and 2 provides
useful indications for the development
of mechanical models suitable for
predicting the response of the
connection.

In table 1 the contributions to the
connection stiffness supplied by the
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end plate and by the bolts are singled out. These contributions were
computed on the basis of the M - ¢ relationships determined for the single
components (fig. 10). The overall stiffness, defined with reference to the
: m-mtiou curve of the whole connection, was verified to be in very
pnd agreement with the value deduceable by considering the two component

‘as arranged "in series". Values of kim-nnmnu related to the

cycles with maximum applied moment lower than the elastic limit moment.
‘They are influenced by the bolt preloading and by initial contact
conditions. As to the reduced stiffness kl red’ it may be noticed that:

the bolt contribution depends on plate stiffness and increases with
parameter; b) the increment of the plate contribution is less sig-
j than expected on the basis of the variation in thickness, in-
- dicating an important influence of the plate restraint conditions, which
" change with the plate flexibility (also in relation to the bolts
flexibility); c) in all cases the plate deformation contributes more to
" the joint flexibility; however the bolt contribution is never negligible.
 Pinally, as to stiffness kgy it may be noticed that: a) no correlation

between the bolt contribution and the plate thickness; b) plate
tion is fundamental for the assessment of the overall stiffness.

¢ limit moments M rcportod in table 2 range between the 55% and
ﬁn 807 of the plutu: mnt - and from the 40% and the 62% of the
A ]

i ltimate moment of the connection lu - Plastic moments are an almost

. nt percentage (between the 70% and the 80%) of the ultimate moment

city and are close to the plastic moment of the beam.

if results are evaluated by component, as done for the
parameters, the analysis of the M-4 curves enables a
tion of the levels of moment, for which the onset of yield is
for the plate and for the bolts. Moment levels at which a sharp
of the plastic deformation shows up for the two components can
be defined.

¥

CONCLUDING REMARKS

capability of assessing the contribution given by each joint
ponent, is important for the development of methods suitable for the
ion of the joint response. An experimental procedure allowing the
ection of the needed data for the setting up of such an approach with
ference to the sole connection is proposed.
procedure was applied in a series of tests on end plate connections;
response of each component (i.e. the end plate and the bolts) was
ingled out together with its influence on the connection behaviour.
results evaluation made it possible to determine the main stiffness
i strength parameters for the modelling of the connection behaviour. The
ters "characteristic" of the overall M - ¢ relationship can be
d by means of simple mechanical models for the single components.
present phase of the research is devoted to the definition of such

L R S T bz
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research is made possible by’ a grant of the Italian Ministry of
cation (M.P.I.).




10.

50

REFERENCES

Davison J.B., Kirby P.A. and Nethercot D.A., Column Behaviour in PR

Construction - Experimental Behaviour, ASCE Convention, New Orleans,

September 1986.

Zandonini R., Steel Frames with Semi-Rigid Joints, Proc. 2nd Regional

Colloquium on Stability of Steel Structures, Vol. I/2, Budapest,

September 1986, pp. 373-380.

Anderson D., Bijlaard F.S.K., Nethercot D.A. and Zandonini R.,

Analysis and Design of Steel Frames with Semi-Rigid Connections, IABSE

survey, to appear.

Cosenza E., De Luca A. and Faella C., Inelastic Buckling and

Postcritical Behaviour of Steel Structures with Semi-Rigid Joints,
, 2nd 1 Colloquium Stability of St Struc . Vol.

I/2, Budapest, September 1386, pp. 279-285.

Bijlaard F.S.K. and Zoetemeijer P., Influence of Joint Characteristics

on the Structural Response of Frames, In Steel Structures; Recent

Research Advances and Their Applications to Design, ed. M.N. Pavlovic,

Elsevier Applied Science Publishers, London, 1986, pp. 109-134.

. Yee Y.L. and Melchers R.E., Moment-Rotation Curves for Bolted
Connections, J. of Structural Engineering, ASCE, vol. 112, ST3, March

1986.

. Klein H., Das elastisch - plastische Last-Verformungsverhalten M-¢

steifenloser, geschweisster Knoten fur die Berechnung von Stahlrahmen
mit HEB-Stutzen, Doctoral Thesis, University of Innsbruck, 1985.

. Zandonini R. and Zanon P.. Semi-Rigid and Flexible connnct.lonr an

Experimental Investigation, P g. of the Int. Conf. Steel Structures;
Recent Research Advances and Their Applications to M Part I,
Budva, Yugoslavia, September 1986, pp.273-282.

. Surtees J.0. and Mann A.P., End Plate Connections in Plastically

Designed Structures, Proc. Conf. on Joints in Structures, Vol.l,
University of Sheffield, July 1970.

Zanon P., Bolted Connections: the Ultimate Limit State Behavioir of
End Plates, Costruzioni Metalliche, No. 1, 1985.

TABLE 1
ML V,ree U e
TEsY Plate | Bolta| Conn. | Plate | Bolts | Conn. | Plate | Bolts | Conn.
0 ) ps ] " fLl] L] 1% » Lz | e 1.1%
. % a0 49 “ 148 L] 1.60 | 10.00 .9
-3 my 950 m B6 156 56 3.e | s .67
-4 408 n m " 186 1+ .0 1% LM
-5 o |9 | 320 | 1« | am | e | soe| | ame
(1, ] l-l"l a“as Tea m % e “W Ln 8.00 1.45%
-3 » Ta M2 i 166 n” 3.67 | .80 mn
-4 ) 5 148 02 L ] 800 .20 “n»n
-5 452 48 sl m 218 L] 7.40 | 11.5%0 452

(1IA11 stiffnesses & are sxpressed in (KMa/rad) x 10%3
(Z)gpg 1-1 1n met reported becsuse of & prematurs failure dus to belt stripsing

[3)yalues for tasts EPB are obtained neglecting the affect of the faitis] bew of
the wnd piate below the compresaten Tlangs.




51

TABLE 2

sosn' V) Consnction TN
! LY Mo cn | Mg, cn™ucn [ Me,cn Mp,en| Mpen |MeonMagcn | Mo/Mob | Mucn [Me.cn Mp.b [#u.cn
=1 1.1 n.s 0 08 0.&n2 1184 0.882 o.emn m.s () ] o.08
1-2 i s 0.410 0.95% 1413 0.7m 0.5 195 1.1 0.0%
-3 170.6 .1 0. 480 0.628 156.3 0.76% 0.918 040 1.8 e.m
1-4 173 13.8 0.588 0.7e% iro.% 0.Tea K] mra .28 o.92
-5 1767 im0 0.616 0.™ im.s 0.788 1.007 . i.m 0.02
. Sttt PRRTPPRRES SIS WDV TR, TR WP, F—
1-2 1758 LN ] 0.441 0.558 161.2 0.798 o.917 02.8 1.8 0.0%
=3 | 110.6 9.5 0482 0.591 166.7 0.816 0. 2044 1.9 0.02
1-4 1713 106.3 0,485 0.608 1747 o.M 1.008 2191 1.26 0.a
15 1787 122.6 0.5% 0.708 119 0.764 0.9 m.a (B . ] o.02

Meomants M are sxpressed in Km, rolations & are espressed in radiants




Henning Agerskov
Department of Structural Engineering
Technical University of Denmark
DE-2800 Lyngby
Denmark

High-strength bolted end-plate connections in steel structures
have been studied in several investigations at the Technical Univer-
sity of Denmark. The present paper gives a short summary of the main
results obtained in these investigations. In an analytical investi-
gation of end-plate connections in beam sections, a design method was
developed, and the basic equations of this method are given in the
paper. Special attention was paid to studying the effect of
action in the connection. Alsc T-stub connections and end-plate
connections in circular sections were studied to clarify the strength
and stiffness characteristics. For all three types of connections,
experimental investigations were carried out to verify the analytical
results obtained.

In recent years, extensive and increasing use has been made of
high-strength bolted end-plate connections in steel structures. The
situation today is that this type of connection is presumably the
most widely used beam-to-column connection in building structures.

However, full utilization of end-plate connections requires an
understanding of the behaviour of the connection when subjected to
external loading. Due to a number of complications, e.g. the effect
of bolt pretension, prying action, and the many parameters governing
the total behaviour of the connection, end-plate connections have
been studied in a large number of investigations during the last 10-
15 years.

The present paper gives a short summary of the analytical and
experimental investigations of bolted end-plate connections, carried
out at the Department of Structural Engineering of the Technical
University of Denmark. End-plate connections in beam sections, as
those shown in Fig. 1, as well as T-stub connections and end-plate
connections in circular sections, were studied.

One of the problems investigated was the development of prying
forces in end-plate or T-stub connections when subjected to tension.

52
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Figure 1. Beam-to-column and beam-to-beam end-plate connections.

y divergent answers to the question of the size of the prying

forces have been given over the years, ranging from a total negligen-
of prying forces to more than a 100 % increase in bolt forces due
prying action.

___In the investigation of end-giat. connections in beam sections,
_theory was developed that may used to determine the yield load
f the connection [1,2]. On the basis of this theory, the influence
if the different variables affecting the behaviour of the connection
#as studied in an investigation in which a large number of connec-
: were analysed on computer. This analysis showed that diagrams
direct use in the design could be established.

The purpose of the tests carried out in the experimental inve-
gation was to study the strength and deformation characteristics
polted end-plate connections. The experimental results show good
nt with the results obtained from the proposed design method.

quat ion of Proopg d D an Method
F. In the tollouir;i, a short survey is given of the basic equations
esulting from the theory developed. With respect to the derivation
the equations and the basis of the theory, see Refs. [1,2].
The analytical model of the connection under consideration is
pwn in Fig. 2. The external tension in the beam flange is denoted
)Y 2F and the bolt force by B. A prying force of magnitude Q is
umed to act at the end of the plate. Forces F and Q are
I to each bolt. Fig. 3 shows the geometry of the bolts used
in the connection.
. The yield load of the connection is considered as the load at
ich the reduced yield moment is reached in the end-plate at the toe
£ the weld. Three basic cases are possible in the theory. In the
irst, separation takes place in the bolt lines before the reduced
@ld moment is reached. The situation shown in Fig. 2 corresponds
this case. In the second case, the reduced yield moment is reach-
pefore separation occurs at the bolt lines. The difference be-
gen the first and second case is that in the latter, a compressive
prce will exist between the plates in the bolt lines at the instant
t which the reduced yield moment,is reached. In the third case,
flch may arise when a relatively ﬁoavy end-plate is used, the ben-
ing deformation of the plate is so small that separation also occurs
‘the edges of the plate at the yield load, meaning that no prying
ces exist.

[
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Figure 2. Analytical model of Figure 3. Geometry of bolts used
connection. in connection.

Fig. 4 shows the forces acting on the end-plate at the yield
load of the connection in the three basic cases.

a. Separation before Yield Moment
The two basic equations are

: =5 2|fl,, E AR
Fb=-Qa iﬂt GY 3{“) (1)

g Bot BBy 4 1?
™R, YR, (3% *+X4) = ggriFa, = Bay) (2)

and

Eq. 1 expresses the fact that the moment at the toe of the weld
at the yield load must be equal to the moment corresponding to full
plastification of the section. Eq. 2 states that the deflection in
the bolt line of the middle surface of the end-plate must be the same
in deformation of the plate as in deformation of the bolt.

According to Fig. 2, the distance from the edge of the end-plate
to the bolt line is a and the distance from the bolt line to the
toe of the weld is b . The thickness of the end-plate is t , the
length of the end-plate tributary to each bolt is w, o, g the
yield stress of the plate material, Bo is the initial bol? tension,

nd is the bolt force at which separation occurs in the bolt

lines. With kj = 1g + 1.43 14 + 0.71 1p, k2 = kj + 0.20 1p *+ 0.40
1,, k3 = 0.40 t, and kq = 0.10 1p + 0.20 1y, B is found from BY =
Bo(l + kgékil-

The lefigths 1g, 14, 1, and 1y, rehr:ing to thibo ts used in
the connection, are shown in FPig. 3. In Eq. 2, Ag 18 the area of
the bolt shaft, a %), ap are determined from a) = 3a/2 - 2a’
and @) = ga* - Ba’, in wtiich a=a/l;and 1 = ztr + b).

According to l"ig. 4(a), the prying force Q is Q=B -~ F. The
unknowns, F, B, and Q can be determined from the above equations.
The magnitude of the prying force may be given in dimensionless form
by the ratio p =1 + Q/F.
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B Cole—8B l-——f
Q —» Q =
a) b) c)

e 4. Forces acting on end-plate in the three basic cases: a)
separation occurs at bolt lines before yield moment is
reached; b) yield moment is reached before separation at
bolt lines; and c) no prying action in connection.

B. Yield Moment before Separation

The two basic equations in this case are

l'b-Qa--}vt'/o;-Jt-Et—)‘ (3)

o, i 1}
LT} _A—.—-t = ;—t-r[Fu.l - (B—C)Gzl (4)

n which C is the compressive force between the end-plates at the

1t line, corresponding to the yield load of the connection. The

£ tionship between the bolt force, B , and the plate compression,

at the yield load of the connection is, [1,2)

36 -B

C=B, sr—5~ (5)
0 By - B,

The prying force, Q, is Q=B - F - C. Insertionof C andQ

Egs. 3 and 4 gives two equations, from which B and F may be

rmined. a, b, w, t, o, B & by oo e
im in the E’Iei:'edi;lg ;ecgfon'of mf Sr ¢ 0], a2 r s

No Prying Action

3 In this case, the prying force is Q=0, and thus p=1+Q/F =
1.00. The compressive force between the end-plates at the bolt line

8 C=0. With the bolt force, B, equal to the external force, F ,
yield load of the connection is determined from

rb-}wt‘/a;-u%)’ (6)
n which b, w, t, and o, are as defined in the preceding section.

" The theory developed includes consideration of the deformations
of the end-plates and the bolts. This means that the results ob-
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tained may be applied in establishing analytical load-deflection
curves for end-plate connections, which was also demonstrated in a
recent investigation by Yee and Melchers, [5].

The effect of prying action has been the subject of many inve-
stigations over the years, and considerable differences in results
have been obtained. This also appears from recent investigations.
Thornton [3] gives examples where prying action results in a 100%
increase in bolt forces, whereas Krishnamurthy (4] found in his
investigations that prying action may be totally neglected. Yee and
Melchers [5] recommend a fixed value of 33% increase, while Grundy,
Thomas and Bennetts [6]) use a fixed value of 20% increase in bolt
forces due to prying action.

In the present investigation, the influence of the various
factors affecting the magnitude of the prying forces was studied. A
computer analysis of a large number of connections (about 2800) was
carried out, varying the different parameters within areas of practi-
cal interest. From this analysis it appears that, generally, an
increase in the prying action in the connection, determined through
the value of the ratio p , will result from an increase in: (1) the
distance from the bolt line to the toe of the weld, b; (2) the bolt
diameter, df: and (3) the yield stress of the bolt material 47
i.e., initial bolt tension.” Generally, a reduction of the value¥St
B will be the result of an increase in: (1) the distance from the
edge of the end-plate to the bolt line, a; (2) the length of the end-
plate tributary to each bolt, w; (3) the plate thickness, t; and (4)
the yield stress of the plate material, o

On the basis of the results obtainn&' in the computer analysis,
combinations of the various parameters were investigated in order to
establish diagrams giving the prying ratio as a direct function of
certain combinations of the independent variables. It was ascer-
tained that the prying ratio may be determined, with sufficient
accuracy for practical purposes, from the values of the ratio b/a and
a dimensionless quantity, vy , defined as

wtlo
Y = gy (7)
B yB
5
p-1 | [ 1 | | T
& be +
100
L]
3 -
»
"
T Eols ik )
A e
€& | s
0 8 1.0 5. 208 %0 3% LD

Figure 5. Prying ratio at yield load of connection.
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1 The curves of the diagrams resulting from this investigation
- have been combined in a single diagram, shown in Fig. 5. The curves
!I. ve the prying ratio at the yield load of a connection with speci-

values of b/a and vy . The curves have been drawn for values of
Y 2 0.25. Smaller values of y are of no practical interest. For
v i. 2.85, no prying appears in the connection, and § = 1.00.

In the e:pezinental part of the investigation of end-plate
_ connections in beam sections, four series of tests were carried out.
: these, high-strength bolted end-plate connections in rolled IPE-
HEB-sections were investigated. In all the tests, the bolt
oxcu were determined by means of strain gages. The tests showed
t the tensile force in the connection may, with sufficient accura-
for practical use, be considered as uniformly distributed over all
bolts in the tensile zone. Furthermore, a comparison of the test
ults with the results from the suggested design method showed good
eement between the values obtained, the deviation in bolt forces
+ in most cases, only a few per cent.
The load-deflection behaviour of the connections was also stu-
ied in the investigation, and load-deflection curves are available
from all the tests carried out. With respect to details of the
kperimental investigation and the results obtained, reference is
to Refs. [1,2].

T-STUB CONNECTIONS

The investigations of T-stub connections carried out at the
nical University of Denmark were part of the study of the tensile
gone of end-plate connections. Two series of tests on high-strength
" bolted T-stub connections with either 4 or 8 bolts were performed. In
the tests, the bolt forces, the load-deflection curves, the yield
load, and the ultimate load of the connections, were determined and
- compared with corresponding analytical results.
- One of the main aims of the experimental part of the study was
to clarify whether end-plate connections may, with sufficient accura-
y for practical purposes, be designed as T-connections, with the
nd-plate behaving as the T-stub flange and the beam flange as the T-
~ 8tub web, The tests of the present investigation showed this to be
'the case. For further details of the results obtained in the inve-
| stigations on T-stub connections, see Refs. [(1,2,7].

ERD—-PLATE CONNECTIONS IN CIRCULAR SECTIONS

Bolted connections in circular sections - solid round bars or
_tubes - may also advantageously be carried out as end-plate connec-
_tions. In recent years, extensive use has been made of circular
B¢ ons in the construction of steel lattice structures, e.g. in the
m of towers (television, radio, and high voltage transmission
rs), root structures (space structures and lightweight plane
s), and cranes (tower cranes and overhead travelling cranes).

' The aim of this investigation has been to clarify the strength
and stiffness characteristics of high-strength bolted end-plate con-
nections in circular sections. The analytical and experimental inve-
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Figure 6. Bolted end-plate connection in circular section.

:tigaitiorés carried out concentrated on connections of a type as shown
n P go -

In the analytical investigation, a theory was developed that
permits the analfsis of bolted end-plate connections in circular
sections, including determination of the yield load of the connec-
tion, bolt forces, the effect of prying action, etc.

In the experimental part of the study, a test series was carried
out using bolted end-plate connections with varying round bar diame-
ter and end-plate thickness. The stresses in the end-plate and the
bolt forces were determined by means of strain gages.

A comparison of the results obtained from this test series with
those obtained by means of the suggested design method shows little
difference between the values obtained, the maximum deviation in bolt
forces being only about B%.

The yield load for the connection, as defined in the suggested
design method, is also in this case considered to be the load at
which the reduced yield moment is reached in the end-plate at the toe
of the weld. The use of this definition of the yield load will
result in some strength reserve due to strain hardening, but it also
means that heavy plastic deformations of the end-plate will be avoi-
ded. In the connections with thin end-plates, the ultimate load was
found to be more than 100% greater than the theoretical yield load.
For the connections with heavier end-plates, the difference was found
to be 25-75%.

It is the intention to continue the present investigation of
end-plate connections in circular hollow sections.

More details about this investigation and the results obtained
can be found in Refs. [8,9,10].

CONCLUSIONS

In the investigations carried out at the Technical University of
Denmark various types of end-plate connections have been studied.
For the three different connection types (end-plate connections in
beam sections, T-stub connections, and end-plate connections in cir-
cular sections) analytical investigations have been performed, resul-
ting in design methods that can be used to determine the strength,
i.e. the yield load of the connection. In a number of investiga-
tions, yieldline methods have been applied, and these methods are
useful in determining the ultimate load of end-plate connections.

e
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' However, they do not provide any information about the deformations
in the connection. The analytical treatment of the present investi-
.'tions includes consideration of the deformations of the individual
connection elements. Thus, these methods can be applied in the
‘analytical determination of load-deflection curves, as also demon-
Strated recently by Yee and Melchers [5]. Furthermore, the analyti-
cal methods of the present investigations may be useful in the study
Ofudynuically loaded structures and of structures subjected to
- gu..
; For all connection types studied, test series were carried out
0 verify the analytical results. Yield loads and ultimate loads
were determined, as well as bolt forces and stresses in the end-
plates. The development of prying action in the connections was
studied, and the deformations of the connections were determined.
he test results showed that the proposed design methods provide
ficient accuracy for practical purposes. The experimental results
obtained concerning connection deformations may contribute to a data
_base of load-deflection curves, if established.
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ABSTRACT

A limited number of tests have been carried out on weak axis - and on

3-D beam-to-column connections. On base of the first results obtained, some
conclusions are drawn.

INTRODUCTION

The behaviour of plane- or space frames may be analysed by means of
computer programs. Some of the latter can account for the semi-rigidity of
the beam-to-column joints. For beams (fig. l.a) that are connected to the
column flanges (strong axis connection), the information regarding the
behaviour of the joints is available. It is largely missing when the beam
(fig. 1.b) is connected to the column web (weak axis commection) [1] [2].
The question is still more intricate when 3-D joints (fig. l.c) because of
the interaction in the column web between both stromg- and weak axis comnec-
tions [3]. With a view to collect some data on weak axis - and 3-D connec~
tions, some tests were carried out at the University of Lidge. It is only

reported on those, the results of which have already been fully investiga-
ted.

The authors are indebted to IRSIA and ARBED for their financial assis-
tance in this research work.
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gure | - Types of beam-to-column joints : (a) strong axis connection ;
(b) weak axis connection ; (¢) 3-D connection.

WEAK AXIS CONNECTIONS.

When defining the test specimens, three main parameters were accounted
for : the type of connection, the relative beam—to-column stiffness and the
Slenderness h_/a of the column web.

1250

NN

3625

i5) tel ._.1_5_':‘9_..{

‘Figure 2 - Types of connections: (a4) end Figure 3 - Test arrangement.
plates ; (b) double web cleat
(¢) flange cleats
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Three kindsof bolted conmections were considered because of their cur-
rent use in practice : end plates, double web cleat and flange cleats (figu-
re 2). In order to exhaust the carrying capacity of the column web and to
assess the behaviour of the latter, rather thick angles or end plates and
preloaded high stremgth bolts (quality 10.9) were used. All the mechanical
and geometrical properties of columns, beams and connections were measured.

The basic data describing the set of test specimens are summarized in
table 1. For each type of joint, four beam-to~column stiffness ratios are
examined ; that allows also to change the slenderness ratio h_/a of the co-
lumn web, that is obviously a governing parameter. It will b€ noticed that
HEIBOA and HEI60B sections have a same weak axis inertia, vhile a very dif-
ferent web slenderness.

Test Column C Beam B Column Relative Type of
Web-slender-| stiffness | connection
ness h-!a B/C (fig. 2)
Al IPE240 IPE160 35,5 0,33 a)
A2 IPE240 IPEI60 35,5 0,33 b)
Al IPE240 IPE160 35,5 0,33 c)
Ab IPE300 IPE160 39,2 0,70 a)
A5 IPE300 IPEI60 39,2 0,70 b)
A6 IPE300 IPE160 39,2 0,70 c)
A7 HEAl B0 IPE160 25,3 1,06 a)
AB HEA1B0 IPE160 25,3 1,06 b)
A9 HEA180 IPE160 25,3 1,06 ¢)
AlO HEB160 IPEI6O 16,8 1,02 a)
All HEB160 IPE160 16,8 1,02 b)
Al2 HEB160 IPEI6O 16,8 1,02 c) J

Table | - Basic data for test specimens with weak axis connections

The test arrangement is illustrated in figure 3. The load is applied
at the cantilever beam and is increased progressively either up to collapse
of the connection, or up to a limiting vertical deflection (40 cm) of the
cantilever due to requirements of the testing facilities. The depth of the
column is similar to an usual storey height in a multi-storey frame while

the beam length allows to emphasize the bending moment with regard to the
shear force.

The vertical displacements at both ends of the cantilever beam and the
transverse displacements of the column are measured during the tests. With
the geometrical and mechanical properties of the sections used, these de-
flections allow for the computation of the relative joint rotation. This
rotation is composed of the rotation of the connection proper (slip, distor-
sion of connecting elements, elongation of bolt shanks,...) and of the rota-
tion due to the shear flexibility of the column web. Dedicated measurement
set-ups allow to distinguish between both rotation components. For instance,
figures 4 to 7 are dealing with the double web cleat connection A2; the ro-
tation of the connection itself is divided into one part due to slip and
another one resulting from the distorsion of angles.
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re & - Test A2: Joint Curve M—-¢ Figure 5-Test A2: Curve M-¢ due to slip
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;ﬂ!iguu 6 - Test A2: Curve M-$ due to Figure 7 - Test A2: Curve M-4 due to
' angles distorsion the flexibility of the column web

The assessment of the results will be limited to the tests on joints
with end plates, that are the sole to have been investigated in deep at the
present time. A complete report will be prepared by the end of 1987 [5].
Because of their thickness (30 mm), the end plates are so stiff that they
may be considered as not deformable. In addition, at the loading levels
reached at collapse, the effect of the elongation of bolt shanks can be dis-
regarded with respect to that of column web yielding. Thus the joint rota-
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tion is nearly due exclusively to the flexibility of the column web,
especially as soon as the onset of yielding. For this type of connection an
obvious similarity of the M-¢ curve of the joint and of that dealing with
the flexibility of the column web is observable (fig. 8). At the first be-
ginning of the loading, the behaviocur remains linear elastic and exhibics an
initial sciffness K., that is reproduced and recovered vhen the test speci-
men will be unhudes and then loaded again, vhichever the loading level rea-
ched. Then occurs a rather fast yielding of the column web, that is last
followed by a strain hardening range, the stiffness K_ of which is quasi
constant. According to Yee and Melchers [4), the yield bending moment M
will be defined as the one given by the intercept of the strain luuuninr
slope with the ordinate axis (fig. 8).

| M. [kNm )

Ki & irod)

0608 = 016 0.24

Fig.B8-Definition of the initial stiffness Fig.9-Comparison of web behaviour of
K., strain-bardening K_ stiffness different connections with end
and yield bending mome Rt l'!". plates.

The M-$ curves related to four tests on bolted joints with end plates
are showm in figure 9. Both tests Al and A4 (using IPE sections as column)
are represented by two nearly identical curves ; they provide a same value
of the initial stiffness K., of the strain hardening stiffness K_ and of the
yield bending moment M__. "The strain hardening stiffness X_ looks like ap-
proximately comnstant £3% the four tests, i.e. whichever thePslenderness h_/a
of the column web in the range 16-36. The initial stiffness X. and the
yield moment M__ are shown to increase rapidly when the llcndénul h_/a de-
creases. The 'experimental values of M__ are plotted in figure 10 against
the web slenderness. i
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Pig.l10 - Yield bending moment vs. slenderness of the column web.

Unlike for strong axis connections, no design model exists - at the
hors' knowledge - for weak axis connections, which would provide the ulti-
te carrying capacity of the joint. By observing the yield lines in the
lumn web, an attempt of establishing such a design model was made (fig.lI)

gh the effect of the web slenderness is qualitatively well reflected
ig. 10), some improvements of the model are shown necessary with a view to
better quantitative agreement. The consideration of more sophisticated
jield lines patterns in the column web as well as the account of membrane
ree - due to the out-of-plane deflection of this web = in the yield crite-
‘rion are in progress, so that a realistic design model can be hopefully ex-
‘pected soon. :

-

o
_J'\V,__ 1]

.

Figure 11 = Tedr AlO0 : Yield lines pattern
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3-b ,CONKECTIONS

The results of tests on semi-rigid joints with strong axis connections
(serie 0) are presented in another paper [6]. Tt is briefly reported here-
above on those dealing with weak axis connections (serie A). For a !
specified type of test specimen, both sets of results give two limiting *
points of an interaction curve (fig. 12), the aim of which is to show the
carrying capacity of a column web involved in a 3-D joint. Any other point
of the interaction curve would require tests on the associated 3-D specimen.
A limited number of such tests were performed at the University of Lidge;the
web slenderness and the type of connection were selected as the governing
parameters. The basic data for the test specimens are listed in table 2.

4 My(kNm)

My (KNm)

4 gtredl
0 0,08 0,16 0,24

c)

@ (rad)

Figure 12 - (a) Test Il:Limiting points of the interaction curve, (b) Curve
¥-¢ due to the shear flexibility (Test 04) of the column web ;
(¢) Curve M-¢ of the connection (Test AlD).
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i Test Column Weak axis Weak axis Strong axis | Strong axis
] beam ?I connection beanm ?2 Connection
E (fig. 2) fig. 2)
Bl 1) HEB160 1PEI60 a IPE200 a

N HEB160 1PE160 b IPE200 a

N 13 HES160 IPE160 c IPE200 a

0 IPEI00 1PE160 s IPE200 a

i 1 IPE200 1PE160 b 1PE200 a

i 16 IPE300 IPE160 c TIPE200 a

Table 2 - Basic data for test specimens with 3-D connections

The test arrangements were quite similar to those used for the tests
A joints with weak axis connections. The tests were performed by keeping
gonstant the load P, at the end of the weak axis beam while the load P, at
the end of the strong axis beam is increased progressively. The value of P
'ds associated to the onset of the bending moment M, derived from the test
on in-plane weak axis connection. Measurements are made similarly to those
rried out for the testing of semi-rigid joints with strong axis connec-
jions (serie 0) [6].

The behaviour of the column web, when a 3-D connection, can then be
pared to that when strong axis connection only. Thus the M-3 curves due
the shear flexibility of the column web are plotted in figure 13 for test
(strong axis connection) and Il (3-D connection). It is observable that

the rotation remains very small till the onset of yielding in the web of the
olumn fitted with a strong axis connection. The effect of shedr deforma-

cause of a more progressive yielding of the web. However the influence
the weak axis beam tends to be masked when approaching the ultimare limit

M.{kNm)

My [ kNm )

¢(rad)

002 004 0,06

Figure 13 - Comparisonof the shear 'Figure 14 - Interaction curve for a
flexibility of the column 3-D connection
veb between test Il and test 07.




68

Such a test on a 3-D joint, canried out as indicated hereabove, enable
todetermine one additional point of the associated interaction curve and:to
sketch the shape of this latter (fig. 14). Obviously more experimental °
points are needed to assess more precisely this interaction curve and to
suggest a design model for 3-D joints ; therefore additional tests will be
performed soon in order to implement the information.
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ANALYSIS OF JOINTS BETWEEN
STRUCTURAL HOLLOW SECTIONS
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ABSTRACT

Structural hollow sections with various shapes are used in various
‘ombinstions also with open sections. Furthermore, various joint config-
‘urations are possible, The large variety in sections, combinations and
int configurations make that many failure modes are observed depending
‘oh the geometry variables and loading.
A unified analysis is essential for a uniform presentation of the
sign rules. In this paper the criteria of failure, failure modes and
analysis are briefly discussed as a background for those not familiar
iwith hollow section joints.

INTRODUCTION

Recent research in Europe, Japan, USA and Canada has added new evi-
dence for the analysis of joints between hollow sections and combinations
with open sections. In these programmes various types of axially loaded
| welded joints have been investigated. The main objective was to enlarge
'ﬁu range of validity of the IIW recommendations [ 1] and to provide test
" evidence to check the effective width criteria.

The IIW recommendations cover T, Y, X, N, K and KT joints for vari-

_ous member combinations (figures 1 and 2).

Since research and analyses are carried out in various countries, a

" major objective is to achieve consistent recommendations. It is important
' that the designer understands the behaviour, failure modes and the result-
' ing design recommendations. This means‘also that similar failure modes for

' different joints should be treated in a similar way. Although there re-
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TYPES OF JOINIS

T= AND Y=JOINT X =JOINT
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Figure 1. Types of joints
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Figure 2. Member combinations

main areas which need further investigation, the current modified recom-

mendations show a large degree of consistency.

CRITERIA OF FAILURE

The static strength can be characterized by the criteria shown in
rig. 3, i.e.:
- ultimate load capacity (5)
- deformation criterion (2) or (3)
- visually observed cracks (L)
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Because of the non-linear load deflection behaviour there is no in-
ticnal agreement sbout the determination of the yield load or regard-
the deformation limit. For most types of joints the ultimate load is
ly defined.

k- 1 = elastic limit
,_"*
i _-~""\lmsion 2. geformation limit

] compression
© 2 3 = remaining deformation
8 3 Limit

& = crock initiation

5 = ultimate lood

—_—
deformation

Figure 3. Failure criteria

i¥or the design recommendations of the International Institute of Welding

: also for those included in Burocode 3, in principle the ultimate
ltran‘t.h is taken as basis for the determination of the design strength
{K, B, XT joints and other joints loaded in compression). The range of va-
) ty of the resulting formulase has been limited if the joint deflection
&t working load would exceed 1% of the chord diameter or chord width.

For joints loaded in tension in principle the same strength is given
aa for joints loaded in compression (buckling not governing). This means
A strength vhich nearly agrees with that belonging to the kink in the load-
deformation diagram (see figure 3). For joints which show excessive de-

" formations at ultimate load, e.g. T and X joints between rectangular hollow
sections with B < 0.85, the strength has been based on the analytical
yield strength determined with a yield linc model neglecting membrane and

v

 strain hardening effects. In this way the associated deformations are in-

S directly limited, however, in a conservative way.

Furthermore, in general the range of validity of the formulae has

been limited to avoid crack initiation below the design load.

Various proposals exist for the determination of a deformation limit
L4
or for the determination of a yield load, but none has been accepted in-

ternationally. For example, Kurobane uses the kink in the load-deflection
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diagram if plotted on a log-log scale; Mang is using B0% of the load at
which the maximum curvature in the load deflection diagram appears; Yura
relates the deformstion limit to the deformation of a member with a particu-
lar length based on offshore applications [7,8,9).

There is a need to describe the deformation for the various types of
Joints as a function of the joint parameters and the loading. This is es-
pecially important for joints loaded by bending moments or combined loadings.
In particular for multiplanar joints with multiplanar loading more evidence
is needed.

MODES OF FAILURE

Depending on the type of joint, joint parameters and loading conditions
several basic modes of failure can occur, as illustrated in fig. 4 for joints
between rectangular hollow sections:

a. plastic failure of the chord face or chord cross section
b. rupture of the braces from the chord (punching shear)

c. cracking of the braces near the joint

d. shear failure of the chord

e. local buckling in compressive areas of the joint members
f. weld failure

€. lamellar tearing
Many times failure occurs by combinations of the basic types mentioned above.

Due to the locally high peak stresses it is essential that weld fail-
ures are avoided. Thus the welds should be stronger than the connected mem—
bers.

Lamellar tearing can be avoided by choosing approapriate steel quali-

ties and welding processes, especially for heavy wall thicknesses.

Local buckling in the joint can be avoided by limitation of the vali-
dity range of the recommendations. This is important since the secondary
bending moments in welded trusses of hollow sections are rather difficult to

estimate. This is caused by the non-uniform stiffness along the perimeter

at the intersection between chord and connecting brace.




Figure L. Modes of failure for rectangular hollow section joints

ANALYTICAL MODELS

For the analysis of the various failure modes analytical models are
used to determine the governing joint parameters for the ultimate strength,
e.g. :

‘8. BRing model (cC joints)

b. Punching shear model (CC-CR-RR joints)

¢, Effective width model (CR-RR-RI-CI joints)
d. Yield line model (CR-RR joints)

e. Chord web bearing models (RR-RI-CI joints)

f. Model for shear failure of the chord (all K and N gap joints)

For indication some of these models are shown in figs. 5, 6 and 7. A de-
tailed description of these models is given in [3, 6]. Due to the complex
Jjoint behaviour these models cannot fully describe the influence of all ine
fluencing parameters.

TEST EVIDENCE

All types of joints discussed in this paper have been extensively
tested in many countries all over the world [ 3,5,6].
Based on the analytical models and the *test evidence, the ultimate strength
formulae have been determined.
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Figure 5. Ring model for CC joints

Figure 6. Punching shear model for CC and RR joints

Figure 7. Chord side wall bearing model for RR joints
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EVALUATION TO DESIGN RULES

Purely experimental design rules should, in principle, be avoided
no other information is available and the limitations are clearly

d. However, only for particular failure modes pure analytical design
can be used. For the more complex joints the design rules are of a
pirical nature.

The strength functions which are based on an analytical analysis
d which describe a "yield" strength are not treated in a statistical
nner, As far as these joints show a ductile behaviour the analytical
h function is adopted as design strength.

From the semi-empirical ultimate strength formulae characteristic
have been obtained using a semi-probabilistic approach [ 3,4,5,6,7

d8].

alts, but also the variation in mechanical properties and dimensions

All variables have been taken into account, e.g. scatter in test

pd the fabrication tolerances. The resulting formulae are sometimes simpli-
jed for practical use.

The characteristic joint strength N, representing the strength that
of the joints are expected to reach, is divided by a partial joint fac-
'(. to obtain the design strength K. The partial joint safety factor
. adopted in the IIW and Cidect recommendations varies between 1 and 1.25

pending on the joint deformation capacity and the reserve in strength.

RECENT ADOPTED MODIFICATIONS TO THE IIW RECOMMENDATIONS

Recently, modifications have been adopted to the IIW recommendations.
Joints between circular hollow sections the formula for the design

strength for overlap joints with a high chord diameter to thickness ratio.

For joints with a rectangular section or an I section as chord, the
" range of validity has been extended, particularly the width to wall thick-
5 'n.n ratio. Depending on the type of joint, plastic design sections or
compact sections can now be used for the compression braces. For these
| joints also the effective width criterip have been modified. The updated
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FUTURE RESEARCH

e e e - =
Subjects of further investigation are :

- multiplanar joints under multiplanar loading

- interaction between axial loading and bending moments

- beam to column connections

- stiffness and deformation aspects (behaviour and limits)
- local buckling behaviour

~ influence weld configuration and weld size

- stress concentration factors (RR-CI-RI joints).
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STRENGTH OF WELDED CONNECTIONS WITH HOLLOW
SECTION BRACINGS AND | OR H SECTION AS CHORD

J.M. ARIBERT
Structures Laboratory
Institut National des Sciences Appliquées (INSA)
35043 - Rennes Cedex - France

ABSTRACT

The topic relates to the failure by cracking of the bracing elements, consi-
ring three different types of connection. It is shown how to determine accurate
sign formulae towards this failure, using both experimental tests and theoreti-
modelling by plastic mechanisms.

INTRODUCTION
" This paper deals with the ultimate strength of a particular type of semi-rigid

ders. This type of connection results from the association of a chord with an

open section (I or H) and bracing members with hollow sections (rectangular

or circular). Several failure modes have been observed for these welded connec-

tions, but one of these modes must be specially controled for design ; generally,

it is called "failure by transverse cracking of the bracings", butin reality this

re mode includes two phenomena : the first one is a sudden fracture of the

‘weld when the bracing member is in tension ; the second one is a local buckling

of the end of the bracing member when this member is in compression. Concer-

'ning this transverse cracking failure, it is possible to obtain accurate design for-

. mulae by combining an empirical approach and a theoretical analysis based on

stic mechanisms. The aim of this paper is to give some ideas about a such pro-

cedure, essentially for the X type connection in tension ; however, a more gene-

ral application of the procedure is briefly shown for two other types : the K

" type connection and the X type connection in compression.

na.mrm i[\ figure ‘I{ the stress distribution at the bottom of the bracing member
utely not uniform because the flexural stiffness of the chord's flange is

~ stronger near the web than near its edges. In order to express this varyin& stif-

. Iness, most of the norms use the practical concept of "effective width be i con-

sequently, the strength towardsthe cracking failure is calculated by :

Nei = 20y, Y b, m
i = | for compression and i = 2 for tension).

Generally, b_; is given by :




Figure |. Geometry of the X type connection

by = 2t +¢ 1 (2

where t, and tg are the thicknesses respectively of the web and the flange of the
chord. The constant ¢; depends on the used norm ; for example, the French Stan-
dard NF - P - 22 - 255 [1] recommends the following values :

= k_E_ (3
i%,1,2
with k, = 60 (compression) and k, = 85 (tension). It must be emphasized that the

associated formulae (1), (2) and (3) take into account a safety factor of 1.4 ; it

is important to know this point for comparisons which might be made between the
application of the previous regulation formula, or others, and experimental re-
sults.

In order to possess a better knowledge of the cracking failure, a specific ex-
perimental programme of about fifty connections of different types (X, K and N)
with different sections (3, @ and H) has been carried out at the INSA of Rennes
during the period 1981-1984. The studied parameters were the geometrical dimen-
sions of the sections (t, ,, b, , and hy,2 for the bracing members, t_, t; and b
for the chord), the yield stresses of the members loyo' °y1 21 and the anglesﬂl 2

L L

between bracings and chord. A complete information about the data and results
of all these tests may be found at the references [2, 3]

PROPOSED FORMULATION FOR X TYPE CONNECTION LOADED IN TENSION

Only from the analysis of the experimental results, we have been able to deter-
mine the main influence of the previous parameters on the ultimate load, and

we have proposed a new design formula for the X type connections in tension :
2 t °y2

N
e = .
sin 92

1
[ty + 2 1) + 9.3 %Bzh, e LR

In figure 2, a comparison between experimental ultimate loads Nuz and the cor-
responding loads N2, given by the formula (8) shows a satisfactory agreement
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Figure 2. Comparison between experimental results and the formula (&)

s safety factor 1.4 is taken into account ; more exactly, the mean relative
viation of the points towards the line N , = 1.4 Ngz is 9 % whereas it was 20 %
h the formula (1), (2) and (3).

.~ We have supplied the empirical formula (4) with a theoretical modelling which
pws to calculate N ., by means of a specific mechanism by yield lines. This
anism is locatedh the chord's flange ; it is schematized at the figure 3 in
case of a rectangular hollow section with 8, = 90°. The dimension k can be
A ted by minimizing the internal work dissipated in the yield lines AC, AD and
B ; furthermore, the uniformly distributed load q  is equal to the yield stress

o multiplied by the thickness t., because the mechanism of the flange must be
flematicly consistent with the yleld deformation of the bracing member. From
Ms value of q , we can deduce the unknown length x of the loaded part which

s parallel to the chozrd's web :
;&Tldyoil‘(bf-m)»hzfﬁl.bz-m : %

X
n(l:.2 -m) t, °yz 4

 then, if 0 < x -&hzll’. the ultimate strength of the connection is calculated by @

(cal)
Nz =21, oﬂ by + 2%) . (6)

x ;I‘lzlz. we have of course :
(cal) _
Nuz = 2 ‘zﬂyz (bz * hz, ='Ny2 . (n

.!- remark may be made about the distributed load q ; in reality, this load cannot
| uniform along the length x because the stress distribution has an elasto-plastic




Figure 3. Yield pattern for the X type connection in tension

nature, Butthe hypothesis with q uniform is valid for a Limit Analysis because
the vertical displacement along the length x is constant for the studied mechanism;
in a way, x may be considered as an equivalent length for a rigid-plastic behaviour.
The previous modelling has been easy generalized [4] when the bracing mem-
ber is not perpendicular to the chord (B, # 90°) ; the distribution of the load q is
only different.

Many comparisons have been made between the calculation model and the ex-
perimental approach ; they confirm fully the good accuracy of the empirical for-
mula (4) from a point of view both local and global. For example, the figure 4

"“n .:l' Iﬂ
W g g

L

Mechanism of the i R .
tange

|~ "l; CHORD : by + 300 mm ;0. + 333 MPa § 1 = 1/1.63

mlﬂlﬂl’leﬂ-nih

1 ] R =

10 1 20
Figure 4. Example of local comparison between the empirical formulae
and the calculation model
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shows such a comparison for a given connection, but with a variable thickness t
of the chord's flange ; we can see that the empirical formula (8) is clearly closdr
to the model results than the norm's formula (1), (2) and (3). In another way, the

figure 5 deals with a global comparison for various manufactured profiles, up to a

(kN)§ 4 Nz
| or - e
o k- 14 Nez s X TYPE COMECTIONS
o E (Square hollow sectlons)
- l’-”'
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Figure 5. Global comparison between the empirical tormulae
and the calculation model
depth equal to 600 millimeters. The horizontal axis of the diagram relates to the
ultimate load N(:;l) given by the theoretical model ; the vertical axis is meant to
represent either the norm's load N_, or the load N::Z given by the empirical

formula (4). Here again, the formula (4) is in perfect agreement with the model,
for the whole field of application, whereas the norm's formula shows a real de-
viation.

GENERALIZATION TO OTHER TYPES OF CONNECTION

Hereafter we present only two generalizations, but a more complete study may be
consulted at the reference [4).

For the K type connections with overlap, experimental results have allowed to
propose the following formula for the strength of the bracing member in tension :

» t,0 o, t
Nd:;i’n_oli e, +2r)+ 93 22, - =)
2 Uyz 1.75
2h t o
ey
S O YRR W, ST S S L (2)
12¥2 " Asine,

This sophisticated formula includes three terms : the first one is equal to half the
ultimate load of the bracing in tension if it is considered alone ; the second term
relates to the strengthening due to the bracing in compression. And the third term
results from another strengthening due to the effect of the overlap area 2 h_t.
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A model by yield lines has been found in good agreement with the formula (8). As
shown in figure 6, the main characteristics of this model are the following ones :

Figure 6. Yield pattern for the K type connection with overlap

1/ the exact position of the yield line BE (defined by the dimension n) is cal-
culated by minimizing the ultimate load of the bracing member.

2/ The distributed load along the perimeter at the bottom of the bracing mem-
ber is assumed to have three different consgant values according to the part of this
perimeter : the values q sin 8, and qy sin © B, are consistent with the yield defor-
mation of the bracing member near the lines AD and BE ; as for the middle value
q, its calculation ts from the equality between the internal work and the ex-
ternal work of the mechanism.

3/ The relative displacement between the two bracing members is only pos-
sible if the overlap area is locally yielded by shearing.

The second generalization that we are going to present now, deals with the
failure by buckling of the X type connection loaded in compression. Experimental
results have led to the formula :

%o 3
NC.I =2tl °yl [{tw+2r°)+k.oq(tf o?tl)] (%)
in which the influence of the angle parameter 01 is knowingly neglected on account
of the nature of the failure.

The formula (9) has been checked by means of a mechanism including two parts, as
shown in figure 7 : one part is in the chord's flange with a pattem like that of the




Mechaniss with buckllng State of the bracing
before buckling

Figure 7. Yield pattern for the X type connection in compression

connection in tension (fig. 3) ; the second part of the mechanism takes place near
the bottom of the bracing member where second order geometrical effects must
be considered for the calculation (so, at the figure 7, AH and & are finite dis-
placements before buckling). The kinematic consistence between these two parts
requires the equality between the vertical displacement of the flange's edge and
the height variation &/ of the yield pattern in the bracing when buckling occurs.
Finally, the calculated ultimate load N ., of the connection becomes a function

of two indeterminate parameters : the lMi'tia] value A for the height of the yield
pattern in the bracing, and the angle ¢ expressing the wall deformation of the bra-
cing before buckling. Founding upon some experimental observations, we have adop-
ted ¢ equal to b, /& ; by another way, we have calculated ¢ for each type of con-
nection, assuming that the displacement of the flange's edge is equal to b[,-'lDO.

CONCLUSION

The theoretical modelling turns out to be in satisfactory agreement with all the
available experimental results ; besides, it provides a mechanical interpretation
to the design formulae which were empirical up to that date. It also allows to
develop a certain critical analysis of both the accuracy and the field of application
of these formulae ; if the failure mechanisms of the different parts of a connec-
tion were well-known, this field of application could be better defined by a ra-
tional way (for example, see the figure 4).¢
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NUMERICAL SIMULATION OF THE BEHAVIOUR UP TO COLLAPSE OF
TWO WELDED UNSTIFFENED ONE-SIDE FLANGE CONNECTIONS

Miss Wajd ATAMAZ SIBAI and Frangois FREY

IREM, Department of Civil Engineering, Swiss Federal Institute
of Technology, CH-1015 Lausanne, Switzerland

ABSTRACT

Unstiffened one-side welded flange connections of hot-rolled H sec-
tions have been tested by Klein under simple bending loading; moment-
rotation curves and plastic capacity of the nodes are also proposed. Here,
two of Klein's nodes are computed up to collapse with a nonlinear finite
element code. The numerical simulation emphasizes the importance of strain
hardening; it also helps one to understand the detailed mechanical behav-
jour of the node, from which nonlinear spring constants can be deduced
with a view to performing a beam analysis. The two nodes are also computed
under pure bending action, which leads to a more severe loading condition
than simultaneous bending and shear; hence it is concluded that Klein's
proposals should be slightly improved.

INTRODUCTION

Within the framework of a Swiss-Austrian joint research project,
Klein [ll studied unstiffened welded flange connections of hot-rolled
1 and H sections in an experimental way. In his thesis, he proposed simple
expressions for "beam moment - beam rotation" curves {Ib— a, see Fig. 7a and
10) and plastic limit loads of such connections.

We present here the detailed numerical study of two of these connec-
tions. Material and geometrical nonlinear effects are taken into account,
although the latter is far less important than the former. We use the
computer code FINELG [2] of IREM and MSM (University of Lidge).

The aim of the numerical simulation is twofold :

1.- to understand deeply the mechanical behaviour of the connection up to
collapse; »

2.- to derive a model including nonlinear springs, which expresses the
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semi-rigid "moment - relative rotgtion" M-® behaviour with a view to

performing a beam analysis of the connections and, further, of

frames.

The selected specimens, named NR4 and NR16 in [1], are unsymmetrical
one-side connections consisting of an IPE 330 beam welded to a HEB 160
column for NR4, and of a HEB 500 beam welded to a HEB 300 column for NR16
(Fig.1). The test loading is a concentrated force at the beam tip; thus
the connection is submitted to both bending and shear; in practice, how-
ever, the ratio of shear is generally less important; for comparison pur-

poses, a second load case of pure bending has been numerically performed.

— M2
-y NR4 : L
8 a = 698 mm 7‘@
b = 510
©| a P ¢ =510
y = IPE 330
= HEB 160

‘ )... ® NR16 :

s s a8 % 4 8"

a = 580 D
b = 550 Al
& v c = 540
= HEB 500
g. HEB 300 Simple bending (P) :
p:& VheVe and No 7/ 0; Mcg and Mg £ My/2
: beam moment at the beam- Pure bending (M) :
" column junction VpoVgolgo 05 iy = Ky = /2

Figure 1. Test set-up (after [1]) and free-body diagram of the node.
Simple bending load case : P (= M, = P * a); pure bending load case :
M, N/2, W2 (= Mp=MN).

NUMERICAL MODEL

The geometry is discretized into a 3D model of shell elements (webs
and flanges) and beam elements (end plates and stiffeners). Fig. & gives
an idea of the mesh. A geometrical imperfection is introduced in the column
web at the beam compressed flange level, allowing for possible web buckling
(Fig.l). The out-of-plane magnitude is taken from the rolling tolerances. I

Steel is supposed to follow a piecewise linear law shown in Fig. 2;
yield stress is taken from [1], strain hardening parameters and ultimate
stress from [3]. The 2D elastoplastic state of stress is dealt with using

the incremental flow theory and von Mises yield condition. Parabolic
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patterns of rolling residual normal stresses in flanges and webs are taken
according to the ECCS recommendations [4]. Welding imperfections are not
considered. Complete data may be found in [5].

14
]-.U ............. E = 2.1+10% N/om?
f
y A% Egy = 4000 to 5000 N/mm?
f

= 271 to 355 N/mm?

i y
i f, = 39 to 485 N/m’
E 1€y £ €gy * 161 to 2 %

Figure 2. Stress-strain curve (mild steel).

Moment-deflection curves Ih-v are shown in Figs. 3 and 4 (for 'b and v,
see Fig.l); simple bending curves are to be compared with the experimental
ones. We conclude that :

a.- ‘the agreement with the experimental results is satisfactory;
b.- pure bending is more severe than simple bending;

c.- the initial stiffness is larger than the experimental one;
d.- strain-hardening occurs very quickly (point B);

e.- unloading is linear elastic (Fig.4).

140. [ My (kN-m) Test (1)~ . Test[l] it
(200)] (P. k) T G2 mn) 3"‘3,::;;{,

(728)

Simple bending

s W

5 H H H ."r__
/-&l’un bending ;
H )

.-"""" :
_»"¥Pyre bending

ool e =t S LN L 1 S L
“022- : yielding begins (364) : EJI :
strain hardening begins A li I {
- i T Y ST A
NA4 E . NRie

o2 : 55 V'[C!] L 2. 32 v(cm)

Figure 3. Ib-v curve for NR4. Figure 4, Hb-v curve for NR1G.
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Figure 5 shows the progressi'v_u spread of plasticity in the webs of
connection NR4 loaded by simple bending. The flanges (not shown) are com-
paratively not very plastified. Hence,

f.- collapse of the connections happens mainly by total plastification of

that part of the column web which is adjacent to the beam.

P=
88.6 kN 103. 14, 135.
(A)
(T e i '
H
P
; .,
\ A A
L] ' T
. -
140. 151. 180, 191. kN
w (B) (max)
L}
Figure 5. Web plastification of NR4 connection at various load levels

(simple bending).

Global and detailed web deformation of connection NR4 at collapse is
shown in Fig. 6. Although it is rather complex, the two main causes of

the node flexibility [1] are clearly visible :

g.- local deformation near points B and C, i.e. at the beam flanges
Junction;
h.- shear deformation.

More detailed results may be found in Ref. [5].

CONNECTION FLEXIBILITY AND SPRING MODEL

If we simplify the global deformation of the ABCD web panel of Fig.6c,

assuming straight edges, we obtain the quadrangle of Fig.7a; this defor-
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Figure 6. Web deformation of connection NR4 at maximum load (simple bend-
ing case; displacements magnified 3x); (a) full structure; (b) connection
region; (c) enlarged ABCD "column-beam" web panel.

mation may be divided into two parts :

l.- the transversal effect of the beam flange forces ?h (one elongates AB,
the other shortens CD) results in a relative rotation ¢ between the beam
and the column axes; this rotation concentrates mainly along edge BC (Fig.
7b) and provides a first law M -y;

b
2.~ the shear effect, due to the shear force Vn in the web panel

Vo =Ty = Vo = (Rt 0, )0y « 00 /0,, ,

results in a relative rotation y between the beam and the column axes

(Fig.7c); this rotation occurs mainly along edges AB and CD and makes it

(o] b
(b

Figure 7. Global deformation of the connection (a) decomposed into the
beam flange effect (b) and the shear effect (c).




90

possible to establish a second law auc/);b-y.

This latter rotation is larger than the former; moreover, in pure
bending, \I'c = 0 and thus the shear force Vn increases. This explains why
pure bending deforms the connections more than simple bending.

The two laws llb—.p and ﬁlc/hh-y have been derived from the numerical
model and are plotted in Fig. 8. They can be used in a T-sping model of

M, (kN.m) BM, /hp (kN)
400 e JORLC

e P

A

B Bt e h
“ :
'l:simﬁ;' ........... : P
NR16 2.pure [P®Nd: -
8. sl s SPRINGS :
= o o = ! 1: 8M /by =Y
o o o o c'"b
o ol @lrad) o ol 'y lrad) )
: i H % - ¢
Figure 8, Relative rotation laws for connection Fig.9. T-spring model
NR16. for beam analysis.

the connection; this model consists of three short beam elements and
springs (Fig.9). It simulates the whole "M-$" connection behaviour and can
be used in a standard beam finite element numerical model.

THE T-SPRING/BEAM MODEL APPLIED TO THE TESTS

The effective rotation a of edge BC (Fig.Ba) is plotted in Fig. 10 as
a function of the corresponding beam moment "b' Experimental [1]. proposed
[1], finite element and T-spring/beam curves may be compared :

(a) the T-sping/beam model is accurate;

(b) the tabulated values proposed in [1] make no distinction between :
(bl) yield limit {fy) and strain hardening,
(b2) simple and pure bending.

DISCUSSION AND CONCLUSION

A 3D finite element computation is a fruitful complement to laboratory
tests. A simple and accurate three node T-spring model, which applies to




1: estimated from [1]
i 2: simple proposal of [1]
SB: simple bending
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a finite element results

S

i PB: pure bending

. '
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O T-spring/beam model
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Figure 11. The 3 spring

model (a) reduced to an

equivalent 1 spring mo-
del (b).

Figure 10. I.b-u curves for NR4 and NR16 connections.

beam analysis of fixed and sway frames, is derived. Any additional flexi-
bility (due to bolted connection for instance) can easily be added to the
spring laws. A two node L-spring or four node X-spring model can also be
developed for other types of connections.

Reducing the one-side T connection flexibility to a single beam-to-
column spring (Fig.ll) appears tempting but dubious. The alclhb-y law can
be transformed into an equivalent Kb—.p law such that beam deflections are

equal in both models [5]. Hence, the whole
M-¢ flexibility is concentrated into a
single Hb-ﬁ' spring, but the second order
effects in the columns, for instance, are
erroneously and unsafely reduced (uz <up,
see Fig. 1llb).

Klein's proposal [1] should be refined

to distinguish :

1.- simple plastic behaviour from strain
hardening one,

2.- simple bending from pure bending.

I_l'mdeed. the column shear force is
smaller in practice than in the laboratory

tests; the ratio V_ /Fb is about 0.3 in the
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tests, but probably less than or equal ,to 0.1 in current building practice.
Note, moreover, that this ratio varies during the loading history of a
structure up to collapse.

In conclusion, the authors are of the opinion that the flexibility of
the connection should be based on pure bending action.
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OF
LOCAL ANALYSIS PAPERS

A significant amount of attention was given to the prying force
phenomenon, and distinctly different methods of computation and design
code incorporation appeared to be in use in various countries. There
seemed to be general agreement that prying can constitute an important
additional load in tension-type bolted connections, although comments
were made to the effect that prying has traditionally been over-
estimated. It is clear, however, that with prying as a deformation -
induced force in many types of connections, some recognition must be
given to the attendant reduction in the available external load-carrying
capacity of the bolt. In other words, prying reduces the bolt capacity,
but only because some of it is taken to resist the deformation - Induced
effect. The ultimate strength of the bolt itself i{s not influenced.

It appears that design practices in Europe, as reflected by the
r tly 4 d Eurocode 3 - "Steel Structures" and North America (AISC
Specifications for U.S.A. ; C.S5.A. Standard for Canada) are similar in
the way prying is treated. Thus, although there are researchers and
designers that feel that prying need not be considered, the general
consensus now is to incorporate the prying effect on the load side of the
design equation. However, changes may be forthcoming, especially
considering the importance of fatigue behaviour of tension connections,
and the fact that prying in such cases will work to reduce the overall
tensile strength of the bolt. Further, the Danish results cover a large
range of connection types, with good correlation.

Several speakers and discussers dealt with the subjects of material
strength and behaviour in general, and their application to connection
performance and design in particular. Suggestions were advanced that the
ultimate stress of the steel should form the basis for connection design,
rather than the yield stress. However, several comments were made to the
effect that this way lead to unacceptably low margins of safety against
local steel cracking, due to the high degree of restraint that is likely
to prevail., This is particularly accentuated for higher strength steels,
where the ratio of ultimate stress to yleld stress may drop well below
1,30,

Exceptions to the above obervations certainly apply in the design of

bolted connections in bearing, as pointed out by numerous speakers and
discussers. In these cases it is critical to bear in mind the deformation
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capacity of the joint, particularly in the vicinity of the last bolt in a
row. Previous American allowable stress design criteria used a bearing
stress of 1,5 times the ultimate value ; this has recently been reduced
to 1,2, due to large hole deformations in the plate or member material at
the higher stress. European criteria currently utilize a comparable
bearing stress value of 3,0 times the yield stress ; this will likely be
changed in the future, to reflect the use of the ultimate stress, A value
of 2,0 to 2,5 may be adopted ; the former will be comparable current
North American practice.

Modeling methods and solutions received significant attention, and
it was clear that numerous and highly advanced finite element programs
and procedures are now available for the solution of one-, two- and three-
dimensional local analyses. Material and pgeometric properties are
considered, as are the gradual spread of yielding, stability effects, and
so on. It was noted that parametric investigations of this type will
permit the determination of the most important factors for the behaviour
and strength of the connections, as well as the separation of the
individual effects. For example, several speakers pointed out that it is
important and useful to determine how much of the total rotation in an
end-plate connection that can be attributed to end-plate bending, how
much to bolt elongation, how much to column flange bending, and so on.
Finally, although some three-dimensional experimental work has been
performed for beam-to-column assemblies, with reasonable correlation
between tests and theory, much work needs to be done to improve the total
data base.

Several contributors adressed the needs for consideration of
serviceability and ultimate limit states for connections, although no
general consensus nor conclusions were arrived at. It was felt that it
may be premature to consider such criteria, since the responses of
connections vary so widely, and the controlling factors can be widely
different. For example, the question of local cracking was mentioned in
several cases, as caused by weld contraction strains through lamellar
tearing and other weld problems. Clearly, this focuses attention on the
needs for wunderstanding the response of the material itself under a
variety of conditions, but most of all under the type of restraint that
it will only experience in the connection regions of a structure. It
would appear to be better to define overall modes of failure, and to
identify the ones that are preferable in terms of ductility, deformation
levels, and overall behaviour. This will remove some of the problems that
can be encountered when purely theoretical solutions appear to predict
unreasonably high local stresses, for example, especially i{f the latter
is based on a computational model of limited sophistication.

Summarizing, numerous advanced models of behaviour are currently
available for the analysis of connections, and the correlation with test
results is generally good. The tools for solving most, if mot all types
of connection analysis problems therefore seem to be at hand.
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Researchers traditionally depended almost exclusively on expensive
laboratory tests to understand the behavior of connections in steel struc-
tures and to derive empirical rules for design. Finite element modeling
appears today as a valuable and less costly alternative (or more precisely
a complement) to laboratory testing. The finite element method is no
longer an esoteric and inaccessible tool in view of recent developments in
the fields of numerical analysis, computer graphics and computer power. In
this short paper, we intend to describe the research and development
efforts done at Laval University which leaded to modeling of steel connec-
tions by the finite element method.

The experimental approach to study the behavior of connections in
steel structures will certainly remain the most popular for still some
years but because of the high costs involved, researchers are increasingly
looking for less costly but acceptable alternatives. The most obvious
alternative is modeling by the finite element method.

Due to the highly complex nature of connections and the large number
of parameters involved, numerous tests are required before an adequate set
of empirical formulae is developed for the design of a specific type of
connection. It appears to be more rational and more economical to develop
numerical models to play with the various parameters and to check the
accuracy of the numerical models against the results of an appropriate
number of experimental tests. Not only are experimental tests needed to
validate the models but they are also required for calibration purposes.
Using finite element models therefore does not mean discarding or discred-
iting laboratory testing and never will.

Such a vision is shared by many researchers but it is not until
lately, with the development of more powerful elements and numerical
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techniques, and the rapid evolution of computers and computer graphics that
it is believed possible. To come up with acceptable models, however, is
not a simple task and requires several years of research and development.

Since we cannot be too specific due to the limited length of the paper
and the large variety of subjects to cover, we will limit ourselves, in
the next sections, to a condensed presentation of the computer programs we
use and to brief descriptions of some elements and techniques of resolution
which are more appropriate than others to simulate the behavior of connec-
tions and some which have been developed specifically for that purpose. We
will finally present some applications and point out items requiring
further research and development.

The numerical simulation of steel connections is one of many applica-
tions resulting from developments done over the last twenty years by a
group of specialists and several students at Université Laval in Québec and
at Université de Technologie de Compiégne in France. A modular finite
element code called MEF [1] and an interactive graphic pre post-processor
called MOSAIC were created and are in continuous development. MEF contains
a library of over sixty standard elements plus as many specialized elements
which can be used for two and tridimensional structural and solid mechanic
applications. About twenty other elements are presently under development.
The standard and special elements and modules are used to solve a large
variety of problems: linear elastic, nonlinear (plastic, large displace-
ments, large strains), stability, vibration, dynamic, contact, composite
materials, etc... Also, many other specialized elements have been prepared
for specific applications in fluid mechanics, hydraulics, heat transfer,
accoustics, form optimization, etc...

We are presently capable of adressing problems like friction, slip,
contact, plate stiffening, plate stability and plasticity which are gener-
ally associated with structural steel connections. Bolting and welding can
also be reasonably modeled in 2-D and 3-D applications. The types of
problems we can analyze are numerous but we do not pretend to be able at
the present time to offer an acceptable solution to every one of them.
There is still room for improvement and more research is required, as shown
later.

SPECTALIZED ELEMENTS AND MODULES

Plate and Shell Elements

The library contains a good selection of triangular and rectangular
plate and shell elements which can be used for elastic, elasto-plastic and
stability analyses of connections (2 - B8]. Stiffened plates in two and
three dimensional applications can be properly handled.

Elements
Welded and bolted connections in linear two and tridimensional appli-
cations can be grossly but properly represented by calibrated springs or
bar elements ([9, 10, 11]. This obviously constitutes the simplest

representation.
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Bolts can be represented by a combination of bar elements [10, 12,
13]. As shown in Fig. la, two bars are used to simulate the bolt prestress
and a third is used to simulate shear. This principle was adapted to two
as well as tridimensional nonlinear elasto-plastic models.
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: : 3 Q@ l .—‘ {

© @ Prrostress sloments [E] Shear slement

(®  shear element [2] contact alement

a ) 3 bar representation b ) Slip and contact simulation
Fig. 1 -- Bolt modeling .

Contact elements

Contact between two solids can be modeled by a set of nonlinear ortho-
gonal springs calibrated according to the nature of the contact between the
surfaces [10, 14, 15]. These elements can represent separation or firm
contact between solids and perfect slip or friction according to Coulomb's
law.

In order to account for slip and contact in a bolted connection, a
contact element is coupled with the bar element which simulates shear, as
shown in Fig. 1b [10].

Weld element

Two welded plates can be roughly modeled considering they behave mono-
lithically. A more refined model is obtained using springs, as mentioned
previously, the spring constants being ultimately determined from experi-
mental tests on the weld material [16].

For a detailed representation of the behavior of fillet welded connec-
tions, we have developed a 15 node tridimensional prismatic quadratic
element which is used in combination with a 20 node tridimensional hexa-
hedric quadratic (Brick) element to represent the connected plates [11].
These elements allow a representation of the elasto-plastic behavior of the
material considering strain-hardening but were developed assuming small
strains and small displacements. The angle of loading with respect to the
orientation of the filled weld is automatically accounted for in the model.
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The inherent mechanical properties of the weld material were obtained from
recent test results [17].

Each one of these elements has been tested and calibrated against num-
erous published experimental and numerical results. The details can be
found in the various papers and reports.

Modules

A large amount of sophisticated numerical techniques had to be devel-
oped or implemented and tested to simulate nonlinear plastic and geometric
behavior as well as post-buckling behavior and, to some extent, large
strains [9, 10, 11, 18]. These are contained in special modules which
interact with MEF.

APPLICATIONS

At the present state of development, the MEF and MOSAIC programs and
the various specialized modules and elements can be used to study a large
variety of steel connections and problems. Although we are still in the
early stages of our research and development program on modeling of steel
connections by finite elements, we have been able to analyze a number of
representative examples [10, 11]. Some of them had already been studied
numerically or experimentally and were used to validate our numerical
models.

Due to space limitations, it is not possible to present the results of
our analyses; these will be published elsewhere. Sketches of some of the
connections considered, however, are presented in Fig. 2. Problems like
friction, slip, contact, plasticity, prying action and stress distribution,
among others, were properly adressed. We are at the present time doing
full numerical and experimental studies of standard girt-to-column connec-
tions used in light steel buildings (see Fig. 2d) and of standard column
base plate connections, such as shown in Fig. 3.

Following is a list of items we have identified for future research
and development:

- A major project, already under way, is to create an expert system
for nonlinear resolution in which the different techniques will
be used in a simple and efficient manner.

- A routine for graphical color representation of stresses in
nonlinear 3-D plastic models is yet to be fully implemented.

- For the simulation of tridimensional welded connections, we shall
develop an element which would consider second order terms since
deformations can be quite large in fillet welds. Using proper
experimental data, it shall also be possible to include residual
stresses in welded connections. These two additions would cer-
tainly improve our model. Moreover, tridimensional modeling
requires the use of powerful computers and the acquisition of a

r
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vectorial processor will improve our ability to perform sophis-
ticated 3-D models.
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Fig. 2 -- Examples of connections studied .




101
Baose plote — .
y -y
Anchor bolt
: m—rmJ
o) Plan view b) Side view

Fig. 3 - Typical column base connection

The bolt model shall be improved since ultimate traction and
shear resistances seem to be overevaluated when compared to
available experimental results. This could simply be done by an
appropriate calibration of the bar elements. Besides, plastic
failure criteria shall be implemented for welds, bolts and
plates.

What probably constitutes our most challenging project is the
development of a global finite element computer program for frame
analysis which would account for partial connection rigidity.
This program would make an extensive use of interactive graphics
[22] and would interact with a data base containing pertinent
information on various standard connections. The program would
also handle elastic, elasto-plastic, static, dynamic and sta-
bility analyses. A great deal of work is already done.

We have developed a tridimensional beam element which accounts
for geometric and material nonlinearities, residual stresses,
initial deformations and post-buckling behavior [9]. The element
is based on the theory of thin shells and considers the progres-
sion of plasticity through the thickness of the plates. Connec-
tions are simulated by means of 3-D springs of constant rigidity.
The incremental formulation will allow us to consider nonlinear
connection behavior without any great difficulty.

The major task, as one could guess, is to fill the data base with
proper information on M-® curves for the various types of connec-
tions. Available information would have to be gathered and
compiled in an appropriate format. Missing and new data would
have to come from either experimental testing or finite element
modeling. This project of academic character shall keep several
people busy for quite some time and is only possible within a
framework of international collaboration between interested
researchers.
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THREE-DIMENSIONAL PHYSICAL AND MATHEMATICAL
MODELING OF CONNECTIONS
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This paper concerns the mathematical modeling of the non linear
behaviour of the connections. The interest of a 3D model rather than a
1D or 2D model is discussed regarding the problems of column stability
and spatial structures. The size of the macro-elesent which is the
physical model of the connection is defined relative to the type of
frame analysis. The main parameters, i.e initial stiffness and ultima-
te strength, of the modeling are introduced from experimental and

mechanical observations.

is presented.

INTRODUCT ION

Different mathematical expressions, according to the loading
path, are proposed, and the hypothesis of reduced isotropy gives inte-
resting results. Finally, cyclic loading with hardening or softening

Recent developments in the modeling of the non-linear behaviour
of the steel structural connections use a 1D model, {. e. an M-& cur-
ve. However, if we look into current industrial practice there is a
lack of information regarding M-o curve and such modeling. The requi-
red level of rigidity regarding the transaissible force at each end of
a bar, for a three-dimensional description, is generally the

following :

Normal force : Rigid

Shear force/strong axis : Rigid

Shear force/weak axis : Rigid

Bending moment/strong axis : Rigid, semi-rigid, pinned
Bending moment/weak axis : Rigid, semi-rigid, pinned
Torque : Rigid or pinned, but often ne

glected.
104
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Since all the analysis methods do not require a particular model
the rigid connections, it seems that for the plane structures
{nc force, shear force/strong axis, bending moment/strong axis) a
D solution is adequate. But, in fact, due to unilateral contact, the-
is an obvious interaction between normal force and bending moment
so the level of semi-rigidity in bending depends strongly on the
of the normal force. At this stage a 2D model is necessary, more
_especially for the in-plane buckling conditions of the columns. Fu-
- thermore, even for the plane structures, the out-of-plane buckling
conditions, i.e. for the weak axis, it is necessary to know the beha-
wviour of the column base connection with respect to the weak axis, and
. uding the effects of the normal force. Then a 3D model is necessa-
ry. Furthermore, such a model allows for considering torsional rigidi-
'ty and bending about the weak axis for some particular spatial
. structures.

PHYSICAL MODELING

For the modeling and the frame analysis the overall connection is
4 by a macro-element (Figure 1), which contains all the compo-
- nents like bolts, welds, angles, etc. The constitutive equation will
.give the displacement (D} of one terminal cross section with respect
to the other. Each terminal cross section is supposed to remain plane
. during the loading, so classical beam theory is always applicable to
2ll of the bars that connect to the considered mode. The constitutive
‘equation establishes a relationship between the displacement vector
@) = {u; , » 4} and the force vector {F} = (N, , M,}. i, j =1, 2, 3.
- At this stage such a macro-element may be geometrically integra-
ted into any finite element program [2] that can handle non linear
analysis.

U | m
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Size of the macro-elesent <

Generally, regarding the St. Venant Problem, the length of this
macro-elesent should correspond approximatively to the depth of the
bar. In current applications we have chosen to reduce the size to zero
(keeping the same constitutive equation between the two terminal cross
sections by lengthening the bar until the neutral point (Figure 2).
This is necessary, particularly for the integration into the P.E.P.
program [3], which uses the plastic hinge concept rather than the pro-
gressive plastification of the bar.

The correlation with and interpretation of experimental results
must be clearly defined in order to arrive at the proper comparison
between theory and tests.

Main Parameters of the Modeling

Observing the general aspect of the experimental results (Figure
3), at least in the range of the currently required displacements, it
is proposed to use the initial stiffness K, and the ultimate load F
as the two main paramseters. One or several other parameters must be
introduced in order to describe the non linearity. In a general way,
our modeling can be expressed by the following :

Loy = £ ¢ @), RY G, 8] (1)

with [R] : initial stiffress matrix (components K,)
{F,} : ultimate load vector (components F ) B
a, : set of parameters inducing the non linearity.

Mj F]’ ultimate

s olicitation
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‘---- ul’
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K; : D

A :
required )

range displacement
Figure 3 Figure 4
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In view of the industrial and practical applications we have
- tried to minimize the number of a, parameters (1, 2 or 3) depending on
the type of loading and the required precision. After correlating with
a nuaber of test data it has been found that the initial stiffness [R]
and the ultimate load {F,} can be obtained in a forseeable way,
through a computation based on the geometric and the mechanical pro-
perties of the components of the connection. This means that for in-
dustrial practice, it is not necessary to do experiments for each kind
of connection. Only the a ,  parameters have to be obtained from
experiments, and it is thought possible to establish a limited number
of values for each family of connections. Otherwise, the partition
displacesent equation is proposed : {D} = (D%} + {D*"), where O°) is
the elastic component of the displacement and {D*") represents the
inelastic part.

a. Initial Stiffness : [R] matrix, such as %)} = [R1"' (F)

For the simple connections this value can be obtained from a lo-
cal classical analysis [4] [S5]. For the more complex connections we
have to use the finite element method [6]. The calculation cost is li-
mited thince it is the first step of an elastic analysis. Neverthe-
less, it would be interesting to developp a specific 3D F.E.M. analy-
sis using automatic mesh generation, static condensation, substructu-
ring techniques, etc, in order to reduce the calculation costs below
those of NON SAP, ABAQUS and others.

b. Ultimate load (U.L.S. : Ultimate limit surface in the forces space)

Limit analysis methods have to be used to find all of the compo-
nents of the ultimate load vector (Figure 4). Such methods exist for
" the most classical connections [5]1 and also for tubular connections
- [7]. For the all-welded connections the ultimate limit surface is
generally symmetric, and can be expressed by the relationship

6
i B -
[f‘ If,1 = 1*“" = 1 where f, = F, /F (2)

For the connections with unilateral contact (bolted, for example) the
U.L.S. is unsymmetric. For example, the schese of limit analysis (Fi-
gure 5), using the Von Mises criterion, can be used to find the U.L.S.
in the compression zone due to concrete fracture [B] [9]. A classical
limit analysis method applied to the anchor bolt permits the deterai-
nation of the U.L.S. in the tension zone (Figure 6).
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MATHEMATICAL EXPRESSIONS

At the moment several mathematical expressions have been develo-
ped. The experiments on the column base connections will provide the
remainder, which will then be used to propose the same model for all
connections in the structures (for industrial purpose). Most of thea
are based on the thermodynamics theory. The first model, only availa-
ble for a radial monotonic loading path (Figure 7), is :

®) = BRI @) (:/ a- x')] with F) = » &) (3)

It requires only one parameter (a) to introduce the non lineari-
ty. The term "a" assumes a value between 1.5 to 4.5, depending on the
type and size of the connections (bolted, riveted, welded).

The second model [10] uses an incremental form which can incorpo-
rate cyclic and non radial loading :

d 0*") = [C1[R]* g (WB)d &F) (4)

The non radial loading path is necessary, particularly in mode-
ling buckling of columns. In the simplified case (2D) used in the PEP
program [3], the expressions are (with n = N/N, and m = M/M) :

N

du = K—“ [dn+ g CA,dn + B, |dal)) ($)
H\l

do = — [dm + g. (B, dn + A_ |dul)] (6)

K
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The third model [4] utilizes the hypothesis of reduced isotropy
which is based on a normality law. This means that in the space of the
reduced forces, f, = F,/F,,, and in the space of the reduced displace-

ments, d, = D,/D,, with (OJ) = [R1™' (F ), the behaviour does not de-
pend on the loading path (Figure 8). The norsality law is used with
respect to the first loading surface (F.L.S.), which is homothetic to
the U.L.S. (Figure 9), and grows with the loading. The general mathe-
matical form is :

Fiu F

dD*'"| = K— h (F) ;dl‘
L 1l

Under a reasonable set of hypothesis the second and the third model
give the same integrated expressions :

Fy Fy
R BT ”

Ky -

Furthermore, the third model gives C, = C. This means that only
one parameter is necessary to take into account the non linearity.

F

\F.LS. &) = BF) &
*

Figure 9 Figure 10
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CYCLIC LOADING

Inside the F.L.S. the Masing rule, well known in continuum mecha-
nics and extended to structural mechanics, is used to describe the cy-
clic loading. At each reversal of loading (order h) a new reference
axis system (F*,, D*,) is defined (Figure 10), with a homothetic ratio
of 2 for the variables, thus : F* /2 and D* /2.

The softening or hardening during cyclic loading may be modeled
by wvarying the C parameter (equation 7), using, for example, the ex-
pression :

C =C,+ (C; - Clle ™. A comparison between experiment and theoreti-.
cal results, for a cyclic hardening case is given in the figure 11.
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CONCLUSION

For the modeling of the non linear behaviour we propose physical
models based on the geometric and mechanical properties of the connec-
tions, rather than using a curve-fitting technique only. The three
dimensional aspect allows be accounting for of most of the probless,
even those associated with planar structures. In their final forms,
the mathematical expressions remain simple enough to use in practical
design.
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MATHEMATICAL MODEL FOR SEMI-RIGID JOINTS
UNDER CYCLIC LOADS

F.M. MAZZOLANI
Istituto di Tecnica delle Costruzioni
Engineering Faculty
University of Naples (Italy)
ABSTRACT

The main features of a very sophisticated mathematical model for inter

preting the actual behaviour of semi-rigid connection under alternate load-
ing conditions are presented in this paper. After a short analytical pre-
sentation, same possible applications of this model are illustrated. It
has been calibrated on the basis of experimental results and,starting from
appropriate behavioural parameters ispired to recent BOCS Recammendations,
it can be used to extrapolate the existing results and to interpret the
semi-rigid joint performance.

INTRODUCTION

The aim of the present paper is to show same possibilities of appli-

cation of the mathematical model which has been proposed in [1] for semi-
rigid connections. The main data of this model are the following:

a)

b)

c)

d)

Among the large number of models existing in the literature, the propos-
ed one belongs to the category of the sophisticated models.

The fitness with the actual behaviour of the connection is achieved by
means of curve-fitting techniques which utilize up to 12 numerical
coefficients.

It has been checked on some existing results of cyclic tests on beam-to-
colum connections both in steel and in reinforced concrete with a very
satisfactory agreement [2] .

It has been also used to calibrate the unified testing procedure recen-
tly proposed by the task group 1.3 "Seismic Design" of the Buropean
Convention for Constructional Steelwork (BCCS) [3] , by means of appro-
priate behavioural parameters [4] .
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e) A recent research program on beam-to-colum steel joints [5] provided a
lot of experimental results of hysteretic relationships, which have
been strictly interpreted and exploited by means of the proposed model.

THE MATHEMATICAL MODEL

MWMt-toutimuhticmhiphnﬂiﬂQdmfwrhrm-
ches (see fig. la). The increasing branchfa/ (fram O to M ) can be analy-
tically expressed by a three terms relation

PrPotPr ¢ R
where the first term g is the residual rotation of the previous cycle;
the second term is the Ramberg-Osgood type rotation given by

- MY (2)

Pt Mz)

the third term is the incremental rotation due to slip between M' and M",
given by

P2= [ﬂ@;m *[‘ﬁ;‘m "‘1]?']"”"‘1 P]“' >

"2 the moment which corresponds to a rotation twice the elastic one;
u.r,-,lll numerical coefficients;
2M=M'= M"
P= Twew
8M =1 tfor M <M< M |

(-1¢y¢1 for M'<M <M") ;

&M=0for M<Mor M>M".
The deterioration parameters R(A ) and Apg(n ) are given by

R(A) = 3[1- L2 (n—?;;)m] (@)

n
Apsia) = 89g min +(8 Ps,max ~ Aps,min) [ - ] -

depending upon the energy variation (see fig. 1b), being:
nmunwmmqydnsipatedatconw:

8pgmin (51’3."!“) the minimum (maximum) value of slip measured at the
first cycle and at collapse, respectively;
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AR the decrease of joint stiffness measured in the cycle before collapse;
m,n numerical coefficients.
The decreasing brm[blltrm !I+ to 0) is expressed by

9.%‘,?4' (6)

R(M, n)-n(n)[1- Mt~ “) -ﬂfil] )

where A'R and A"R simulate different unloading conditions (see fig. lc).
Branches [ c/ and[d] are represented by the same formulation of branches
Ja and /] .

being

THE BEHAVIOURAL PARAMETERS

The experiments on structural camponents under cyclic loads are carri-
ed out with particular testing procedures which usually differ each other.
It doesn't allow to strictly campare the various results caming from diffe-
rent laboratories.

The necessity to unify such experimental procedures is unquestionable and
the BCCS tasking group "Seismic Design" recently decided to work out a pro-
posal for a recommended testing procedure for assessing the behaviour of
structural steel elements under cyclic loads[3] .

The main problem was to define the fundamental parameters for the interpre-
tation of the overall behaviour of the structural components. They have to
characterize the degree of ductility, the amount of energy absorption and
the deterioration of rigidity and strenght as far as the number of cycles
increases,

The following behavioural parameters have been defined (see fig. ld,e):

a) partial ductility: poi = et/ey
P& =e(/ey
b) full ductility: pt = bet/e}

yo = ae/e
c) full ductility ratios: ﬂ- & "M'ib*('-l. o .;))

¥t = A/ (o - o))

d) resistance ratios: et -pi"/p;
€ =F/W
e) rigidity ratios: gt =tgaf/tga}

g: = tgal” / tgay




115

At
=
f) absorbed energy ratios: "I.l F#(.t_.’*.‘_.,)

- Al
=
® Fy (of - oy + of - oy)
The reference parameters F , e represent the upper bound of the quasi-ela-
stic behaviour. They are cinveftionally defined by the intersection of the
two tangent lines shown in fig. 1f.

INTERPRETATION OF CYCLIC RESULTS

The proposed mathematical model can be used to interpret the results
of cyclic tests on structural elements [4 ] . The testing procedure given in
[3] has been exactly simulated following the same steps. The load versus
deflection hysteretic loops are autamatically plotted, as it is shown in
fig. 2. As the most significat parameters for camparing the cyclic beha-
viour, we have assumed the following:

- peak strenght (S ), corresponding to resistance;

- secant modulus lﬁ ), corresponding to rigidity;

mgnu.c-fﬂciancy (Bil. corresponding to absorbed energy;
-dctumy(b),mrrmﬂirgmﬂzpmﬂntotmnlwmmd

energy.
The variations of such parameters as a function of the increasing deflec-
tion are also given in fig. 2. These curves are normalized referring to
the limit elastic values (F , d ). Their behaviours represent the basic
memd formance of different typologies of struc-
tural components (i.e. joints, connections,bracings,...) fram the point
of view of their reliability under alternate loading conditions. They can
be also utilized to define the ultimate limit states which conventionally
correspond to the end of the test. In fact it can occur that the structural
component. is submitted during the test to conditions which are out of inte-
rest from the physical point of view. Looking at these variations we can
recognize that an ultimate limit state is reached when a significant re-
duction of the main behavioural parameters arises.
As an example, some ultimate limit states can be identifies as follow:

a) The deterioration of the material due to geametrical or mechanical
effects produces a reduction of the peak load carrying capacity (Sil
during the cyclic test.

b) The excess of deformation produces a reduction of the rigidity para-
meter (Ri), which becames unacceptable when leads to unstable effects
on the overall structure or introduces too large residual deformations.

€) The structural camponent is unable to fulfil its function when the
energetic efficiency parameter (E; J is reduced below a given amount
(it can happen, for instance, in Seismic resistant structures).

The interpretation of the experimental cyclic result by means of these
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parameters and the definition of their limit values should also require the
consideration of their influence on the overall behaviour of the structure
which the camponent belongs to.

CALIBRATION OF THE MODEL

The cyclic behaviour of 14 beams-to-column specimens has been experi-

mentally analysed in[5]. They have been designed following the current
technological types cammunly used in rigid and semirigid connections for
framed steel structures. In fig. 3 the specimens are grouped in four main
categories (A,B,C,D), which cover the practical range of behavioural va-
riability of load versus displacement relationships, as it is shown fram
the corresponding experimental hysteretic loops.
The proposed model has been applied to such results, giving the simulated
curves plotted in the lower part of fig. 4. The upper diagrams give the
rmmmsmmmmmmmmfwm-wr and
r.hearua ofahnlf-cycleatea:hvalmo!uniwuodduplmnt v
Mcwrmmmmtmmmllymyumfacm

CONCLUSIONS

The above results allow to conclude that the proposed mathematical
model is able to fit very closely the experimental results of beamto-column
joints. It has been satisfactory used in the interpretation, exploitation
and extrapolation of testing results. It seems also a very appropriate mo-
del to be introduced in a more sofisticated analysis of the overall beha-
viour of semirigid framed structures.
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Moment-Rotation Relation of Top- and Seat- Angle
with Double Web-Angle Connections

by
1 2 3 4
N. Kishi , W.F. Chen , K.G. Matsuoka and S5.G. Nomachi
ABSTRACT

In this paper, the moment-rotation relationship of top- and
seat- angle with double web-angle steel beam~to-column connec~-
tions is developed. In this development, the 41initial elastic
stiffness and the ultimate moment carrying capacity of the con-
nection are determined by using a simple analytical procedure for
modeling the top-, seat-, and web-angles of the semi-rigid con-
nections.

Using the initial connection stiffness and the wultimate
moment carrying capacity so obtained, a three-parameter power
model is found to be adequate for representing the moment-
rotation relactionship of this type of connections.
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l. INTRODUCTION ¥

The connection type considered here is the top- and seat-
angle with double web-angle connections as shown in Fig. 1. This
connection type has the inherent ductility offered by the flex-
ural deformation of both flange and web angles in the legs
attached to the column. In this paper, an analytical procedure is
developed to predict the moment-rotation characteristics of this
type of connections by determining 4ts 4initial stiffness and
ultimate moment capacity. A three-parameter power model is used
here to represent the whole moment-rotation behavior of the con-
nections. The experimental results reported by Altman et al
(1982) and Azizinamini et al (1985) are used here to verify the
proposed procedure.

2. FORMULATION
2.1 1Initial Sctiffness

Deflected configuration of the top- and seat- angle with
double web-angle connections 1is shown in Fig. 2, based on the
results of Altman et al (1982) and Azizinamini et al (1985). The
beam rotated with respect to the stub column, essentially as a
rigid member by pivoting about a point near the surface of the
beam compression flange.

To determine the initial elastic connection stiffness Ekl'
the connection is modeled as follows:
l. The beam and the angle legs adjacent to the beam act as
rigid members.

2. Materials of the angle legs adjacent to the column flange
are linearly elastic and their displacements are small.

3. The center of rotation for the connection is located at the
angle leg adjacent to the compression beam flange.

4. The top angle acts as a cantilever beam in which the fixed
support line 1s assumed to be at the fastener-nut”s edge
near the beam flange in leg adjacent to the column face as
shown in Fig. 3.

5. The web angle acts as a cantilever beam similar to the
behavior of the top angle shown in Fig. 4.

6. The resisting moment at the center of rotation is neglected.

Based on these assumptions and considering the shear deformation
in the leg of the top angle, the horizontal displacement & of

the heel of the top angle corresponding to the beam flange fSrce
?'r. (Fig. 3) is

3
Pe 8

0.78 (::)2
A -___5.(1 +
t 3(81t

) (1)
(11)2
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in which
El = bending stiffness of the leg adjacent to the
column face of top angle,

1, (l:‘,_)3
- B——I—r-— (2)
g =8, -~ W2 -r¢.J/2, (3)

W = nut“s width across flats of bolrt,
t = thickness of the top angle.

Here, the coefficlent of shear deformation x is taken as x = 6/5
(Gere and Timoshenko, 1984).

Following the same procedure for the top angle connection,
the mean value A of the horizontal displacement of the angle”s
heel corroopondinl':o total force P. acting 1in one web angle
(Fig. 4) is:

gl 0.78 (& )2
b, Ty U+ —) (4)
a EI.

in which
81. = bending stiffness of the leg adjacent to the column

face of web angle,

1 ce. )’
- B'JLTTLH‘ (5)
8y~ 8, * W/2 = t./2 (6)
t = thickness of the web angle.

Assuming the P acts at the middle height of the web angle
and referring to thd deflected configuration shown in Fig. 2, the
relationship between the horizontal displacements of each connec-
tion (nt. a.) and the connection rotation et are:

a . d, o (1)
S d3 Br (8)

in which
dI =4 + c';z + ttfz (9)

do = af2 % % 1% (10)
3 “
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Noting that the two angles attached to beam web and column
flange and taking moment about the Center of rotation (Point C in
Fig. 2), the moment has the value

M= Pt d

1 + 2 P. d3 (11)

Substituting Eqs. (1) and (4) into Eqs. (7) and (8) respec-
tively, and then 4into Eq. (12), the following relationship
between M and 'r is obtained:

3Er) (4’ 6 (1) (497
M= 7 2 i gt 8 G
g, (g) + 0.78(c )") g4 (g3 + 0.78(ct D)%)
Thus, the initial connection stiffness lkl has the value;
3 (e1) (4 6 (e1) (4
ey = | p S 5eng 58 15

£, (;1 + 0.7l(tt] ) gy (;i - 0.18(:.)21

2.2 Ultimate Moment

Based on the experimental results reported by Altman et al
(1982) and Azizinamini et al (1985), we assume the collapse
mechanisms for the top- and seat- angle connection and of the
web-angle connection as shown in Figs. 5 and 6, respectively.

Since the distance between the two plastic hinges is rather
short compared with each angle”“s thickness, the effect of shear
force on the yielding of material must therefore be considered.
The estimation of the ultimate strength for each connecting part
is based on the analytical procedure proposed previously by Chen
and Kishi (1987) or Kishi et al (1987).

For the top~ and seat- angle connecting part:

Similar to the procedure used previously by Chem and Kishi
(1987), the wupper plastic hinge Hl locates at a distance t /2

from the fixed point, the work equation for the mechanism shbwn
in Fig. 5 1a :

2 8 (14)

Hpt 8 = vpt 8,
in which M is the plastic moment and V is the shear force
acting at EE. plastic hinges in the top ISQIc leg.

Using the Drucker”s yielding criterion (1956) for the com-
bined bending M and shear V , a 4-th order equation with

pt -
respect to (vpt!vot) is obtained:

v g v
(B9 + 2 (B -1 =0 (15)
ot 4 ot
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in which
vot = plastic shear capacity of the top angle leg without
coupling,
o lt tt
. _Lz_..__ (16)
a = yield stress of top angle,
g{ = distance between the two plastic hinges,
g kt = Wik = ttfz (7))

kt = distance form the top angle”s heel to the toe of the
fillet as shown in Fig. 5.

The ultimate shear strength V can be determined by solving

Eqs+ (15). The ultimate moment .:’Eh- center of rotation with no
shear action is

., " J_'T_'_ (18)

For the web-angle connecting part:

Based on the assumed simple mechanism as shown in Fig. 6, we
consider the wultimate strength per unit length at an arbitrary
section first, and then obtain the total ultimate strength by
integrating them along the plastic hinge line of the web angle.

The work equation for the mechanism at an arbitrary section
y in Fig. 6 with the plastic moment M and the shear force V
per unit length for the one web angle 137;1vcn by Py

2 M 0 =YV 8 19
Py Py 8’ e

Furthermore, using the Tresca”s yield criterion and the
Drucker“s yield ecriterion (1956) similar to the procedure used
previously for the top- and seat- angle connection, we obtain the
4-th order equation with respect to (V”N“):

v g v
(7”-)‘ + X (@D -1=0 (20)
oa a oa
in which
v = plastic shear capacity per unit length of the web
- angle leg without coupling,

- _1Ii£ £31)

g = distance between two plastic hinges at an arbitrary
section y,
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RS ‘.
o (-L8) (22)
P
k = distance from the web angle”s heel to the toe of the
e fillet.

The values of V can be determined by solving Eq. (20).
However, the plnattg’shunr force V becomes parabolic distribu-
tion along with angle height y whicR'has the minimunm value V at
the upper edge of the angle (y = 1 ) and the maximum value gt
v at the lower edge (y = 0). To Bimplify the analytical PB¥o-

cedure, we assume a linear distribution for V as shown in Fig.
7. The resultant plastic shear force Vp. has PY

(v * N )
v iDL (23)
pa 2 P

The above value is for one angle connected to beam web and
column flange. Thus, the value for double web-angle connection is
twice of Eq. (23).

Total ultimate moment capacity:

The ultimate state of the connection is shown 1imn Fig. 8.
Using the wultimate strength obtained from Eqs. (14), (15) and
(18) for the top- and seat- angle part of the conmection and Eq.
(23), for the web-angle part, the ultimate moment capacity M
about the center of rotation (Point C) is given by E

+ 4
NN "p: . “p: d, + 2 vp. 4 (24)
in which
dz - d + :.;z . tt (25)
(2 ¥ . N
- u oa
d‘ > 19 . 11 K ;.;z (26)
pu oa

2.3 Moment-Rotation Relationship

The power model proposed by Richard (1961) and used later by
Goldberg and Richard (1963) is adopted here. This model was used
recently by Chen and Kishi (1987) and Kishi et al (1987) to
represent the moment-rotation relationship of top- and seat-
angle connections and single/double web-angle connections respec-
tively. This power model 1is an effective tool for designer to
execute the second-order nonlinear analysis quickly and accu=-
rately. This 1is because the connection stiffness can be deter-
mined directly without iterative procedure and has no negative
stiffness.
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Using the initial connection stiffness R and the wultimate
moment capacity M_of the connection, the -oitnt-rotacion (M- )
relationship can be represented adequately by the power model

lki ‘r

M= (27)
n,1/n
{1+ (s 78,07}
in which
00 = reference plastic rotation
M
- . (28)
Rt
The connection stiffness Rk in Eq. (27) is
R
dM ki
B e = (29)
lk d'll_ (1 + (8 /8 )n](—n-i-l){n
eh
and the rotation 'r i1s:
M
B i7a (30)

n
Ry U1 - (KIH“) }

3. EXPERIMENTAL VERIFICATIONS

To verify the power model proposed here, the tests reported
by Altman et al (1982) and Azizinamini et al (1985) are used.
Adding the sub-routine developed in the preceding section to our
existing data based program (SCDB) by Kishi-Chen (1986, 1987),
the procedures for the assessment of the M-8 relation can be
conducted directly and avtomatically. The sEos program includes
the routines for analytical and numerical estimation of M-8
curves with the exception of those for the control of the datd
base for semi-rigid steel beam-to-column connections.

A comparison example for M-8 -curves is illustrated in Fig.
9. The experimental results are compared with the analytical
power model proposed here, the modified exponential model as the
curve-fitting method introduced previously by Kishi-Chen (1987)
and the polynomial model proposed by Azizinamini et al (1985) as
Frye-Morris“s model (1975). The experimental data are taken from
the each level of ultimate moment capacity. Selecting a suitable
value for the shape parameter n, the results obtained by the
power model agree rather well with the experimental results simi-
lar to that of the polynomial and modified exponential models. It
can therefore be concluded here that the proposed power model
represents adequately the moment-rotation behavior of the top-
and seat- angle with double web-angle connections.
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4. CONCLUSIONS

@

In this paper, the moment-rotation relationship of top~ and
seat- angle with double web-angle connections is developed. The
initial connection stiffness and the ultimate moment capacity of
the connection are determined by using simple analytical pro-
cedures and are used as two of the three parameters in the pro-
posed power model. The proposed power model is found in a good
agreement with available results. The power model cam be easily
implemented in a second-order analysis.
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Fig. 1. Typical Top- and Seat- Angle with Double Web- Angle

Connection
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Moment-Rotation Relation of Single/Double Web-Angle Connections

by

N. llthll, W.F. Ch-uz, K.G. Hltlﬂblla and S5.G. lotachl‘

ABSTRACT

In this paper, the moment-rotation relationship of single
web-angle and double web-angle beam-to-column connections is
developed. In this development, the 4initial elastic connection
stiffness s determined by wusing the simple bending torsion
theory and the ultimate moment capacity by the simple plascic
mechanism.

The complete moment-rotation relationship of the connections
is represented by a three-parameter power model. The analytical
model is found to be in a good agreement with available experi-
mental results for single and double web-angle comnections.

l. INTRODUCTION

Single and double web-angle steel beam-to-column connections
such as those shown in Fig. |l are widely used in practice. In
this paper, an analytical procedure is developed to predict the
moment-rotation characteristics of these connections by determin-
ing the initial stiffness and the wultimate moment capacity of
these connections. Power model used previously by Chen and Kishi
(1987) is then adopted to represent the complete moment-rotation
behavior of these connections. The experimental results reported
by Lipson et al (1968) on single web-angle connections, and by
Bell et al (1958), Lewitt et al (1966) and Sommer (1969) on dou-
ble web-angle connections are used here to verify the proposed
procedure.
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2. FORMULATION
2.1 Initial Sciffness

The general deformation pattern of the web-angle connections
is shown 1in Fig. 2. The experimental results reported by Bell,
Chesson and Munse (1958) and by Lewitt, Chesson and Munse (1966)
on double web-angle connections showed the following behavior:

1. The center of rotation of the connection was near the mid-
depth of the beam during the firet few increments of load~-
ln.-

2. The deformation and subsequent tearing of the connection
angles primarily resulted from bending moment, and the
effect of shear deformation on the connection behavior was
relatively small.

To determine the initial elastic connection stiffness R
assume the web~angle to behave in the following manner:

T

1. The effect of shear on connection deformation is ignored.

2. The part of angle connected to column behaves linearly elas-
tic while the part of angle connected to beam behaves as a
rigid body. The connection deformation is small.

3. The part of angle fastened to column flange acts as a
moderate thick plate in which the fixed support is assumed
to be at the fastener-nut edge close to the beam web and the
concentrated torsional moment 1is in equilibrium with the
connection moment acting at the free edge. (Figs. 3 and 4).

Based on these assumptions and using the simple bending torsion
theory, the governing differential equation with respect to angle
rotation ¢ of a moderate thick plate has the form:

2 4
" F | R e

¢y 43 zc'—!- . (1)
dx dx

in which

J = uyniform torsional constant

1 3
£, | lp t (2)
CH = warping constant
1 3 .3
- T 1p £ (3)

m, = distributed torsional moment

E,G = Young“s and shear moduli respectively.
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The boundary conditions are

-, - 0 (&)
at the free edge (x = ll);
2
4% .0 (s)
dx
d dz
c1 ¥ - ec, - M (6)
dx

and at the fixed edge (x = 0);
d
-0, 4=0 (7a,b)

in which
8, = gege distance from the fixed support line to the free
edge line as shown in Fig. 4.

- gc = = WSfA;

[ = distance form the angle“s heel to the center of bolt

holes in leg adjacent to the column face
W = the width of fastener”“s nut

k = the distance from the angle“s heel to the toe of fillet.

Solving Eq. (1) together with Eqs. (4) to (7) and setting @
to ¢ at x = g ., the relationship between the connection moment
and the rotation Or becomes

x cosh(x ll)

e (xg,) cosh(x §,) - sinh(xg ) Gy e, (8)

7
in which x = |32 and putting v = 0.30,
\| %6

x-l—“ (9)

o

where a = 4.2967.

Introducing the new parameter 8 to simplify the equation,
the connection moment M is given by

M- lk er (10)
i
where the initial connection stiffness l.h is
i
3
t a cosh(af)

Ryt = © 3~ (GB)cosh(ad) - sinh(aB) (i

L
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and B 1is defined as

‘.

pod
1
P
Equation (11) is the initial connection stiffness of single web-
angle connections. Then akl for double web-angle connections is
twice the value given by Eq. (ll1). The initial connection stiff-
ness ‘kl i now expressed in terms of three parameters t, lp and

2.2 Ultimate Bending Capacity

Based on the experimental results reported by Bell, Chesson
and Munse (1958), we assume the global collapse mechanism for the
web-angle connections as shown in Fig. 5. Since the distance
between the two plastic hinges is of the same order of magnitude
when compared with the angle thickness, we must therefore con-
sider the effect of shear force on the ylelding of the material
due to bending.

The work equation for the mechanism at an arbitrary section
y in Fig. 5 with the plastic moment capacity M and the shear
force pr is given by 24

2M_ 8 =V 13
Py py By ® 133

The Drucker”s yleld criterion (1956) for the combined bending
moment pr and shear force pr, has the form

M v "
(iﬁ-’—) . (;,-ﬁ’-) -1 (14)

in which M, and ?0 are respectively the pure plastic bending

moment c-gacity and shear force capacity per unit length of web
angle.

Using the Tresca“s yielding criterion, we have

N e (15)

Vo " —{— (16)

in which n, is the yield stress of web angles.

Substituting, Eqe. (13), (15) and (16) 4into Eq. (14) and
rearranging the 4&-th order equation with respect to (V !Vo) is
obtained as Py

v 4 g v
(?ﬁh *?"‘Vﬁl""“ (17)
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The value of V can be determined by solving Eq. (17). The plas~-
tic shear forB¥ v has a parabolic distribution along the angle
height y. It has tR¥ minimum value V at the upper edge of the
angle (y = 1_ ) and the maximum val v - ?0 at the lower edge
(y = 0). To sifplify the analytical proc luro. the variation of

v is assumed to have a linear distribution as shown in Fig. 6.
1“ resultant plastic shear force F is
v > + ?0

F --Lz—-———lp (18)

Taking the moment at the lower edge of the angle, the ultimate
moment capacity ﬂu of the connection 18 obtained as

2y + ‘0 2
El.l
"u - 3 1p (19)
Equation (19) is for single web-angle connections. Thus, for dou-
ble web-angle connections, the value Hu is twice that of Eq.
(19).

2.3 The Moment-Rotation Relationship

The power model, originally proposed by Richard (1961) and
later applied by Goldberg and Richard (1963), was used recently
by Chen and Kishi (1987) to represent the complete moment~-
rotation relactionship of top and seat angle connections. This
power model is found to be an effective tool for designer to exe-
cute a second-order nonlinear analysis quickly and accurately.
This is because the connection stiffness can be determined
directly from the expression without recourse to an iterative
procedure. It has no negative stiffness in the power model. We
therefore adopt this model for the present web-angle connections.

Using the initial connection stiffness R and the wultimate
moment capacity M of the connections, the uoiint-rotn:lon (M-8 _)
relationship can Be represented adequately by the power model n

the form
M- Bt 07 (20)
(2« @ """

in which
Go = a reference plastic rotation
Hu
g (21)
Rt

n = shape parameter

The connection stiffness R in Eq. (20) 1s

dM nki

R, = =
(1 +40_ /0"

s Sl
r

(a+D)/m L)
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and the rotation .r is

M
e = (22)
r n,l/m
‘ki {1 - (Nf!u) }

3. EXPERIMENTAL VERIFICATIONS

To verify the power model proposed here, the tests reported
by Lipson et al (1968) for single web-angle connections, and by
Bell, Chesson and Munse (1958), Sommer (1969) for the double
veb-angle connections are wused. Adding the subroutine of the
proposed power model to the data base program (SCDB) developed
previously by Kishi and Chen (1986) st Purdue University, the
procedures for experimental verifications of the present model
can be conducted in a direct and automatic manner.

Figures 7 and 8 show the comparison of test results with
predicted initial connection stiffness R in which test results
are based on the Kishi-Chen”"s modified k‘ponnatlal M-8 curve=

fitting expression. The analytical results agree in general with
the experimental values.

The colpartlon of H-O curves with tests is 4illustracted by
Figs. 9 and 10. !ure 9 §hows the results for a single-veb con-
nection with t = 0. and 1 = 5.5". Figure 10 shows the com~-
parison for a double Ulb‘lgtlt connection as reported by Lewitt
et al (1966). In these figures, the experimental results are com=-
pared with analytical values based on the Kishi=-Chen"s modified
exponential model (1987), polynominal model proposed by Frye-
Morris (1978) and the power model presented here. The analytical
results using the power model agree quite well with the experi-
mental results. It can therefore be concluded here that the pro-
posed powver model represents adequately the moment-rotation
behavior of web-angle connections.

4. CONCLUSIONS

In this paper, analytical moment-rotation relationships of
single and double web-angle connections are developed. The ini-
tial connection stiffness and the wultimate moment capacity of
these connections are first determined by simple analytical pro-
cedures. The three-parameter power model 1is then used to
represent the complete moment-rotation relatiomship for these
connections. The proposed model is found to be in a good agree-
ment with available experimental results.
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SINGLE WEB-ANGLE CONNECTIONS
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DOUBLE WEB-ANGLE CONNECTIONS
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MODELLING OF COLUMN~-BASE BEHAVIOUR

R.E. Melchers
Department of Civil Engineering and Surveying
The University of Newcastle
Newcastle, N.S.W., 2308
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ABSTRACT

An overview of experimental findings for the moment-rotation behaviour
of two-bolt, nominally "pinned", column-bases is presented. Monotonic and
alternative loading cases as well as the various parameters of interest are
described. Baseplate thickness and bolt capacity were found to be the main
factors contributing to connection stiffness and connection capacity. After
the baseplate has been deformed due to high loading, the connection tends
to behave "pinned" as assumed for subsequent lower loadings. Physical
parameters were used to develop a mathematical model to describe the moment-
rotation behaviour. For connections governed by the baseplate response,
reasonable prediction of stiffness and capacity up to the maximum was
obtained. For cases governed by bolt response, the prediction was less
satisfactory.

INTRODUCTION

Rules exist in many design codes and in standard texts for the
proportioning of column-bases. Typically the parameters considered to be
of importance are (i) the thickness of the baseplate; (ii) its plan
dimensions; (iii) the weld between column section and baseplate, and
(iv) the diameter and strength of the bolts. Generally, the nature
of the grout layer between baseplate and concrete foundation is not
considered in design, although the strength and extent of the concrete
foundation itself is considered.

Interestingly, experimental results on which such recommendations are
based are not extensive. For realistic column-bases subject to concentric
loading, Bijlaard [1] gave a series of experimental results for connection
strength, showing that the strength of the grout layer was particularly
important. It was argued that in combination with rules derived from beam
column connections, the strength of eccentrically loaded column-bases could
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also be calculated. However, no experimental verification appears to have
been carried out.

Much earlier, Salmon et al [2] had considered eccentrically loaded and
nominally "fixed" column-bases. They obtained a maximum strength for moment
capacity as limited by the ultimate strength of the bolts, the baseplate in
bending and the concrete in compression. They used a model based on the
behaviour of reinforced concrete sections. The extensive yield-line patterns

'um in [1] were not yet in evidence, nor was there consideration of the
layer. No experiments appear to have been carried out.

More recently, Picard and Beaulieu [3] gave a rather similar result
based on very similar reasoning. However, they also reported tests on 15
connections in which column rotations relative to base rotations were
recorded. As might be expected, the nominally "fixed" connections displayed
considerable flexibility. This was related to the elastic stiffness of the
connections through socalled "fixidity factors". It was found that high
axial loads increased the stiffness for small deformations, as also might
be expected. Regarding strength prediction, it was found that this was
overestimated (sometimes grossly) relative to experimentally observed
capacity.

The stiffness properties of connections in steel frames are of importance
for frame deflection prediction, and for stability calculations [4, 5]. It
is therefore somewhat surprising that for beam-column connections, for which

. quite extensive experimental and theoretical work has been done [6], there
is only limited information about load-deformation behaviour useful for
frame analysis [7, 8]. The aim of the present research activity is to try
to provide such information also for column-bases. Most effort has thus far
been reserved for the column-baseplate-concrete foundation interface region;
preliminary studies are in progress for the concrete-soil interface region.

SUMMARY OF TESTS ON "PINNED" BASE CONNECTIONS

The results obtained from full-scale, industry representative column-
base connections are described elsewhere in detail [9]. The bases were
nominally "pinned", that is, only two holding-down bolts were used, placed
symmetrically about the column-web and along the column minor axis. Every
attempt was made to replicate good field practice in such matters as bolt
tightening, packing placement and grouting. The test program consisted of
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Figure 1. Schematic of Test Rig

26 tests, including 3 different column sizes (460 UB; 310 UC; 310 uB),
baseplate thicknesses of 12, 16, 20, 25 and 30 mm and bolt sizes of M20
and M25, In all cases a 6 mm fillet weld was used to connect the column
to the baseplate.

To simulate the shims used to align the base during erection of the
frame, four 20 mm steel cubes were placed under the base, one each at
the mid-points of each baseplate edge.

The loading was applied to the connection through a column stub and
lever-arm system as shown in Figure 1. This allowed the ratio moment/axial
load to be varied between tests.

It was found that the moment-rotation behaviour of the column-bases
depended largely on baseplate thickness. For relatively thin baseplates,
behaviour tended to be initially elastic and then became partly plastic.
Eventually, strain hardening of the baseplate deformation mechanism governed
behaviour. This is illustrated in Figure 2. The baseplates deformed either
in the yield-line pattern of Figure 3b or 3¢; the pattern of Figure 3a,
while theoretically feasible, was not observed in the present test series.

For thicker baseplates, overall behaviour tended to be governed more
by bolt deformation characteristics (see Figure 4); in some cases the bolts
fractured.
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Figure 3., Baseplate Yield-Line Mechanisms

In summary, the following observations were made [9]:

1. Increasing baseplate thickness markedly increased connection
stiffness;

- B Baseplate plan size appeared to have only a marginal effect
on stiffness;

- H Increased bolt size led to greater stiffness, and, for sufficiently
thick baseplates, to higher maximum capacity;

4, Increased column size for given plate size increased connection
stiffness;

5. Increased loading eccentricity led to slight increases in
bending stiffness and moment capacities;

r
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The location and type of the packing (shims) appeared to be
of no importance;

There was little evidence of grout failure, presumably because
axial compression zone forces were not sufficiently large;
Prying forces were found to occur only at low loads; at high
loads sufficient plate-grout separation had occurred to remove
the possibility of prying actionm.

M
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— 500

swm-—-|7-_l1m

I d \I
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Rotation
Figure 4. Typical Bolt-Dominated Response
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One specimen was subjected to alternate loading, see Figure 5. It will

n that there is evidence of energy dissipation, and also, at higher

s of permanent baseplate deformation such that reversal from positive
tion to negative rotation can occur under (close to) zero applied moment.
indicates that for bases with sufficiently thin baseplates the connection
indeed behave as a "pin", provided sufficiently high previous loading
taken place to deform the baseplate.

MATHEMATICAL MODELLING

Because it is not feasible to test all possible design combinations
column-base connections, it is appropriate to develop theoretical
tionships between applied moment M, axial force P and connection
don 8. A previous attempt [B] to do so for beam-column connections
idicated that a relationship between moment capacity and connection rotation
:nch- form:

- - -(X, - s
M My(1 - exp(-(Ky - K +c0) gl +K 0 (1)

4 P

be appropriate. Here HP is the plastic moment capacity;
= dM/d6 as ©@ + 0 is the initial (elastic) stiffness of the connection;
k= dM/d6 as 8 + = i{s the strain hardening stiffness of the connection and
't 1is a (dimensional) "constant" found by fitting to the data. It governs
rate of transition from linear elastic behaviour to strain hardening.
. ‘1 may be found from a consideration of the elastic deformation of
all components of the connection, in a manner similar to that described in
[8]. In the present case, elastic deformation of the baseplate due to the
plt forces as well as that due to the outstand of the baseplate on the
' compression side was modelled using a finite difference program.

‘p was estimated by substituting the strain hardening modulus E,, for
E in the calculations for K1 relevant for the baseplate. This method of
approach is a well-known technique. Deformation of the bolts was not
considered in this way because bolts exhibit very little, if any, strain
hardening. Furthermore, strain hardening was found to be associated with
the plate dominated failure modes (see Figure 3).

Hp was obtained in the usual u.% from ideal-plastic theory. Yield
stresses obtained from samples rather than nominal values were used.

The results obtained appear to reasonably correspond with the
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experimentally obtained values, at least ‘f_nr cases dominated by plate
behaviour. For such cases, ¢ = (0.1 - 0.2) x llll6 kNm. Rather less satis-
factory is the correspondence between theory and experiment for intermediate
and for bolt-dominated cases. Full details have been given elsewhere [10]
but Figure 6 indicates some typical results. It {s clear that the value of
the "constant" ¢ appears to depend on the relative contributions of the
baseplate and the bolts to the comnection strength.

PRACTICAL IMPLICATIONS

Nominally "pinned" base connections of the type considered herein
clearly do possess moment capacity. This remains the case provided the
connection is not deformed beyond elastic limits, which would appear
quite likely to be the case for much of the life of a typical structure.

At greater deformation, baseplate deformation may develop, depanding on the
thickness of the plate. Thin plates will deform at lower loads and hence
will wore easily allow the connection to conform to its assumed behaviour
mode. This is illustrated by the cyclic test result of Figure 5.

It is possible, with a sufficiently thick baseplate and high capacity
bolts to attain the yield point in the column compression flange, indicating
that in some cases, quite high moment capacity and high stiffness is
possible. The implications for deflection (and also stability) analysis
are obvious. What is not so clear is the effect this might have on
existing foundations, and whether this matters.
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- S I.‘ E h ?
® 7 wicwess 't \p

‘n : -
Predicted
-8 =@
Observed

40

20 4

Figure 6. Correspondence Berween Test Results and Predicted
M - # Relationship for Tests 1 - 9
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CONCLUSIONS

An overview has been given of test results on nominally "pinned" base
connections and a preliminary attempt at their mathematical modelling. It
was shown that such connections always have strength and stiffness in
bending, and, in cases of thick baseplates and adequate bolts, these factors
can be significant. However, deformation of the baseplate at higher loads
will render the "pinned" design assumption true for subsequent relatively
low connection rotation. The present work did not address the possible
influence of the behaviour of the soil-foundation interaction, a matter of
considerable importance.
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(N THE NONLINEAR BEHAVICR OF JOINTS
IN STEEL FRAMES

Ferdinand Tschesmernegg
o.lniv.Prof.Dipl.-Ing. Dr. techn.
Head of Institute of Steel and Timber Construction
University of Innsbruck

ABSTRACT

The psper introduces a method to determine analytically the nonlinear moment-rotation-
relationship for joints in structural steel frames. This method was developed on the basis
of extensive series perfarmed at the Institute of Steel and Timber Construction,
University Innsbruck, Austria. The field of application includes welded joints as well
as bolted joints.

INTRODUCTION

At the design of structural steel frames problems are mainly encountered during the
design of joints, as the elastic-plastic behavior of the joints is cbviously not
sufficiently clarified. Furthermore, the influence of joint deflection on the overall
behavior of the frame cannot be neglected, especially in the design of unbraced frames.

This paper reports on the results of tests performed on joints and an a method established
on the basis of these test results which makes it possible to analytically determine
the moment -rotation-relationship for structural steel joints.

MATERIALS AND MNETHODS

Fig. | shows a typical welded joint (fig 1 a) as well as a typical bolted joint
(fig 1 b).
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Basically there has to be made a distinction between the flexibility of the joint itself
and the flexibility of the conmnection between joint and the adjecent beem. This distinction
together with a mecroscopic view of the joint is decisive for the following approach.

By this way, it is possible to investigate the behaviar of the very complex mechanism
taking place inside the joint by separating the influence of joint and comnection. In
order to amalyze the behaviar of joint and comections, several different test series
were undertaken, as summarized in fig. 2.

Test series | served to isolate the forces introduced by the beam flange into the joint
and to study this effect separately.

Test series 2, performed on symetrically loaded joints, allowed for studying the additional
effect of beam web on the load introduction into the joint.

Test series 3 - representing an unsymetrically loaded joint - was performed to study the
combined effect of load introduction and shear acting an the joint.

Test series 4 - basically done in the same configuration as series 3 - was undertalken

to deliver information on the additional influence on joint behavior of axial forces acting
in the colum. ’
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Refering to measuring methods several publications [I], [2], [3]were isswed. In fig. 2
the test specimen and the measuring equipment are drawn schematically.

M |

B B

Figure 3

The target of the research programm was to analyze separately the elastic-plastic moment-
rotation-curves for load introduction and shear. As represented in fig. 3 the moment-
rotation-curve can be determined by the following 4 characteristic values;

- elastic limit moment

- plastic limit moment

- elastic limit of rotation

- plastic limit of rotation

RESULTS
Basing on the measurements ard a systematic evaluation, the joint was modelled in a step-

by-step method with the result that the elastic-plastic behavior of the joint can be
described in a pertinent way.
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Fig. 4 a, b shows a symetrical and unsymmetrical joint at the plastic limit.

By this way the general spring model given in fig. 5 was developed incorporating the

following springs:
- shear spring,
- load introduction springs.
- comnection springs.
K| 5 o
i 1T [T 8
Z " y o : . 1’7
]
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1. LOAD INTRODUCTION SPRING
RIN ‘\\\ 3

2. SHEAR SPRING
3. CONNECTION SPRING

superposition for Myz0i.e.aM=M,
M, Ma
Mp
hed

M, aM=M,
/ Mea

Mea
+ +

% % %
3. connection
spring

overall spring

1. load introduction spring 2. shear spring

Figure 5

These springs are assembled together in series.
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Load Introduction and comnection spring are acting in series on mwumu‘m
H" respectively, while the shear spring only acts on the difference of applied mments

AN = I“ _ ”" (f-" 5).

The case shown in fig. 4 ist the welded comection: in this case the springs for the conmnec-
tion can be assumed infinitely rigid. For other comnection types moment-rotation behavior

could without problems be represented by an elastic-plastic spring.

The overall bearing capscity of the joint is determined by the capacity of the
“ml

The results of the tests performed made it possible to supply a method for calculating
analytically the characteristic values of the springs far any combination of beems or
columns out of the range of Bsopesn profiles. The mment-rotation-relationship can be
evalusted separately for load introduction + shear. The result of such a calculation is
shown in fig. 6.

The method for calculation is applicable to unstiffenad joints as well as stiffened joints.

DISCUSSION

The moment-rotation curves being determined, calculation of frames can be performed now in
a simple way with consideration of elastic-plastic behaviar of the joints. This method of
frame design is described in detail in [47].

One of the conclusions is that the flexibility of joints is of great influence especially
in the design of unbraced frames.
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SEMI-RIGID CONNECTIONS IN FRAMES, TRUSSES AND GRIDS

DPr.-Ing. Ch, Stutzki, Dr.-Ing. J. Lopetegui
and
Prof. Dr.-Ing. G. Sedlacek

Lehrstuhl fuer Stahlbau, RWTH Aachen, W.,-Germany

SUMMARY

Several models for the analysis of non-linear connections are
presented, The models are suitable to describe the nonlinear
behaviour of connections according to the problems to be
solved. These models are embedded in a general computer
program for the analysis of space frames with geometrical and
physical nonlinearity. Three examples are presented in which
the connection behaviour is of great influence on the global
structure.

BEAM TO COLUMN CONNECTIONS IN BRACED FRAMES

The characteristic property of a connection in a frame is its
moment-rotation behaviour. For some commonly used connections
the M-¢-curves are given in fig.l in a gualitative way. Not
only the linear flexibility, but the whole range of the
M-$-curve is of importance, especially, if an ultimate limit
analysis for the frame is performed.

Two influences are neglected in the commonly used static
analysis:

1) The size of the connection. Usually the adjacent members
are connected to an idealized node which is the point of
intersection of the axes of the members.

2) The flexible, nonlinear M-¢-characteristic.

With a simple model both influences are taken into account,
(fig.2). The truss members 1 and 2 in fig.2b are assumed to
be rigid, whereas member 3 works as a control member with an
axial- force/elongation- behaviour that is controlled by a
given curve (fig.2c). If the axial force in member 3 is N
then the theoretical moment in joint is M = N:c, and the
rotation of the joint is ¢ = Al/c.

The controlling curve for member 3 is defined as a polygon.
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fig.1 : Typical Connections and their moment- rotation-

behaviour

The values of the polygon are given as input-data to the
program , and may be derived from previous calculations for
the joint behaviour or from tests. The model can be inserted
into every plane or spatial framework.
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fig.2 : truss model for a beam to column- connection
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BEAM-TO-COLUMN CONNECTIONS IN 8?&? FRAMES

The connections of sway frames are exposed to large moments
due to horizontal forces, In multi-bay frames this leads to
antimetric action of moments from the beams to the inner
columns (fig.3). The main reason for the deformation of the
joint is the shear deformation of the joint panel (fig.4).
For this case a second model has been developed. This model
consists of a truss subassemblage which transfers the
differential moment of the beams into the column (fig.5).

Jow]
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fig. 3 : multi-bay sway frame under horizontal load
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fig.5 : truss model for a shear connection
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Also in this model the axial- force/elongation- behaviour of
the control element is controlled by a diagram. The diagram
is described as a polygon, and its values may be taken from
test results or are derived from a previous calculation for
the shear panel, The differential moment in the joint is
M = h:N where N is the axial force in the control element, and
the angle of the shear deformation is | = al/h.

The models for the symmetrical loading and for antimetrical
loading can easily be combined, (fig.6) with two control
elements for symmetric moment, according to fig.2, and one
control elements for the differential moment according to
fig.5.

rigid rigid

control elements

h for symmetric moments

control element for the difference moment

fig.6 : combined model for symmetric and antimetric moments

EXAMPLE 1

Many calculations and comparisons with other methods and test
results have proved that the model is able to simulate the
joint behaviour and its influence on the total structure with
good accuracy. It is embedded in a computer program for space
frames with geometrical and physical nonlinear beam elements.
The analysis is performed incrementally with an equilibrium
iteration in each step. Only the initial stiffness matrix is
used, according to the iteration method of orthogonal
load-deformation-states /2 /. It is not necessary to form a
tangent stiffness, neither for the beam elements nor for the
joint stiffness. As an eXample for the application a small
study is presented on the influence of different connection
types on the ultimate limit state of a plane frame (fig.7).
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BOLTED CONNECTIONS IN TRUSS MEMBERS OF TRANSMISSION TOWERS

Investigating the consegquences of irregular foundation
settlement of transmission towers, one ends up with axial
forces in some truss diagonals which are much higher than the
failure load of these diagonals, This is the result, if a
linear analysis is performed with one of the commonly used
computer programmes, However failure has not been observed,
even if settlements of ¢two or some more centimeters occur,
The 'intelligence' of the real structure and some second order
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effects provide some additional safety which is not taken into
account in a linear static analysis.

A truss model, taking into account bolt slipping (fig.8), has
been used to investigate the influence of this connection
behaviour on the distribution of internal forces, if in
addition to the regqular loading, foundation settlement occurs.
The behaviour of the truss element is linear, until the value
of friction Rgis reached, then slipping may take place, until
the possible sliding distance, due to tolerances between bolt
and hole, is reached. From then onwards, linear behaviour is
assumed again, A complete tower (fig.9 shows the lower part
of it) has been analysed, using the described model, with
varying values for friction and sliding distance.
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fig.8 : truss model with bolt slipping at the joints
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In fig.10 the axial forces of three diagonal members are
plotted against the foundation settlement. The dashed lines
are the result of a linear analysis, the full lines are the
result of a nonlinear analysis, using mean values of bolt
slipping of 1 mm, This result is only capable of showing a
tendency  in the distribution of internal forces, not the real
forces, because the exact occurance of bolt slipping and
friction in each joint is unknown, However it can be seen
clearly that the forces that are calculated with bolt slipping
are much lower than the linearily calculated ones, which gives

a good interpretation of the observed effect (that no failure
occurs).
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COUPLINGS IN A PONTOON BRIDGE

Pontoon bridges consist of floatable, gquasi-rigid boxes of
steel that can be connected to each other quickly and without
much effort. This means a kind of construction that is simple
to handle even in rough sea conditions. PFor these reasons the
connection mechanism has large tolerances in order to achieve
a quick assemblage. The static analysis of this type of
structure is complicated contrary to the simplicity of its
construction, because the deformation behaviour of the
couplings determines the global behaviour of the bridge during
the crossing of a vehicle.

The connection behaviour is represented in fig.ll. The
moment-rotation behaviour is bilinear: for small relative
rotations of two pontoons the connection behaves like a hinge,
and for large rotations the connection is rigid, A simple
model has been developed to simulate this type of coupling
(fig.12)., The shear force can be transmitted by two rigid
members, connected by a hinge. The bending moment s
transmitted by a control member which behaves according to the
diagram in fig.l1b, depending on the relative rotation .

coupling

! pentoon lpontoon! water surface

= ==

i l

>

>
!
=

0
—

4
Ad i ’

fig.11 : coupling of pontoons 8¢,
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fig.12 : model for the coupling parameter controlled gap
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The equilibrium iteration for tht complete structure is

very difficult, especially for 10w loading, because any
foresight of the deformations may lead to completely wrong
results if they are extrapolated from a position with hinges
to a final position where the connections are rigid., In order
to overcome this difficulty in the analysis, the
incrementation is performed not in the load, but in the
tolerance ddyﬂ of the couplings, with a stepwise increase of
the factor & (fig.l13) from 0 to 1. With this kind of
procedure calculations with very large gaps are possible.

NONLINEAR PROCEDURE
The actual behaviour of a nonlinear system is not described by
a tangent stiffness matrix but by so called load- deformation
states /4/. A load-deformation-state consists of a deformation
increment v; and of the difference of the reaction forces
before and after the application of the incrementl deformation
v; s that is: R(vg#v;) = R(ve) ( vgis the total deformation
of a previous step ). The reaction forces can easily be
determined applying the previously described constitutional
laws with the deformation as argument,
The complete nonlinear behaviour of the system is described by
a set of orthogonal load- deformation- states which are
generated in the course of the iteration. They form a kind of
a subspace and have to be free of contradictions in order to
simulate the tangent stiffness., Therefore the iteration is
stopped and started again if the system is changing its
characteristics suddenly, because otherwise contradictory
load- deformation- states would result,
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FLEXIRILITY FORMULAE AN MODELLING OF JOINT BEHAVIO!'R
IN GIRDERS MADE OF RECTANGULAR HOLLOW SECTIONS

A, Czechowski, J, Kordjak, .J, BrAdka
Metal Structures Research
and Design Centre "Mostostal"
Xrucza 1F/22, 00-02F Warsaw, Poland

ABSTRACT

This paper deals with the flexibility problem of stepped
(unequal width) Jjoints in RHS girders, First of all modes
of flexibility for different joints are defined with relevant
elastic fo ae being established, Then it is shown how those
linear characteristics can be extended into non-linear range
of joint behaviour, Some comparison with test results is also
given, Having known (calculated) joint flexibility one can take
it into account in the structural analvsis bv using so-called
micro-bar model of a joint,

INTROTICTION

In last 15 years a lerge zrount of research, stimulated
and co-ordinated mainly by CIDECT and IIW, has been done in the
domain of R¥S joints [1]. Also in Poland, in "MOSTOSTAL" Centre
an extersive research progra~me has been carried out, including
tests on isolated joints [2 - 4], as well as on comnlete trus-
ses [6] and, recently, Vierendeel girders,

Sirce the joint strength itself is not the only aspect of
the structural behaviour, some nart of investigations has been
concerned with the problem of joint flexibility and adequate
calculation model, Tt should be mentioned here, that relative-
ly small number of naners exisf in which this particular prob-
lem is undertaken, although its implicetions are practically
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important and in general must nof he ignored in design,

The subject of further considerations are unreinforced
truss and moment joints (Fig, 1) consisting of RHS members di-
rectly welded together, in which bracing - to - chord {or beam
- to - column) width ratio is equal or less than 0.8, Such

.:E- .L = ‘m
A=t V5aine' 1”0, ' B b
Figure 1, PHS joints - geometrical parameters

joints have to be treated as flexible ones, otherwise than ri-
gid or semi - rigid connections in conventional steel-work
systems,

ELASTIC FLEXTRILITY FORMILAE

In order to make the term "flexibility" more orecisely
comprehended, regarding actual deformations of Joints, three
hasic modes of flexihility are snecified /see Tig, 2):

A - translational (tynical for axiallv loaded T and ¥ -

joints ),

B - antitranslational; oush = pull mechanism (tymical for

truss joints with relatively big ga» between hracings)
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Figure 2, Modes of flexibility

C - rotational (typical for moment T eand X - joints, as

well as for overlap truss joints),

The above mentioned flexibility cases have then been sol-
ved analytically., The analytical approach accepted for this
purpose can be characterized, as follows:

a) Chord face is considered first as to be & simply sup-
ported strip plate, loaded by one or two rigid hollow nunches
(bracing members), acting translationally or rotstionally
respectively;

b) Actual continous plate - punch interaction is renlaced
by a discrete one, existing in a definite number of points
(supports) along the punch perimeter (see Fig, 2a);

¢) Using Green’s function for a strip plate deflection
problem a system of linear equations is established, where 1n-
knowns are reactions in points of contact, This procedure is
to be repeated for each new set of contact points coordinates;

d) Solution of the above mentioned equations enables a
characteristic deflection due to a unit load to be determined;

e) Since the chord face is not simply supported, but is
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TABLE, 1

Flastic flexibility formilse for RHS joints (0,4 ¢ P < 0,8)

g::i%rn- Flexibility - for muiu* Loading | Remarks
(IJA- translational see Fig.2a)
2
Wo=| 1 (B walp) 2% «Nsin® || w,=091-V)
.- antitransiational see Fig.2b)
-t
b | W= a1/ Mo <A
wo=| £, (ﬂ,q)-wa([s,'r)?é— xNsin® | = y7-p'
Q.-rotational | see Fig.2c)
q’cwi" ST
Mo ¢ . Lo o
de=2h fi(Bno) wWelpn) e xM k=1/P31
(I’CINJ'
|
e lrs.qa-wcm,q)ow—’éa- xNsin®
t lational -
Gsc g I-'?r'::ﬁutit'mal see Fig.5
rwiwet (B + b xN'sin@
o 2 y
E‘_'112'1‘@3- ﬂ;*trq)ﬂﬂl) g
= 1 flvﬁr lo ; -
Puc =7 beon5 o) ks

%/ f; -f1-0,25-('ﬁ,+151/{1+m -for one side joints

fi =t =H(1+004/p)

E - Young's modulus

-for two side joints

to,bo—chord wall thickness and width
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. restrained at the edges by adjacent walls, a frame analogy has
. been used to take this effect into account by introducing a

- correction factor.

After having obtained the solutions for different joint

- parameters approximate flexibility functions of those dimens-
ionless parameters were established, Final elastic flexibili-
ty formulae for truss and moment joints are presented in Table
- 1. There is also included a translational - rotational flexi-
bility typical for gap truss joints, This formula consisting
~ of two flexibility components is based on the sssumption, that
inner deflection is proportional to antitranslational flexibi-
1lity, whereas the outer one is proportional to rotational fle-
xibility of a K - joint treated as a T - moment joint (m-n,).
Thus both flexibility components can be consequently determi-
ned,

NON - LINEAR BEHAVIOUR

This problem is closely associated with elastie and ulti-
- mate strength, thus with so - called plastic reserve, which
. being a difference between those two limits, is a specific
measure of joint flexibility, In this sense rigid connections
exhibit relatively low plastic reserve, whereas joints of low
stiffness show a remarkeble post - yield behaviour, Many dif-
ferent geometrical, material and technological factors make
the problem of Jjoint behaviour including strength very complex
and extremely difficult to be solved analytically, although
some attempts using finite element method are known [5],
Nevertheless even such an apparently accurate approach need to
be experimentaly verified,

In this paper a semi - empirical approach is proposed,
Elastic (linear) load - deformation relationship can be extend-
ed into non - linear range of behaviour provided that the ul-
timate strength and the "yield - line" load capacity of a joint
are known, Non - linear secant stiffness formula is given in
Fig. 3 and compared with experimentally observed T - joint be-
haviour in Vierendeel girder,” A fairly good correlation is ob-
tained for exponent n = 2, For other joints exponent n may be

¥
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Figure 3, M - A@ relationship for a moment joint, Non - li=-
near stiffness formula compared with experimantal data

different,
MICRO - BAR MODEL OF A JOINT

After having determined joint flexibility the problem is
how to teke it into account in statical analysis of a whole
structure, For this purpose a2 micro - bar model of a joint has
been devised, The idea of this model is illustrated using a
general example of a gap truss joint with translational - ro-
tational flexibility, Respective components of flexibility
are taken into account by adequate reducing cross - section
area of bracing members (see Fig, 4) and by introducing a sys-
tem of micro - bars which is "responsible" for rotation only
(see Fig. 5).

In contradistinction to conventional systems with pin -
ended or rigidly connected members, that one involving micro -
bar models of flexible joints may be called "second order sy-




Figure 4,

Equivalent cross - section area of a bracing member

reduced due to translational flexibility of joints

Figure 5,

Micro - bar model or a sog truss joint with transla-
tional - rotational flexibility
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system", ’
A comperison with test results has indiceted [f], that se-

cond order system is an adequate calculation model for lattice

girders,particularly for statically indeterminant structures,

CONCLUDING REMARKS

Flexibility formulae and calculation model presented in
this paper can be directly used in the analysis and design of
RHS girders.with flexible joints, This approasch enables some
specific aspects of the structural behaviour, concerning de-
flections, secondary bending moments, stability of bracing
members, to be examined and realistically evaluated,
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OF
MATHEMATICAL MODELING PAPERS

The primary thrust of the papers of this session was that complete
(= global) comnection modeling for behaviour and strength may be the
preferable method, in the long run. Although it presents numerous
difficulties, as pointed out by several participants, especially in the
numerical treatment of elasto-plastic phenomena that also may involve
strain-hardening, it will clearly make 1if easier to apply semi-rigid
concepts to frame analyses if the complete moment-rotation curves for the
connections are specified.

Several discussers addressed the problems that are associated with
contact problems of the kind that commonly occur in column footing and
end-plate connections. Whether special finite element types were used for
this (for example, with zero stiffness after contact is lost, but
regaining it if cyclic loads force a re-contact), or non-linearly elastic
springs were utilized, the end result appeared to be good correlation
between tests and theory. These techniques were also applied to reflect
prying action for bolts, as well as friction and the loss of same for
slip-resistant connections.

Although it was agreed that it would be preferable to utilize
overall connection response characteristics in the frame response
analysis, it would still be necessary to determine the primary response
parameters, in the fashion as indicated by the local analysis session.
Specifically, initial stiffness and ultimate strength data must be
determined very carefully.

The effects of cyclic loading were discussed by a number of
contributors. The problems are particularly complex if full load reversal
occurs, both in terms of the needs of the modeling scheme as well as
those of the eventual application to frame analysis itself.

Several questions were raised regarding the evaluation of column
footings and their performance. Thus, structural details such as base
plate to concrete foundation separation were considered, as were anchor
bolts, grout and the like. However, there appeared to be general
agreement that this is one area of conmnection research that is in need of
significant additional studies.

o

Many of the discussers emphasized the need for concentrating on
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connections that are commonly used in industry. For example, North
American practice for many types of cbnnections now involves the use of
slotted holes, to facilitate the erection work. It is clear that such
will have a significant impact on the moment-rotation characteristics, at
least following the first load reversal or after bolt slip has taken
place,

Overall, the many global connection models that have been developed
appear to hold excellent promise for more pgeneral applications to
connection analysis. The need for being able to assess the importance of
the various physical details was stressed by all presenters as well as
discussers.
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ABSTRACT

Modern design codes allow the design of structures to be based on the
actual load deformation characteristic of commections. In this paper a
classification of connections is proposed. Essential is that the
classification depends on the design method of the connection e.g. elastic
method versus plastic method. It is necessary that designers are able to
determine the M-@ characteristics of connections. Brief information is
given on available connection test data. These data are essential to
develop analytical models to be used in design calculations. Two possible
approaches for the determination of such models are discussed.

INTRODUCTION

In structural steelwork the connections between members play an
important role, From an economic point of view the costs for design and
fabrication form a considerable part of the total costs. From a structural
point of view the properties of the comnections fundamentally influence the
response of the structure to actions. In the past, when ‘'working stress’
design was normally used, the connection design was based on rather simple
though not necessarily economical assumptions.

The connections were assumed to behave either as hinges (simple
construction) or as infinitely stiff (rigid construction). The forces on
the connections then followed from an elastic analysis of the structure.
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The parts of the commections such as end plates and angles, welds and
bolts, could subsequently be dimensioned, Even now this design procedure
seems to be used in the majority of cases. However, the introduction of
limit state design, including practical rules for plastic design, requires
a more realistic treatment of the connections. When wusing these methods,
the designer is confronted directly with the fact that for a better insight
into topics such as the stability of columns and frames and for a minimum
cost design of members and connections, understanding of the behaviour of
connections is essential.

Another factor is that modern computer programs, now available to the
majority of designers, allow a more sophisticated treatment of connections
without an appreciable increase in calculation costs. Finally, also the use
of automatic NC drilling and sawing equipment in the fabricators shop
influences the cost relationship between wvarious forms of connections,
leading to a need to minimise the number of welded stiffeners.

Modern design codes e.g. Draft Eurocode 3, allow the design of the
structure to be based on the actual load-deformation characteristics of the
connections. It is of course essential that designers are able to determine
those characteristics, preferably in the form of a mathematical model. The
available information on this point will be reviewed in an IABSE-report
that is under preparation now [l1]. It is drafted in liaison with ECCS-TWG
8.2 and should be considered as complementary to (2] dealing with analysis
and design of steel frames.

This paper, to be presented at the "CACHAN-WORKSHOP' is an
introduction to [1] and is aimed to collect the latest information.

DEFINITION OF PROPERTIES OF JOINTS

A steel frame, whether considered as a plane or spatial structural system,
essentially consists of linear members joined together by connections

(Fig. 1). o . ¢
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Figure 1. Combination of linear members and connections in a
plane structural system.
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The response of the system to actiops (loads) is in general influenced
by the structural properties of both members and connections. The relevant
properties of these elements are gstrength, stiffoess and deformation
capacity (ductility). Assuming for the present that bending is dominant,
all three parameters can be presented in a moment-rotation (curvature)
diagram of the type illustrated qualitatively in Fig. 2.

moment |

strength

stiffness

| detormation capacity rotation
-

Figure 2. Presentation of structural parameter in a M-§ curve.

The properties of a member with parts in compression are dependent
upon section geometry and the yield stress of the steel mainly due to the
effect of local buckling.

In most codes the different types of cross-section are classified
dependent on their respective moment-rotation properties. This procedure is
used because no practical methods are available to determine the actual M-§
relation for each individual member which can be wused in a simplified
design.

Depending on the class of the cross-section (form of M-§ relation: see
Fig. 3) different unalysis models may be used.
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Figure 3. Load-deflection relationships.
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As an example the possibilities for ultimate limit state verification

according to the Draft Eurocode 3 are given in Table 1.

Class of member

Capacity of cross-section

Analysis of system

Class 1
Class 2
Class 3
Class &4

plastic

plastic

elastic
reduced stress or
effective section

plastic
elastic
elastie
elastic

TABLE 1

The structural properties of connections can also be presented in a

M-@ diagram. In Fig. 4 a set of M-§ curves for connections

types of behaviour is shown.
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Figure 4. Moment-rotation curves of beam-to-column connections.

For the use of plastic design the connections can be classified in the

following categories:

Nominally Pinned Conmections

This type of connections is designed to transfer

shear and normal

force only. The rotation capacity of the hinge should be sufficient to
enable all the plastic hinges necessary for the collapse mechanism to
“r

develop.
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EFull Strength Connections (connections A and B in Fig. 4)

The moment capacity {is greater than that of the member. A plastic
hinge will not be formed in the connection but in the member adjacent to
the connection. In theory no rotation capacity {is required for the
connection. If the connection has little deformation capacity (comnection
B) an extra reserve of strength should be required to account for possible
overstrength effects in the member.

Partial Strength Connections (comnections C, D and E in Fig. 4))

The moment capacity is less than that of the member, A plastic hinge
will be formed in the connection, so sufficient rotation capacity is
required. For this reason connection C is unsuitable. Curve E is typical
for a bolted bearing type comnection, showing slip due to the clearance of
the holes. For a detalled treatment of the requirements, reference is made
to [3]. This explains how, especially when wusing partial strength
connections in plastic design, information on all three parameters of the
M- relation is required.

In elastic design traditionally two categories of connections were
considered:

Nominally Pinned Connections (Fig. 5)

The connections are assumed to transfer only the end reaction of the
beam (vertical shear force and eventually normal force) to the column.

il
J
-

-
short - web "
end plate / cleats /

(header plate)
J

R

Figure 5. Nominally pinned connection.

They should be capable of accepting the resulting rotation without
developing significant moments, which might adversely affect the stability
of the column. In many countries it is common practice to design structures
on a simply supported basis and then to provide connections which are in
effect semi-rigid. A typical example is the flush end plate detail shown in
Fig. 6. This may be unsafe due to insufficient rotation capacity of the
connection,
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Figure 6. Flush end plate connection.

Rigid connections (Fig. 7)

Rigid connections are used to transfer moments as well as end
reactions. Design assumes joint deformation to be sufficiently small
(stiffness large) that any influence on the moment distribution and the
structure’'s deformation may be neglected,

Figure 7. Rigid comnections

Practical realisation of the assumptions of rigid construction often
leads to relatively expensive connection details. Thus in cases where
stiffness is not required for stability reasons (e.g. in braced frames),
the use of nominally pinned connections is usual. However, practical forms
of this type will transfer some moments and contribute to the structural
stiffness, On the other hand, rigid connections can be simplified and made
less expensive by the omission of stiffeners and other parts and accepting
some flexibility. To fill the gap between pinmed and rigid comnections, a
third category is defined and accepted in most modern codes.

Semi Rigid (semi flexible) Comnections (Fig. 8)

These connections are designed to provide a predictable degree of
interaction between members based on actual or standardized design M-§
characteristics of the joints,
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top and seat angle connection end-plate connection

Figure 8. Semi rigid, (semi flexible) connections.

In conclusion it seems to be evident that there is a need to present
information the on M-§ relations of joints in a form which can be readily
used by designers.

CONNECTION TEST DATA

Design models for the M-§ relation of connections can only be based on
a systematic evaluation of test information. Recently prepared survey's
[4, 5, 6] of available test data for connections between beams and columns
permit the existence of suitable information on particular connection types
to be checked.

0f much importance is the Steel Connection Data Bank (SCDB) at Purdue
University [7]. Digitised versions of over 300 experimentally obtained MN-§
curves covering 7 different connection types, are stored in the computer.
The tests in this collection are mainly from sources published in the USA,
Canada and the UK, On the European continent also much test information is
available, e.g. [B, 9, 10, 11]. These tests are now collected in the
framework of the Eurocode-work and will be stored in a data base at the
University of Aachen. Combination and exchange of these two data bases is
recommended.

ANALYTICAL METHODS FOR THE DESCRIPTION OF THE M-§ RELATION

Inclusion of connection flexibility into the analysis of the behaviour
of members or complete frames requires that M-§ relations for the
connections are available to the designer in a suitable mathematical
format.

Two essentially different approaches are possible:

{ . An analytical model is developed to represent the M-§ relation found
by tests on a specific connection as closely as possible. Strictly speaking
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for use of this method test results should be available for every
connection to be used in the actual structure.

DOUBLE MED ANGLES COMELTION
AL saLTED "n-%2

i L A A A ' A
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ROTATION | X 1/1000 RADIANS |

Figure 9. Analytical model to represent the M-§ relation (7]

ii. An approximate method based on linearization of the M-@ relation. This
approach offers the possibility to develop semi-emperical models for the
calculation of the relevant parameters of the schematized M-§ relation. An
example of such a linearisation is given in Fig. 10.
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Figure 10. Linearised M-§ relation

Formulae for the calculation of the moment capacity M are already included

in Draft Eurocode 3. Formulae for the determination of the stiffness are
also available for a number of connection types and will be included in an
appendix of the revised EC3. For bnced frames and floor beams requirements
for the rotation capacity can alsily be determined. For those applications
a classification method as used for members can be applied. For unbraced




194

frames the required rotation capacity can not simply be determined in a
general way and needs to be calculated in each individual case. So for use
in unbraced frames formulae for the calculation of the minimum available
rotation capacity should also become available. Work is underway to develop
these formulae.

10.
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SENI-RIGID CONNECTIONS IN ISOLATION AND IN FRANES

J B Davison, P A Kirby and D A Nethercot
Department of Civil and Structural Engineering
University of Sheffield
Sheffield 51 3JD
UK

ABSTRACT

The objective of the present Sheffield programme is the development of
a full understanding of the behaviour of steel frames leading to design
approaches that recognise the semi-rigid nature of steelwork connections.
It has therefore embraced in-plane testing of connections, restrained
columns in subassemblages and complete frames, as well as associated
theoretical studies. As a result of this co-ordinated approach, a number
of points have emerged concerning the conduct of M-¢ tests, which could

" pot necessarily have been foreseen, nor would they have shown up in a
programme of joint tests only.

INTRODUCTION

A project has been completed at Sheffield University to provide
experimental data on the behaviour of columns and frames restrained by
simple beam to column connections. The work has involved testing a series
of joints to determine their in-plane rotational response, a number of
restrained columns and two large three-storey two-bay frames. The action
of the joints in the column and frame tests was monitored and compared with
the isolated joint tests. Some interesting points concerning the action of

joints in frames and the implications for conducting joint tests have |
emerged.
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JOINT TESTS
*.

All individual joint tests [1] were conducted with the specific
objective of providing M-® data for use later in the programme, A
cruciform arrangement was used with direct loading on the internal coluan.
Rotations were measured by a set of 3 T-bars attached to the specimen on
the column centre line and the beam centre lines as near to the connection
as possible - normally within 100 mm. By monitoring the change in length
of the wires attached to these bars, it was possible to determine the
relative rotation within each joint. Such an arrangement could not, of
course, measure the contributions to this rotation due to the different
sources of flexibility within the joint, merely the overall effect.

The same light column and beam sections featured in all joint tests
vere subsequently used in the subassemblage and frame tests. A total of 2§
tests, 8 of which included various types of deliberate lack of fit [2],
vere conducted. Each test did, of course, provide two M-® curves, one for
each side of the specimen and an illustrative result is given as Fig 1.

J1/08 Major
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Figure 1. Moment-rotation curve from flange cleat joint test.

PR




197

In some cases a limited number of unloading cycles were included in order
to provide data on the unloading stiffness characteristics of the joints.
The main variable in the programme was the type of connection - web cleat,
flange cleat, end plate etc - with several of the joints fixed to the
column web, Fig 2 summarises the complete set of M-® data in the form of
average M-o curves for each connection type.

10!
LB Extwnted wt-slite
Flush sng-plate ais
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W 0 osest clewt me)
Flange clest m)
Flange clewt uis
e clest ain
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= - . 35—
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Rotation radians/1000

Figure 2. Collection of moment-rotation curves for various connections.

CONNECTION BEHAVIOUR IN FRAME AND SUBASSEMBLAGE TESTS

The performance of the connections in the frame and subassemblage
tests vwas recorded. In the frame tests the bending produced in small
spring steel strips, supporting heavy dumbells and secured to the beams and
coluans, as a result of rotation from the vertical was monitored [3). A
complete set of M-® curves for the joints in the frames was thus obtained.
The subassemblage tests (4] were conducted in the horizontal plane and
therefore methods of measuring rotation which rely on the effect of gravity
could not be used. Limited access restricted the number of locations which
could be monitored in the same way as the joint tests and a less
satisfactory method using two LVDT's to record the relative location of the
beanm and column was adopted. A complete, reliable set of M-® curves for
all tests in the subassemblage series is unfortunately not available.
Therefore a complete comparison betyeen joint subassemblage and frame
behaviour i1s not possible.
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Figure 3 compares M-® curves for notionally similar connections - top
and bottom cleats with the same beam and-column size, cleat size, bolt size
and arrangement and bolt tightness - obtained from isolated joint testing,
a subassemblage test and a frame test. The general form of each curve is
very similar with the variation being approximately the same as that
observed between repeat isolated joint tests. This suggests that the M-o
characteristics measured in the basic joint tests provide an acceptable
measure of the behaviour of similar connections when functioning as part of
a framework.

143
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Figure 3. Flange cleat moment-rotation behaviour in
i1solated tests, subassemblages and frames.

Comparisons of the subassemblage and frame tests with finite element
frame analysis programmes [5, 6] capable of including semi-rigid
connections showed good correspondence between the predicted and actual
response. Fig 4 1llustrates the load deflection behaviour of a beam 1n
frame 1 as measured in the test and predicted by the analysis program.
Also shown in Fig 4 are the calculated deflections assuming the beam to be
pinned at its supports. A reduction in deflection at service load of 25%
of the simply supported estimate is evident. THe analysis was conducted
using an approximate M-® curve consisting of five straight lines closely
fitted to the M-0 curve obtained from the joint test - see Fig 5.
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Test results
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Figure 4. Beam deflection for test frame 1.
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Figure 5. Approximation of moment-rotation curve for analysis.
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It appears that the analysis is not ovarly sensitive to the exact M-® curve
used since some slight variation of the performance of individual
connections around the frame from the joint test behaviour was evident -
see figures 6 and 7. This was also suggested by the authors of the program
after undertaking a study of the sensitivity of the computer model to the
pumber of straight lines required to simulate a moment-rotation curve. In
pany cases a tri-linear representation proved to be adequate [6].
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Figure 7. Behaviour of joints in frame test 1.
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LESSONS FOR M-¢ TESTING DRAWN FRON FRAME STUDIES

The existence of a data base of the performance of various forms of
structural framing employing semi-rigid connections permits information on
connection behaviour to be extracted that can assist in the conduct of
future joint M-0 tests. Probably the most important item is the level of
rotation likely to be experienced by the connections as the structure
attains its ultimate load. The experience of the present work, which is
limited to non-sway frames under static loading, is that these are
generally far less than the range of rotations normally covered by
published M-® data. In this context it is important to identify the type
of component under consideration; axially loaded columns attain their
ultimate load with very little end rotation - typically of the order of
0.005 radians, whereas beams provided with comparatively flexible
connections may require end rotations of 0.02 radians; columns under
primary bending e.g. due to unbalanced beam load, fall somewhere between
these two extremes.

If Fig 2 is re-examined in the light of these requirements, it is
clear that the most important part of the M-9 curve is the early section,
often the initial slope before the region correspoending to joint softening.
It is therefore vital that the measuring systems for rotations are both
sufficiently sensitive and are sampled sufficiently frequently during the
initial stages of testing that this region be accurately determined.

A close examination of the behaviour of all the joints in the two
frames as columns were brought up to failure showed that the unloading
stiffness of the joints was of more benefit to the column than the loading
stiffness of an adjacent joint. Figure B8 shows the behaviour of joints C
and E as the external column was brought up to failure. The much larger
unloading stiffness is readily apparent. It would therefore seem that the
investigation of the unloading stiffness of a joint is equally important as
the determination of the initial loading stiffness. The assumption that a
connection unloads along a line parallel to its initial stiffness appears
to be reasonable but needs to be conclusively established.

CONCLUSIONS

The work on connection behaviour conducted by Sheffield University has
covered the response of joints in isolation, joints in subassemblages and
in full size multi-storey frames. There appears to be no fundamental
difference in the action of similar joints tested in the various
environments. Studies of joint behaviour should pay particular attention
to their action in the initial part of the M- curve and also to their
unloading behaviour. The response of connections at large rotationms is
likely to be of less importance in interpreting the action of semi-rigid
frames.
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Figure 8. Comparison of joints C and E (frame test 2).
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STANDARDISED METHOD FOR MEASURING THREE-
DIMENSIONAL RESPONSE OF SEMI-RIGID JOINTS

M Celikag and P A Kirby
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UK

ABSTRACT

Whilst procedures for in-plane M-9 responses are becoming established
little attention has been given to out-of-plane and torsional
characteristics. The findings of exploratory tests are described in this
paper which highlight a number of considerations which need to be resolved
before any substantial experimental work is undertaken. There are several
ways in which a beam column connection may be supported and various ways in
which the rotation can be computed. It is suggested that the international
research community might give attention to the production of a memorandum
to develop a uniform approach to the problem.

INTRODUCTION

Since the 1930's many researchers have investigated the behaviour of
beam-to-column connections but have mainly concerned themselves with the
in-plane M-® behaviour. Very little experimental information is available
on the out-of-plane and torsional response of semi-rigid connections. A
standardised method for in-plane moment-rotation behaviour of beam-to-
columan connection has been drafted as a technical memorandum by Task Group
25 of the Structural Stability Research Council (5.5.R.C.) in 1986 [1].

It is obvious that, in a steel frame, there may be lateral loads
acting out-of-plane on beams or unsymmetrical or one-sided floor loads
which cause torsion in beams and therefore on to the beam and column
connections. At the same time eccentric loads may well cause torsional
effects. Such restraints are also important in the context of stability,
e.g. lateral-torsional buckling.

This research is aimed at investigating the behaviour of connections
due to out-of-plane and torsional loading. Because cruciform tests rely on
symmetry, which can give rise to difficulties, a single connection
cantilever arrangement was chosen (see inset of Fig. 1). The response of
the test specimens was found to be more complicated than had been expected.
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Figure 1. The deflection profile of the assemblage for various
support conditions.

Some results of the exploratory tests are given and questions
regarding the manner in which the M-# relationships should be determined
are raised to initiate an agreed method similar to the 5.5.R.C. Memorandum
before substantial test work is carried out.

TEST SPECIMENS, APPARATUS AND INSTRUMENTATION

Flange cleat and web cleat connections were used for exploratory
tests. These connections were designed according to an elastic design
method of the Australian Institute of Steel Construction for in-plane
loading. Previously similar connections had been tested for in-plane

behaviour and this research was undertaken to find their out-of-plane and
torsional M-¢ characteristics.

The beam and column elements were the same sections in all tests
namely 254 x 102 x 22 UB, 1000 mm long and 152 x 152 x 23 UC, 750 mm long.
The static yield stresses of the column material and the beam material were
266 N/mm® and 287 N/mm? respectively, and were found by testing coupons
from their flanges. For the top and bottom flange cleat connections
unequal angles were used; an 80 x 60 x 8 for the top cleat and a 125 x 75 x
8 for the bottom cleat. For the web cleat test again a pair of 80 x 60 x 8
angle sections was used.
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M16 Grade 8.8 bolts with washers were used in drilled 18 mm diameter
holes for all connections. Four bolts were used for the top cleat, six
bolts for the bottom cleats and six bolts for the web cleat connection.

A self straining rig was constructed of steel channels and a 100 x 90
x 15 mm attachment plate was bolted on the vertical members to which the
column was to be clamped. A hydraulic jack was used to apply the out-of-
plane and torsional loading at the free end of the beam via a load cell.
The bolts were tightened up to 160N.m. with a torque wrench. This torque
wvas adopted as being consistent with the value expected of manual
tightening with ordinary tools. A level was used to ensure the proper
alignment of the specimen. For simplicity dial gauges were used for these
exploratory tests vhich were intended primarily to examine overall
response.

TEST PROCEDURES

3.1 Out-of-Plane Response

The single cantilever arrangement of the beam-column connection, as
mentioned in section 1, was used. The beam was connected to one flange of
the column with top and bottom flange cleats. For ease of application of
load on the minor axis of the beam, the cantilever arrangement was turned
through 90* and then the remote flange of the column was clamped
horizontally against the attachment plate so that the hydraulic jack could
be placed vertically to apply a point load at the free end of the beam web.
Four different tests were carried out as listed below. The first, type B,
represents the reference condition; the other types are variations of this
situation.

Moment, M [kiNm)
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Figure 2. Beam rotations for various support conditions.
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Type B: The rear flange of the column was clamped to the attachment plate
over its entire length and the beam was bolted to the front flange of the
column by top and bottom flange cleats (see inset of Fig. 3).

: The same connection was used as in type B but an extra plate,
equivalent to the depth of beam, was placed between the rear flange of the
column and the attachment plate. The column was clamped in this region
only. The aim of this arrangement was to simulate restraint over the depth
of an equivalent beam rather than the clamping action being present over
the full column length (see inset of Fig. 4).

Type C: The test arrangement used was as in type B but with additional
stiffeners welded at four positions from the rear flange and up to the
column centreline to substantially prevent the rotation of the rear half of
the column web. The stiffeners were located on the column 125 and 250 am
avay from the mid-length of the column in both directions (see inset of
Fig. 5). This was designed to simulate symmetry about the column
centreline.

Type D: The test arrangement in type C was used but, in addition, full
stiffeners were welded to the column flanges and to the column web at
positions to correspond to the beam flanges. This was intended to
substantially eliminate both the web and flange distortions (see inset of
Fig. 6).

Several series of deflection readings were taken along the mid-line of
the bean and the corresponding mid-length of the column to produce a
deflection profile of the assemblage for all types as is shown in Figure 1.
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Figure 4. M-® curves: rear column flange partially fixed
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stiffened to centreline. web fully stiffened.
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3.2 ional Response .

The rear column flange was clamped vertically on the attachment plate
as in type B above. The beam element was connected to the front column
flange by (i) web cleats and (ii) top and bottom flange cleats. Loading
vas applied by a hydraulic jack via a plate welded to the free end of the
beam which was in turn supported by a bearing thereby imparting a pure
torque to the beam.

Dial gauges were mounted on both sides of the beam web and the column
to measure the horizontal deflections due to the torque, which enabled the
beam web rotation and the column web and flange rotations to be determined.
Thus the connection rotation could be calculated. Additionally, attempts
vwere made to measure the free and restrained warping of the beam flanges.

TEST RESULTS AND DISCUSSION

4.1 Out-of-Plane Tests

Tests were carried out at low moments only, which is thought to be the
most important stage, but it is intended to measure the response over
greater ranges in the actual test programme. At these low moments the
bending of the beams can be seen to be relatively unimportant.

The deflection profile of the assemblage for four types of support
conditions are given in Figure 1. These profiles correspond to three
levels of moment at the connection which are 0.61, 1.13 and 1.65 kNm. Bean
deflections are linear while those in the column web are not. For
different support conditions, when the slope of the beam is extrapolated to
the x-axis, it is found that the beam was rotating about points some
distance away from the fixed end of the column. The distances of these
positions, which remain virtually unchanged within each test as moment
increases, are 66 mm for type A, 78 mm for type B, 107 mm for type C and
102 mm for type D. The deflections of the beam and the column decrease
depending on the support conditions in the order of types A, B, C and D.

There are several ways in which the actual connection rotation may be
calculated using these deflections. Figure 2 shows the M-¢ curves for the
four support conditions listed above where © i1s taken as the total beam
rotation. Figure 3 shows the characteristic of figure 2 for support
condition type B where the total beam rotation is labelled as rotation type
I. Additionally ® may be measured in three other ways giving four rotation
types:

Type I as total beam rotation

Type II as beam rotation relative to the column centreline

Type II1 as beam rotation relative to the front edge of the column web
Type IV as beam rotation relative to the front edge of the column flange.

It can readily be seen that these give widely differing connection

stiffnesses. Figures 4, 5 and 6 give similar results for the other three
support conditions. There are now 16 possible combinations of support and
measurement types with 16 possible M-9® characteristics for one connection.
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An exterior column usually does not receive
Type A and B support conditions

An interior column often carries
Type C and D support

Consider real structures,
symmetric loads from beams and floors.
could be representative in this case.
symmetrical loads coming from beams and floors.
conditions could be appropriate in this case.

From the authors' point of view, considering the practical,
analytical, and design requirements more than one type of support condition
and type of connection rotation measurement might be needed. A change in
the length of the column specimen used may be another factor which could
affect the results. This would suggest that consideration needs to be
given to the way in which such tests are carried out to ensure that enough
information is provided to enable the appropriate M-0 curve for any
situation to be determined. The authors feel that the most conservative
approach namely the combination of types A and I is perhaps the most
appropriate for design. Alternatively it may be necessary to investigate
two different conditions, one for interior columns and one for exterior

columns for nominally identical joint conditions.

4.2 Torsion Tests

The results of torsion tests on two web cleat and one flange cleat
connections are shown in Figures 7 and 8, from which it can be observed
that the actual connection rotation is small compared with the twist
occurring in the beam. Figure 7, shows that, at a moment of 2 kNm, the
rotation of the web cleat connection (2) is 8 x 10-? rad, whereas the twist
occurring in a 1 m length of beam for the same condition is 235 x 10-? rad,
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as can be observed from Figure 8. Thus even this modest connection 1is
torsionally very stiff as compared with the beam and could be considered as
infinitely stiff. However there could be other types of connections where
this is not the case.

Attempts were made to measure the free and restrained warping
distortions of the top and bottom flanges of the beam for web cleat and
flange cleat connections. For theoretical analyses there is a need to
measure the warping bi-moment and consideration needs to be given as to how
this should be done.

4. vatio

The work described above has concentrated on the first cycle of
loading applied to a joint. However studies on the in-plane behaviour of
subassemblages and frames (2] have shown, that as column buckling occurs,
the direction of the moment applied at a joint often reverses. It is thus
the unloading stiffness of a joint which is frequently most important in
providing restraint to a column as the failure condition is approached.
This occurs even with monotonic frame loading. The question of measuring
unloading stiffnesses at various moment levels is another feature which
requires attention.

CONCLUSION

Preliminary out-of-plane tests on beam-to-column connections have
shown that there are a variety of ways in which the column may be supported
and a number of ways in which the connection rotation might be measured.
The resulting moment rotation characteristics of the joints vary quite
markedly.

The results of torsion tests have demonstrated that even for modest
connections e.g. web cleats, the flexibility of the joint is normally very
small when compared with the bare beam. The problem of determining warping
stiffness has been noted. Attention has been drawn to the significance of
unloading stiffness.

It is concluded that, with the wide attention being given to semi-
rigid action, there is a need to develop a recognised set of requirements
for the conduct of such tests.

1 Structural Stability Research Council Task Group 25. "Testing of Beam to
Column Connections"”, Draft Technical Memorandum, 1986.

2 Kirby, P.A., Davison, J.B. and Nethercot, D.A., "Large Scale Tests on
Column Subassemblages and Frames" State of the Art Workshop .,
Connections, Strength and Design of Steel Structures, E.N.S. Cachan, May
1987.




DISCUSSION
OF
CLASSIFICATION PAPERS

There was general consensus among speakers and discussers alike
that with the advent of limit states design, it is critical to arrive at
a system of classification of connection response with regard to
strength, stiffness and deformation capacity. In particular, this will
facilitate the work of designers, to the effect that it may not be
necessary to work with individual connection M-®-curves, for example.

Suggestions for simplified moment-rotation curves were made, to the
extent that it would be preferable from an analytical standpoint to be
able to deal with linear relationships rather than highly non-linear
ones. Several discussers expressed concern over this as being a too
liberal simplification, although analyses have shown that for most
practical purposes, it is the magnitude of the initial connection
stiffness that is the most important to the overall frame response. This
applies to frame drift calculations as well as to stability analyses,
although for the latter it is clear that the initial stiffness is of
overriding importance.

Several questions dealt with the initial and subsequent connection
stiffness characteristics., Thus, there appeared to be general agreement
that loading and unloading stiffness magnitudes are crucial to the
stability of the frame, Test results for structural subassemblages
demonstrated that this was the case as well, and good correlation was
found when the unloading stiffness was set equal to the initial
stiffness. It was pointed out that for such problems, the overall
rotation capacity of a connection is of lesser importance ; rather, the
initial portion of the curve and the shape of the unloading part are of
primary concern.

Several speakers emphasized that although it appears that the
unloading stiffness of a connection is the same as the loading one, this
should be examined for a range of connection types and sizes. Similarly,
it was pointed out that an engineering definition of the conmnection
stiffness is required, not the least because many test curves exhibit
little or no initial linear range, or even a much softer connection
response than what is eventually determined. This is certainly in part
due to the mnature of the physical testing in itself, but further
emphasizes the need for a clear definition of the stiffness.

It was noted that llthoughv;ignificant variations can be found in
the stiffness values for different types of connections, their impact on
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the response of the frames is not,as severe. In other words, with a
given type of connection one may wuse quite different EI-values, and
still arrive at substantially comparable strength and deflection
results. This also holds true for stability analyses of individual
columns and columns as part of subassemblages. Again, the importance of
the connection unloading stiffness was stressed by discussers and
speakers alike.
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ABSTRACT

An analysis technique for Steel Frames that include Semi-Rigid connections
is presented. technique is casy to implement since it utilizes the stiffness
method of analysis of structures. A typical beam element with six degrees of
freedom(d.o.f.) is utilized together with a six d.o.f column element that
utilizes stability functions to account for the P-Delta effect. The connection
flexibility is incorporated into the model through a two d.o.f. spring element
whose stiffness is the secant stiffness of the particular connection at the
particular load level. Due to the non-linearity of the connection and the P-Delta
effect the solution is iterative and the solution algorithm is presented.

INTRODUCTION

Analysis, design and drift calculations for steel frames are inter-linked
processes that jointly dictate the final sizes of the individual members and
connection details of steel frameworks. As a result each one of these has to be
compatible in order that a consistent approach be achieved (i.e. the design
approach used depends greatly on the analysis assumptions and techniques used).
For the purposes of this paper only the analysis portion will be examined: design
and drift considerations will be presented in a subsequent paper.

The modeling requirements that will make the analysis, design, and drift
calculations consistent will be discussed in this paper. The use of this
consistent approach will result in better understanding of structural behavior by
demonstrating the actual force distribution and by avoiding such “design
approximations” as the "Moment Magnification Factor”. Specifically the inclusion
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of factors such as P-Delta and Connection Flexibility in the analytical model
will be discussed and demonstrated.
The A.LS.C. specification as presented in the Eighth edition of the Manual
of Steel Construction[1] describes three types of construction:
Type 1, commonly designated as “"Rigid Framing”,
Type 11, commonly designated as "Simple Framing", and
Type III, commonly designated as "Semi-Rigid Framing".
It further stipulates that "the design of all connections shall be
consistent with the assumptions as to type of construction called for on the
design drawings". Further "type Il construction is allowed as long as the wind
moments are distributed among selected joints of the frame and certain provisions
are met”. Since 1964 Disque[2] has promoted the use of type Il construction and
has provided certain simplifying design assumptions such as the directional
moment connections to facilitate the design engineer in utilizing this simple
type of construction. Work done at the University of Colorado and R.P.L by
Ackroyd, Gerstle et.al.[3,4] has substantiated the use of type II construction in
accordance with the Disque assumptions with certain restrictions. The purpose of
this paper is to deal with type IIl (Semi-Rigid) not type 1L
It can be argued that no connection is either fully rigid or totally pinned
or flexible; every connection possesses some restraint no matter how flexible it
is considered and even fully welded connections exhibit some flexibility. The
Load and Resistance Factor Design (L.R.F.D.)(5] by A.LS.C. recognizes this fact
and distinguishes connections in two categories : Fully Restrained (FR) and
Partially Restrained (PR). The technique described herein is suitable for
analyzing frames that include PR connections, provided the Moment-Rotation
characteristics of these connections are known.

MODELING

For the purpose of demonstrating the technique and in accordance with
common construction practice the columns will be assumed continuous at the floor
lines. However the technique could be extended to utilizing P.R. connections even
between column stacks. The inclusion of Semi-Rigid connections connecting the
beams through the column stacks necessitates a modelling technique that would
allow relative rotation between the beam and column at a joint. As shown in
Figure 1 this can be achieved by introducing additional rotational degrees of
freedom at each joint; thus exterior joints will have a total of four degrees of
freedom i.e. horizontal and vertical translation, and rotation of the column



216

stack, and beam-end rotation, whereas intgrior joints will have five degrees of
freedom, namely: the joint translation in the horizontal and vertical direction,
the joint or column stack rotation and the two beam-end rotations. In addition to
the beam and column elements spring elements are introduced connecting the joint
rotation to each beam end rotation.
In developing a computer code for analyzing frames such as shown in Figure
1 the following stiffness matrices should be utilized:

) Orel left =00y,
Orel right=ej“‘ebr
FIGURE 1: TYPICAL FRAME MODEL

A. Beam clements : The stiffness matrix utilized for the beam element

should be the standard stiffness matrix found in basic structures

texts(6].

B. Column elements : To account for P-Delta effects in the analysis the

column stiffness matrix is formulated utilizing stability functions.

The expressions for the stability functions can be found in basic

structural analysis texts[6]. It should be noted that the stability

functions only influence the first 4x4 portion of the stiffness matrix

relating the rotational and shear degrees of freedom. These functions

replace the standard stiffness and carry-over functions with ones whose
values depend on the axial load present in a member.

C. Spring elements : The stiffness matrix for the spring element is a simple

2x2 matrix with the stiffness of the spring (Ks) in the diagonal terms and

"-Ks" in the off-diagonal terms.

Frames with semirigid connections are generally more flexible than those
designed with fully rigid connections; The P-Delta effects are, therefore,
generally more pronounced and it is the author’s opinion that any analysis that
includes connection flexibility should also account for P-Delta. The column
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element described above, formulated with stability functions to account for the
loss of stiffness with increasing axial load, has been found to work consistently
well in the presence of semirigid connections with non-linear semirigid
connections.

The proposed method is dependent on the availability of Moment-Rotation
curves. In the past this seemed to be the bottleneck of analysis techniques that
considered connection flexibility. Recently, however, efforts from various
sources are beginning to make available such information both in the form of
available experimental data and predictor equations[7,8,9].

A typical moment rotation curve is shown in Figure 2. The non-linear nature
of the Moment-Rotation curve shown is typical of most connections tested in the
past[7,8,9]. It should therefore be accounted for in the method of analysis.

Three different stiffness values can be identified with any Moment-Rotation
curve:

a) the initial stiffness,

b) the tangent stiffness at any point , and

c) the secant stiffness.

Factored Loads

Unfactored loads

-0

FIGURE 2: MOMENT ROTATION CURVE

Any of the three may be utilized in the analysis so long as it is consistent with
the overall technique used; namely the tangent stiffness could be used with an
incremental load application technique or, as recommended here, a secant
stiffness should be used in an analysis where the full factored load is applied
in one step. In the method proposed herein the secant stiffness is recommended
for the following reasons:

a) the factored loads will be _gppliad in one step,

b) the secant stiffness provides an integrated average of how the
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connection arrived at the present level of loading,

¢) regardless of the mode of loading and unloading at one time in the life
of the structure the actual moment-rotation was followed to arrive at
the present state of load.

d) if an initial stiffness is used the deflections derived will be

erToneous.

It is further proposed that factored loads be utilized in the analysis,
otherwise due to the non-linear nature of Moment-Rotation curves an incorrect
factor of safety may be assumed to exist as shown in Figure 2. Using unfactored
loads and allowable stress design leads to false factor of safety, underestimates
wtal deflections, and thus underestimates the P-Delta effects,

NUMERICAL ALGORITHM

Having discussed the components of the model and the loads to be applied
the numerical algorithm is hereby presented.

Birst Jieeat

The structure stiffness matrix is originally formed by ignoring P-Delta
effects and assuming all connections are fully rigid. This forms the starting
point for the iterative process.

Second Iteration

The column axial loads from the first iteration are used to define new
column stiffness matrices utilizing the stability functions.

The spring stiffness for each beam to column semi-rigid connection is
obtained from the “available” Moment-Rotation curves for each type of connection
by making an "educated guess” on the relative connection rotation. A method
found by the author to give consistently good results for this initial guess
is to superimpose the “beam line" on the moment-rotation curve(Figure 3). The
beam line is a straight line connecting the point of fixed end moment at zero
rotation to the point of zero moment and maximum rotation for the loading
condition. This second point is the amount of rotation the beam would undergo if
it was pinned. Although this value is dependent on the type of loading it varies
within a narrow range of 0.016 radians for a point load at mid-span to 0.021
radians for uniformly distributed loads. The algorithm is not very sensitive to
this initial value, so a value of 0.02 radians was found to work well for
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commonly encountered loadings. The spring stiffness for each connection is thus
determined as the secant stiffness passing though the intersection of the Moment-
Rotation curve and the Beam-Line,

Fixed End Moment
M K1

Beam Line

Simple Beam Rotation

-0

FIGURE 3: BEAM LINE

The structure stiffness matrix is then recalculated utilizing the new column
and spring stiffnesses and the problem resolved.

Typical Sut heati

The column stiffness matrices are reevaluated based on the axial loads from
the previous iteration.

The new spring stiffness for each connection is found by comparing the
resulting moment and relative rotation at each spring location with the Moment-
Rotation curve as shown in Figure 4. If the moment-rotation point from the
previous iteration does not fall on the Moment-Rotation curve a vertical line is
drawn until the M-Theta curve is intersected. The new spring stiffness is then
defined as the slope of the secant passing through this new point. The
convergence has been found to accelerate if instead of the new stiffness defined
above a weighted average of this and the previous iteration is used as shown in
Figure 4.

The new spring stiffness matrices are thus reevaluated and the new structure
stiffness matrix formed.

The problem is solved again.

At this point convergence is checked by comparing the results of the present
to the previous iteration. Specifically the relative rotation between the ends of
cach spring and the column axial loads are compared to the previous iteration. If
convergence is detected the algorithm is stopped; if not the steps described in
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FIGURE 4: NEW SPRING STIFFENERS

CONCLUSIONS

A method has been presented for the analysis of steel frames utilizing semi-
rigid connections. The basic components of the model are generally available so
implementation of the algorithm should be straight forward for individuals with
basic knowledge of the stiffness method of analysis. P-Delta effects are critical
due to the increased flexibility of the frames and should be included. The
resulting iterative problem is solved by iterating on both the P-Delta and
connection flexibility at the same time. Convergence has been achieved in four to
six iterations for a variety of frames.
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1. INTRODUCTION - ABSTRACT

The essential objective of the present paper consists in exposing the
procedure of taking into account semi-rigid connections with nonlinear
behaviour, a posteriorl introduced into the CTICM-analysis programme of
plane frame structures (PEP).

After a succinct description of the initial state of the PEP-programme, the
double spring-ended special member introduced is presented. The description
of the taking into account of nonlinear behaviour of the semi-rigid
connections follows and the paper is completed by results obtained on a two
level-three span portal frame.

2. SUCCINCT DESCRIPTION OF THE INITIAL STATE OF THE PEP-PROGRAMME

A detailed description of the initial state of the PEP-programme is given
in[1)]and [ 2].
PEP is an analysis programme of plane frame structures the CTICM has
developped for research purposes. It allows to proceed to four types of
structural analysis :

- first order elastic analysis,

- second order elastic analysis,

- first order plastic analysis,

- second order plastic analysis.

The main characteristics of the PEP-programme are the following :

a) The plascification in the structural members is based on the concept of
plastic hinges with bending moment-axial force interaction.

b) The determination of the states of equilibrium is based on the
* displacement method ".
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¢) The loads on the structure, which are static loads, maintain their
proportionality during the loading evolution. This leads to the
definition of a parameter a , representing a multiplier of tHe loading
provided by the input data of the programme.

d) Any non-linearity in the structural response to the applied loads,
resulting from the occurence of either plastic hinges or second order
effects, is dealt with by a step-by-step method without internal
iterations (for example, similar to those of the Newton-Raphson method).
The incremental behaviour at each loading step assumes the formulation :

|a ®| = [K.] . |aD]
vhere,

15 p{ é IA nl - increments of the vectors "nodal loads" |P| and "nodal
displacements" [pl during the step.

[‘t] - tangent stiffness matrix of the structure as a function
of the plastification state, of the displacements of the
nodes and of the axial forces determined in the structure
at the end of the previous step.

The nonlinear behaviour 1s therefore described by a succession of
elementary linear behaviours with K_ being reactualized at each step.
The accuracy 1is obtained by specifying limited amplitudes for the
loading steps. For very divergent behaviours (close to instability),
displacement control is possible.

At each step, the condition of the structure is determined by summing
up the variations of condition calculated at the previous steps.

Should an {instability occur (collapse mechanism, member buckling,
global instability), the detection criterion is the sign of the
determinant of the matrix Kt that changes from positive to negative.

e) Prior to the introduction of the present developments, the connections
between the structural members were either perfectly rigid or perfectly
hinged.

3. MODELLING OF SEMI-RIGID CONNECTIONS IN THE PEP-PROGRAMME

A detailed description of this modelling is given in [ 5 ]. In the
framework of this study, neither the influence of the shear flexibility of
the connections upon the global structural behaviour nor the possible
influence of the shear force upon the intrinsic behaviour of the
connections are taken into account,

As a consequence, each connection of semi-rigid type is modelled by two
equivalent springs :

- an axial stiffness spring K, simulating the axial behaviour of
the connection when the camstud member is strongly compressed or
in tension ;
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a spiral stiffness spring K, simulating the bending behaviour of
the connection.

The interaction of these two springs reproduces the global behaviour of the
connection. In case of nonlinear behaviour of the connection, the
stiffnesses K and K, of the equivalent springs are modified at each
step of the fltnp-by-‘tep' procedure, according to the evolution of the
parameters that have an influence over these stiffnesses (for instance, the
forces upon the connection).

The thus modelled connection is then "attached" to a member whose stiffness
matrix integrates K ¢ and K , . The modelled connection is therefore
considered to have no’length.

In this simple way, a special member element is made up of a standard
member with the double spring just described at each extremity (figure 1).

This type of element allows one to treat similarily the members with semi-
rigid connections at one or at both ends. For the end without semi-rigid
connection, an infinite (immeasurable great) stiffness K, and an infinite
or null stiffness K, ,according as the connection is p‘rfcc:ly rigid or
perfectly hinged ras‘activcly. are introduced.

In order to let appear the second order effects and the instabilicy
phenomena in strongly compressed members with semi-rigid connections,
the tangent stiffness matrix of the member element represented en figure 1
has been determined.

Kei
Figure 1, Kode iM +© Fode j
Kai Kej

This tangent stiffness matrix R_ which relates, during a step, increments
of forces at the ends i and j §f the member to increments of displacements
of the same ends according to the following relationship :

axial force
: force shear
: bending moment
: longitudinal displacement
! transverse displacement
rotation

- [R:I.

pEOBDB
JERMML.
bobb DD
EdE XMz

L.S.-Lgl-trb‘pg

is expressed as follows in the local system of the member :

-
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axial force as obtained at the end of the previous step
(negative in compression).

(v - v, )/L= global rotation of the member as
obtlimd at the end of the previous step.

length of the member between ends { and j.

Young's modulus,

inertia of the member cross section,

area of the member cross section,

[ -I+L
K.,
Ak 1 1 k (k)
24 (k= M) — + — = 1 4 g~ sl
s [ ‘ ’(x.. x,)] St o -
(ul'] EA EA
_—— -1 —_— —
oKy, Y i g
(-2
BL aK,
. El'  m(sinn — ncosm) N L
. N<0 (compression) : k= —, R e
e L 2 —cosm) — nsinn "= JE
%= n(n — sinn)
L 2(1 —cosm) — nsinn
.00 taaeton) i kel SR -349 ne [NE
L 2chn —1)—-nshn El
T nin — nshn)
L "2(chm — 1) = nshy |
|
. N=0 : kw=4EL Ak=2EL

L L

The assemblage of the stiffness matrices R_ of all the members, with or
without semi-rigid connections, allows oné to obtain the global tangent
stiffness matrix K of the structure.
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4. MODEL OF NON LINEAR BEHAVIOUR OF THE CONNECTION ADOPTED IN THE PEP-
FROGRAMME

The model of nonlinear behaviour of the connection adopted at the present
time in the PEP-programme is that worked out by COLSON and PILVIN [3,4].
Hereafter, the Dbasic characteristics of their simplified model are
recalled.

The ultimate limit curve of the connection is a bending moment-axial force
interaction curve. In a first step, the curve has been linearized for the
sake of simplification (figure 3).

M is the ultimate bending resistance of the connection ; it is assumed
to behave in a similar manner whatever the sign of the bending may be
(symmetrical connection).

i N ¥ are the ultimate axial resistances of the connection in
cslpuuign and in tension respectively.

h.
orce ';
LY IOROSR ts res e
g tangente
iffness
-N L
L
initial
stiffness
Dllplﬁmt
] D
Figure 2. Figure 3.

Figure 2 shows a typlcal force-displacement curve characteristic of a semi-
rigid connection under static loading.
Within the adopted model, the description of the nonlinear behaviour,

during the loading phase, 1is based on knowledge of experimentally
determined values of :

- the initial bending and axial stiffnesses of the connection,
- the ultimate bending and axial resistances,
- other parameters characteristic of the non linear behaviour
of the connection,
and of a wvariable § depending on the loading level that has been reached
and characterizing the distance with regard to the ultimate limit curve
(Figures 2 and 3).

The law of differential behaviour of the connection has been described in
form of the following relationships :

N

dE = i& . [lln + 8. (An.dn + 'n' ldll)]
n (1
" [da» (B_.dn + A . |d i)]

dé = b g (B w 1°0
L]




where :

. df, d# : variations of elongation and rotation within the connection,
., dn, dm : wvarlations of reduced forces
m = M/M n = N/Nu

N - n* if tension, N =N if compression
u u u

u

u

. K.. Kn : initial stiffnesses of the connection in bending and elongation

+ -
Kn - Kn if tension, Kn - Kn if compression

. B = x(x+2) with x = (So - 6)/8
i initial value of § (see figure 3).

. A F e ik =3 B a * (experimental) coefficients for
characterization of the non linear
behaviour and M-N interaction in the
connection.

The tangent stiffnesses of the connection : KE N %% and K‘ - é%

are derived from the relationship (1). d

Consequently, during a step p of the "step-by-step” procedure of the
nonlinear analysis of the structure, the tangent stiffnesses input for a
semi-rigid connection in the tangent stiffness matrix of a member are

calculated by : (p~1)
( _ (p-1) Am
.IE an[1+; .(Aﬂ#ln.l;(ml-)l

(p=1)
(p) . (p-1) An
- Ky ‘l’ [1" ° (A"'B-- Ihtﬂ“lil )

vith : g0 o x®V (D 4 g DL - g1y 501

6l(P-1). An(P-1) : variations of reduced stresses
during the previous step.

6(9'1) : distance with regard to the ultimate
limit curve as determined at the end
of the previous step.

I1f, during a load step, the ultimate limit curve is transcended, the
amplitude of the load step is reduced in order to bring the point A (figure
3) back on the curve and the comnection is replaced by a perfect hinge with
regard to the later load increments. The use of this artifice is simply
related to the numerical aspect of the "step-by-step" description of the
non linear behaviour, Strictly speaking, the limit curve should never be
reached but only approached asymptotically.

Particular cases : If N~ 0 K, = '(K‘* K) : If M= 0 K, = K
£ s llh n
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5. EXAMPLE OF APPLICATION
i

The chosen example of application concerns one of the calibrating frames
defined by R. ZANDONINI (Polytechnic School in Milan), responsible within a
subgroup of the ECCS - TC8 "Stability" for a study dealing with the
stability of structures with semi-rigid connections.

Both the structure and the loading are defined in figure 4.

q
AT R SR EEES

>
I 48 £ = 235 MPa

¢ = 40 kN/m
F = SKN

AEgidpuunaanEREEDE e S

beams : IPE 300 (strong axis)
columns : HEA 160 (strong axis)

r-1
el T Thamodmendt N

L Ll -~
-— Sm 5m 5w

- i

Figure 4.

i

The structure is considered with an initial wverticality imperfection
¢ = 1/300. The type of beam-column connection is depicted in figure 5. The
values of the connection parameters have been determined on a supplied
bending moment-rotation curve ; they are :

-1
l'lIu = 50,1 KNm K' = 10 959 KNm rd A. = 0,113

Since the connections are essentially in bending, the following values have
been adopted :

An il - Bn -0 K; - l(;I - w (very large)
N: - N; - plastic axial force of the beams
5% L XA
TR .
e 1,979
I i 2.0 -
| - u / 1,741
| n 7, il
4 W 1.5 — La2lt
g | ] comnn feet
i'a - /
5! E 1.0 /r
] =1 y 5 0.5
' :
D
6 M16 bolts grade 10.9 - 8 . - : ol

Figure 5. Figure 6.
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In figure 6, the evolution of the lateral displacement D at the top of the
structure has been drawn as a function of the loads cthat increase
proportionally with a wmultiplying factor @ , and this for the three
following analysis :

- first order plastic analysis + rigid connections (curve A)
- second order plastic analysis + rigid connections (curve B)
- second order plastic analysis + semi-rigid connections (curve C)

The amplitude of the loading step was limited by the most severe condition,
f.e. 8a =0,1 or AD=2 mm. As concerns the curve C,

that resulted in 48 steps before reaching the collapse and 4 mn 20 seconds
calculation time on a IBM 4361-3 computer.

In order to take correctly the second order effects into account, the
columns have been discretized in 3 sections, Because the double spring-
ended element, described in 2, can not receive loads between its ends, the
beans have also been discretized in 3 sections as shown in figure 7.

Tx ql.}‘l
qL/16 * N qL/16
-d——ri;il- § 3% ‘. u-i—ri;id
connection connection
Figure 7.

The important divergence of behaviour depending on whether the semi-rigid
connections have or have not been taken into account should be noted,

The difference between the collapse load by instability in the elasto-
plastic range 1is about 16%. The lack of web stiffeners in the columns at
the lower flange of the beams may explain the flexibility of this type of
connection.

6. CONCLUSIONS

The fact of taking into account the semi-rigid nature of the connections in
a pre-established programme resulted in adopting a simplified geometrical

model. As a consequence, a certain number of assumptions have been admitted :

- connections without their own dimensions,
- shear is not taken into account,
- the ultimate limit curve is linearized.

Some other assumptions belong i{mplicitly to the analysis method adopted for
the PEP-programme (plastic hinges, "step-by-step® method without
iteracions).

Although a comparison with results obtained by other programmes used abroad
has been satisfactory, a further stage is necessary that will consist in
comparing a numerical simulation with, large scale tests aimed at confirming
the validity of the adopted assumptions.
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NONLINEAR INELASTIC ANALYSIS
OF FLEXIBLY-CONNECTED STEEL FRAMES

M.H. Ackroyd
Techtrol, Ltd.
Montreal, Quebec

ABSTRACT

This paper describes a nonlinear computer analysis program
that can simulate the behavior of unbraced steel frames
that have flexible beam-to-column connections and/or partial
composite girders. It summarizes the modeling capabilities
and cites instances of hovw the tool has contributed to
a better understanding of complex frame behavior and frame
design.

INTRODUCTION

This paper describes an analysis program that has been
developed for evaluation of structural steel building frames
at their wultimate 1load 1level, The program was developed
over a period of nine years in a research effort to evaluate
the actual behavior of AISC "Type 2" frames (1), funded
primarily by the American Iron and Steel Institute.

SCOPE

The program described herein 1is a research tool that
has been specialized for very precise modeling of a large
number of nonlinear phenomena that arise in the class of
planar unbraced sway frames consisting of horizontal beams
and vertical columns. No accounting is made for the possibil-
ity of out-of-plane effects such as lateral-torsional buckling
of beams, out-of-plane frame buckling, or torsional buckling
of members.

MODELING APPROACHES

In order to accurately predict the behavior of flexibly-con-
nected steel frames, both material and geometric nonlineari-
ties need to be accounted for in the mathematical models
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of the various structural, components of the frame. The
program described here includes models for inelastic beam-col-
umns, beam-to-column connections having nonlinear moment-rota-
tion curves (including unloading capability), and inelastic
composite concrete-steel girders with slip.

Beam-columns

The model for steel I-shaped members treats the cross-secti-
on @as three rectangular elements. All cross-section effects
are computed as analytic expressions relative to these
rectangular elements and then in terms of overall section
response. Second order geometric effects are accounted
for directly at the member level, Details of the development
can be found in (2).

A. Cross-section Model

Residual Stresses. The residual stresses in the cross-
section are represented as initial stress patterns that
vary parabolically and symmetrically along the 1length of
each rectangular component. The patterns in the flanges
are taken to be identical, so that one need only specify
the values of the residual stress at the tip of a flange
and at the center of the web: the program automatcally
computes the residual stress at the web-flange junction
based on equilibrium of the unloaded member.

Force Resultants. When loads are applied to the section,
a linear strain diagram is assumed, elastic-plastic fiber
strains are evaluated as appropriate, and stress resultants
are found that equilibrate the applied loads. The portions
of the section that remain elastic are then used to compute
the available bending rigidity for use in associated member
stiffness calculations.

B. Spread of Plastification

When loads are applied to a member, the moment diagram
is checked to see if any sections along the member length
will experience plastic strains in the presence of axial
load and moment. In the regions where plastification is
predicted, the length of the plastic region is computed
as the distance from the point where elastic behavior ceases
to the point of maximum moment, At the point of maximum
moment, the precise fiber model above is used to compute
the bending rigidity of the cross-section. Then a linear
variation of the bending rigidity is assumed from the linear
elastic value at the start of the plastic region to the
minimum value just computed. (The accuracy of this approach
was corroborated by ancillary studies comparing finite
difference solutions of the continuous problem to the dis-
placements solutions predicted by the discretized equivalent
taper model)., A closed form stiffness matrix for the tapered
portion of the member is then combined with the stiffness
matrix for the elastic portion of the member, internal
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degrees of freedom are condensed out, and the total member
stiffness matrix is obtained for use in a frame analysis.

C. Second-Order Geometric Effects

In formulating the stiffness matrix of columns in the
frame, the classical stability functions are used for reducing
the flexural stiffness coefficients due to the presence
of axial thrust, Overall member P-Delta effects are accounted
for by adding the usual member geometric stiffness matrix
to the existing member stiffness matrix.

Nonlinear Beam-to-Column Connections

Flexible beam-to-column connections are modeled as two-degr-
ee-of-freedom spring elements having moment-rotation charac-
teristics appropriate for the given stiffness. The frame
analysis program uses a secant stiffness approach, so that
the stiffness is simply the ratio of the current connection
moment to the current angular distortion, plus any permanent
angular offsets due to lack of fit or elastic unloading. De-
tails of the development can be found in references 2 and
30

A. Initial Loading Curves

The initial 1loading curves for the connection models
can be represented as either a Frye-and-Morris polynomial
or a Richard-Abbott exponential. The polynomial forms must
be used with care so as not to choose a connection type
and size that is beyond the extrapolation limits of the
original Frye-and-Morris data. The Richard-Abbott expression,
though, provides a stable curve-fitting of a wide range
of responses, from elastic-plastic to stiffness-degrading.

B. Unloading Behavior

When the moment on a connection decreases, elastic unloading
is assumed., In the secant stiffness formulation used here,
this behavior can be handled in the same way that initial
lack-of-fit problems are accounted for. The resulf is that
one need only add an "initial force" vector to the applied
load vector based on the permanent angular distortion of
the connection and specify the initial elastic stiffness
of the connection in evaluating the two-degree-of-freedom
spring stiffnesses.

C. Finite Joint Size

When the depths of the connected members need to be
considered in the frame analysis, the member stiffness
matrix can be automatically adjusted to model rigid panel

zones at the ends, A




Partial Composite Girders g

The model for partial composite girders predicts the
nonlinear responses of concrete tensile cracking and compress-
ive crushing, steel yielding in both compression and tension,
and nonlinear slip/deformation of the shear studs bonding
the concrete to the steel W-shape. Details of the development
can be found in reference (4).

A. Material Behavior

For each of the three components of the composite girder
(steel I-section, concrete, and Nelson studs), realistic
material behavior is assigned according to accepted elemental
force-deformation relations. The model for steel is the
widely used elastic-plastic response for individual fibers
within a cross-section., The model for concrete is taken
as the well-known Hognestad continuously nonlinear response
(5). The 1load-slip response of the shear stud connectors
is that reported in Olgaard, Slutter, and Fisher (6).

B. Cross-section Model

If one assumes that no transverse separation of the
concrete and steel occurs, but that longitudinal slip of
the concrete can occur relative to the steel, then the
curvatures of the concrete and steel will be identical,
The strains induced by flexure are taken as linear, but
with a possible jump in the value of strain at the concrete-
steel interface due to slip, e .,

d

The stress fields associated with the above strains
will produce a net compressive resultant in the concrete,
C, and a tension resultant, T, in the steel, with a moment
arm of =z between them, This couple is then the internal
reaction to the applied moment. Compatibility, stress-strain,
and equilibrium then 1lead to a pair of first-order, coupled
ordinary differential equations for the composite girder,
as developed in detail by Yam and Chapman (7):

dY = = £f( M(x), C(x)) Slip Rat
X ‘d x x p Rate
dE = 2 =g( YY) Shear Flow

where Y is the amount of slip (e.g., inches) and Q is
the force in the shear stud.

Solution of these coupled equations must be done by numerical
integration techniques for any given girder and loading.
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C. Composite Girder Model

The solution technique used for analyzing girders that
are parts of frames consists of a preprocessing step of
finite difference solution for isolated girders under gravity
loads and a frame analysis that utilizes stiffness data
generated in the preprocessing step.

In the preprocessing step, the desired gravity loads
are specified on a simply-supported composite girder with
the pgiven cross-section. This girder 4is then analyzed for
4 to 6 levels of gravity load factor up to 1.3 or the collapse
of the girder., For each load level, the coupled differential
equations are solved numerically using a shooting method
of forward numerical integration wusing the Euler-Cauchy
finite difference equations, Details of this solution method
are presented in Zaremba (4).

Once the differential equations are solved for any
given problem, one has obtained the values of curvature
at all station points along the span., These in turn can
by dintegrated to obtain beam slopes and deflections along
the span. The resulting data 1is then used to establish
the load-deflection data to be used in the ensuing frame
analysis.

In the frame analysis, an equivalent prismatic model

is used for portions of girders in positive bending, where
the value of EI is interpolated from reference responses
of the prototypical partial composite girder analyzed in
the preprocessing step.
In general, the response of a composite girder can encompass
a range of stiffness regimes. For example, it could start
with a large positive moment at the face of an attached
column to result in a tapered end due to "necking down"
of the effective slab width from the usual effective width
along the span to the width of the column flange (under
positive bending), an equivalent prismatic region in the
fegion of positive bending, a region of steel-only in regions
of negative bending, and possibly a region of tapered
steel-only when steel yielding occurs under large negative
bending moments. The model used in the frame analysis includes
provisions for all of these possibilities, wusing a
substructuring approach similar to that used for columns
under partial plastification.

NONLINEAR FRAME ANALYSIS

All of the individual models described above are organized
into a plane frame analysis program that allows combined
gravity and wind loads. The loads are defined independently
in terms of generic surface pressures over decks and cladding
areas, Then they are applied* to the frame according to
tributary areas and user-defined gravity and wind 1load
multiplier  histories. The overall analysis proceeds in
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user-prescribed load-step increments, using a secant-stiffness
formulation, When convergence is difficult (e.g., when
approaching the collapse load), the program can automatically
backstep and re-continue with reduced load step sizes. Results
are played back through high resolution graphics sequences
of displaced shapes to facilitate the identification of
modes of collapse and progressive collapse scenarios.

RESULTS

Comparison of Frame Capacity to Test

The above program was used to analyze a frame that was
experimentally loaded to collapse at Lehigh University
(8) in order to corroborate its accuracy. It was necessary
to include the nonlinear beam-column model and the rigid
panel =zone models to simulate the behavior of the rigid
frame that was tested. Comparison of results showed that
the analysis predicted a collapse 1load within 4% of that
observed in the test results. Moreover, the sequence and
pattern of cross-section plastifications were well predicted
by the analysis.

Comparison of Frame Analysis to ANSYS

At the time of program completion, no experimental results
were available for flexibly-connected frames. However a
complete independent analysis check was performed by analyzing
a flexibly-connected frame using the ANSYS nonlinear finite
element package (9). Good agreement was observed.

APPLICATIONS

The major use of the above described program has been
as a research tool for evaluating the adequacy of frames
designed as Type 2 Construction. The most significant new
finding that can be directly attributed to the program
is the unsuspected mode of failure of most Type 2 frames
in the so-called "zipper mode" of collapse (10), wherein
the leeward column stack undergoes extensive plastification
just prior to the onset of overall frame instability. This
mode of frame failure occurs at load factors below those
associated with the classical story shearing modes presumed
in "rational" stability analysis approaches such as used
in generating the effective length nomographs. Inadequacies
of such design approaches have been remedied in modified
design procedures that have been proposed as a result of
studying the analysis results of both the original designs
and modified re-designs (11).
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ABSTRACT

A realistic assessment of the frame behaviour requires the influence of
joint flexibility to be taken into account in the analysis. The numerical
approach highlighted in this paper makes use of the finite element
technique. A beam-joint element was formulated, in which both joint
deformation and joint finite dimensions are allowed for. The method js an
extension of a highly refined formulation, previously developed for
rigidly jointed frames. The validation of the approach has been obtained
against available experimental data.

INTRODUCTION

The significant influence that joint flexibility may have on the
performance of framed systems has been recognized since the early
developments of modern structural analysis. Numerical methods which
include this parameter in frame analysis were available more than fifty
years ago (1] and approaches more and more refined were then developed
[2]. Recent studies have indicated that design methods recognizing the
joint semi-rigid frame action may allow an improvement in the cost
effectiveness of the structure, due to a possible better balance between
material and labour costs. Furthermore, the degree of flexibility of
joints, usually modelled as rigid, may in some cases non negligibly affect
the frame safety level.The interest in the semi-rigid frames as a
realistic design alternative has then significantly increased. However,
studies are still necessary to thoroughly understand how joint behaviour
affects frame response. This knowledge should enable us to develop
sensible design criteria and methods.

Sophisticated numerical approaches need to be set up in order to take into
account all the parameters governing the behaviour of frames with semi-
rigid joints. Several methods have been developed very recently [2], which
make use of models at different degrees of refinement for simulating the
joint and/or the member response.

This paper intends to highlight the basic aspects of a numerical method,
in tne frame of the finite element technique, which adopts a particular
formulation [3] allowing for a combination of a refined modelling of the
material and geometrical nonlinearities with computational effectiveness.
In particular, the spreading of plasticity through the cross section and
along the member is taken into account. This formulation was proved to be
highly accurate in the case of steel frames with rigid joints [4,5,6].
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A joint-beam element was developed, able to take into account both the
joint nonlinear behaviour and the joint finite dimensions.

Two different solving strategies were adopted in order to optimize the
computer time with reference to the cases of proportional and
nonproportional loading paths.

Several comparisons to available experimental results are alsc reported
and some conclusions on the accuracy of the proposed method drawn.

JOINT-BEAM ELEMENT MODEL

A joint-beam finite element model was developed, suitable for the analysis
of semi-rigid frames (Fig. 1). The main characteristics of the model are
highlighted here; detailed presentation is reported in [7])

The model is conceived as an assemblage of three different parts :

- a central nonlinear beam-column element

- two connection elements

= two rigid bars

15

i a) 1on
o o e P
1 3 | |

Fig. 1 a) Joint-beam element.
b) control points over the central beam element.

Central nonline element

The material costitutive law, characterized by a bilinear behaviour with
eyclic hardening, is described by the following relations:

.“we E( €= Py t.th 9.4 i Py= 9!.5-1 (la,b)
t

8, = B9 DA, I, (1e)

fzg ; 950 ; &fi= "1 -0 (1d-g)
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E is the Young's modulus of the materjal and 'Y its yleld stress, plxs the

plastic part of the total strain (expressed as the difference of two non-
negative and non-decreasing plastic multipliers), €, is the thermal part
of the total strain and 9., is the value of residual stress. h is an
hardening matrix, K is a value related to the slope of the hardening
branch and factor B is a constant to define the type of hardening rule and
may vary from 1 (kinematic hardening) to -1 (isotropic hardening). Vectors
r,and p.are constants and A and ¢, are the vectors of plastic multipliers
and yield functions. For simplicity, but without lack of generality, in
the following the material is supposed to be elastic perfectly plastic,
without thermal strains and residual stresses (this means K = €oy™ cu-n )

The central beam element is supposed to be of constant cross section. Its
centroidal axis is denoted by x and symmetry about z axis is assumed
(Fig.1). If the shear effects are neglected, as in the classical beam
theory, the elongation &(x) and the curvature x(x) of the beam may be
assumed as generalized strain components governing the deformability of
the cross section x. The axial force N(x) and the bending moment M(x) are
the corresponding generalized stresses. Let vectors q(x) and Q(x) be
defined as follows:

& (x) N(x)
B =y () %) = ly(y) e
where: § (x) = du / ax x(x) = d'v / th:a (3a,b)

The strain in the x direction, denoted by £, is assumed to vary linearly
with 2, so that:

€ (x,2) = &§(x) -z x(x) (4)

The model is based on the independent modelling of the displacements
{u(x), v(x)) and of the plastic multipliers ( Al.{x.s], ‘\l-(:'” )«

The displacements u(x) and v(x) (collected in vector gb{x) ) are modelled
as functions of the nodal parameters u by means of the following relation:

B(x) =¥ (x)u (5)

where ¥(x) is a matrix of shape functions.

Note that, if all the springs are active, only the first seven of the
thirteen degrees of freedom of vector u (Fig. la) are necessary to
completely define the displacement field. Otherwise, if several springs
are fixed, a slave condition on the relevant displacements is imposed and
the relation is modified by means of a condensation process. This was
shown to be necessary to avoid any ill conditioning of the element
stiffness matrix due to the introduction of fictitiously high spring
stiffnesses.

Once eqs.(5) are defined, the strain distribution in the element is given
by eqs (4) and (3). A constant distribution of &(x) and a parabolic one
for the curvature x (x) is obtained because of the introduction of
parameter u,. It is an additional displacement parameter associated to a

fourth order function that permits the use of a limited number of element
even in the presence of geometric nonlinearitics [4,5].
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The plastic multipliers are modelled, indipendently of the displacements,
on the base of their values at an established number of points “‘j"h’

within the element and over the cross sections (Fig.lb).

To obtain an accurate modelling of the plastic zones it is often necessary
that the distribution of plastic strains (p(x,z)) be controlled at a large
number of points. This would produce a lack of compatibility between
plastic and total strain distributions that causes self equilibrated
stresses in the isolated element subject to plastic strains only. The
procedure proposed in [3] is adopted to avoid the presence of these
spurious terms. This is equivalent to an assumption for the distribution
of N(x) and M(x) along the element that be consistent with the assumed
displacement model. For this reason N(x) is constrained to be constant and
M(x) to vary parabolically along x. The coordinates of the control points
are those used to calculate an integral over the element volume by means
of Gaussian Quadrature Rules. For doubly symmetric cross sections the
values of z, are reported in [4].

The above described relations together with egs.l are combined to cbtain
the beam elastic-plastic set of relations:

gbm . gbt 9!:(’" - gb{x) ¥ 3 B (x) = %(x) (6a,b)

£,00 = oy @ (%) - b (%) - £ (6c)
4 seal S8 gie
550 B0 L =5 B0 (6d.9)

The expressions of matrices gh, By hb and may be found in [7].

£
Connection elements

Three springs are located at each end of the beam to simulate the actual
behaviour of the joints.

The plecewise-linearized cyclic costitutive laws governing the elastic-
plastic spring behaviour are described by the following relations formally
identical to the beam ones:

AR AR 1800, ), (7a,b)
t

R s
% 3 - to.-tn'

$50 ; A 20 ; & A=~ 8 )A=0 (74,9)

Where Q' and g, are vectors collecting the axial, shear and bending
stresses and strains of the springs. g' is a symmetric, positive definite

matrix collecting the elastic spring stiffnesses that may also take into
account possible coupling of springs, and h'il a symmetric hardening

matrix. Without lack of generality, Koiter's hardening rule was adopted so
that I_:.s becomes a diagonal matrix.

Ri 8

Two rigid bars are located at the ends of the beam to account for the
actual location of the joints.
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Fig. 2 Spring cyclic costitutive law.

Frame problem

After a usual assemblage procedure, the entire system relations may be
obtained :

=K, KA (8a)
$=K u- K A-R (8b)
izg ges0 oi=§fi=o0 (8c,f)

?

re U and F are the assembled vectors of nodal displacements and forces,
is a wctor of plastit multipliers ; ¢ is a vector of plastic potentials
£ r.hl same dimension of A . R is a vector of positive constants, K, ls

o >

the usual elastic stiffness matrix while K- _:;and K,, are constant

matrices. Such a set of equations is linear in the free parameters u and A
and must be respective to the sign restrictions and to the cuwl.unurlty
conditions (egs. B8c,.f). The problem may be solved by means of well known
algorithms of mathematical programming or, as an alternative, following an
incremental procedure. Two different incremental solving strategies were
adopted. In the case of proportional loading the step amplitude is
automatically calculated by the program while in the presence of non
proportional or cyclic loading paths the step amplitude is imposed by the
user.

In the case of non negligible geometrical nonlinearities the stiffness
matrix is modified by the use of a geometric stiffness matrix [5]). The
structure of the relations remains the same and the above mentioned
solution procedures are still adequate but some iterations must be
introduced in the solution of each step.
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COMPARISON WITH EXPERIMENTAL RESULTS

The finite element approach to the nonlinear analysis of semi-rigid frames
is an extension of a general formulation already validated (4,5,6] for the
case of steel frames with rigid joints. Its wverification aga.nst
experimental results is nevertheless necessary in order to check the
degree of accuracy of the model adopted for simulating the joint
behaviour. Tests aimed at pointing out the semi-rigid frame action in the
inelastic range were conducted recently and represent a very useful
benchmark for the validation of a numerical method. In fact, data related
to a series of stability tests carried out on column subassemblages under
nonproportional loading [B], and to experiments conducted on a limited
number of sway frames subject to cyclic lateral forces [9], allow a
thorough check of the proposed formulation. The former set of experiments
makes it possible to verify the capability of the method to predict the
structural response, with reference to the complex interaction between
column, beams and joints and to its influence on column stability. The
latter experiments enable a verification of the assumed joint cyclic
law,

The geometrical configuration and the general loading and cestraint
conditions of the column subassemblages tested by Davison and Nethercot
are reported in figure 3. The same column and beam sections were used
throughout the series. Tests differed for the type of beam to column
connection, the loading and loading history and the axis of column
bending. Instrumentation of the subassemblage allowed to measure, or to
determine, the governing mechanical and geometrical parameters.

P
Q Q,
COLUMN AXIAL FORCE M AT COLLAPSE ( KN ) l 'l | E
- . '
| TEST |BEND.* COMM.+} N i i ERROR % |
H jaxas | | nm | ep | '
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. + + "
jor3 §{ w | wc | 586,90 ) $19.91 | .11}
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L'" 18 | FC | 735.80 | 762.00 | -2.44 0 i e e
18T7 | W | PC | 481.00 | 526.40 | -8.62 v | 152x152:23UC |
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1519 | W | FEP | 484.60 | 486,49 | -0.39 % | i

® : WC = WEB CLEATS  FC = FLANGE CLEATS
WSC = WEB AND SEAT CLEATS
. PLATE —p e By
FEP = FLUSH END

© .5+ STRONG AXIS W= WEAK AXIS aF ¥ JE]|1

fia. 3.0 4 fig.3.b




244

‘TIII'STS

TEST sT9 °

NUMERIC AL
--==- TESTS

e ——

.': |LOAD P, ’
: 02
TiME
oo R V 0w aw vV a0 mo Vimm)
fig.3.c

COLUMN SUBASSEMBLAGES AFTER (8]

NUMERICAL

EXPERIMENTAL
Mp- column ultimate mom.

- -
7 i
| '

J:
/
r

Mw{,l") Mo

ST9 TEST

M

f
|
!

(|
!
|
i

\

i

[
\
[
i
\
1

< ;Mb,r

!
\
[
)
]

T T T
0.0 0.50 1.00

M/M,

1
1.50

fig.3.d




sors®

All sections W5x16 ]

‘:' -
%

e

-
v

=]

Zz

TEST N*10 AFTER
Fig. 4

joint A

Rotation ¢

- == EXPERIMENTAL
—— NUMERICAL




246

These data were made available to the authors, in the frame of a joint
research programme, and a thomqﬁ' comparison between numerical and
experimental results was carried ocut and is reported in [10]. Some results
are presented in figure 3 where also the mesh adopted in the analysis is
plotted., The moment rotation curves determined in Sheffield in a previous
series of connection tests were adopted.

The table of figure 3a gathers the values of the ultimate axial load N in
the column. The numerical analysis seems to predict the ultimate column
strength with satisfactory accuracy; the errors are in all cases lower
than 9% in absolute value. The suitability of the simulation method to
predict the subassemblage response is confirmed by the comparisons related
to midheight deflection of the column (fig. 3c) and the variation of the
moments at the top end of the column (fig. 3d). The good agreement between
the numerical and experimental analysis through all the loading process is
apparent, pointing out the capability of the method of evaluating the
overall stiffness and the stress state of the system in both the elastic
and inelastic ranges. Uncertainties on actual joint behaviour and on
possible eccentricities of the applied axial load can well explain the
differences.

The constitutive law assumed for the connection spring element, based on
the Koiter's hardening rule, do not account for the possible cyclic
degradation of the joint elastic stiffness. A check against the results of
a cyclic test by Stelmack [9) was then made. The connection behaviour was
represented by a non symmetrical law, based on the experimental measured
response. Some results are presented in figure 4 related to the lateral
frame drift and the performance of the top right connection. The effect of
neglecting the stiffness degradation is apparent in both plots. However,
the simulated frame response shows a satisfactory agreement with the test
behaviour, although frame deflections and joint rotation may be
underevaluated also significantly. Anyway, it should be considered that
the check is severe because the stiffness degrading is particularly
substantial for the top and seat angle connections used in the test. These
results seem to confirm that the assumed joint law, though simple, may be
sufficiently accurate also for cyclic analysis.

CONCLUSIONS

A sophisticated and computationally effective method of analysis was
presented and discussed. The approach permits an inclusion of the joint
nonlinear behaviour and the joint finite dimensions in the analysis,
besides the spreading of plastic zones in the members and the geometrical
effects.

The validity of the method was checked against experimental results and
its adequacy to predict the response of semi-rigid frames was pointed out.
Possible limits to the present formulation with regard to the cyclic
modelling of the joint behaviour are also highlighted.
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OF
FRAME ANALYSIS PAPERS

It i{s evident that the methods of frame analysis have advanced to
the stage where all significant parameters can be taken into account,
although the computer programs are still mostly research tools. This was
addressed by several speakers and discussers, and it would appear that
the development of additional design-oriented programs is critical in
the acceptance and use by the profession of the principles of frames
with semi-rigid connections.

Second-order geometric effects (P-Delta) were considered by all of
the frame analysis methods that were presented. It was noted that the
magnitude of the P-Delta contribution for many frames can run as high as
20 ¥ when end-plate connections are used ; it may be substantially
higher when more flexible connections are used. However, the designers
that have made use of semi-rigid concepts in frame design reported that
it was still possible to achieve economical solutions, but the frame
drifc is almost always the controlling factor.

A separate report was presented on a comparative study of various
frame analysis approaches that are currently in use in Europe. Despite
differences in modeling, such as in the way the global response of the
connection was treated, the use of discrete plastic hinges vs.gradual
spread of plastification, and so on, the results of the various programs
for several types of frames correlate very well. This would seem to
indicate that as long as first-and second -order material and geometric
effects for the members and the frame are taken into account, along with
a connection element that reflects a realistic M-®-relationship, the
final results will not differ appreciably. For the moment-rotation
relationship it may even be acceptable to use a very simple bi-linear
form, as long as it is not unconservative relative to the real form (for
example, the initial stiffness wvalue should be close to that of the
actual connection).

Numerous points were raised as regards the use of composite girders
in the frame, and how to incorporate partial composite action, composite
connection effects, reinforcing steel in the slab and around the column,
and so on. For example, it was pointed out that research leading to the
development of the composite girder criteria of Eurocode EC-4 had
demonstrated that for long spans (up to 20 meters (67 feet)) with a low
degree of shear connection, significant deflection problems could be
encountered. However, it was also noted that the increased stiffness of




249

a composite girder generally leads to the use of a smaller steel shape,
with the vresult that a shallower, more flexible beam-to-column
connection i{s wutilized. Thus, the expected benefits of using the
increased stiffness of composite girders may not be as substantial as
originally thought, but it 1is also clear that further research work
needs to address these questions.

Several discussers noted the {mportance of the increased connection
stiffness that results when slab continuity is achieved (through the use
of reinforcing steel bars). In the same way, it was reported that
current studies of composite connection effects have shown that
connections with very low stiffness in bare steel frames (double web
angles, for example) are capable of providing significant local
restraint when composite action {s accounted for. This is clearly an
area wvhere additional research is needed.




SESSION N%

FRAME STABILITY
AND
SIMPLIFIED METHODS




COLUMN BASE PLATE CONNECTIONS
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ABSTRACT

This paper summarizes the results of experimental investigations on
the behaviour of steel column base connections. The connection is made of
a steel base plate welded to the lower end of the column and attached to
the footing by means of two or four anchor bolts. It is generally admitted
in analysis that this type of connection behaves like a hinge. However,
two totally different series of tests indicate that the base connection
behaves more like a fixed connection.

It is common practice in North America to consider column base connec-
tions as either pinned or fixed to the foundation in calculations. For a
perfectly fixed base connection the flexibility ratio at the column base
(Gy) is equal to 0.0, that is the concrete footing is infinitely stiff as
compared to the column [G =ZI (column/beam) rigidities]. The flexibility
ratio is equal to infinity for a perfect hinged connection. In the Cana-
dian Standard 516.1-M84 [1], the recommended values are G; = 1.0 instead of
0.0 for a fixed connection to account for the difficulty of obtaining
perfect fixity, and G = 10.0 instead of infinity for a hinged connection
to account for the fact that there always exists a certain amount of
rotational restraint in a hinged connection.

The column effective length factor (K) used in the evaluation of the
column capacity is obtained from appropriate alignment charts. The theore-
tical relationship between the effective length factor and the nondimen-
sionalized rigidity of the base connection is shown in Fig. 1 for a column
that is pinned at the top. The nondimensionalized rigidity (R) is the
inverse of C; which is a function of the rotational flexibility of the base
connection () : flexibility factor). It is important to point out that the
curve drops steeply for low values of R, which means that near fixity
conditions are obtained at relatively low values of column base connection
rigidity.
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Rigidity of the mmm.u-t

Perfectly hinged connection: G| = oo R=00 K=10
Standard $16.1-M84 : G =10 R=01 K=0975

Pedectyfxedcomnecton: Gy =0 R= o0  K=07
Standard $16.1-M84 : GL=10 R=10 K=0875

Fig. 1 -- Effective length factor as a function
of the rigidity of the column base connection .

To evaluate for a partial base restraint the following theoretical
equation, which applies to non-sway conditions was suggested [2]:
2E1 ] 2E1
6y = Lc(—)= e (A) (1)
c ‘M Le

In this equation, 8/M, which is the inverse of the slope of the mo-
ment-rotation curve, represents the rotational flexibility of the base
connection (A) and can be obtained experimentally. The rotation (8) is the
sum of the rotation between the footing and the surrounding soil and the
rotation between the column base and the footing. When the column is free
to sway, the factor 2 is replaced by 6 in Eq. (1). When I, = Iy andi= iy
the Gy value obtained from Eq. (1) relates to the column weak axis (Gpy)-
The Gy x value is computed with I, = I, and A=A .

The objective of this paper is to present the results of an experimen-
tal research project dealing with the behaviour of a simple standard column
base connection frequently used in practice. The project was divided in
two parts. Buckling tests were carried out on I section columns to check
the adequacy of Eq. (1) and to study the stabilizing action of the base
connection [3]. Flexion tests and compression - flexion tests were perfor-
med on column stubs to study the behaviour of the connection itself and to




254

determine the influence of the axial gompression load on the rigidity of
the base connection [4,5].

Program and Procedure

Nineteen buckling tests were conducted on I section columns of 5.5 m
in length, hinged at the top and connected to the footing as shown in Fig.
2. In two of these tests, a special set-up was designed to simulate the
rotation of the footing on the soil. By means of a centrally located
roller and calibrated springs placed at the four corners of the concrete
footing, it was possible to simulate the rotation of the footing on loose
sand which is considered as poor soil condition. The main variable of the
tests was the imposed differential displacement of column ends which were
applied about the x or y axis.

al Plan view b) Side view

Fig. 2 - Typical column base connection

The rotation of the steel column near the base plate was measured with
LVDTs and the bending moment with electrical strain gauges. Lever arms
welded to the lower end of the column were used to amplify the displace-
ments measured by the LVDTs [3]. The rotation of the column was easily
calculated from these measured displacements. In some tests, the rotation
and the bending moment were also measured at the upper end of the column to
evaluate the small restraint offered by the upper pinned connection. This
small restraint was taken into account in the analysis of the test results.

Column initial curvatures were carefully measured before each test.
Every significant parameter such as applied axial loads, moments and rota-
tions at column ends, lateral deflections at mid-height, and rotations of
the footing were recorded during the tests. The electronic data acquisi-
tion system was capable of recording up to twenty different measurements in
less than forty milliseconds.

Buckling Tests Results

In these tests, all columns buckled about the weak axis. From a prac-
tical point of view, the main conclusions that can be drawn from these
tests may be summarized as follows.

(a) For weak axis bending, the measured rotationnl flaxibi%ity at the
column base (1= 0/M) ranges from 45 x 1070 (KN.m)~1 to 484 x 10~ (KN.m)~%
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With these minimum and maximum values of the flexibility factor, Eq. (1)
gives 0.018 < "'&Y < 0.196. The effective length factor is then equal to:
Y

0.71 s < 6. As shown in Fig. 1, these values are lower than the
rec values in Standard $16.1-M84 for a fixed connection (6, =1.0,
K = 0.875).

(b) Since the base connection behaved more like a fixed connection
that a hinged connection, the measured buckling loads largely exceeded the
theoretical buckling loads obtained for a pinned base column. The deformed
shape of the buckled columns revealed the presence of a significant rota-
tional restraint at the column base.

(c) For the tests where ) values were measured at both ends of the co-
lumn, the measured buckling loads were 5.8%7 to 17.2% larger than the pre-
dicted buckling loads based on the measured A values. It seems therefore
that Eq. (1) used to evaluate Gyy and Gpy gives acceptable results. It
should be noted that in practical cases uﬁorn the connection at the top of
the column is considered as pinned, the rotational restraint of the top
connection is larger than the rotational restraint of the mechanical device
used for the tests.

(d) The moment-rotation curves of the column base plate connections,
for weak axis bending, measured during the buckling tests, show that the
connection behaves elastically and the rigidity is constant as long as the
base plate remains in full contact with the footing. A most interesting
observation is that separation is initiated only after buckling when the
bending moment becomes large with respect to the axial load. This was the
fact in all cases even when large relative displacements of the column ends
were imposed.

i
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Fig. 3 -- Typical momént-rotation curve measured at the
column base .
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This conclusion is illustrated in Fig. 3 which shows one of the mo-
ment-rotation curves measured during the buckling tests. The moment
developped in the base connection at buckling (M.,) was smaller than the
linear limit (My;,) in all tests. Consequently the connection was behaving
elastically at I’iﬁcklxng. Moreover, since the base plate remained in con-
tact with the footing, the presence of more anchor bolts should have a
limited influence on the behaviour of the connection at buckling.

Another interesting observation can be made from Fig. 3. At ultimate,
the base connection developed 78Z of the plastic moment capacity of the
column about the weak axis ( = 33.3 kN.m). This is quite a large moment
for a generally considered pinned connection. It seems therefore appro-
priate to provide a welded connection capable of developing H.py between the
base plate and the column.

(e) Buckling tests with a special set-up designed to simulate the
rotation of the footing on the soil, have shown that no significant rota-
tion of the footing occurred even though very poor soil conditions were
simulated. The moment developed in the column base connection at buckling
and even after was too small to force the footing to rotate.

LOCAL BEHAVIOUR OF THE CONNECTION
Experimental Programs

Two series of tests wvere carried out on column stubs to study the
local behaviour of the base plate connection [4,5]. In this short paper,
it is not possible to present the full extent of the experimental programs
and procedures. The reader is therefore referred to the published papers.
The presentation will be limited to a brief description of some aspects of
the experimental programs.

The main purpose of the first series of tests was to determine the
fixity factor of the base connection for strong axis bending (y,) and to
study the influence of the axial compression load on the fixity factor [4].
The measured moment-rotation curves were used to determine yy.

As explained later, the fixity factor is used for linear analysis of
flexibly connected steel frames. The fixity factor of a connection is
given by [6]:

SELTE Y (2)
L« SElcho

Le

When considering column base plate connection, A, is the rotational
flexibility factor at the base plate level. The fixity factor varies from
zero for a perfectly pinned connection ( o= = ) to unity for a perfectly
rigid connection (Ag=0). When I, = I, and A, = i, the y value obtained
from Eq. (2) relates to column strong axis (Y,). In the first series of
tests, A, was obtained experimentally with and without axial load acting
on the column. The experimental program comprised 15 specimens tested to
failure: 7 flexion tests and B compression-flexion tests performed on 1220
mm long column stubs.




257

The main purpose of the second series of tests was to determine the
influence of the axial compression load on the value of G; obtained from
Eq. (1). Since the buckling tests have shown that the base connection
behaves elastically when buckling occurs, the moment-rotation curves were
measured in the elastic range. [Each column was tested at six, seven or
eight axial load levels and was bent successively about both principal
axes. More than 150 moment-rotation curves were obtained from tests per-
formed on 2000 mm long column stubs [5].

Main Conclusions of the Tests

The results of the first series of tests have clearly shown that the
flexural stiffness of the base connection is a function of the applied
axial compression load in the column. A significant increase of the fle-
xural stiffness was observed when a compression force was applied to the
column. The test results also indicated that the fixity factor of the base
connection tends towards a limit value when the axial load in the column
increases. It was found that 0.517 s v, < 0.873 for 0.24 C, $Cs0.4C,,
where C is the axial compression load in the column and C! is the nominal
axial plastic capacity of the column (C, = AF, where A is the area of the

cross-section and F, the yield stress). y

36
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Fig. 4 - Variation of G with axial load .
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The axial compression load has also an effect on the slope of the
moment-rotation curve. When the base connections were not subjected to an
axial load, the measured moment-rotation curves were nonlinear almost from
the start of loading. The slope of the M-8 curves decreased continuously
with the applied moment. In that case the rotational flexibility factor
(b= 8/M) and the fixity factor (y) are not constant. With an axial com-
pression load in the column the measured moment-rotation curves were linear
at least up to 70% of the maximum applied moment. In that case, the flexi-
bility factor and the fixity factor are constant for a large loading range.

Most of the results of the second series of tests are summarized in
Table 1 and in Fig. 4. The mean values and standard deviations for Gy»
evaluated at different axial load levels for weak axis or strong axis
bending, are given in Table 1. Each mean value given in that table [Gk
(50Z)] is the average of five measurements and the standard deviations (S
were computed with the unbiased formula. The values having only a 5%
chance of being exceeded, assuming a normal distribution, are also given in
the table.

TABLE 1

Statistical parameters of experimental Gy values

G-Lx(SDZ) S G x(5%) Gufst'l!) S G-Ly(SI)
c/C
)’ Test series A (W 150 x 30 column section)
17.6 i 0.19 1.68 0.32 0.07 0.44
22,0 1.14 0.23 1.52 - - -
26.4 0.98 0.21 .39 0.24 0.05 0.32
30.8 - - - 0.23 0.02 0.26
35.2 0.76 D0.11 0.94 0.20 0.03 0.25
39.6 0.70 D.10 0.86 - - =

Test series B (W 200 x 36 column section)

14.6 2.62 0.39 3.26 0.33 0.09 0.48
21.8 1.80 0.26 2.23 0.25 0.05 0.33
29.1 1.33 0.15 1.58 0.20 0.04 0.27
36.4 1.09 0.19 1.40 0.19 0.02 0.22
40.0 0.94 0.07 1.06 0.18 0.03 0.23

Fig. 4 shows that Gy at first decreases rapidly with the axial load
but tends towards a limit value. For weak axis bending, the value of Gy, is
almost constant when the axial load is larger than about 30% of the axial
plastic capacity. In practical situations, the column buckling load is
larger than 0.30 Cy.

The base connection of the type studied is generally considered as
pinned and the recomemnded G; value is 10.0 [1]. All Gy values given in
Table 1| are much lower than 10. The test results indicate that for weak
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axis buckling a conservative value is Gyy = 0.50, and for strong axis
buckling Gyy = 1.50,if there is no relative displacement of column ends
(sway-prevented condition). In most practical situations, sway is
prevented when considering weak axis buckling, therefore £ 1.8,
According to Eq. (1), where the factor 2 is replaced by 6 when the upper
end of the column is free to sway, Gpy = 1.50 and Gyx = 4.50 for the sway-
permitted condition.

The effective length of the column is reduced when the flexural stiff-
ness of the base connection is taken into account. Design examples show
that the increase in column strength varies between 10Z and 30Z in current
situations (slenderness ratios between 60 and 120).

FRAME ANALYSIS

It is well known that connection flexibility affects the overall
behaviour of a frame. As the connection flexibility increases, the frame
response changes from shear-type behaviour to flexural cantilever beha-
viour. Two approaches can be used to analyse flexibly connected steel
frames: the linear and nonlinear approaches.

The linear approach is well suited for current office practice since
it requires only minor modifications of the commonly used displacement or
stiffness method. This approach is satisfactory if the rotational flexibi-
lity of the connections is almost constant from the start of loading up to
the bending moment which corresponds to factored loads. In our opinion,
the simplest linear method of analysis is obtained by inclusion of fixity
factors at the member ends. The member stiffness matrices are then modi-
fied by a correction matrix which includes the fixity factors [6].

'y
M,

Moment

M

>

Rotation

M; = maxmum moment at the connection due the factored loads
ottained from the analysis assuming perfectly ngid connechons

kM, = design moment (k <1.0)

X" = secant rotational flexibility
¢ = resistance factor of the connection

Fig. 5 -- Linearisation of connection behaviour .
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The nonlinear approach is used when the behaviour of the connections
of a frame is inelastic and nonlinear almost from the start of loading. It
should also be used if the ultimate strength of the frame and the condi-
tions at failure are to be determined. In this latter case, three diffe-
rent nonlinear effects should be considered: connection nonlinearity,
member plastification and geometric nonlinearity leading to member and
frame instability.

Since nonlinear inelastic analyses are too arduous for most designers
and unsuitable for design office practice, some representative linearisa-
tion of the nonlinear connection behaviour should be adopted for design
calculations. To linearise the connection behaviour, the secant rotational
flexibility can be used, as shown in Fig. 5. The secant is a straight line
from the origin to the point on the curve corresponding to the design
moment (kMg).

The following design procedure is suggested. The structure is first
analysed assuming perfectly rigid connections to obtain the maximum moments
in the connections. Since the connections are partially rigid, these
moments will never be reached. Then the designer selects a percentage of
the maximum moment to design the connections, for instance 75% (k = 0.75).
As shown in Fig. 5, the secant rotational flexibility corresponding to the
design moment is obtained from the M-§ curve and is used to compute the
fixity factor of the comnection. Finally the fixity factors of the connec-
tions are introduced in a computer program, which incorporates the correc=

tion matrices [7], and the structure is reanalysed to obtain new bending
moments.
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1f the bending moment in each individual connection is smaller than
the design bending moment (kMg¢), the design is satisfactory. If the ben-
ding moment is larger, the value of k should be increased. On the other
hand, if the bending moment is much lower than the design moment, the value
of k should be decreased. Of course, this design procedure assumes that
sufficient experimental information is available for the type of connection
used in the structure.

Fig. 6 shows an example of linear analyses considering fixity factors.
The beam-to-column connections are assumed perfectly rigid (y, = 1.0) but
the column base fixity factor varies between 0.0 and 1.0. For the selected
frame, the first-order horizontal displacement (A ) may be expressed in
terms of the applied horizontal load (H), taking into account frame geome-
try and cross-section properties of beams and columns.

If it is assumed that the column base connection is a perfect hinge,
the horizontal displacement is equal to 0.7 times the horizontal load. If
the fixity factor is equal to 0.25, the horizontal displacement is reduced
by 43%, when compared to the displacement obtained neglecting base fixity.
Tests have shown that y, = 0.25 is quite a conservative value for a simple
column base plate connection [4].

It is important to point out that the curve drops steeply for low
values of the fixity factor. In other words, the fixity factor does not
have to be high in order to reduce the lateral displacement and the corres-
ponding sway effects in a significant manner. The advantages of consi-
dering the actual flexural stiffness of the column base connection is
clearly shown by the results of the analysis of this simple frame.

The test results summarized in this paper indicate that the flexural
stiffness about both principal axes of a simple column base plate connec-
tion has a very beneficial effect on column stability and frame behaviour.
With these results, the effect of base restraint can be accounted for in
design.

1. Canadian Standards Association, Steel Structures for Building (Limit
States Design). CAN3-516.1-MB4. Rexdale, Ontario, 1984.

2. Nixon, C.D., The Design of Light Industrial Building. Ph.D. thesis,
Dept. of Civil Eng., University of Alberta, Edmonton, Alberta, 1979.

3. Beaulieu, D. and Picard, A., Contribution des assemblages avec plaque
d'assise & la stabilité des poteaux. Construction Métalligue, 1985,
no. 2, pp. 3-19.

4. Picard, A. and Beaulieu D., Behaviour of a simple column base

connection. Can., Journal of Civil Eng., 1985, wol. 12, no. 1,
pp. 126-136.




262

Picard, A., Beaulieu, D. and Pérusse, B., Rotational Restraint of a
Simple Column Base Connection. Can! Journal of Civil Eng., 1987, wvol.
14, no. 1, pp. 49-57.

Monforton, G.R. and Wu, T.S., Matrix Analysis of Semi-Rigidly Connected
frames. ASCE Journal of the Structural Division, 1963, vol. 89, no. 6,
pp. 13-42.

Picard, A. and Beaulieu, D., SUPREM: logiciel d'analyse des structures

planes. Rapport GCT-85-09, Génie civil, Université Laval, Québec, 1985
(reav, 1986).




SIMPLIFIED DESIGN APPROACH FOR
END-RESTRAINED COLUMNS IN FRAMES

Reidar Bjorhovde
Professor and Chairman
Department of Civil Engineering
University of Pittsburgh
Pittsburgh, Pennsylvania 15261
U.S.A.

ABSTRACT

Recent studies of the strength, stability and design of columns have
focused on the need for pgiving a more accurate representation of such
members as parts of realistic frames. In particular, the research has
addressed the influence of the connections between the columns and the
adjacent parts of the structure, recognizing the stiffness characteristics
of the semi-rigid beam-to-column connections. The paper details one of the
approaches that may be used to determine the buckling load of columns in
frames, by taking into account the initial stiffness of the beam-to-column
assemblage. It is demonstrated that this property is crucial to the
response and capacity of the member. To facilitate the incorporation of
the method into current design procedures, use is made of the effective
length concept, modified to reflect the actual restraints at the column
ends. Finally, it is noted that the solution is equally applicable in
allowable stress and limit states design formulations.

INTRODUCTION

Research and development studies dealing with the strength and
behavior of columns have been conducted for many years. Although the basic
problem may appear to be relatively simple, the many factors that influence
column stability make the topic a highly complex one. In addition,
solutions that apply to the individual column have limited applicability to
members that are parts of structures. This is due to the interaction of
all of the framing members and the overall response of the frame. For

example, second order frame effects can be significant in a number of
cases.

The original solutions for compression members dealt with pinned-end,
perfectly straight columns with elastic behavior, which were subsequently
modified to take into account material and cross-sectional non-linear
effects. Thus, the works of Euler, Engesser, Considere. Shanley, and
Dutheil, among many others [ 1.,], are well known, and need not be
reiterated here. Similarly, the advent of the computer made possible the
incremental, iterative numerical solutions for the strength of members with
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imperfections in the form of residual stress and initial crookedness. This
took place much later than the above investigations, but the findings have
now been incorporated into design standards around the world [ 1,2,3,4 ].

Over the past several years it was recognized that although the
strength and behavior of the pinned-end column was an important and
convenient reference case, somehow the influence of the actual support
conditions of the member should be accounted for. At the outset it was
felt that the restraining effects of the connections between the column and
the other components of the surrounding structure would be likely to raise
the actual capacity of the member. Although the connections would respond
in a manner that depended on their rotational stiffness, it was deemed
realistic to expect that buckling could be delayed to a certain degree,
even in the case of the most flexible beam-to-column joints.

This paper will provide a brief review of some of the investigations
that have examined the capacity of columns with semi-rigid end connections.
The primary strength parameters are identified, along with the development
of a design procedure that allows the engineer to incorporate semi-rigid
concepts into current methods of analysis.

INDIVIDUAL COLUMNS WITH END RESTRAINT

Before examining the behavior and strength of end-restrained columns
in frames, it is important to understand the response of the individual
member when a measure of restraint is present at the ends. Specifically,
this clarifies the parameters that influence the capacity of the column,
as follows:

(1) Restraint characteristics of the column end
supports

(2) Column length or slenderness ratio
(3) Material and geometric imperfections

In the following the influence of these parameters will be explained in
some detail.

Restraint Characteristics of the Column End Supports

For most practical purposes this identifies the influence of the beam
to=-column connection that joins the column to the adjacent structural
elements. The most significant measure of its restraint effect is the
moment-rotation or M-d-curve, and Fig. | shows representative samples for
some typical structural connmectioms. In particular, the C-measure, as
indicated in the figure, which reflects the initial rotational restraint of
the connection, is important. This will be described in some detail later;
at this point it is sufficient to note that the connection stiffness
provides the actual column buckling restraint, along with that of the beam
to which it is also connected.

A perfect pin has a C-value of 0 and a rigid connection provides
infinite restraint. All real beam-to-column joints lie somewhere between
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these extremes, with the simple or shear-type connections offering a very
low moment capacity and stiffness. However, it has been shown that even
such connections can lend significant additional buckling strength to end-
restrained columns [ 5,6 ].

Moment
c
N c _]
Top and Seat
Angles
/ :
/

Shear Plate
Double Angle

Connection Rotation, #

Figure | Some Typical Moment-Rotation Curves
for Beam-to-Column Connections

Additional information regarding the influence of the connection
stiffness on the column buckling strength is provided by Fig. 2. Using
data from a study of Nethercot et al. [7], the figure shows the load-
deflection curves that result when the same column shape is used with three
different end connections. Specifically, the curves represent the response
of a W-shape column with pinned ends, double angle connections, and top-
and-seat angle connections. It is noted that the column in question had a
slenderness ratio of 120, and an initial out-of-straightness of L/1000,
where L is the length of the member. The large slenderness ratio is the
primary cause of the magnitude of the strength increases, as will be
discussed in the following section.

Influence of Column Length

The column strength studies have demonstrated clearly that the longer
the member, the larger the relative strength increase that is created by
having a semi-rigid end connection. In other words, for one and the same
cross section and end restraint, the longer the member, the larger will be
the percentage increase in the maximum capacity. Examining various types
of beam-to-column connections, researchers have reported strength increases
of more than 200 percent for certain very long columns [5,8]. However, it
is noted that these lengths are well in excess of practical values, as has
been shown by other findings [#,9]. As a further illustration of this
observation, Fig. 3 gives the maximum strength column curves for members
with three types of end connections, and the middle of the SSRC Column
Curves [1,10] is also included for comparison (it is based on pinned ends).
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Figure 2 Load-Deflection Curves for Columns
with Various Degrees of End Restraint

The vertical axis in Fig. 3 gives the relative maximum column strength, and
the horizontal is based on the non-dimensional slenderness term. Also
shown is the Euler curve, as well as the ranges of practical slenderness
values for two common steel grades (yield stresses of 36 ksi = 248 MPa and
50 ksi = 345 MPa) that are in extensive use in North America. Although the
strength of the end-restrained columns is still significantly higher than
that of the pinned-end member, it is not on the order of the 200 % that has
been indicated. Nevertheless, the benefits are clear, and advantage should
be taken of this contribution to the performance of the structure.

Effects of Residual Stresses

Research has demonstrated that the end restraint effects are not as
significant when residual stresses are present in the cross secction [7].
Specifically, the strength increase that is prompted by the end restraint
will be less for columns that buckle in the inelastic range of behavior.

Effects of Initial Out-of-Straightness

Studies have also shown that the end restraint effect is more
important when the column is initially perfectly straight [7]. Therefore,
for the more realistic maximum column strength models, which incorporate
the influence of the crookedness (as well as the residual stresses), the
benefit again will be less than what has been reported, but it still
valuable to include the contributions in some form in design approaches.

END-RESTRAINED COLUMNS IN FRAMES

The preceding discussion has focused on the various parameters that
influence the strength of individual end-restrained columns. The studies
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that led to these findings were crucigl to the complete understanding of
the problem of the stability of such members, but only limited information
was gained regarding the implementation of the concepts into design code
formats. Much debate was conducted regarding the potential for utilizing
column curves in the design standards that reflected specific levels of end
restraint, rather than having curves that were based on the traditional
pinned-end members. The latter topic will not be addressed here, short of
noting that in North America it appears to have been decided that the
pinned-end column will continue to be the focal point. This has been done
on the express premise that although it is recognized that true pinned-end
members do not exist in real structures, such a model reflects accurately
the capacity of the member itself, and is not encumbered by the factors
that are related to the overall structure. There are obvious advantages to
this approach, especially when it is borne in mind that frame stability
solutions can be provided that reflect the restraint conditions between the
columns and the other structural components. The following section of this
paper will detail one of the potential solutions that has been found to
offer significant practical promise [6].

Rather than using complete second order frame stability solutions, it
is preferable in many cases to utilize simplified methods that can account
for the column stability through other devices. Among the latter, North
American practice for years has relied on the effective length concept,
which essentially transforms a column with real end conditions into one
that is pinned-end, but whose stremgth is the same as that of the real
member. The procedure is well known, and has served designers adequately
for some time. However, the assumptions of the analysis and the manner in
which the effective length factor, K, is determined, have limited the
applicability of the concept to structures with well-defined end
conditions. For example, the traditional K-factor solutions are based on
rigid beam-to-column connections [1].

Research work by Chen at al. [5,8] provided a method for finding the
effective length of individual columns with realistic beam-to-column
connections at the ends. This solution also examined the effect of the
beam stiffness on the overall column end restraint, and gave data on the K-
factors for members with a variety of support conditions. However, it did
not address the larger problem of determining the stability of the column
as part of a frame.

The simplified frame stability solution that makes use of the K-factor
concept was developed from considering a subassemblage of an elastic frame,
using rigid beam-to-column connections [I1], and considering the sway- and
non-sway cases. The characteristic equation for the subassemblage
incorporated the K-factor and functions of it, along with the relative
stiffness distribution factor, G, given as

¢ = T (1

where the numerator term expresses the combined column stiffness at a joint
in the subassemblage, and the denominator gives the combined beam stiffness
at the same joint. Briefly, Eq. (1) reflects the magnitude of the moment
that will be transmitted to the column at the instant of buckling.

Conceptually, Eq. (1) actually shows that the magnitude of the moment
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that is transferred to the column is a function of the stiffness of the
restraining member or assembly. The higher the value of G, the more moment
the column will be asked to carry. In the most extreme case the columns
are infinitely stiffer than the beams (i.e. G approaches infinity). which
means that the beams will transfer no moment to the column. This, in turn,
is an expression of the fact that the beam in this case cannot offer any
stabilizing effect for the column. In other words, a value of G equal to
infinity indicates that the column has a pinned end connection.

In real framed structures the beams, which have a certain bending
stiffness EI and span L, are attached to the columns of the frame through
beam-to-column connections that have a certain rotational stiffness. The
latter is given by the initial slope of the moment-rotation curve, C, as
illustrated in Fig. |. As shown by Bjorhovde [6], the combined rotational
restraint of the connection and the beam that is attached to the column is
given by the effective rotational restraint, (®. This is exactly the same
as the denominator term in Eq. (1), but now revised to take into account
actual restraint characteristics of the assembly.

On the above basis it has been shown [6] that the stiffness
distribution factor, G, for a realistic frame should be replaced by G, ,
the end-restraint stiffness distribution factor. Equation (2) therefore
takes the place in the effective length solution procedure, rather than Eq.
(1). The former gives the expression for G, as

2EI/ le
s . ""“Ei"" (2)

and it is noted that a single c¥ is used for each column end. The reason
for this can be explained as follows:

(a) Behavior of interior columns: In the general frame
subassemblage, the beams are loaded and deflected a
certain amount prior to column buckling. The connect-
ions are therefore rotated a certain amount. As the
column buckles, two of the connections will unload
elastically (stiffness = C) and the other two will con-
tinue loading, with a stiffness equal to the slope of
the moment-rotation curve at a point equal to the beam
moment before buckling took place. For the typical in-
terior column, which has two beams framing into each
end, this means that if the stiffness of the loading
connection is ignored (which is usually a near-correct
assumption, especially for low-moment joints), then only
one connection at each end will provide rotational re-
straint. Hence, the use of a single C® -value in the
G,.—equati.on.

(b) Behavior of exterior columns: Following the above eva-
luation of the behavior of an interior column prior to
and during buckling, it is clear that when an exterior
column fails, one end connection will load and the other
will unload. In the solution procedure that was deve-
loped [6] it was therefore determined that the values of
Gp to use should be based on one C® at one end, and at
the other end a pin could be assumed as the support.
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It is noted that in order for the above approach to be utilized, data
for the moment-rotation characteristics of typical beam-to-column
connections must be available. Such data collection efforts are currently
underway in Britain and the United States.

At this point in time the effective restraint procedure that has been
outlined above should only be applied to the design of columns in sway-
prevented frames. The reason for this is that further research is needed
to resolve the questions that arise with respect to the moment that is
transferred into the column from the beams in a sway-permitted structure.
The latter uses moment-resistant connections, and the moments that can
develop are substantially larger than those of the types of joints that
have been described in the preceding.

Design examples that have been worked out [6] show column size savings
on the order of 5 to |5 percent, depending on the specifics of the member
itself.

SUMMARY

The paper has presented an examination of the strength and behavior of
columns with realistic end-restraint conditions, such as can be encountered
in framed steel structures. The individual column strength parameters are
given, along with their relative influences.

A solution procedure is given for finding the effective length factor
for end-restrained columns in frames, taking into account the connection
rotational restraint and the bending stiffness of the beams. It is shown
that this leads to the effective rotational restraint, which in turn can be
used in a traditional subassemblage K-factor procedure. An expression is
given for the end-restraint stiffness distribution factor, which replaces
the well-known G-term of the elastic stability equations.

It is noted that column economy on the order of 5 to 15 percent can be

gained through this solution method. However, data are needed on the
moment-rotation curves and their parameters for many actual beam-to-column
connections. Further research should also be conducted to resolve the

applicability of the method to sway-permitted frames.
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ABSTRACT

This paper sumarizes the main results of recent parametrical analysis
on the load carrying capacity of semi-rigid frames. In particular, the
effect of partial restraint conditions of sway frames is analyzed with re-
spect to the elastic and inelastic buckling. In addition to the effect of
connections, the influence of geometrical imperfections on the ultimate
behaviour of "industrial frames" is also examined.

INTRODUCTION

The behaviour of semi-rigid frames is influenced by several parameters.
The main determinant aspects of the general problem have been analyzed fram
different points of view. Starting from the assumption of a mathematical
model for joints under alternate loading conditions [1], an appropriate
calculation method has been worked out [2] . The first results of its appli-
cation have been mainly devoted to the elastic and inelastic buckling of
multi-story frames [3] , also including the effect of gecmetrical imperfec-
tions [4] . This led to a new definition of "industrial frames", in which
the actual restraint conditions of joints together with the mamufacturing
tollerances are considered as generalized imperfections [5] .
The problem of the overall ductility has been also analyzed in view of the
assesment of the structural coefficients (the so-called g-factors) in the
design of seismic resistant structures [6] .

ELASTIC BUCKLING

By means of the following parameters:
&) critical multiplier of the frame with semirigid connections;
X ggCcritical multiplier of the frame with perfectly rigid connections;
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®g critical multiplier of the frame with pinned connections;
R ratio of girder-to-colum flexural stiffness;
K ratio of joint-to-girder flexural stiffness;

fig. 1 shows same results referred to a portal frame and to a one bay-three

story frame .

Curves of fig. l,a) allow to define three regions which characterize the

unstable behaviour of the semi-rigid frames:

-0 <K < 3, where even for small values of connection stiffness the cri-
tical multiplier considerably increases and the case of
pinned joints can be safely assumed;

- 3 « K < 10, where the actual value of the joint restraint must be intro-
duced in the analysis without allowing any simplification;

- K > 10, where the case of perfectly rigid joints can be assumed
provided 80 percent of elastic critical multiplier is safely

adopted.
Fig. 1,b) shows that the cbtained results are located with a good approx-
imation on lines passing through the origin, which are given by the equa-
tion: §
(xk=-oxg) = (g = O )-A-K (1)

Fig. 1,c) provides the value of the costant A for a given R ratio and a
given frame typology. These results have been confirmed by a parametrical
analysis on multy-bay (up to three) and multy-story (up to six) frames
[3,4] and, therefore, the linear relation-ship (1) can be proposed for
general applications.

INELASTIC BUCKLING

With reference to the M- ¢ curves of connections and girders, the
three cases of fig. 2 can arise: case a) corresponds to a full strength
joint and the global relation-ship can be assumed as elastic-perfectly
plastic with a good approximation.

The influence of partial strength joints (case c) produces important alte-
rations in the plastic behaviour of the structure due to the early forma-
tion of plastic hinges (see dotted curves of fig. 2). It causes a strong
reduction of the ultimate carrying capacities together with a change of
slope of the decreasing branch of the curves.

Curves of fig. 2 show also the influence of the vertical loads for the
given two-story frame with different joint restraint(K). Going from the
case 0.1N® t00.25 N® (being NP the critical load of the rigid
joint frame) we find that:

= the collapse multiplier is reduced to about a half;

- the decreasing branch increases its slope, leading to a sensible reduc-
tion of the global ductility.

In both cases the effect of restraint is sensible in the increasing
branch, whereas all curves are connected to only one decreasing branch, as
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it can be aspected because the rigid-plas‘uc mechanism is not influenced
by the joint flexibility. '

IMPERFECTION SENSITIVITY

The so-called "industrial frames" [ 5] are today considered in the
modern codes which introduce geometrical imperfections (as out-of-plumb
in colums and eccentricities in joints), according to the usual erection
tollerances.

The influence of such imperfections on the elastic-plastic behaviour has
been analyzed for two portal frames of fig. 3, respectively fixed and hing-
ed. The different cases are characterized by the column slenderness

A = H/r = 40, 100, 160. Collapse multipiers are given in fig. 4.
For A\ = 40 we cbserve that all curves of the fixed frame practically reach
95 percent of the squash load N, , excepted for K = 0.1. In the case
of hinged frame, on the contrary, the effect of semi-rigid connections is
more evident and only 60 percent of Hy is reached for K = 10.000
(which corresponds in practice to a rigid joint).As the colum slenderness
increases, it is evident that also in the case of fixed frame the effect
of semi-rigid connection becames more and more important. The percentage
of collapse load is always decreasing up to the case of hinged portal with
A = 160, in which only 5 percent of the squash load of colum is reached.

CONCLUSIONS

The above results show that it is possible to provide for several
structural typologies the values of the elastic critical multiplier of
semi-rigid frames by means a simple linear relation-ship.

The influence of the restraint conditions on the overall behaviour in
elastic-plastic range plays a capital rSle on both strength and ductility
of imperfect frames, which must be properly analized according to the de-
finition of "industrial structures".
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INFLUENCE OF SEMI-RIGID AND PARTIAL STRENGTH
JOINTS ON THE BEHAVIOUR OF FRAMES

F.5.K. Bijlaard
and
H.H. Sn{jder

TNO Institute for Building Materials and Structures
P.0. Box 49, 2600 AA Delft
The Netherlands

ABSTRACT

The behaviour of steel frames is much influenced by the moment-
rotation characteristic of the connections between columns and beams.
The use of bolted beam-to-column connections without using stiffeners
leading to semi-rigidity and partial strength, has become more popular.
The use of this type of connection gives the opportunity to optimize costs
for connections against costs for beams and columns. The possibility is
discussed of using a simplified model for the usually non-linear moment
rotation behaviour of semi-rigid and partial strength connections.
Furthermore different design approaches for the frames are discussed.

INTRODUCTION

In designing steel frames the assuptions made in calculating the
force distribution in the frame should be in accordance with the behaviour
of the connections. When calculating the force distribution in a frame in
accordance with elastic theory, the specific joint behaviour with respect
to stiffness, such as hinged, rigid or semi-rigid, has to be taken into
account. In all cases, the connections should be able to resist the
calculated forces. Hinged connections should be able to undergo the
necessary rotation without producing substantial moments. Rigid
connections have to transfer moments and the corresponding deformation in
the connections has to be small, so that they do not {nfluence the
calculated force distribution. Semi-rigid connections must also transfer

moments, but the corresponding deformations have an influence on the force
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distribution in the structure.

When the force distribution in a frame is calculated by means of plastic
theory, the specific joint behaviour with respect to strength, such as
full-strength or partial-strength, has to be taken into account. Due to
the complex behaviour of connections, it is only possible to calculate
their strength and stiffness with relatively modest accuracy. It s,
however, necessary to know the influence of the strength and stiffness of
conpections on frame behaviour if calculations are to give a rellable
estimate of the actual structural response of the frame.

STABILITY OF FRAMES WITH SEMI-RIGID AND PARTIAL STRENGTH CONNECTIONS

In order to study the influence of the joint characteristic on the
structural response of frames, the basic behaviour of a joint expressed in
the moment-rotation characteristic must be known. Three important aspects
are the stiffness, the strength and the rotational capacity of the
connection (see Fig. 1). In [1] these aspects are discussed.

moment
_——..

il
1
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strength

g Y " WINGED y s

\ rotation capacity — ™= rotation

Figure 1: Moment-rotation characteristic of connections.

In calculating the stabilility of frames, an important question is whether
or not a simplified model for the, in reality, non-linear connection
behaviour can be used. Non-linear connection behaviour, as shown in figure
2(a), can be dealt with in a geometrical and material non-linear
calculation where the 1load 1s applied incrementally. However, if a
geometrical and material non-linear calculation is not used to obtain the
force distribution in the frame a;d to verify the stablility of the frame,
the non-linear connection characteristic must be schematized. Use of the
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initial stiffness Cin leads to ovnrtsti,gtinc of the stability of the
frame. When the bi-linear approximation is used, the secant stiffness of
the connection is taken into account in calculating the frame stability.
Suppose, however, that due to the design load on the frame, the connection
is loaded up to a certain moment, say the calculated moment capacity i' of
the connection. In that case the actual tangent stiffness is far less than
the secant stiffness used in the calculation. It can be shown, however,
that using the secant stiffness is a safe approximation to the connection
behaviour in calculating the stability of the frame. Assume a vertical bar
with infinite bending stiffness, connected to the ground by a rotational
spring, as shown in figure 2(b). At the top of the bar a horizontal and a
vertical load act, producing an overturning moment:

M

Haction = Hel + F.2.9 O (l)

In the rotational spring a reaction moment:

M eactton = S** seves $8)
is activated in the case of a linear rotational spring characteristic (see
figure 2(c)). Equilibrium i{s achieved 1if:

Hol+ Folegp= M st

reaction

From figure 2(c) it can be seen that equilibrium is possible if:
g >ll sesss (&)

The possibility of reaching equilibrium i1s also dependent on the value of
the ultimate moment capacity iv. In figure 2(d) the lines a, b and ¢
indicate three different values for H.1. Line b {ndicates the maximunm
value for H.2 at a certain value for F.2 for which equilibrium 1is
possible. In the case of a non-linear rotational spring characteristic,
the same procedure holds (see figure 2(e)). The maximum load line b does
not reach the ultimate moment capacity of the connection characteristic,
but touches that curve. Figure 2(f) shows a non-linear rotational spring
characteristic and a bi-linear approximation to this curve. It can be seen
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that the use of the bi-linear approximation leads to a safe calculation of
the stability of the frame, because it produces a lower value for H.i than
in the case of the non-linear curve at the same value for F.i. The same
holds for the case of a constant value of H.% (see figure 2(g)). In
that case,  wusing the bi-linear approximation leads to a lower wvalue

for F.1 than using the non-linear curve.
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Figure 2: Influence upon frue.stabiltty of a bi-linear approximation to
the moment-rotation characterlstic of a connection.
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It can be concluded that it is safe to use a bi=linear approximation to
the non-linear moment-rotation characteristic for semi-rigid and partial-
strength connections for the purpose of calculating the stability of
frames.

ELASTIC DESIGN
Unbraced frames

In calculating the force distribution in the frame, the rigidity of
the connections has to be taken into account. In checking the columns and
members under these forces with respect to strength and stability, the
strength functions for columns as well as for beams have to compensate for
the non-linear effects which are not yet in the linear force distribution.
The influence of the regidity of the connections 1s expressed in the
calculation of the elastic effective buckling length of the columns (see
Fig. 3).
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Figure 3: Elastic effective buckling length of columns in unbraced frames
as function of p, being the relative stiffness at the column
ends.

Braced frames

Elastic design of braced frames can also be referred to as “weak-

column, strong-beam” design [2,3]. After making a first order elastic
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caleculation to obtain the force distribution of the braced frame, the
columns are designed first. Then, the beams are designed in such a way
that they do not collapse prior to the columns. The same holds for the
semi-rigid connections.

In [4] interaction formulae have been presented for pin-ended beam-colomns
under combined axial compression and bending. To obtain the magnitude of
the imperfection e‘. the amplification factor n/(n=1) and the buckling
factor y,the buckling length concept is used. The stability check of the
total braced frame 1s replaced by stability checks of the Individual

columns. The columns are “"cut” out of the frame and the resultant pin-
ended columns, with the {imposed bending moments and axial forces, are
checked for stability. When the individual column approach is consistently
applied, the buckling length should be taken equal to the system length
[5]+ In actual fact, the columns form part of the braced frame and it can
be shown that the use of the system length as buckling length Is
conservative in many cases [6]. Therefore, checks on column stability in
braced frames are acceptable on the basis of the elastic effective length.
This, however, has consequences for checking of the beams. Use of the
elastic effective length as buckling length in the interaction formulae,
leads to safe estimations for the maximum strength of columns in braces
frames, 1f the beams and the connections are strong enough and column
collapse characterizes the frame behaviour [7,8,9,10]. The moment
distribution at collapse is different from the moment distribution using
the first-order elastic analysis. At collapse, the bending moments on the
beam are greater than%qhz (Fig. 4). This 1s caused by the restraining
moment Hr that has to stabilise the column.

g F
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! ey
st order elastic at collopse

Figure 4: Comparison of bending moment diagrams.

In [6] a complete procedure is given to determine the restraining moment
M.
r
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PLASTIC I.)!SIGIl
Unbraced frames

Designing unbraced frames with plastic theory is rather simple when
using the formation of a collapse mechanism for calculating the first
order plastic collapse load. The ultimate limit bearing capacity of the
frame, which i{s less than the plastic collapse load, due to second order
effects, can easily be determined by using the Merchant-Rankine formula.
Figure 5(a) shows an unbraced frame with rigid and full-strength
connections while Fig. 5(b) depicts the same frame but with simi-rigid and
partial-strength connections. In this figure, the load-deformation curves
are plotted "I"f'

ki ey
F - g o
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uler Fo 1" order elastic

™ order elastic

F
1" order plasue F, e s

y 1" order plastie F,
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1** erder plastie

-
tal J 1) a4

Figure 5: Influence of semi-rigid and partial-strength connections on the
calculated bearing capacity of an unbraced frame: (a) unbraced
frame with rigid and full-strength connections; (b) unbraced
frame with semi-rigid and partial-strength connections.

using the various methods Ffor calculating the force distribution. The

curves plotted with the thick line I{ndicate the real behaviour. Due to the

flexibility of the connections, the Euler buckling load of the frame will
decrease. As a result of the partial strength of the connection, the
bearing capacity, based on the first-order plastic theory, will decrease.

Both phenomena, with respect to the same frame but now with rigid and

full-strength connections, will lead to a lower ultimate bearing capacity

of the frame.

It can be seen that the rigidity of the connections has great influence on

the stability of unbraced frames.
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Braced frames

Plastic design can also be referred to as “strong-column, weak=bean”
design [2,3]. The beams are designed first, making use of the first order
plastic force distribution (beam mechanism). Then, the columns are
designed in such a way that they do not collapse prior to formation of a
beam mechanism. When the beam falls, a mechanism {s formed with a plastic
hinge in the mid-section of the beam and plastic hinges at the supports of
the beam. When the moment capacity of the connections is smaller than that
of one of the connecting parts, the plastic hinges will form in the
connection itself. If that {s not the case, the plastic hinge will form in
the beam just aside the connections. In knee-connections it is also
possible that a plastic hinge is formed in the column when, due to normal
forces, the reduced moment capacity of the column section is smaller than
the moment capacity of the beam section [l1].

If plastic hinges occur at the top of the column, rotational capacity at
the top of the column is necessary [12] if these plastic hinges are formed
prior to the hinge at aid-span.

To reach a beam mechanism a redistribution of moments (s necessary.

A redistribution of moments can only be attalned when the parts which
yleld first have sufficient deformation capacity. In many cases this
deformation capacity has to be brought up by the semi-rigid and partial-
strength connections [1,6]. The columns are loaded with normal forces and
moments equal to the plastic moment capacities of the connections being
part of the beam mechanisms. The bearing capacity of the beam mechanisam is
only reached {f the columns can withstand the force distribution belonging
to the relevant beam mechanism. Therefore, columns must be checked using
interaction formulae [4]. Now the question arrises which buckling length
has to be used. Since the beam can not offer restraint to the column,
because of the plastic hinge near the column end, the system length can be
used as buckling length safely. However, this approach {s on the
conservative side 1if used for the frame with rigid supports. In general,
the elastic effective length based on the remalning elastle structure may
be used as buckling length in plastically designed braced frames.
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DESIGN BASED ON SEOOP ORDER THEORY

Using the second order theory, two calculation methods are available:
- geometrical non-linear calculation with linear elastic material
behaviour;
- geometrical and material non-linear behaviour.
A geometrical non-linear calculation with a 1linear elastic material
behaviour results in a force distribution which {s in equilibrium in the
deformed situatlion with the factored design load. Imperfections have to be
taken into account. The magnitude of the imperfections is given in [4].
The moment-rotation characteristic can be taken as realistic as possible
in the calculations, however, the semi-rigid connections can also be
modelled with the secant stiffness of the bi-linear approximation.
This method of analysis results Iin the correct force distribution in the
whole structure. Correction factors on the moment distribution are
superfluous [13]. Plasticity effects need to be checked separately using
interaction formulae for cross-sections loaded with normal and shear force
and bending moment. Formally, because of the assumption of elastic
material behaviour i(n the analysis, the cross-section should be checked in
such a way that the yleld stress is reached in the outer fibres of the
cross-section only. However, the use of a plastic interaction formula for
checking the cross-section i{s allowed because this procedure allows only
one plastic hinge to be formed In the structure or more than one but at
the same time.

The geometrical and material non-linear behaviour can also be
obtained within one calculation [e.g. 14, 15]. In that case no seperate
check on cross-sectional behaviour is necessary.

In most cases, when non-linear theory is used in calculating frames,
only the planar behaviour of the members 1is considered. Therefore seperate
checks on local {instability and lateral torsional buckling are still
needed to be carried out.

EVALUATION OF DESIGN METHODS

All three design methods discussed in the previous subsections,

elastic design, plastic design and design based on second order theory,

are acceptable design methods. Elastic design and plastic design are based
on first order force distributions which are relatively easy to obtain.
The post=-processing of these results, to take the second order effects and
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plasticity into account, has been formalized in specific design rules.
Second order theory results directly into a second order force
distribution, but consequently asks more of the user's knowledge.

The methods of analysis for evaluating the ultimate limit state of
frames 1is so much refined, that deflections and side sway become more
fmportant and determining. There s a need for criterea Ffor the
deflections and side sway dependent on the purpose of the building and the
deformation capacity of the secondary structures attached to the supported

frames.
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LARGE SCALE TESTS ON COLUMN SUBASSEMBLAGES AND FRAMES

P A Kirby, J B Davison and D A Nethercot
Department of Civil and Structural Engineering
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Sheffield S1 3JD
UK

ABSTRACT

The preliminary findings of eight beam and column subassemblage and
twvo three storey two bay frame tests are reported. It is noted that the
behaviour of joints as measured in the frame tests is not appreciably
different from that determined from an individual joint test. It 1s seen
that the semi-rigid joint continuity results in enhanced column capacity,
reduced maximum beam moments and deflections. Existing analysis programs
developed at Sheffield and Milan can accurately simulate this behaviour.

INTRODUCTION

VWhen compared with the normal design assumption of pinned joints,
actual semi-rigid joints can be conceived as having two potential benefits.
The first involves restraint provided by the beam to the columns, thus
reducing effective lengths and mid-height deflections and tempering P-4
effects. The second occurs vhen considering continuity provided by the
columns at the ends of the beam so as to reduce midspan moments and
deflections. Much analytical work [1 - 3] has recently been accomplished
and computer programs with varying degrees of sophistication exist which
can predict the response of individual columns, beam and column
subassemblages and complete structures. The complementary experimental
programme of work needed to verify and validate these capabilities however
has lagged far behind. This paper presents the initial findings of the
only known reasonably extensive test programme designed to remedy this
deficiency. As mentioned in a companion paper [4] eight column
subassemblage tests and two complete three storey two bay frame tests with
joints nominally identical to those of a specially conducted series of
connection tests have been undertaken. The joint and subassemblage tests
were carried out at the University of Sheffield, whilst the frame tests
were conducted collaboratively at the Building Research Establishment
(BRE). In addition, two similar frames fabricated with extended end-plates
have been carried out by Hattleld'?olytechnxc and BRE and a fifth test 1s
yet to be conducted.
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TESTS ON S!llt‘lllblﬂl‘

A series of eight column subassemblage tests have been carried out and
a full description of the procedures and results are presented in ref 5. In
all cases tests were conducted in the horizontal plane. The columns were
6.5a long with 1.5m long beams framing in at either end 6.0m apart as
indicated in Fig 1. In some cases the beams framed into the column flanges
and i1n other cases into the column web. A variety of connections were
employed ranging from flexible web cleats to almost rigid extended end
plates as listed in Table 1. The ends of the beams remote from the column
were mounted in special bearings which were designed to prevent rotational
movement but to freely permit movement parallel to the direction of the
column., To ensure the desired in-plane response the column was restrained
from out of plane movement by bracing in the form of guides, which were
provided with sliding bearings so as not to inhibit in-plane movements.
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Figure 1. Subassemblage test arrangement.




293

TABLE 1
Summary of subassemblage tests

TOTAL COLUMN FAILURE

LOAD

ANAL

TEST CONNECTION AXIS 1 Q2 P ANALYSIS EXPERIMENT EXP
TYPE BENDING kN kN kN kN kN

ST2 WVeb cleats Major 0 73.) 598 671 671 1.00
S§T3 Veb cleats Minor 41.0 44.0 452 537 520 1.03
ST4 TFlange cleats Major 110.0 110.0 463 683= 760 0.90*
ST6 Flange cleats Minor 41.4 43.0 510 594 520 1.14
ST7 Flange cleats Minor 0 40.0 484 524 526 1.00
ST8 Web and seat Minor 67.0 70.0 362 499 518 0.96
ST9 Flush end plate Minor 83.0 85.0 343 511 486 1.05
ST10 Extended end plate Major 93.0 100.6 403 597 743 0.80%

* Numerical divergence

Loading could be applied independently to the beams and also axially at
the head of the column via load cells. The other end of the column was
prevented from translating and a load cell was employed at this location.
Correspondence between the reactive force and the applied loads indicated
that the sliding bearings worked well with only minimal friction losses.
Column deflections were measured by LVDT's and strain gauges were
positioned as indicated. On the beams the gauges were connected to permit
bending moments to be monitored whilst on the column both bending moments
and axial loads could be determined.

All columns showed evidence of having been roller straightened, an
observation later confirmed by residual stress measurements, and, in order
to induce a representative initial lateral deformation, a small force was
applied at midheight. Loading then occurred in two stages. In the first
bean loads Q: and Q: were applied up to the levels indicated in Table 1 and
these were then held constant whilst axial column load P was applied to
failure. After the subassemblage tests, material yield stresses were
obtained from coupons cut from the column flanges. Also shown in Table 1
are failure loads predicted by the computer program. Apart from the two
failure loads indicated by asterisks the correspondence is good and, in
these two cases, it is thought that the analysis was terminated prematurely
due to numerical divergence.

A typical load deflection plot is shown in Fig 2 together with the
responses predicted by computer programs developed at the University of
Sheffield and reported in ref 6. The close correspondence is apparent.

Table 2 shows the results of some simple ‘design’ calculations which
assess the capacity of the column as an axially loaded member i.e. ignoring
the presence of moments transmitted to the column. The capacity is first
calculated assuming that no rotational restraint is provided at the
connections giving a pin-ended column. Such a computation dramatically
underestimates the actual capacity even for a column with simple web cleat
connections. Also shown is the ocapacity determined in a similar manner but
with an additional step which utilises the method detailed in ref. 7 to
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Figure 2. Load against deflection - test STS.
TABLE 2
Test and ‘design’ loads for subassemblages
AXIALLY LOADED COLUMN CAPACITY
BASIC
PROPERTTIES PIN-ENDS MODIFIED CONTINUOUS
TESY - A LT A Pe Fass Prast k ) Pe Paes Piest
iN/eaf) (m=?) (kN) (k=1.0) (W/ma'] (kN) Pase (N/ma®)] (kN) Faen
T2 %0 22 M 92.4 159.5 450.1 1.49 0.67 62.4 225.% 6)6.4 1.08%
5Tl 165 914 520 164.8 57.7  168.1 3,09 0.54 85%.0 141.0 410.9 1.26
T m 198} 760 92.1 155.2 463.1 1.6 0.6 59.1 221.1 639.5 1.15
iTé 188 e 520 164.4 59.1 170.0 J.0o6 0.5 87.1 151.9 436.6 1.1%
m nmn Pl ¥l 526 165.) 58.1 164.1 3.20 0.5) 1.6 146.9 . L7
Te 19 1837 518 166.2 57.6 163.4 3.17 0.54 9.7 142.9 4054 1.2
5T m 1927 486 166.7 $6.9 166.6 .92 0.5 .4 145.0 4244 1.4
sTI0 272 aMs ) 91.7 154.1 4. 1.69 0.%9 S4.7 226.9 #45.5 1.15
P material yield stress from flange coupon tests
A cross-sectional area calculated from measured dimensions

Pissr load at failure in test; I(P = Qu = Qu)

slenderness (effective length/appropriate radius of gyration)
Pe reduced material compressive strength from Table 27 BS 5950
Fass A.pe
(] effective length ratio
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obtain restraint coefficients which are then used in the chart of Fig. 22
of BS 5950 (8] to obtain reduced effective length ratios. It can be seen
that these ratios, taken as unity for the previous calculation, now lie
between 0.5) and 0.67. Perhaps somewhat surprisingly all of the test loads
still exceed the enhanced design loads even though no allowance has been
made for the presence of bending moments - indeed the values showv a
remarkable correspondence. Caution must however be exercised as there are
a nuaber of features which must be borne in mind namely the beams were very

short, the columns were initially very straight and contained minimal
residual stresses.

Fig ] shows the variation in the bending moments observed in the beanms
and the column ends close to the load application joint (points A, B and C
of Fig 1). In all cases the values have been nondimensionalised by
dividing moments M by the fully plastic moment of the beam Mp and the total
axial load in the column P by the column squash load Py. The values
predicted by the computer simulation show reasonable correlation. It is
interesting to observe that, as the beam load is applied, the moment
transmitted through to the column attains a value of approximately 0.25M,.
As subsequent axial load is added, this moment does not grow considerably:
indeed over the next phase of loading it actually relaxes. Similar
behaviour has consistently been observed with, in some cases, the moment
relaxing to zero and in others actually reversing in sign as the beams are
called on to restrain the column as it tries to buckle.

08
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Figure 3. Moments at head of column - test ST8
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FRAME TESTS

Two three storey two bay frames have been tested in the Building
Research Establishment as part of the Sheffield test program. One frame
involved the column members being bent about their major axes and the other
about their minor axes. In both cases flange cleat connections, which are
towards the more flexible end of the range, were employed as two similar
frames with stiff flush and extended end plate connections formed the
Hatfield/BRE part of the same sequence of tests employing a degree of
common loading, bracing and monitoring equipment. Fig 4 shows a Sheffield
test in which moments were measured close to column ends, at column
midheights, beam ends and adjacent to loading positions. Deflections were
measured at column midheight, at beam load points with rotations also being
recorded on the columns at the beam column centre line intersection points
and as close to the ends of the beams as was practicable (approximately
125nm away from the beam end). Beam loads were applied through saddles
suspended from the beams by hydraulic jacks mounted under the laboratory
floor via Macalloy bars. Column loads were similarly applied via
substantial caps at the head of column extensions which protruded above the
head of the frame.

Figure 4. Frame test arrangement.
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As with the subassemblage tests the loading was undertaken in two
stages; load being applied initially to the beams, first equally up to
service load conditions with one beam being loaded more severely to create
a form of pattern loading.

Figs 5 and 6 show the moment distribution around frames 1 and 2 after
the full design load had been applied to the beams. These distributions
correspond closely to those obtained using a computer program developed at
the Polytechnic of Milan [3]. The beam end restraint offered by the
connections can be clearly seen from the moment attracted to the beam-
column intersection. Interestingly the moments attracted to the
connections at the extreme top corners of the frame are not as large as
those at the intermediate column. This is due to the flexibility of the
column and 1llustrates that the moments transmitted by connections depend
on the relative balance of connection, column and beam stiffness. Due to
the moments attracted to the column head large deformations in the upper
lifts of the external columns caused failure under applied axial load to
occur in these lifts rather than at ground or first floor level as would be
expected.

Axial loads in excess of those predicted by design recommendations
vere sustained throughout the frame, even though the moments transmitted to
the coluan were greater than the nominal values of the end reaction
multiplied by a 100m eccentricity.

CONCLUSIONS

The in-plane behaviour of joints as determined from individual
connection tests and as parts of subassemblages and complete frames is
shown to be consistent. Experimentally determined two dimensional response
of the subassemblages and frames are predicted to an acceptable degree of
accuracy by computer programs developed at the University of Sheffield and
the Polytechnic of Milan. The semi-rigid action of conventional beam to
column connections has been shown experimentally to provide restraint
against in-plane column failure, to reduce beam deflections and to increase
beam load carrying capacity by reduction of the midspan moment.
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SIMPLICITY IN FLEXIBLY-CONNECTED FRAME ANALYSIS

Kurt H. Gerstle
and
Nevis E. Cook, Jr.
Department of Civil, Environmental, and Architectural Engineering
University of Colorado

Boulder, CO 80309
U.S.A.

ABSTRACT

Modeling of flexible connection behavior as elastic-perfectly plastic
is proposed for analysis of building frames. Results based on this ideal-
{zation are compared with those of fully non-linear analysis for three
different examples. It is concluded that first-order effects of connec-
tion flexibility can be captured within engineering accuracy by linearly-
elastic analysis under working loads, and by perfectly-plastic analysis at
ultimate.

INTRODUCTION

Recent research [1-3] on flexible connection behavior, and on analy-
sis of flexibly connected frames, has emphasized non-linear analysis. In
general, non-linear analysis is unsuitable for office practice: Non-
linear computer analysis is laborious and expensive, and the results are
often so error-prone that their interpretation becomes very complex, more
suited to an academic than a professional environment.

It is the aim of this paper to present a much simpler approach, and
to document its suitability for design office practice and its relation to

reality with several examples.

APPROACH

We will represent the moment-rotation relation of a range of flexible
beam-column connections in steel building frames as elastic-perfectly

plastic, and incorporate this formulation of the connection behavior in
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elastic-plastic frame analysis. With this premise, we will explore the
feasibility of representing frame behavior under working loads by elastic,
and the structure strength by plastic analysis. If it can be shown that
the frame acts nearly linearly-elastic at working levels, and possesses
sufficient ductility at ultimate, then simple, well-known methods will be
available for the design of flexibly-connected steel frames.

CONNECTION BEHAVIOR

The behavior of typical beam-column connections in steel frames can
be represented by moment-rotatfion curves such as those shown in Fig. |
[4]. It should be noted that the range of rotations along the horizontal
axis of Fig. | vastly exceeds any values to be expected under conditions
prior to collapse. For instance, the end rotation of a simple-supported,
prismatic elastic beam under uniform load causing a midspan deflection
equal to 1/360 of its length will be 8 = .0089 radians, and the rotation
of a restrained beam will be much less than that. Similarly, the
connection rotations of a frame subject to a lateral load causing sway
equal to 1/300 of its height will be less than .0033 radians. Connection
rotations under working conditions may thus be well within the near-linear

range of the curves of Fig. l.

T-Stub connection

End plate connection

Top and seot angle connection
Welded top plate connection

Moment (in-Kips)

Heoder plote connection

Double web angle connection
Single web ongle connection

6 B 0 12 4 16 18 20 22

Rotation (Radians x10' 2}

Figure 1. Moment-Rotation Relations

Steel frame connections commonly used exhibit great ductility, as
shown, for instance, by the curves of Fig. 1. If it can be shown that the
rotation capacity of the connections to be used exceeds the rotation
demand necessary for full redistribufion of moments, then it follows that
plastic analysis is suitable for determination of the frame strength.
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The connection response under load histories such as unloading and
load reversal, as shown i{n Fig. 2, is needed to predict frame response to
more general loadings such as lateral load reversal. We will make the

classical elastic-perfectly-plastic assumptions shown dashed in our
analysis.

Figure 2. General Connection Behavior

ANALYSIS

In the following example problems, the "plastic hinge method" [5,6],
a plecewise-linear analysis of the structure sequentially modified by
internal hinges to represent local plastification, is applied. The
resulting load-deformation curves will be compared with similar curves
from "exact" non-linear analyses, and their behavior at working and
ultimate loads will be studied in order to evaluate the suitability of
elastic, and plastic, analysis at these two levels.

Exsmple 1

A uniformly-loaded W18x40 steel beam, 30' (9.15 m) long, of yield
strength 36 ksi (247.3 N/maf), supported by flexible connections of
different types at each end, as shown in Fig. 3, is considered. This size
beam was chosen because a number of connection test results of beams of
this size are available.




===t

Figure 3. Structure of Examples | and 2

The allowable load of wgy; = 1.0 k/ft (14.6 N/mm) on this beam is
governed by the deflection criterion a/L = 1/360, assuming simple beam
action.

Four different connections for which test data were available were
considered in this analysis. Their stiffnesses, which are given in Table
1, cover the range of flexible connections .05 { EI/kL < 2, as suggested
in Reference 7.

The moment-rotation curves for these four connections, taken from the
references listed in Table 1, are plotted in Fig. 4. The intersection of
the beam line with these curves indicates connection moments and rotations
under a working load of 1 k/ft (14.6 N/mm). The elastic stiffness k of
each of the connections was determined as the secant modulus to this
working point; it, as well as the initial stiffness kj, the assumed
plastic connection moment M., and the stiffness ratio EI/kL are given
in Table 1 for the four different connections. They cover the entire
previously defined range of flexible connections.

TABLE 1. Connection Properties

No.| Connection Type kg, k=in/rad | k, k=in/rad Hcp' k-ft|EL/kL

1 | 3/8" double web angle,

& bolts [8) 27 x 10° 22 x 10° 16 2.24
2 | 3/8" double web angle,

5 bolts [8] 96 x 10° 70 x 10° 40 .70
3 | Top and seat angles,

150 x 90 x 12 mm [9] 144 x 10° 115 x 10° b4 43
4 | Extended end plate to

W18x35 Beam, t=1" [9] 642 x 10° 552 x 10° 160 .09
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Figure 4. Exact and Elastic-Plastic Moment-Rgtation Relations

Using relations of statics, geometry, elastic-plastic beam behavior,
and moment-rotation relations shown in Fig. 4, the beam of Fig. J was
analyzed for its midpoint deflection 4 under uniform load w, and the

results plotted in Fig. 5. The solid curves are the results of a fully
non-linear analysis based on the solid lines of Fig. 4, while the dashed
curves represent the results of a plastic-hinge analysis based on the
dashed elastic-plastic curves of Fig. 4. Additionally, the plot is
bounded by dashed lines representing the limiting conditioms of
simply-supported and fully fixed-ended beam behavior.




Figure 5. Load-Deflection Relations, Example 1

Example 2

The beam shown in Fig. 3, of length L = 30' and loaded with a uniform
working load of 1 k/ft (14.6 N/mm), is joined to columns of story height
H = 12' of an unbraced frame at both ends. Due to a lateral load V
applied to each column, the columns rotate through equal angles 8.,
thereby permitting the frame to rack sideways, as shown in Fig. 6. During
this stage, the leeward connection will load further, while the windward
connection will unload according to the relations shown in Fig. 2.

Figure 6. Beam of Frame in Sway

A non-linear analysis based on this connection behavior was devised

to determine the connection moments and rotations, as well as the column
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rotation 8, due to an applied shear V, and the results are shown solid
in Fig. 7. Similarly, these relations were computed using the plastic-
hinge method and the dashed connection curves of Fig. &4, and plotted
dashed in Fig. 7

Example 3

Lastly, in order to establish the relation of analysis and
experiment, a flexibly-connected frame tested by Stelmack [10] and shown
in Fig. B was analyzed by the plastic-hinge method using elastic-plastic
connection behavior. This frame, under sequential gravity and lateral
loads, had earlier been analyzed non-linearly by Stelmack, using
experimentally determined connection relations [10]. Fig. 8 shows
experimental and analytical plots of sway versus applied lateral load H.
We observe that stiffness and strength of the frame are predicted closely
by the simple plastic~hinge method.

v

— ol ineet

Figure 7. Shear-Rotation Relations, Example 2
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Figure 8. Lateral Load-Sway Relation, Example 3

CONCLUSIONS

The results of the three example problems indicate the following for
flexibly-connected frames:
l. In general, results of elastic-plastic analyses reflect the behavior
predicted by non-linear analysis to within reasonable engineering
accuracy.
2. Connection rotations at working levels are within the near-linear
range; elastic analysis can be used to predict structure behavior under
working loads.
3. Beyond working levels, the plastic-hinge method will give sufficiently
close results. This analysis can be used when excessive deformations or
P-a effects need to be considered.
4, Structure strength can be predicted by classical plastic analysis.
Lastly, the need for further testing and analysis of connections to
obtain a full range of moment-rotation curves for use in steel frame

design cannot be overemphasized.
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SIMPLIFIED DESIGN OF FLEXIBLY-CONNECTED BUILDING FRAMES

M.H. Ackroyd
Techtrol, Ltd.
Montreal, Quebec

ABSTRACT

This paper develops a simple design procedure for unbraced
building frames that takes advantage of beam-to-column
connection stiffness in reducing girder sizes, and at the
same time, avoids premature column plastification typified
in most Type 2 frame designs.

MOTIVATION

Studies of the behavior of Type 2 Designs (1) have
shown that exterior columns receive a portion of "fixed-
end" moment from the gravity loaded girders that does not
get accounted for in the Type 2 assumptions. Correspondingly,
the girders tend to be overdesigned, because Type 2 assumpt-
ions do not take advantage of the rotational restraint
actually provided by the "simple" connections. In some
frames above nine stories tall, these analysis approximations
can result in the onset of frame instability at load factors
below 1.3, but for all frames, these approximations will
result in oversized girders. Therefore, one would like
to modify the prediction model to account for the beneficial
effects of connection stiffness on girder forces and its
detrimental effects on exterior columns. Also, one would
like to avoid having to rely on sophisticated computational
tools, as that would defeat the original spirit of simplicity
of Type 2 design.

APPROACH

A thorough study of the analysis results for the frames
studied above showed that the deformed shapes of the frames
were similar to the shape one would obtain by superposing
two shapes: (1) the portal shear model associated with
wind loading, and (2) ,a gravity model having inflection
points at midheights of exterior columns and essentially
no flexure of the interior columns.
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Based on these observationss it appears that wind moments
are predicted well by the standard portal method of
approximate analysis. However, a new model for gravity
loads needs to account for the transfer of moment from
girders into the exterior columns, as well as to account
for beneficial "flexible-end" moments on girder ends. This
paper proposes a model for gravity loading of Type 2 frames
that can satisfy these criteria as well as provide the
basis for simple design aids, suitable for manual computation.

Two subassemblages have boundary conditions that kinemati-
cally map onto the suggested gravity model, above. For
interior bays of a frame, it seems appropriate to neglect
the column rotations and consider only the gravity-loaded
girder with flexible rotational springs connecting it to
rigid supports. For exterior bays of a frame, it seems
appropriate to assume inflection points at midheights of
columns and hence to model only half the column above and
half the column below.

The notation used herein for frame components is:

Ig = moment of inertia of girder

Ic,a = moment of inertia of column above
Ic,b = moment of inertia of column below
ha = story height of column above

hb = story height of column below

1 = span of girder

k = representative stiffness of flexible connect~-
ions (both connections identical)

It should be noted that the exterior bay model subsumes
the interior bay model in light of the fact that, as moments
of inertia of the columns tend toward infinity, the right
end of the model tends toward a rigid support as in the
interior bay model. Therefore, only the exterior bay model
needs to be analyzed as the general model of behavior.

The analysis wused here 1is the widely used "direct
stiffness” approach, wvhere individual elemental models
are combined to give the needed structural model. For this
structure, only three elemental models are necessary: a
standard prismatic beam element represents the girder,
rotational springs represent the flexible connections,
and prismatic beams with far-end-pinned represent the
half-columns. The elements and associated stiffness matrices
are shown below.
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Using the direct stiffness method, the assembled structural
stiffness equations become:

g W - - b

Ml k + 3Elc -k 0 el
Zh/2
dni= -k k + 4EIg 28Iz |{e2)
1 1
M3 0 2EIg k + 4Elg 83
1 1
. o - - N #

Now, if one assumes that only symmetric gravity loads are
applied to the girder, then the 1loading to be applied to
the structural model is simply the conventional fixed-end
beam moments, Mf, specified in degrees of freedom 2 and

3
M1 0
M2 = € +Mf
M3 -Mf

.
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Next, this 3-by-3 system is readily inverted in algebraic
form to give expressions for ‘the three rotations, 01, 02,
03. These rotations can then be back-substituted into
the rotational spring models at each end of the girder
to obtain expressions for the "flexible end moments" (as
contrasted to "fixed end moments") to be used in the frame
design. After much algebraic simplification, these express-
ions become:

Mi = Mf

Ci
Me = Mf

EB
where Ci and Ce are coefficients which convert the standard
fixed end moments to the proper "flexible end" moments
for the flexibly-connected frame being designed. They are
defined as

Ci=14+ 2a -

g
3(g + 1 + 6a)

Ce =1 + 2a + 2g(1+3a
+ba

and the following nondimensional terms are defined:
Connection Stiffness Parameter, a = EIg/kl

Relative Flexibility Factor , g = Ig/1
c/h

Note that the "Relative Flexibility Factor” is simply the
inverse of the well-known relative rigidity factor, G,
used for estimating effective lengths of columns wusing
the Jackson/Moreland nomographs.

Note that as connection stiffness, k, and column stiffness,
Ic/h, become indefinitely large, then both "a" and "g"
approach zero, the coefficients, Ci and Ce approach 1,
and the "flexible end moments" become the usual fixed end
moments, Mf.

A final point of corroboration is obtained by letting "g"
become infinite (far-end pinned condition) and "a" become
zero (fully continuous beam). It can be seen that the right
moment, Me, goes to =zero, and the 1left moment, Mi, goes
to 1.5Mf. This would also be given by superposing an equal--
and-opposite "Mf" at the righet end of the girder to nullify
the fixed-end "Mf": the 1left moment becomes 1,5Mf with
the 0.5 carry-over factor.
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The above expressions are easily automated on a program-
mable calculator. Alternatively, a plot of realistic ranges
of the Connection Flexibility Parameter and Relative Flexi-
bility Factor can provide a simple design aid for obtaining
flexible end moments on girders, as illustrated below.

PROPOSED DESIGN PROCEDURE

The above development for predicting flexible end moments
can be readily incorporated into the usual Type 2 design
procedure, by appending refinement design calculations
to the Type 2 results. This section summarizes the proposed
Modified Type 2 Design procedure. Verification of its safety
and economies that can be achieved in its use are described
in reference 1.

MODIFIED TYPE 2 DESIGN PROCEDURE
STEP 1: FRAME DEFINITION (same as Type 2)
STEP 2: LOADING DEFINITION (same as Type 2)

STEP 3: ASSUMPTIONS
Assume column effective length factor for in-plane buckling
and moment amplification, Kx = 1.5

STEP 4: ANALYSIS (same as Type 2)
Wind loading - use the Portal Method,
Gravity loading - assume girders are pinned,

STEP 5: DESIGN (same as Type 2)

Use allowable stress design provisions, Part 1 of AISC.

Use either extended flange plate connections or Type
2 wind connections (top-and-seat angles with web clips).
DESIGN CONNECTIONS FOR WIND MOMENT ONLY.

STEP 6: GRAVITY RE-ANALYSIS
a. Calculate initial elastic stiffness of connection,
ki (e.g., inch-kips/radian).
b. Calculate representative connection stiffness:
Use k = ki for flange plate connections.
Also compute plastic moment capacity of
flange plates, My (e.g., inch-kips).
Use k = 0.5%ki for other types of connections.

¢. Calculate Connection Flexibility Parameters for girders

a = EIg/kl
d. Calculate Relative Flexibiliry Factors at exterior
joints G
g = Ig/l

Zlc/h
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e. Determine flexible end -o-enf coefficients for girders

Ci=14+ 2a -
g + 1 +ba

Ce = 1 + 2a + 2?11 + 3a)
+ ba

f. Calculate flexible end moments of all girders.
Mi = Mf/Ci (not to exceed My, if flange plates)
Me = Mf/Ce (not to exceed My, if flange plates)

g. Adjust frame moment diagrams for new flexible end

moments.,
Girder midspan moments
Mss - 0.5*%(Mi + Me)

Exterior column axials
Pg - (Mi - Me)/1
Interior column axials
Pg + (Mi - Me)/1
Colugn moments

Me * Ic/h
& Iclh

REPEAT STEPS 5 AND 6 UNTIL NO CHANGE
REFERENCES

1. Ackroyd, M.H., "Design of Flexibly-Connected Steel Building
Frames", Final Report to American Iron and Steel Institute,
Project No. 333, Rensselaer Polytechnic Institute, Troy,

N.Y., November, 1985,
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PAPERS ON FRAME STABILITY
AND SIMPLIFIED METHODS

The papers that were presented in this session gave significant
information on the development of practical approaches to column and
frame stability, as well as the development of methods that may be
feasible for design office usage. The correlation between theory and
tests has been found to be wvery pgood for the advanced solution
techniques ; it was agreed that a major effort should be undertaken to
bring semi-rigid concepts into practice, and the simplified method
approach may be the preferred way.

Several speakers and discussers affirmed earlier comments regarding
the influence of the initial and unloading stiffnesses of the beam-to-
column connections. This would also apply to column footings, although
research should be conducted to establish the full range of moment-axial
load interaction, and the effects of this on the M-&-relationship for
the footing. However, it was indicated that the column footings
generally provide much more restraint than what has been assumed in the
past, especially for longer columns. The need for full-scale tests was
emphasized, to provide further correlation studies with the theoretical
findings. Long-term effects and cyclic loads were also mentioned ; it
was pointed out that both may lead to a deterioration of the stiffness.

Good correlation was found between the stability studies of
individual columns and columns in subassemblages and frames, especially
insofar as the influence of the connection stiffness is concerned. The
application of the column stability solution to unbraced frames was
debated ; originally it was thought that the effect of the transfer of
the beam moment into the column at the instant of buckling would make
for an unconservative application. However, the frame subassemblage and
full-scale tests had demonstrated that the buckling capacity and
behaviour were much less sensitive to the moment transfer, which would
appear to indicate that the column stability solution may have wider
applicability. This is a subject in need of further research.

There was pgeneral agreement that the development of simplified
frame analysis and design methods had the potential for offering economy
in design as well as construction. For example, taking advantage of the
end restraint would lead to lower girder stress levels. However, several
discussers noted that serviceability checks would be critical. It was
also pointed out that revised drift limits would have to be developed
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for frames with semi-rigid connections, recognizing that the commonly
used (average) limit of 0.0025 for the ratio of building drift to
building height had been arrived at for structures with rigid
connections. In other words, if the computations of the drift values are
more accurate, then the drift limits will have to be revised. This would
appear to be a suitable topic for a major research effort.

Summarizing, there seems to be substantial agreement on the
buckling characteristics and controlling parameters for members and
frames., Ultimate limit states are well defined, the solutions are less
sensitive to connection stiffness wvariations than previously thought,
and tests and theory compare favorably.
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LRFD CONNECTION DESIGN
IN USA

Robert O. Disque
Director of Building Design Technology
American Institute of Steel Construction

ABSTRACT

The American Institute of Steel Construction has been
researching a limit state design procedure for structural
steel since 1969, The principle investigator has been Dr.
T.V. Galambos, then of Washington University and now at
the University of Minnesota. The design specification and
Manual of Steel Construction was completed in 1986. The
USA is now in the process of converting from the
traditional allowable stress design (ASD) to a limit state
procedure, termed Load and Resistance Factor Design
(LRFD). This paper presents the basics of how connections
are designed using LRFD.

Basic Behavior

All steel connections have a unigque Moment-Rotation
Relationship. See Figure 1. The characteristics of the
curve depend on the thickness of the material, size and
number of bolts, configuration of detail material, etc.
The state of the art does not permit a designer to predict
the behavior of the connection, except in a few well
defined cases. LRFD classifies frames according to the
type of connection - partially restrained (PR) or fully
restrained (FR). The designer must decide which of these
he/she has before analizing the frame.

Fig. 2 shows examples of FR connections. Fig. 3 shows
examples of PR connections.
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Bolts in Tension .

The design load in tension is specified as #(.75)F, (Aq),
where ¢ is the resistance factor and in this case equals
0.75. Fy is the ultimate strength of the bolt material
and Ag is the gross area of the bolt. 1In contrast to what
may be permitted in some European specifications, the
bolts must be pretensioned. Prying action may be a factor
in bolt size and material thickness.

Bolts in Shear - Strength

Bolts in bearing type connections transfer shear load
through the shank of the bolt. Pretensioning does not
affect this capacity. In many applications, therefore,
pretensioning is not required. In these cases, the
connection is termed "snug-tight". 1In cases where the
performance of the connection is critical, pretensioning
is required. The specification defines the two cases. If
the threads are excluded from the shear plane, the design
values are higher than when they are included. This
philosophy is the same as ASD.

Bolts in Shear - Serviceability

In cases where frequent load changes are contemplated
which might result in a fatigue failure, bolted
connections should be designed as slip-critical, formally
called friction-type. Since this type of loading only
occurs at working loads the connection is designed at
service loads rather then at factored loads as is the
usual case with LRFD. The specified resistance is
appropriately reduced.

Bolts - Material in Bearing
There are two conditions for the material bearing value.

Condition 1 - Edge distance is more than 1.5 times the
bolt diameter.

Condition 2 - Edge distance is less than 1.5 times the
bolt diameter.

Condition 1 contemplates a failure by gross distortion in
the material. Condition 2 protects failure by tearing out
a "slug" of material between the bolt and the end of the
material.

For condition 1 the design load is specified as 1.8 x Fy x
bolt diameter x t (material thickness). For Condition 2,
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the d.sign load is 0.75 x Pu X Edge Distance.

Because of the two conditions, connection design may
require that the bolt loaded next to an edge may have a
different bearing value than the other bolts.

For Condition 1, the specified value is ¢ x 2.4 x Py x 4
t, with ¢ = 0.75. If the designer is not concerned wlth
hole distortion, 3.0 may be substituted for 2.4.

Bolts - Block Shear

Block shear is a failure mode first codified in the AISC
Manual in 1980. The LRFD procedure is different but more
logical. There is no longer an edge distance requirement
normal to the load but block shear must be checked for
either of two possible failure modes: tension yielding and
shear fracture or tension fracture and shear yielding.
The larger of the two governs because block shear is a
tearing phenomenon and the fracture term is the
determining one and it is not obvious which is that term.
Jepsion yield is taken as 0.75 Fyi shear fracture =

Fy. Tension fracture = 0.75 X Fy; shear yield =
0.‘5?}!'

Bolts - Interaction
Interaction equations are specified for both strength at

factored loads and slip at service loads. For strength,
the design tension is,

gF't = B5 - 1.8fy < 68
The slip critical allowable shear is,
where tp is the pretension gV' = gV x (1 - T/Tb)
Bolts - Eccentric Loads
When a bolt group is loaded eccentrically (Fig. 4),
rotation occurs about an "instantaneous center". The
procedure for determining the design load is as follows.

1. Assume location of instantaneous center (i.c.).

2.Determine Ri for the heaviest load bolt (farthest
from the center of gravity) from,

Ry =B ¢ ( 1 ~0" 308 ,)0.98
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3. Ri for all the bolts is calculated based on
determined from the line&r ratio of the bolt dis-

tance from the i.c.

4. R and the moments for all bolts are summed and the
statics for the group is checked.

5. The location of the i.c. is iterated until equili-
brium is satisfied.
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Bolts - Prying Action

For certain devices where a bolt is in tension (Fig. 5)
the bolt is subjected to additional load. This, of
course, adds to the bending in the plate. Although, the
phenomenon is complex, AISC has simplified it by assuming
that the bolt receives additional tension. 1In reality,
the additional load is probably a combination of tension

and bending. Fig. 6 diagrams the procedure as formulated
by AISC.

The first extreme is when the plate is very thin (X =
1.0) and in double curvature. In this case the bolt is
loaded the most. The second extreme is with a thick plate
(9 = 0.0) in single curvature. Here the bolt receives
only the calculated applied load. It is necessary that o<
be assumed to be within 0.0 and 1.0.
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The dimensions used in the formulas are shown in Fig. 7

The formulation follows:

& =1-a/p

P =bv'/a’

f=vpe x (B /1-1
K=1/6 xt@/0-2 )]
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The plate thickness is calculated to resist bending and
is,

4,44 T,

t, =

jpr, (1 + 3a)

The design procedure shown here is for a strength limit

state and as such, used with factored loads. For a
serviceability check, as in the case of fatigue loading, a
different formulation is required. 1In this case, the
designer is referred to the Bth Edition of the AISC Manual
of Steel Construction.

Welds - Fillet

The LRFD design value for fillet welds is exactly 1.5
times that for allowable stress design. Identical designs
result when the live load - dead load ratio is 3.0. This
design value is,

‘ x 0.45 x ngx
where,

g = 0.75

Fexx = Classified strength of weld metal

A study of tests on fillet welds indicates that the LRFD
specified value is very conservative - especially when the
load is transverse to the longitudinal axis of the weld.
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Welds - Eccentric Loads

An instantaneous center procedure, similar to that used
for bolts, has been developed for eccentrically loaded
weld groups. However, the welded case is very much more
complicated because the strength deformation curve for
fillet welds depends on the angle to which the weld is
loaded. As seen in Fig. 8 it was assumed that the
ultimate strength value was a straight line and equaled
the specified value of 0.6 x Fgxx+ When the deformation
on a particular weld segment was small the computer
program followed the load - deformation curve down the
real curve as indicated in Fig. 8. When the strength of
the weld group was determined, a ¢ of 0.75 was applied.

Groove Welds

The design strength of groove welds is essentially the
same in LRFD as in ASD, that is, it matches the strength
of the material it joins. The effective throat dimension
depends on the welding process, welding position and the
included angle at the root of the groove.
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Michael I. Gilmor
Canadian Institute of Steel Construction
201 Consumers Road, Suite 300
Willowdale, Ontario, M2J 4G8
CANADA

The design of structural steel connections in Canada as covered under
CSA Standard CAN3-516.1-MB4 is discussed, particularly as related to the
ultimate strength of bolts and welds, and to the serviceability of slip-
resistant connections. The results of recent research on partial joint
penetration groove welds, longitudinally and transversely loaded fillet welds,
gusset plate connections, and the strength of fillet welds in HSS truss joints
are presented, as well as some of the conclusions drawn to date.

In 1974 Canada adopted its first structural steel design code based on
limit states design, CSA Standard S16.1, "Steel Structures for Buildings-
Limit States Design", as an alternative design philosophy to the traditional
allowable stress methodology. Since then, an ever increasing number of steel
structures have been designed with this new standard, ranging from shopping
centres to a 40 000 tonne nuclear power plant. With the introduction of the
1985 edition of the National Building Code of Canada, the older allowable
stress design standard, the 1969 edition, was no longer referenced, leaving
the 1984 edition of the limit states design standard (1] as the only
structural steel design standard in Canada.

Although the formats differ from their allowable stress counterparts, the
clauses related to connections covered similar areas but have been expanded
where new knowledge was available. In 516.1, strength requirements for bolts
in tension, in shear, and in combined shear and tension are given. The
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strength of the plate elements within a bolted joint are written as bearing
requirements. Serviceability requirements of bolted connections, where slip
at service level loads is critical to the usefulness of the structure, are
written in terms of the total slip resistance of the joint,

For welds, resistances are given for complete and partial joint penetration
groove welds, fillet welds, as well as plug and slot welds, in terms of the
strength of the weld metal and the base metal, at the joint.

§16.1 permits simple construction, special simple construction, and
continuous construction., Special simple construction permits the use of
connections to resist gravity loads on the basis of simple construction and
lateral loads by distributing the moments due to lateral loads among selected
joints of the frame. However the Standard qualifies this method and its use
seems limited to smaller structures, as there are no rules set down in 516.1
for the method of analysis nor are the behavioural assumptions given for
various connection geometries.

For continuous construction, the Standard does provide the requirements
for rigid joints similar to those in AISC's Specification.

CURRENT REQUIREMENTS

Bolted Connections
516.1 is concerned primarily with high strength bolted connections and

describes their tensile and shear resistances in terms of the ultimate tensile
strength of the bolt, F,,, the cross-sectional area of the bolt based on the
nominal diameter, and the following ratios, as appropriate, the tensile stress
area to nominal area, the root area to nominal area, shear stress to tensile
stress. The resistance factor, the number of bolts, and the number of shear
planes complete the specification of the joint's resistance.

For serviceability, the slip resistance is stated in terms of the ultimate
tensile strength of the bolt, the nominal area of the bolt, and a factor
relating slip probability for the surface type and condition, tensile stress
area to nominal area, and prelogd to ultimate tensile load.
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The bearing resistance of the platg¢ material within a bolted joint is
stated in terms of the ultimate tensile strength of the plate, its thickness
and the end distance of the bolt.

Bolted joints in shear must meet the shear and bearing requirements and
may also meet the slip requirements. However, slip-resistant joints are
considered to be the exception rather than the rule.

Installation of high strength bolts is restricted to turn-of-nut method or
the use of direct tension indicators.

For inspection, the emphasis is on the observation of the actual bolt
installation. For bearing-type connections subject to shear, visual
inspection, that the bolt has been tightened, is all that is necessary.

Welds

Under limit states design the technical requirements for welds are
virtually unchanged from allowable stress standards. Depending upon the
type of load and its orientation, the weld resistance is taken as

i) the same as the base metal,

ii) the lesser of the shear of the base metal on the fusion
face,
or

iii) shear on the effective throat of the weld as a function of
the area of weld, the ultimate tensile strength of the weld
metal, based on its electrode classification, and the ratio
of shear to tensile strength of the weld metal.

The Standard does permit the designer, for the weld group in a
connection, to use an ultimate strength analysis method to determine the
resistance, instead of the traditional elastic analysis method, but no method
is given.

Restrained Members
Members retrained either due to full or partial end fixity must be

designed for shear and moment. S16.1 provides requirements for column web
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stiffeners when beams frame into H-type column members based on the 1959
work of Graham, Sherbourne, Khabbaz and Jensen.

For corner and "T" type joints, the designer is cautioned to detail the
joint to minimize the risk of lamellar tearing.

Bolts Welds in Combination

While bolts and welds are permitted in the same shear plane, the number
of bolts are to be determined based on slip resistance at service loads, and
the ultimate resistance of the connection is limited to the greater of that of
the weld or bolt group. This recognizes that the load-deformation response
of bolts differs from that of welds. Other than performing a load-
deformation analysis of the connection as a whole, this conservative
approach, to take the larger of the two individual resistances, is used.

As the cost of fabricated, erected structural steel is influenced heavily by
the man-hours required for fabrication, it is essential to ensure that
connections are both economical and reliable. In the past few years a
number of research projects have been undertaken in Canada which deepen
our knowledge on connection behaviour and reliability. This portion of the
paper will touch on some of their results.

Partial Joint Penetration Gr. PJPG) Welds

According to any standard in North America for welding, AISC (2], AWS
[3], or CSA, a PJPG weld is permitted to carry, in tension perpendicular to
the weld axis, only two-thirds of the load of a complete joint penetration
groove (CJPG) weld of similar weld size and electrode strength. This
produces considerable fabrication difficulties when backing bars cannot be
complete or when the root pass cannot be backgouged and rewelded, in order
to qualify as a CJPG weld. Thus a joint with as much as 99.9Z penetration
can, by specification, carry only 66Z of the load in the parent plates.

In 1977, Popov and Stephen [4], in a limited series of tests, investigated
the strength of pairs of PJPG w'nlda. in static and cyclic behaviour, in
splices of Wl4 columns. Welds from complete to only 237 penetration were
tested.
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Recently, Kennedy and Gagnon [5] tested 75 specimens with groove welds
of 5 different penetrations, ranging from 20Z to 100% of the plate thickness,
in plates of two steel grades, some singly and some in pairs. The PJPG
welds tested singly were intended to demonstrate any influence of
eccentricity of load with respect to the weld axis. All welds were single V
45° bevel SMAW welds made with 3.2 mm diameter E48018 electrodes.

For the specimens tested singly, the mean failure stress of the weld was
1.15 times the ultimate stress of full penetration welds with a CoV of 10.2%.
For welds tested in pairs the ratio was 1.17 with a CoV of 11.2%.

Kennedy and Gagnon noted that their results were consistent with those
of Popov and Stephen, as well as Lawrence and Cox, and drew the following

conclusions:

(a) "...such welds on a unit area basis are as strong as full
penetration welds...";

(b) "Welds tested singly (and therefore eccentrically) were as
strong as double welds tested concentrically. The specimens
with eccentrically loaded welds deflected sideways reducing
the eccentricity on the welds as well as the ductile straining
produced a mean uniform stress distribution across the weld
throat."; and,

(c) "As the percent penetration decreases the restraint to
lateral deformation increases with the result that the weld
strength increases over that proportionate to the weld area."

For design, Kennedy and Gagnon recommended that "PJPG welds loaded in
tension be designed on the basis of the percent penetration multiplied by the
ultimate tensile resistance of the plate. Root passes must be properly made
to achieve uniformity of depth and the desired penetration."

Fillet Welds

Current weld design standards base the design for fillet welds on the
strength of longitudinal fillet welds regardless of the direction of loading [1-
3]. Although CSA Standards S16.1 and W59 [6] permit an ultimate strength
analysis none is given. In 1971, Butler and Kulak [7] proposed that ultimate
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strength be calculated from the load-deformation response of the weld as a
function of the angle of load using the instantaneous centre of rotation
model.

Although strengths of fillet welds have been studied since the early
1930's, few tests have been done on fillet welds loaded at intermediate
angles. Butler and Kulak , Clark [8], Holtz and Harre, Swannell and Skewes
[9], and Biggs et al [10] have contributed to the experimental data while,
Neis [11], and Marsh [12] have attempted to develop mathematical models.

In a carefully designed and instrumented test programme involving 42
specimens (seven different loading angles, two weld sizes with three
specimens for each combination), Miazga and Kennedy [13] showed that the
strength of fillet weld, determined by the vector sum of the longitudinal and

transverse stresses, is overly conservative.

Miazga and Kennedy demonstrated that an analysis method based on the
maximum shear stress failure criteria is in good agreement with the test
data, with a test-to-predicted ratio of 1.0l. Further, the maximum shear
stress failure criteria is better than methods based on either maximum
normal stress or von Mises strain energy of distortion failure criteria.

In their tests, all specimens failed in the weld while the plates were not
strained beyond the yield strain. Miazga and Kennedy also examined the
role, if any, of frictional forces, as proposed by the International Institute
of Welding(IIW), in the analysis of the results and concluded that they "do
not appear to be a significant factor in the analysis".

In an examination of the measured weld deformations, they stated: "By
normalizing the deformations of the welds, measured in the direction of
loading, to the gauge lengths used to obtain the deformation, it is concluded
that the fillet weld ductility is essentially independent of the loading angle,
and that the deformations are proportional to the gauge length".

Gusset Plate Connections
While gusset plates have been used for decades, a rational design method

has not been fully developed. Since Whitmore's [14] effective width concept
not much has been reported until work by Bjorhovde [15], and Richard [16].
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These recent programmes have combined physical tests with finite element
models to better define tensile behaviour. However, in certain circumstances
concerns have been raised when a single gusset plate lapped to a connection
plate were subject to compressive loads. Cheng [17] has shown, based on
limited tests, that the effective width approach can grossly over-estimate the
collapse load of the connection while ASSHTO's limit of 930)’(!’, for an
unsupported edge is a conservative limit in such situations.

An obvious way to avoid the problem is to detail the connection to
ensure that a stiffener, even to the connection plate, is provided. Certain
shapes can be coped or blocked to ensure a flange or leg is retained to act
as a stiffener on one side of the connection. Alternatively, an angle can be
attached to the connection plate to provide the necessary stiffness.

HSS Truss Connections
While much research has been done on the joint strength of HSS members

connected in a truss, less attention has been paid to the actual performance
of the connectors, usually the welds. When fillet welds are used, a weld
leg size of 1.2 times the wall thickness has been recommended. However, in
many situations, chords and webs are sized for more than stremgth. Often
the joint stremgth rules ensure that the web members are larger than
required solely to carry calculated loads. Thus a design methodology relating
the size of the fillet weld to the calculated force to be carried by the truss
member would be more satisfactory and more economical.

Work is currently underway at the University of Toronto under Jeff
Packer to investigate the strength and behaviour of fillet welded HSS truss
connections. Tests on isolated joints have been completed [18] and full scale
truss tests are nov being planned.

It is hoped that this research will develop rational design rules for fillet
welded HSS truss joints to complement the IIW joint strength rules.

CONCLUSIONS
While adopting a limit states design standard has helped focus both the

code writers and the designers attention on the actual failure mechanisms of
connections, research continues to point to areas where the margins of
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safety are inconsistent and improvements can be made with significant cost
savings. Controlling weld volume in any structural steel joint results, not
only in reduced fabrication costs and improved ability to compete with
concrete structures, but also in reduced shrinkage and distortions in the
work piece, and more favourable residual stresses,
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PRACTICAL CONSIDERATIONS IN THE DESIGN
OF FRAMES WITH PR CONNECTIONS

Stanley D. Lindsey, Ph.D., S.E.
Stanley D. Lindsey & Associates, Ltd.
1906 West End Avenue
Nashville, TN 37203 USA

ABSTRACT

The codification process that will allow structural engineers to
design buildings using PR connections has been completed in the United
States with the publication of the LRFD Specification. The design of such
frames requires a differemt design approach due to the non-linear response
of the frames. The writer's firm has had experience in the practical
application of the frames using PR connections. The purpose of this paper
is to emphasize some of the most important factors for the practicing
engineer to evaluate when designing buildings with PR connections.

One of the most promising structural concepts now receiving a great
amount of attention in both research and in practical applications is the
use of PR connections in frames. In the United States with the recent
publication of the current limit design speclflcnlons”‘ - LRFD - use of
actual connection restraint has been recognized. Through the LRFD
specifications, the designer has the guidelines to produce safe designs
that employ PR connections. The field is now open. While the design rules
are there through LRFD, the actual experience and recorded performance of
frames in real buildings with PR connections are far behind the technical
design aspects. It is true that frames using other assumptions of
connection behavior, such as the Type 3 semi-rigid of the ASIC
specifications, have been used for many years. However, frames using the
actual moment rotation curves for the connections have not yet been
designed in great numbers in the United States. Thus, 2 limited
performance base is available to the profession. This paper will describe
some of the important design aspects that have been learned through the
writer's actual design of buildings with PR connections.

Very Importantly, a word of caution is given. The design of
buildings with PR connections’ reauires a special level of design
consideration to produce a safe and economical end result. The design
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problem is non-linear and that one fact alone sets the design apart from
the normal design process used by the majority of today's engineers. The
entire design process for a system that responds in a non-linear fashion
as compared to one that has a linear response is different. Unless done
properly, 2 non-linear system will not always have a sufficient degree of
safety and may well be unsafe. Earlier paperslz’:" by the writer have
given some specifics concerning inelastic vs. elastic designs.,

One starts any design with PR connections with moment-rotation curves
for the connections. An immediate observation is made. The prediction of
the behavior of the system will only be as accurate as the connection
moment rotation curves that are used. The desioner must know the limits
of his curves. He must not extrapolate beyond known limits and he must
not change the connection from the tested connection that generated the
moment rotation curve. While these points seem obvious when mentioned, in
the real world of the practitioner, it is very easy to allow a slight
modification to a connection detail, say, for the convenience of the
fabricator. Even the simplest change can substantially affect behavior.
So practically speaking, the designer must watch very, very carefully to
see that his desion in the field is the same as his design in his
computer. Whereas in buildings with other types, conformance of final
design to intended design may not be as important, but in buildings with
PR connections, it is of paramount importance. If what is used is not the
exact same as what was designed, the result could mean disaster.

The analysis routines used for frames with PR connections are
extremely important. Assuming valid moment-rotation curves, the predicted
hehavior used for design must accurately portray actuval behavior in a
fashion sufficiently accurate for design. The writer has found that an
elastic second order analysis using non-linear moment rotation curves and
factored loads will produce sufficient results for design. The second
order analysis should include, as a minimum, frame P-delta, loss of column
stiffness due to axial load on columns, individual member P-delta, and
inelastic moment rotation curve capabilities. In addition, it should have
the computation routines in the program for column K-factors for each
loading. Programs of this type have worked well in the writer's desicn
practice. More elaborate analysis routines, for instance, to include
partial plastifications of column cross sections has not been found to be
necessary for desion. Sufficient accuracy for design of buildings does

seem to recuire such elaborate procrams. For research applications;




341

however, it is a different matter and for these instances it is wise to
use the most accurate tool available to verify research results.

Another important design aspect is to match the proper type PR
connection to the frame that is to be designed. As an example, a very low
building several bays deep in the direction of light lateral wind loading
does not reauire a connection that will develop a large moment in the
connection. Therefore, a practical design will use the connection with
just the right amount of restraint, such as a pair of web angles or a very
thin end plate, Top and bottom seat angles or thick end plates are not
needed. The writer has found the best economies come from using the
connection that furnishes the least restraint but yet yields a safe
structure. The more the restraint, the more costly the connection so,
therefore, it is wise to use the least possible restraint in the
connection to achieve the least expensive connection cost. As lateral
loads increase in relation to gravity loads, as the building becomes less
and less deep In the direction of loading and as the building becomes
taller, more and more connection restraint is demanded. The art of
matching available connection restraints to reauired demand is presently
being learned by designers. As the experience is gained, it will be
possible to produce 2 reference of past successes and failures for the
profession to use. The PR connection selection will become an integral
part of the design process.

A very important design consideration in frames with PR connections
is the drift of these frames. The less the connection restraint, the more
the drift. Much research has been focused on the ultimate loads needed on
frames with PR connections for collapse and shake down. From a practical
designer's view, allowable drift lirits for damace or occupant comrfort
seem to always come before a frame is even close to collapse. The fact is
especially true if one adopts the philosophy of using the minimum
connection restraint reaquired for the actuval demands. The writer's
experience has been that almost without fail, drift reauires the most
connection restraint, not cgravity loads. In the writer's designs, drift
is controlled by selectively adjusting the available connection restraint
to the demand. If one follows that procedure, a2 safe building desion
controlled by allowable drift will result.

One final consideration myst be mentioned and that is individual and
overall stability. For overall stability, any apalysis routine for frames
with PR connections should indicate that unstability exists when the
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convergence criteria of the routine is not met. If a valid solution does
not exist, then the design is not valid. Individual member restraint;
i.e., effective length, is needed to design compression members. One must
be able to accurately compute the effective restraint offered to a column
by the beams connecting with PR connections to that column. Column K
factors are directly influenced by the available connection restraint.
The smaller the available restraint, the larger the K factor. Since
available connection restraint is variable wunder different loads, K
factors will vary with loading. This variance is due generally to the
non-linear shape of most moment rotation curves. In practical terms, the
designer must be very careful to use the proper procedures to determine
his K factors, lest he can have a very unconservative design. The less
stiff the connection selected by the designer, the greater this problem
becomes. Therefore, practical designs must always be precise in this area
of computation.

It is possible to design frames with PR connections and produce safe
economical structures. Many factors must be considered and must be
carefully designed to avold having a structure that does not perform as
intended. Hopefully, this paper has presented some practical aspects for
consideration by designers when confronted with the task of designing
frames with PR connections,
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OF STEEL CONNECTIONS AFTER THE MEXICO
EARTHQUAKES OF 1985.
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ABSTRACT

The Mexico City Earthquakes of September 19 and 20, 1985 affected about
3000 buildings, 330 of them suffered either collapsed or severe damage. Sin
ce there are about 1'200,000 buildings in Mexico City, while the number of
affected number is large, its percentage is very small. Only 12 Steel buil-
dings received important damage. This paper describes the principal types
of steel construction existing in Mexico City at the time of the Earth- -
quakes, particularly as regards to its connections, and relates them with
its construction time. A recopilation of the Seismic Codes development is
given and the connection's seismic behaviour is discussed. Proposed imple-
mentations of the new Code to incorporate the use of Flexible Connections
are discussed, based on the evidences left by the earthquakes,

INTRODUCTION

Seismic provisions for the design of buildings in Mexico City, have -~
been incorporated into the Design Codes since 1942. Several revisions of
them have taken place since then, based principally on the observations of
building damages and frame behaviour under extreme earthquake loading. The
major earthquakes occurred in 1943, 1957, 1962, 1979 and 1985, served to
calibrate previous provisionseand to incorporate changes in the newest - -

versions (1).
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The construction of steel-framed buildings in Mexico City started back
in 1910 with the execution of Museums , Theatres, Railroad Stations and Mony
ments. The first multistory-steel-framed office and hotel buildings appea--
red in the late 20's,all of them built with ASTM A-7 type of structural - -
steel, using built-up-columns and I-beam sections in simple construction.
Lateral load resistance was accomplished either thru shear action of the
multiple masonry filler walls or by elementary double-angled X-bracing sys-
tems.

By the mid 30's some steel framed buildings incorporated knee-braces to
the simple beam-to-column connections, in order to eliminate the need of
some of the interior filler walls, without losing its lateral load resistan
ce.

By the late 40's and early 50's most of steel framed multistory buil--
dings were incorporating moment-frame action by the use of moment beam-to-
column connections in riveted construction. Welded-moment connection appea
red in the 60's and high-strength bolded connections in the 70's.

No specific provisions were made in the Building Codes to account for
the flexibility of semi-rigid connections in particular. However, begining
with the Emergency Regulations issued on 1957, the recognition of the ine-
lastic frame action in the seismic behaviour of building frames, originated
a series of different approaches to building seismic design.

The observations of the damage produced by the September 1985 earth- -
quake on several steel-framed buildings, most of them built before 1957, -
contributed in a very significant manner to understand the behaviour of --
different types of beam-to-column connections. Even though most of them --
were not specifically designed bearing in mind its amount of flexibility -
and rotation capacity, the assessment of their seismic behaviour displayed
interesting parameters, some of which are discussed in the present paper.

TYPES OF BEAM TO COLUMN CONNECTIONS.

Figure 1 shows some of the most common beam-to-column connections used
in riveted construction in the 30's decade. In some ca