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FOREWORD 

This book i. the Proccedu,a' of the 5«0,,11 /,.unudit"ttu WorbJaop Dolt CO,."u ,it"tS 
he Sift/ Slncllua: B.IM,Ww, S"..,,.,tJa, tUttI [)air'" held at the WealD William Pua 
Hocel La PitlJbw&h.. PellDSylvania. USA.dunng the period ApriJ 10 to 12. 1991 , uDder 
the aaspicea or the Dc:p&nme:QI of Civil Ea,iDecnDI ohhe UDiwnity of PiusburJh. 
The Fi.rN latcraaliooaJ Workshop wu held It Ecole Normale Supmcure de Cacw. 
i.e Cachu. France, 011 May 2j to 27. 1987. and ils ProcccdiuCI wu publtshed by 
Elaev~ Applted Scaeocc Publishers in FcbnW'y, 1988. 

Tho workshop oraanizen wilh to express their ,incere lha.n.ka 10 the oraaniuuoos 
that Dade the wotbhop pouible through (mancw support. Thus. the keto Inlerest of 
the NlbOOaJ ScitKe Foundation of the UDlted Statu. the AlDeneu l.II.SUtule of Sled 
COClSUUCtiOO. aod the Commission of European Commu.ll.lues. throu&h the European 
Cooveation (or COnsU'UaioDaJ Steelwork. IS much appreciated. 

!be worbhop wu supported throu&h Grant No. 9114319 of the Nalloaal Sclet'lCe 

Fouadatioo. u.oda' the PfOIT&m 011 Str'UCtW"U. Oeomedwtic:a, and 8Ulldioa Syscr.ms 
oCt.he Otrector.te of En,iooering. Dr. K. P. O\On&ud Dt.J. B. Scalzi are.lhe Procram 
Oirecun. 

Finucw usistaDCe was also provided by .. grant from the American lnSlilule of 
Steel CollSUUCtiOa. loe .• through its EDgineeriD& Deparuneot reJeal'Ch and develop
meDC procram. Mr. N. W. ZuDdeI i. the PresideDt of AlSC. AlSC anuacd a meeUlla 
of us commJUce 00 MaIIuals and Textbooks ill: COtIjuDCtIOO wuh the: workshop: the: 
commiuce is chaired by Dr. W. A. Thomtoo of the Cives Engincerin, Corporation. 

FinuciailUpport WII also exte.oded from the CorrurulllOO of Europeao Commu· 
nltlU (CEC) thtoueh the European Cooventioo for Constructiooal Steelwork, In the 
form of travel aDd other contriOOtJOIlS towards the partK:lpalioD of representatives of 
the CEC member countnes. I. IelchtlOo to providaaa key lDplittO the workshop lO the 
form of plpCJ'S aDd discuuioo.s. the members of ECCS Tech.o.icaJ Committee 10: 
CoIlDectioos. hdd. mcet.ing io IIdvanc:e of the workshop. makinl it the fll1ltltDe (or 

• European commillce to meet outside of Europe. The 0Wrman or ECCS TC 10 i, 
laa W. B. Swk; Mr. 1. Van Nesae is theOeaenl Secrewyo(ECCS. 

The AlSC Conuruuce 00 Manuals aod Thxtboob aDd the ECCS Tbthlucal Com· 
trunce 10 conveoed (or • joint meetiDI and dinoer oa the day before the openln, o( 
the worbhop, to provide a forum for the exchanae of k1eas, expenences, and Dew 
koow1cdae. The mceun, wu eo<.haired by Messra. G, Huijet and J, W. B. Starlr:: . 

. , 
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'The [)q)artmetu orOvil EnguaeeriQg orthe UllIversllY OrPitl$bwJh wu tht OfflClai 
ho$l orlhe workshop, throu&h lIS Cha.tnnu. Dr. Radar Bphovde. Elte:ulYt: 101150-
cal aDd othtt support was provided by the department. ill particular throu&h the work 
or Mrs. Rae Sutermasttr and eriduace Sludents Jeffrey Caudlo and Shenr More06. 

A DUmber or the workshop participants aerved &I led\rucal sesslOO chainneo aDd 
~porters. 10 panKulll, the efforu: or Mews. R. L. Brockeobrouah or the uss 
[}JVlllOO . USX Corporation; N. Iwallkiw, Amencan Insuwte: or Stoc:l ConstructlOa; 
and W. McGuire. Cornell University. who accepted the demaDdiaa &I5lpmeots as 
Research Reporters ror the workshop. are aclcnowlcd&ed. 

The support and tc:dmic&J contributions or the partlClpalus • .,lhout which the 
workshop would DOt have bea pouibk. are ~y ackJIowledged and tppn::e.ialed. 
11 IS hoped that the kind or illlernationaJ cooperatlOIl that WlI commeoced with the 
FLriI and c.amtd 011 With the Secood latenlabOllal Workshop will COObllUC to ~ 
reselIt.h and devdopmeot efforts ill steel sttuc:tures worldWIde.. 

Pitt.sbur&.h. Peo.osylvarua. USA 
0=_. 1991 
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ADdrE Colsoo 

CJc:ahud HMlp 
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The success of the First International Workshop on Connections in Steel Structures 
provided the impetus for the Second. The 1987 event was conceived by Messrs. 
Sjorhovde, Brozzetti and Colson, and following the invitation of 40 internationally 
recognized research and design experts in the area of steel structures and 
connections, 37 individuals accepted the challenge to present state·of· the· art reports 
on this imponant specialty of the structu\al engineering profession . Representing 15 
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countries. these researchers and their colleagues presented a total at 41 papers, co
authored by 76 individual authors . The Proceedings 01 the 1987 workshop, which 
was held in Cachan. near Paris. France, documents the technical papers 8S well 8S the 
discussions and the research needs that presented themselves at the time. 

Preparing lor the second workshop, it was decided to retain the lormat 01 attendance 
by invitation only . The original rationale was that restricted participation would allow 
for the most advanced topics to be considered, w ithout the need to bring everyone 
to a common base 01 knowledge, so to speak. In other words, by gathering experts 
only, it was lelt that it would be possible to move the larthest and lastest in the 
assessments 01 ongoing research, developments, and research needs. The lirst 
workshop proved this format to be an unqualified success, so much so that since 
then , a number 01 restricted attendance workshops have been held, dealing with many 
and diverse subject areas . 

A total 01 65 internationally recognized experts were invited to participate in the 
second workshop, and 60 accepted the challenge, representing 19 countries. 50 
papers w ith 77 authors and co-authors were submitted; these represent the primary 
contents of this book. 

In the initial planning 01 the workshop program, some 01 the subject areas addressed 
in 1987 obviously had such broad interest that it would be important to consider what 
lurther progress had been made. Thus, sessions on bolts and welds were selected. 
Similarly. the topic of semi-rigid connections had assumed increasing prominence. in 
particular through work on design tools and code criteria. As a result, two sessions 
on semi-rigid connections were selected, along with one each on actual frame design 
solutions and the impact on construction economy. and one dealing with computer 
software. Much work appeared to have been done on the development of 
predesigned connections; a session was therefore assembled to illustrate some of the 
practical uses of such solutions. Similarly. much research on composite construction 
identil ied the need to deal with this entire subject area, especially to be able to assess 
or quanti fy the stiffness and strength characteristics of composite elements . 

Although not presented in this book, in the lorm 01 written contributions, a special 
computer program demonstration session was arranged for the evening of April 11. 
Using the CAD laboratory 01 the School 01 Engineering at the University 01 Pittsburgh, 
a total 01 seven connection and Ira me analysis and design programs were presented. 
The session was arranged to allow lor interaction between the program authors and 
the anendees, using a variety of practical examples . Special thanks for their 
contributions are due Messrs . Brozzetti and Colson of France; Messrs . Gross, 
Oeierlein, McGuire and Murray 01 the United States; Mr. Steenhuis 01 The 
Netherlands; and Dr. Zandonini of Italy. It is clear that this is one area where 
significant progress can be made in transmitt ing state·of-the-art information to 
working designers and fabricators . 

As was done lor the l irst workshop, Research Reporters monitored all technical 
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sessions for suggestions for needed research and development. The topics that were 
identified are presented in the last section of this book; they indicate the state-at-the
art as well as the broader outlook on the future of steel construction, considering 
connections as key elements. The frame design and economy of construction 
sessions give evidence that significant practical improvements are at hand; it 
behooves the profession to take advantage of the wide range of ideas and tools that 
are being developed. 

., 
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DIFFERENCES BETWEEN EUROPEAN AND AMERICAN DESIGN RULES 

Colin Taylor' 

Abstract 

Four key differences between AISC LRFD design rules and Eurocode 3 : Part 1 are 
highlighted . Reasons for differences are examined and suggestions are made for 
resolving them. 

1. INTRODUCTION 

The aim in this paper is not to compare in detail. but rather to highlight significant 
differences between Eurocode 3 and AISC's LRFO specification. as far as 
connections are concerned . Overall both codes multiply characteristic loads by 
factors to produce factored loads IAISC) or design loads IEC3) . Design resistances 
In EC3 are obtained ISO style, by dividing by factors greater than unity, whereas 
AISC uses LRFD format in which resistances are multiplied by factors less than 
unity, w ith similar effect. Fundamental differences thus occur only where 
resistance expressions have a different basic format. This occurs for : 

• loss of preload due to external tension 

• resistance of long joints 

• transverse fillet welds 

Another significant feature of EC3 is the Inclusion of rules for semi-rig id and partial 
strength connections . 

1The Steel Construction Institute 

6 
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2. CONNECTION DESIGN 

Eurocode 3 differentiates between classification of connections on the basis of: 

• rigidity (rigid, semi. rigid. pinned) 

• strength (full strength, partial strength, pinnedl 

For consistency between global analysis and joint design, when the analysis is 
elastic. it is rigidity of connections that matters. For simple plastic (rig id plastic) 
design it is strength of connections that counts. For elastic·plastic analyses both 
need consideration. 

A typical moment· rotation curve for a connection is described by three parameters: 

• moment resistance (strength) 

• rotational stiffness (rigidity) 

• rotation capacity (suitability as a plastic hinge) 

Rules are given for welded beam-ta-column connections. stiffened and unstiffened, 
including supplementary web plates (reinforced webs). Rules are also given for 
bolted beam-to-column connections with flush end plates and unstiffened extended 
end plates. including the effects of backing plates . These include rules for allowing 
for prying by analogy with equivalent lengths of Tee connections and also for 
balancing of forces at the interface and redistribution of resistance within 
connections . Use is made of itemised procedures which facilitate programming as 
well as hand calculation . 

The basis of the method for design of bolted connections has been fully described 
elsewhere and will not be repeated here . 

3. LOSS OF PRELOAD DUE TO EXTERNAL TENSION 

In AISC codes the interaction of shear and tension in a slip-resistant connection is 
treated as linear. on the basis that sl ip res istance reduces to zero when the 
external tension equals the init ial preload . 

However EC3 follows the recommendation of ECCS by allowing for the effects of 
differential strain. as follows . When the bolt is preloaded, it compresses a zone of 
the connected plies adjacent to the bolt. so the nut travels down to (he shank by 
a distance equal to the elongation of the grip length of the bolt . plus the 

., 
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contraction of the connected plies. Tq.fully overcome the clamping effect between 
the plies it is therefore necessary to apply sufficient external tension to counteract 
the sum of these two strains. by applYing a force greater than the initial preload. 

The amount of strain in the connected plies depends on the extent of the 
compressed region. The ECCS recommendation assumes a cylindrical annulus with 
an effective cross sectional area equal to 4 times that of the bolt. so that when the 
external tension equals the preload. a residual clamping force of 20% remains to 
resist slip. 

This area appears to be a completely arbitrary value and there is a long-standing 
difference of opinion about this. The alternative view is that the area of the 
compressed zone is a function of the grip length, and in practical cases IS so much 
larger that the residual clamping force may be as low as 5% and is best neglected. 
This seems to be the basis of the AISC rule. It is also the general view of British 
experts . 

No reports can be traced giving quantified support to either view, either from 
practical tests or from numerical analyses . However a study Is available of a very 
Similar condition using finite element analysis and it would appear to be possible 
to extend the same technique to the present issue. 

4 . RESISTANCE OF LONG JOINTS 

There are two important differences in the treatment of long bolted joints between 
EC3 and AISC. First. the AISC rule is a step function. whereas EC3 follows the 
ECeS recommendations and has a plateau followed by a linear reduction. Second 
the AISC rule is independent of bolt diameter. whereas the EC3 rule is directlv 
proportional to bolt diameter. 

The origin of the AISC rule is summarised Fisher and Strulk. It is clear that the 
step function and the linear reduction are two alternative simplifications of a falling 
curve of reducing slope . The Question of bolt diameter IS however more 
fundamental . 

A number of reports and papers are referenced by Fisher and Struik. In these the 
majority of the tests were on one speCific Size, 7/8 Inch. However it IS clear that 
other sizes were also tested and that the effects of bolt diameter were considered 
in the associated numerical studies . It is concluded that Independence of bolt 
diameter in AISC specifications is intentional. It is not known why the ECeS 
recommendations were made proportional to bolt size. It is of Interest to note that 
the new Australian code has examined the point (as discussed In the associated 
commentary) and concluded that the ECCS form of curve should be used. but 
made independent of bolt size. 
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S. TRANSVERSE FILLET WELDS 

In AISC LRFO no distinction 1$ made between the reSistance of fillet welds 
depending on their onentation relative to the direction of force transfer. ThiS 
method 1$ also permitted in EC3. but an altematwe method IS gwen whIch leads 
to a resistance 22% greater for transverse fillets. 

ThiS model however also leads to a diference in strength of 73% between fillet 
welds in pure tension and pure shear, compared to an experimental difference of 
only 33%, so a modified relationship is needed . The recent Canadian work may 
prove useful in this . 

The EC3 rules are also less adaptable to non."ght angled f iliets and fillets with 
unequal legs. 

6 . INSTA LLATION OF HIGH STRENGTH BOLTS 

The differences in installation do not warrant a separate paper. Essentially EC3 
permits all the same techniques as in American codes . It also features the 
Combined method in which a bolt is first torqued to a predetermIned value less 
than the specified preload. then a fixed part turn is also applied . The reliabIlity of 
this ;s better than either torque control or simple pan· turn. 

The real differences are that all techniques are intended to give the same preload 
and the proposed technique should be checked to ensure it can reach the required 
preload without eroding the margin before the torque-preload curve peaks . This 
also gives a margin of safety against breaking the bolt. 



JO 

The significance of the relation to bolt si~e can be seen by considering a case 
where a joint is "long" and it is desired to avoid this. According to the AISC rule. 
a change to a higher strength grade of bolt. giving a similar number of bolt rows 
but a smaller bolt diameter. would be a valid solution because the bolt rows could 
be closer together, thereby reducing the joint length. However the ECCS rule 
would not allow this because the maximum length tor a "short" joint would also 
be reduced . 

The research shows the number of rows to be of little relevance Iso long as there 
are more than two rows) so for a simple examination consider three rows. It is 
assumed in allocating forces that each row of bolts transfers the same proportion 
of the total. It is when this assumption is not possible (without initiating a 
"progressive" failure starting from the most heavily loaded rows) that the joint 
becomes classified as "long·, but when there are only two rows both are similarly 
loaded anyway. 

Relating the bolt forces to those in the lapping plies, it can be seen there is a 
differential strain problem between the plates, because the force in one ply is 
double that in the other. This differential strain is proportional to the length of the 
joint. It is also proportional to the maximum stress in the plies and therefore 
indirectly to the strength grade of the material. 

For a joint to function as assumed for a short joint, the differential strains must be 
taken up in localised deformations of the bolts and the bolt holes due to bearing 
pressures. 

The relationship of this deformation to bolt size can be deduced by considering 
dimensional similarity. Imagine a comparison of two bolt grades. one four times 
the strength of the other. The required bolt size for the stronger would be half that 
for the other with all dimensions proportionate, Including thickness of material, for 
similar shear stress in the bolts the deformation for the smaller size would logically 
be half that for the larger size. With similar thickness material in each case, the 
ratio of deformation would drop to a Quarter, but then allowing for the higher bolt 
stress the deformations would be the same in each case, so deformation is 
effectively independent of bolt size. 

This simple review thus indicates that the "long joint" rule should be independent 
of bolt diameter . However the strength of the material should be included and 
pOSSibly the strength of the bolts . It is likely that other geometrical parameters are 
also relevant. A full numerical study is being carried out at RWTH Aachen. 



V~RLF~CAT~ON OF QUALL~~ 
ASSURANCE ON EUROPEAN 

4_6 - AND a_a-BOL~S 

Herbert Schmidtl 

Abstract 

The factual level ot quality assurance on the European ma r ket 
for ordinary hexagon head bolts with medium thread lengths or 
threads up to the head has been verif i ed by c o l lect i ng an 
extraordinarily large random sample at bolts with s trength 
grades 4.6 and 8.8 and determining their properties in vi ew of 
the statistically based design rules for struc tural bo l ted 
connections under static loading as specified i n the new 
European codes . 

:1 _ ~N·.('.RODUCT:10N 

Eurocode 3 for the design of steel structures, as well as the 
new German design code DIN 18800 (11/1990), allow that bolts in 
shear/bearing type connections may extend with their threaded 
portion into the shear plane. That has not been allowed under 
the recent versions of DIN 18800. Therefore. the experienc e of 
German steel fabricators concerning the quality of s truc tural 
bolts referred exclusively to the approved s peci al 
"constructional steelwork bolts" with short thread l ength 
according to OIN 7990 (property classes 4.6 and 5 .6, norrna l 
width across flats) and according to DIN &914 (property class 
10.9, large width across flats). The new more liberal 
regulation means that in future ordinary hexagon head bolts 
with medium thread length according to DIN 601 / 150 401 6 
(property class 4.6) and DIN 931 / 150 4014 (property clas . es 
5.6. 8.8, 10.9) and with threads up to the head accordinq to 
DIN 558/150 4018 (property class 4.6) and DIN 9 ) ) / 150 401 7 
(property classes 5.6, 8.8, 10.9) will be used tor structural 
bolting in Germany in increasing numbers. 

The quality assurance of bolts, being a typical industrial mass 
product, lies in the own responsibility of the manufacturing 
industry. The number and (possibly) the qualitative variety of 
manufacturers of ordinary hexagon head bolts is, because of the 
much larger market, considerably larger than that of the 
ment ioned special German "constructional steelwork bolts". On 
the other hand, the two new design codes lead to a generally 

1 Professor Dr.-lng. Herbert Schmidt, University of Essen -
FB 10, Universitatsstr. 15 , 0-4300 Essen I, Germany 
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higher utilization of bolts under both, tensile and shear/ bea
ring loading. This overall situation made it desirable to check 
the factual level of the quality assurance situation on the 
European bolt market with regard to the properties which are 
relevant for the ultimate limit state design of structural 
bolted connections under static loading. 

The i nvestigation has 
have been documented 
Schmi dt, 1990). 

been carried out in 1989, its results 
in a research report (Knobloch and 

2. RANDOM S AMPLE OF BOLTS 

As typical bolt types of expected common use in the above 
mentioned sense, the following two types were chosen: 
• H16-4.6 DIN 558 or DIN 601 respectively, 
. H16-8.8 DIN 931 or DIN 933 respectively. 
Especially the 8.B-bolts, until now not being used for 
structural bolting in Germany, are supposed to spread rapidly. 

A sample unit existed of four bolts stemming from one 
production batch. The sample units were bought anonymously in 
bolt trading houses (wholesale or retail) in 10 selected 
industrial areas of West Germany and the neighbouring European 
countries. The bolts were defined to be acceptable for 
structural use if they had, according to ISO 898 part 1, 
markings of the property class and the manufacturer on their 
head. It was made sure as good as possible, that no production 
batch was included twice. Thus, the whole sample may be looked 
at as a random sample of statistically independent bolt units. 

192 units M16-8.8 and 15 units K16-4.6 were included in the 
investigation. They showed 45 different manufacturer markings, 
of which nine could not be identified by means of the available 
lists (N.N., 1983/ 1988 / 1988). Nevertheless the 22 units showing 
these not identifyable markings were also included in order to 
make the i nvestigation as realistic as possible. The i dentified 
markings represent nine European coutries. About 50 ' of the 
bolts were black or galvanized respectively. The units included 
bolt lengths from 35 mm up to 160 mm, with 40 ' of the 4.6-bo1ts 
and 55' of the 8.8-bolts having threads up to the head. 

3 . THREAD GEOMET~Y 

The outside diameters d and root diameters d J 
measured, and average stress areas for each 
determined from 

of all bolts were 
sample unit were 

( 1 ) 

This equation is geometrically identical with the one given in 
ISO 898/ 1 where the thread-pitch diameter d 2 is used as second 
defining diameter (instead of d). Figure 1 shows the histograms 
of the As-values, together with their average values KV and 
their 5' and 95' characteristic values; the latter have been 
determined by simple counting. Also shown in figure 1 are the 
tolerance fields according to DIN 13 / 150 695 of which 6g is 

-'-
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spccif icd tor product grades A and B (relevant for tho 8 . 8-
bolts of this investigation ) and 8q is specified for product. 
grade C (relevant for the 4. 6-bolts). 

8g 
I 

-- 8g- 1 

n r - 6g n r- 6g -; I (61 1 [B]) I 1 [0:75 
.1 

[n = 192 

.1 
~I ~I > 

]1 
.... .... ]1 

>! gl '" • '" ~ 

~I ,n 
"I 

A! Itm\ll 
1 

Aslmml) 

1.8 ISO 1)2 IS. 156 1'8 ISO 152 IS. 156 

figure 1. Histograos of stress areas As 

It can be seen from tigure 1, 
that all bolts are well inside the tolerance field Hg; 
that the 8 .S-bolts are significantly more carefully manu
tactured than the 4.6-bolts , although even the 5 t -tractlle 
of the 8.S-bolts is a little below the lower limit of 
tolerance field 6g; 
that no bolt at all is in the upper halt ot tolerance 
field 6q; 
that the average stress area is only 9b \ ot the nominal 
value As .. 15&,7 mm2 ~ 1!:)7 r.l.m 2 . 

It is an interesting a~pect of fastener quality assurance that 
obviously all bolt manufacturers try very hard, to realize the 
male threads at the lower limit of the tolerance tield, 
supposedly in order to gain a high degree of acceptance for 
their products in terms at easy screwing . Of course, the 
situation would be the other way round with the female threads 
ot nuts, so that the thread engagement depths of bolt/ nut 
assemblies will preferably be at the very lower limit of their 
tolerance fields . 

4. TENSILE STRENGTH 

One bolt of each sample unit was tested in a direct full size 
tension test according to ISO 898/ 1. The test speed was 15 
mm/min, which is well below the specified limit of 25 mm/~in. 
Figure 2 shows the histograms of the ultimate tensile forces 
Ftu , including their mean and fractile values, together with 
the nominal values fub As =62,8 kN and 125,6 kN respectively. 

It can be seen from figure 2 , 
that fo r the B.a-bolts the 5%-fractile of the ultimate 
tensile forces is 3 ,5% above the nominal value, with the 
scatter being reasonable (va~iation coefficient V-4,2\); 
that for the 4.6- bolts the 5\-fractile is slightly below 
the nominal value with a much wider scattering (V- 14 \ !). 
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Especially tor tho 8.S-bolts, it may be stated trom the 
toregoing that - trom a statistical point of view - the 4' 
deficit in the stress areas is conservatively compensated by 
the real tensile strength values. It should be mentioned that, 
besides the "technical " ultimate tensile forces, "quasi-static" 
ultimate tensile forces (analogously to the "static yield 
stress") have been determined, too; they lie about Sl lower. 

n n 

> 

Ji.lkNI 
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I 
I 

i I 
J 

2:1 
1-"1 

120 140 160 

Figure 2. Histograms of ultimate tensile forces Ftu 

SHEAR STRENGTH 

F",lkNI 

TwO bolts ot each sample unit were tested as a pair in a two 
plane shear test in their threaded portions. The shear device 
was of the "tension jig" type (Fisher and Struik, 1987). Figure 
3 shoW's the histograms at the ultimate shear forces Fvu per 
shear plane in the same presentation as the tensile torces. The 
nominal values are O.6 · fub oAs- 37,7 kN and 7~,4 kN respectively, 
0.6 being the specified shear strength coefficient for 4.6-, 
5.6- and 8.8-bolts in both mentioned new design codes. 

n ~ [jJ 
r n.72 In-'" 

~ I ! I 
e • l.el ~ 

i.g 
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F",lkNI 

0 20 40 60 80 

Figure 3. Histograms of ultimate shear forces Fvu 
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It can be seen from figure 3, 
that tor the 8.8- bolts the 5\ -tractile of the ultimate shear 
forces is 12 \ above the nominal value, with the scatter being 
reasonable (V- 4.S t ); 
that for the ~ .6-bolts the 5 \ -fractile 1s even 23 \ above tne 
nominal value but again with a wider scattering (V~9 ' ). 

700 f vu (N/mm 21 

• 88 
600 

500 

400 

300 

200 300 400 500 

I." I,,, 

600 700 800 900 1000 1100 

Figure 4. Shear strengths versus tensile strengths 

The corrolation between the shear strength tvu - Fvu/ As and the 
tensile strength f tu • Ftu/As of all sample units may be sccn 
from figure 4. Physically seen, it is not correct to 
interpret the plotted test points as shear strength coeffi
cients, because they do not stem froa one bolt, but from two or 
three bolts of one production batch, which unavoidably incor
porates an own statistical scatter (Knobloch, 1990). But ap
proximately the fvu/ttu-values may be looked at as shear/ 
tensile strength ratios. It is interesting that a couple of 
them are below the specified code value 0.6, although the 
latter value, as just seen (fig.3), yields conservative 
characteristic shear forces. The reason is that the equation 
for the nominal design shear resistance 

( 2) 

is not a deterministic one, but has a statistic background: Not 
all of the three factors in (2) must necessarily be 5\-trac
tiles to make t heir product a 5\-fracti!e . This has recently 
been demonstrated for the present problem by numerical simula
tion (Knobloch, 1990). This si~le fact should be kept in cind 
when dealing with member strength problems in view of the DO
dern partial safety factor concepts. 
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6 _ MA'rERIAL DUCTILIrry 
' . 

From any of the 4. 6-units and from those 15 of the 8. 8-units 
that had yielded the highest or lowest tensile or shear 
strength values respectively, one bolt was machined into a 
circular coupon according to ISO 898 / 1 and checked in a strain
controlled tension test. Besides tensile strength Rm and upper 
and static yield stresses ReH and ReS ' the percentage elonga
tion AS atter fracture - as one the crit~cal ductility measures 
in structural bolts - has been determined. Figure ~ and figure 
6 show the results versus tensile strengths and shear/tensile 
strength ratios respectively . 
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Figure ~ . Tensile strengths versus percentage elongations 
after fracture 
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Figure 6. Shear/tensile strength ratios versus percentage 
elongations atter fracture 

It can be seen from figures 5 and 6, 
that for the 8 . 8-bolts the specified m1nlmum value A~- 12\ 
(150 898/1 ) is adhered satisfactorily; 
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that tor the ~.6-bolts more than sot of the units show 
percentage elongations below the specified minimum value 
A5=22t (ISO 898/1) with the lowest values even falling below 
the 8.8-~ i nimum value (!); 
that the shear/tensile strength ratios, as a whole, correlate 
in the well-known positive way with the material ductility 
(Knobloch, 1990), 
that nearly all shear/tensile strength ratios <0 .6 belong to 
sa~plc units with far to small percentage alongation values. 

The sign1 f icant duct!l! ty det iei t ot the 4. 6-sample, together 
with its wide sca ttering of tensile strength values and its 
less satisfactory thread tolerances, shows - in the author's 
opinion very clearly that bolt manufacturers distinguish 
carefully in their quality assurance efforts, depending on the 
property classes. 

7_ CON CLUS10N S 

a) The 8.8-001 ts according to DIN 931/ ISO 4014 and DIN 933/ 
ISO 401"1 exhibit a good quality assurance level. They comply 
fully with all geometric and material requirements. No hesita
tions ~hould exist at their application to carrying connections 
in steel structures. 

b) The 4.6-bolts according to DIN 558/1S0 4018 and DIN bOl/ISO 
4016 exhibit a slightly unsatisfactory quality assurance level. 
Many ot them do not comply with the ductility requirements. 
Precautionary measures should be taken if the plastic defor~a
tion capacity of such bolts shall be made use of in the design 
of carrying connections in steel structures. 

c) The deSign rules of DIN 18800 and Eurocode 3 for bolt~ sub
jected to shear in their threaded portion are conservative. 
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BOLT PRELOADS I N LABORATORY AND IN FIELD 
CONDITIONS OF ACCEPTANCE 

Eugene PlRAPREz> 

Abstract 

A lot of researches about the preloadin9 of HSFG bolts were 
carried out in laboratories and the behavlour of the bolt, in 
these conditions, is we l l-known. But the bolts are used on 
site, and it was necessary to control that the tightening gives 
the same effects in this case. The results of the comparison 
were unsatisfactory; the dispersion of all parameters and 
mainly of the preload is larger on site and the security is 
sometimes too small. It is not sufficient that the components 
comply with the stipulations for the mechanical and dimensional 
ch~racteristics mentioned i n the respective standards. A new 
acceptance inspection is proposed. 

INTRODUCTION 

We have at our disposal a lot of results of tightening tests 
carried out in laboratories on high strength bolts. But a few 
years ago, we had no comparison between the preload estimated 
by tests and the actual preload obtained on site. And there are 
many reasons to have a difference; it is not easy to evaluate 
the influence of some factors such as : 
- the number of bolts in the connection, 
- the lack of fit between the plates, 
- the variation of the properties of the lubrication, 
- the sequence of the tightenin~ of the bolts, 
- the variation of the calibration of the tool, 
- the position of the tool, 
- the type of the tool (continuous or step by step tightening), 

A large series of tests were carried out in field on different 
types ot connections and the results are compared with the 
predicted values obtained in laboratory on bolts of the same 
lot. 

1 Engineer, C. R.I.F.
Banning, 6 8- 4000 

Department of Steel 
LIEGE (BELGIUM) 

structures, Ouai 
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A statistical evaluation is done on basis of about 1500 results 
of acceptance inspection coming te am a branch of the Belgian 
Ministry of Public Works wh>ch does not recognize the quality 
insurance of the manufacturers of bolts . 

1. DESCRIPTION OF THE TESTS IN SITE 

P& 
t:: 

Several kinds of connections 
are considered; the number of 
bolts, their disposition and 
their diameter are different, 
some examples are given on 
figure 1. Bolts with axial 
strain gages are used, their 
position 15 indicated on the 
figure. Two curves are plotted 
during the tightening : 

'I: :~: : : : : }~: : :.::1: 
. :;: :r~ niill X' .' .. -0°:1 .... - I 

Fv - f(M.) and Fv - f(Q) 

where : 
Fv - the preload in the bolt 
(calculated from the 
indications given by the strain 
gages) 
M. - the applied torque 
Q - the rotation of the nut. 

, .•. •. '1' ...•. , 
eO •••• ' 0 ' •••• '0 

~ 
[JJ:'-l 

. _-' 

8 ro .... ] •• qQ. , • •• .. 

I~:; ::::: I ..... , .... . 
..... : .... . 

Figure 1 : Examples of connections 

Another type of connection was tested to evaluate directly the 
influence of a 9ape between the plates; it is shown on 
figure 2. Three d>fferent ratios of the plates thickness were 
considered. During the tightening, the gap between the plates 
was plotted on several places. 

On the whole, 204 were tested . The tests were stopped (when it 
was possible) after reaching the maximum ot the curve Fv -

f( Q) . 

-t+·CP-+-<Pt·cp- --
· I . I :..,y . y ' t + -<jr+Jf .>fj- <b-
· iii I I 

-- , • • ',- · · -',- · · • .. · • · R" .. -.. -.. _.1. 
. ~ ·t·-<1>· -+- .~+ <1> -

a • • IIN1A .......... IIIII.U _, .. n """'ll 

· . . I _ I . 

-<1>- ... -c} .. -cj> -+- .<» . . 
-_. --

Figure 2 : Connections with gapes. 
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2. RESULTS OF THE TESTS CARRIED OUT ON SITE 

2 . 1. Me.x.l. .. axial stress 

For a large part of the bolts, the maximum of 
in the stress area (OtA.) does not reach the 
lummary of the results is given in table 1. 

Table 1 : Maximum stress in regards to 
the yield point (percentage of bolts) 

the axial s t ress 
yield stress. A 

Maximum of 
o~_ 

Percentage 
of bolts 

In laboratory the maximum 
stress in all bolts reach at 
l east the value 9.9 fyo 

~ 0.90 fy 90 
~ 9.92 fy 96 
~ 9 . 95 fy 79 
~ fy 54 

2.2. Stress after tightening by the torque method 

Based on calibration tests in laboratory, the stress after 
tightening by the torque method would be 639 MPa (0.1 fy). The 
mean of the plotted value~ on the diagrams (X), the! r 
coefficient of variation (V • Xis) and the relative range (w/X) 
are given on table 2. The dispersion is clearly shown on 
figure 3. It is also possible to compare on table 2, the value 
of k determined in laboratory and the value deduced from the 
curve Fv • !(Mo). 

Table 2 : AXial stresses after tightening by the torque method 

connection X V W/X k 1 ab x • .J.. t_ 

n· (MPa) 

1 644 0.979 0.17 0.961 0.067 
2 691 9.969 9.19 0 . 055 0.064 
3 659 0.ll2 0 . 33 - o .ll2 
4 455 0.182 0.48 0 . 073 0.194 
5 625 0.335 0.91 0 . 982 0.260 
6 684 9.973 9 . 31 0.087 0.071 
7 792 0.091 0 . 35 0 . 131 0.092 
8 634 9.958 9 . 29 0.999 0 . 957 
9 551 0 . 089 9 . 23 0.064 0 . 092 

10 604 9 . 104 0 . 27 0.985 0 . 105 
II 596 - 9.12 0 .982 -
12 545 0.075 0.19 0.873 0 .0 79 

sa , of the values are not ac~pteblel they are lower than the 
theoretical stress. 
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The differences bet~een the 
mean values are mainly·' 
influenced by the diameter of 
the bolts : if the diameter is 
larger, the stress is lower. 
They also depend on the ratio 
diEt where d is the bolt 
diameter and Et the total 
thickness of the assembled 
plates. The stress is directly 
proportional to this ratio. 

-
I II 
I , It II - II II' I i ': II -- III I I i iI i I 

- lild Iii il!1 

II !IIII 
I !I I I' I I, 

• I I HI I " ~ ,. \I 

Figure 3 : Dispersion 
of the axial stress 
after tightening by the 
torque method. 

2.3. stress after tightening by the combined method 

The combined method considered is 

0 . 75 M.. + a.-

where M. is the theoretical torque: M.. - k d O.B t y A. and a.
is given in table 3 in regards with the total thickness at the 
plates (Et) . 

Table 3 : Values of a.- (degrees) 

Final stress tt S 2d 2d < tt < 6d 6d S 2t S 

0.7 fy 50' 60' 90' 
O. B fy 60 ' 90' 120' 

With this method, 
reaching at least 
several reasons : 

it is usual to prestress the 
the value 9 .8 t y in the stress 

- economical considerations; 
- no risk of loosing; 
- a very smaller loosing dispersion of the preload. 

Bd 

bolt until 
area, tor 

Theoretically , the minimum is thus 720 MPa; it can be compared 
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with the values obtained in site and given in table 4. 

This table gives also (when it is possible) the value of Q. 

which is a "security angle", because it is not allowed, during 
the tightening, to reach the maximum of the curve a - tea) and 
usually, a "security" of 30 degrees is required. 

The dispersions of the stresses in each connection are 
il lustrated on figure 4. 

Tabl e 4 : Axial stress after 
tightening by the combined 
method 

1,, -, , 
_I -I 
" OI!U:.!L 
I ..... .1 I : ' 

Con. i( V w/i( Q. -'n' (MPa) 

1 787 
2 852 
3 748 
6 95 8 
7 913 
8 879 
9 78 9 

19 93 4 
11 8 76 
12 990 

( . ) 
0 . 938 0.09 -
0.052 0.15 -
0.114 0.31 132 
0 . 948 9.20 180 
9.022 9.98 144 
9.955 0.21 164 
9 . 980 9.19 133 
9 . 126 0.28 -

- 0.01 216 
9 . 023 0.05 -

- t I' . ~, 

, 
I - ,;:". III 

" ..... ,. ....... -- 1'1 IrT _f-I ---~ 
-IJ--__ ~ 

I 
I I ... t ' ". 

Fi~re 4: Dispersion of the 
aXlal stress after tightening 
by the combined method . 

3. CONCLUSIONS ABOUT TESTS ON SITB 

3.1. Torque Method 

It is remarkable that the values of k are very different on 
ait. than those determined in laboratory. The main reason is 

the alteration of the lubricant due to the time and 
c~~~!~~~"s of stocking . But the value of this coefficient 
, u~n the gap betveen the plates , on the rapidity 

t i ghtenlng and as it is calculated by means of the 
Ma, it is also influenced by the position of the tool. 

cons iderations Are 
2 : the dispersion 

ptoved by the values 9iven in 
of the stresses correspondlng to a 
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connection is not much larger than the dispersion of the values 
determined in laboratory. On th~ - other hand, the mean values 
are very different from one connection to another and from 
laboratory to site. 

In all cases this method is dangerous because 50 , of the bolts 
have not the minimum preload. 

3.2. Combined Method 

This method gives much better results : if we consider the mean 
values, the required preload is always obtained and the reserve 
of rotation is sufficient. But this conclusion is only valid if 
the value of k is known for each lot of bolts; a uniform value 
of k is not acceptable. And even in this case, all the 
individual results are not correct: 3 , of the bolts have not 
the required preload and 5 , of them do not present a 
sufficient security of rotation. 

If the required preload was limited to 
0.75 M.+60· would be satisfying for all 
conditions, the dispersion of the preload 
using this preload is not economical. 

3.3. General Remarks 

G.7 fy A., the method 
bolts, but in these 
is much larger, and 

For both methods, to know the accurate value of k is important. 
Using the torque method, it can considerably reduce the 
dispersion of the preload (without eliminating the influence of 
the site conditions), and with the combined method, it is 
necessary to be sure to reach the required preload. It is also 
necessary to control the value of the reserve of rotation (ar ) 

to avoid important damages and consequently the relaxation and 
the loose of preload. 

4. CONDITIONS OF ACCEPTANCE 

4.1. General Considerations 

As mentioned above, acceptance controls must be executed on 
each lot of bolts. Even the geometrical characteristics and the 
mechanical properties must be checked if they are not 
guaranteed by a quality control system from the manufacturer. 

But all the rules to control these factors are based on 
statistical considerations and they need a large number of 
values; they are only valid for a quality control system. For 
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the acceptance of a lot with a small ~pulation, it is 
necessary to define other rules [2], [3J Wh1Ch can be resumed 
II. follow. 

4.2. Definition of II lot 

A normal l o t of bolts contains only bolts of one diameter, of 
one property class and from one manufacturer, but it may 
cont ain material from several cast numbers (with an upper limit 
of 6). If such a lot is presented for inspection , bolts from 
each cast number must be clearly indicated . 

A restricted lot of bolts contains bolts from one production 
unit only. 

A lot of nuts or washers contains items from one production 
unit only. 

Depending on the tightening method, two different definitions 
of lots of fasteners are used : 

a ) for fasteners tightened by direct tension or by turn-of-nut 
method, a lot of fasteners comprises bolts from one normal 
lot only, but may include nuts and washers from several 
lots . 

b ) for fasteners tightened 
combined method, II lot 
normal lot of bolts, one 

by the controlled torque or by the 
of fasteners comprises on l y one • 

lot of nuts and one lot of washers. 

4.3. Dimens i onal and mechanical characteristics 

The required values for these factors are given in ISO 892/2 
s t andard ( 4 )[5) . The test programmes with the corresponding AQL 
values are proposed in detail in references (2) and (3). 

4.4 . Addi t i onal controls f or fasteners t o be tightened by the 
torque or c ombined method. 

The feasibility of tightening the fasteners by one of these 
methods has to be verified . 
The suitability of the fastener for a 
me thod is determined by a tightening 
variables : M. , OtA. and Q. 

particular tightening 
test, measuring the 

For both tightening methods the 
have to be fulfilled 

following acceptance criteria 

1) the ratio OtA . /M. has to be constant between etA. - 0 . 4 fy 
and 6.8 fy for each individual fastener. The graph 
OtAo - f(~) has to be lin~ar (± 5 \) between these limits. 

2) the mean k has to be 5 0.14 
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3) the coefficient of variation Vk has to be S 0.98 . -. 
For the combined tightening method, the following additional 
criteria have to be fulfilled : 
4) the 0tA. value obtained after actual tightening has to 

be ~ 0.8 fy. 
5) the reserve angle ar has to be ~ 30· . 

In some cases, the results may be im~roved by elimination of 
one (and only one) outlying result . Th1s ~rocedure is permitted 
because tests carried out on many suppl~es have revealed that 
the distribution of the k values is almost always normal : the 
elimination of the one outly ing value restores the normal 
distribution . 

The sampling plans proposed are given in reference [3J. 

5 . GENRRAL CONCLUS I ONS 

The combined method of tightening is very satisfying; it gives 
a good security and economical connections . To be absolutely 
sure and to give a fully guarantee of the preload for a long 
time, the characteristics of the bolts must be checked by the 
quality control service of the manufactUrer or by acceptance 
tests . In any case, tightening tests must be carried out • 
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USE OF SNUG-TIGHTENED BOLTS 

IN END-PLATE CONNECTIONS 

Thomas M. Murray 1 

Donald P. Kline2 

Kamal B. ROjian;3 

Abstract 

The resu~s of an experimental investigation on the behavior of snug-tight bo~s In 
moment end-plate connections are presented. Eleven specimens representing SIX 
different end'plate conflQurations were tested. Cyclic loading represented expected 
wind loads in the range of 33% to 100% of the connection allowable stress design 
moment. Ten specimans were tested using a loading sequence considered to be 
representative of a s~e subjected to severe wind loading. One specimen was tested ~h 
• loading commensurate to a worst case wind loading scenario. After cyclic loading was 
~pleted , each specimen was statically loaded to failure. All specimens survived the 
cyclic loading without bo~ loosening or rupture. Eillht of the eleven specimens provided 
capa~ies which were consistent with strength predIctions. 

1. INTRODUCTION 

Moment end-plate connections are frequently used in gable frame metal bUIldings. 
Metal building manufacturers prefer this type of connection for use in beam-to-beam or 
In beam-to-column connections. Bo~ed end-plate connections are preferred for their 
excellent rotational restraint characteristics and because they require no field welding. 

In current practice, bo~s in end-plate moment connections are required to be 
pretensioned to approximately 70 percent of the bo~ tensile strength. The American 
Inst~e of Steel ConstructIon (AISC) and the Research Council on Structural 
Connections (RCSC) have approved three mathods for tightening ~s: tum of nut, 
calibrated wrench, and tightening by use of a direct tension indicator (AISC, 1989; 
RCSC, 1985). Each of these mathocls requires special tools, considerable effort on the 

1 Montague-Betts Professor of Structural Steel Design, the Chartes E. Via Department of 
Civil Engineering, Virginia Polytechnic Inst~ute and State University, Blacksburg, 
Wginia, 24061, USA. 

2project Engineer, VSlCorporation, Springfield, VA 22150, USA. 

3Associate Professor, the Charles E. Via Department of Civil Engineering, Virginia 
Polytechnic Inst~ute and State Univers~, Blacksburg, Virginia, 24061 . USA . 
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Figure 1. Tension Zone in a Moment End-Plate Connection 

part of the iron worker, and careful inspection_ Considerable savings could be effected 
during erection n the requirement for bolt tensioning were relaxed for some applications. 

A snug tight condition is defined by RCSC as "the tightness that exists when all plies in a 
joint are in firm contact. This may be attained by a few impacts of an impact wrench or 
the full effort of a man using an ordinary spud wrench' . There are primarily two concerns 
with the use of snug-tightened bolts: (1) the effect of repeated environmental loadings 
on the performance of the tension bo~s , and (2) the possible loss of connection stiffness 
due to the lack of full tightening_ The emphasis of this paper is on the former topic_ 

Justification for bo~ tensioning is well established. When a moment end-plate 
connection is loaded, the bolts near the tension flange of the beam are in axial tension as 
indicated in Figure 1_ If the bolts are preloaded, then ideally the bo~ stress remains 
constant through at least a variation in applied moment below the design moment for the 
connection. With snug-tightened bolts, the force in the tension bo~s changes as the 
applied moment varies. The increase in bolt tension below the deSign moment is the 
primary concern with snug-tightened bolts in moment end-plate connections. Snug
tightened bolts must endure larger stress variations than pretensioned bolts, which could 
lead to premature strength degradation. 

The static behavior of moment end-plate connections has been studied thoroughly 
(Murray, 1988). Chasten et al (1989) have studied the behavior of snug-tightened bolts 
in large capacity moment end-plate connections. Research on cyclic loads applied to 
moment end-plate connections has been very limited. Several studies have been 
conducted to evaluate the behavior of bolted connections in severe seismiC 
environments, in which the connection is strained well beyond yield (Dicorso, et ai, 1989; 
Tsai and Popov, 1989). 

A study conducted by the authors is the only known work available on snug-tightened 
bo~s subjected to cyclic loading (Kline, Rojiani and Murray, 1989). In this investigation, 
wind loads were considered to be the dominant contributor to life-time loading on a 
building. A test loadinf/ sequence was established based on statistics of wind speeds In 
the United States_ Since ~ is known that the wind loading distribution on low-nse 
buildings is she dependent, the test loading was intended to be representative of the 
more severe wind loading locations. The experimental part of the study included tests of 
eleven full scale end-plate connections representing six different configurations. The six 
end-plate configurations are shown in Figure 2. ASTM A325 bolts were used exclusively_ 
The following sections summarize the results of the authors' study_ 
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(e) Two-Bolt Unstiffened (b) Four-Bolt Unstiffened (c) Unstiffened (4 Botts) 

) 
(d) Stiffened (4 Botts) (e) Muttiple Row Extended 

Figure 2. End-Plate Configurations Used in Study 

2. WIND LOADING ANALYSIS 

predominate cause of non-seismic cyclic loading of moment end-plate connections 
... ~~~~~~~ buildings is wind. Obviously, snow loads can be large; however, the total 
i'I of snow loading cycles is small compared to the total number of wind loadiny 

Temperature loads are insignificant. 

A procedure to determine the mean wind speed magnitudes and the corresponding 
frequencies over the 50 year life of a low-rise building, and to eSlablish a test loading 
sequence for moment end-plate connections in low-rise buildings is: 

1. Find extreme value distributions of maximum annual wind speed at a set of saes. 

2. Determine wind speeds, VD, corresponding to retum periods, n, ranging from 2 
years to 50 years at each srte. 

3. 

4. 

5. 

For the selected sites, compute the ratio of Vn to V50 and the mean and standard 
deviation of this ratio. From this data, establish storm magnitudes for selected 
return periods. 

Determine the expected number of wind gusts in a storm and the distribution of 
these gusts relative to the mean wind speed. The number of cycles for selected 
wind speed and wind loading increments versus return periods is then 
determined. 

Evaluate the effects of wind direction at an average site, realizinQ that only wind 
loading components in the plane of the resisting rig id frame are of Interest. 

Establish a test loading sequence in terms of applied moment as a function of 
design moment capacity of the connection. 

-, 
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Tabl/l1 
Total Wind Loading Distribution 

M/Mdesign M/Mdesign TestCydes 

0.92 -1.0 1.0 18 
0.85 - 0.92 
0.78 - 0.85 0.85 294 
0.71 - 0.78 
0.65 - 0.71 
0.59 - 0.65 0.65 1492 
0.53 -0.59 
0.48 -0.53 
0.43-0.48 0.48 6306 
0.38 -0.43 
0.33 -0.38 

Total Cydes 8110 

Table 1 is the resu~ of the above for 100 selected s~es in the Un~ed States. In Table 1, 
Mdesian is equal to 1.33 times the connection working moment to account for the 
allowallle stress increase in the AISC Specification (AISC, 1989a). The four loading 
ratios given in the second column of Table 1 were selected to simplify the physical 
tesling. The minimum loading ratio cut-off was arb~rarily selected to be 33 percent of the 
design loading. One-eight of the total cydes at a s~e were used to account for the effect 
of wind direction. 

3. EVALUATION USING CYCLIC LOADING 

To evaluate the performance of snug·tightened botts in moment end-plate connections, 
eleven tests, two for each of the configurations shown in Figure 2, except the mu~i ple 
row extended configuration, were conducted. One test was conducted for this 
configuration. 

The test setup consisted of two equal length beam sections and two point loading, 
resu~i"9 in pure moment at the connection plates. A dosed·loop, serve-controlled 
hydrauhc system was used to apply the cydic loadin\! sequence of Table 1. The mu~iple 
row extended configuration was subjected to ten times the number of cycles shown. 
Eight of the specimens were tested In a high·te-Iow load sequence and the remaining 
three in a low-te-high load sequence. A sinusoidal wave form was used to generate the 
cyclic loading. After all cyclic loading was complete, the specimens were statically 
loaded to failure. 

Instrumented botts, one per bo~ row at the tension flange, were used to mon~or bolt 
strains resu~ing from the applied load. The bolts were instrumented by installing a strain 
gage into a small hole which had previously been drilled through the bo~ head and into 
the unthreaded portion of the bo~ shank. (The material removed was less than the 
difference between the gross and tensile areas of the bo~ shank.) After installation of the 
strain (lage, the bolts were calibrated using a universal testing machine to obtain a 
calibration factor for calculating bo~ force. 
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Table 2 
Initial Bott Tension 

Test 
Specimen 

2-Bott Flush 
2-Bott Flush 
4-Bott Flush 
4-Bott Flush 
4-Bott Extended 
4-Bott Extended 
4-Bott Extended 
4-Bott Extended 
4-Bott Extended, Stiffened 
4-Bott Extended, Stiffened 
Muttiple Row Extended 

Pretension 
Inside Bott 1 

(kips) 

18.0 
14.7 
18.0 
10.1 
IS.1 
5.9 

13.1 
11 .9 
14.0 
15.1 
S.1 
4.9 

Pretension 
Outside Bott2 

(kips 

14.7 
11 .0 
11 .0 
11 .9 
13.7 

7.S 
7.5 

12.4 
8.0 
7.7 

1 Inside Bott is nearest to beam neutral axis. 20utside Bott 
is farthest from beam neutral axis. 

For each specimen, the botts were tightened prior to testing using an ordinary spud 
wrench. During this procedure, the instrumented botts were connected to a data 
acquis~ion system SO that the exact bott pretenSion could be recorded. Bott pretenSion 
levels were not predetermined. The botts were tightened by the full effort of a man with a 
spud wrench; no extraordinary effort was expended. Table 2 shows the pretenSion 
forces for all instrumented botts. 

A large variabil~ in bolt pretension levels is evident in Table 2. This variability is likely 
due to the loosening of some botts as others are tightened. The bott pretension as a 
percentage of the AISC specified pretension level is directly related to bott diameter. On 
average the 5/8 in. diameter botts were pretensioned to 89 percent, the 5/ 8 in. diameter 
botts were pretension to 89 percent, the 3/4 in. diameter botts to 37 percent; and, the 
1 in. diameter botts to 25 percent of the full pretension values listed in the appropriate 
specifications (AISC, 1978; RCSC, 1985). 

Typically, the residual bolt forces decreased as the number of loading cycles increased. 
Figure 3 is a plot of residual bott force versus number of load cycles for a typical test. 
The data points are plotted on a semi-log scale to emphasize the settling effect of the 
residual bott forces. The residual bott forces decreased rapidly during the first few 
loading cycles and asymptotically approached a lower bound. Even though there was a 
general decrease of bott clamping force as the cyclic loading progressed, no bott in any 
of the eleven test specimens ruptured or became loose, including those in the test in 
which 80,000 cycles were applied. 
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Rgure 3. Residual Bo~ Force versus Number of Load Cydes, Typical Resu~s 

4. STRENGTH EVALUATION 

Ultimate moment capacities for the end-plates were calculated using the methods for 
statical loading summarized in Murray (1988). The so-called "modified Kennedy method" 
(Schouji, Kukreti and Murray, 1983) was used to predict bolt forces, including prying 
forces, for all of the end-plate configurations except the four-bolt, extended, unstiffened 
configuration. Prying force effects for this configuration were not considered. 

Bo~ force limit state resu~ are summarized in Table 3. "Predicted moment at bo~ 
proor, listed in the second column, is the predicted moment at which the bok stresses 
are at their tensile strength levels. The actual measured bolt tensile strength levels were 
used to determine these values. The "maximum applied moment" shown in Table 3 is 
the maximum moment prior to bok rupture, or in four cases, the maximum appfied 
moment prior to test beam failure that was applied in the final static test to failure. 

The ratio MUb/ Mu in Table 3 gives a comparison of the predicted and experimental 
moment capacities based on the bo~ force limil state. Also shown in Table 3 IS the ratio 
of the experimentally determined end-plate yield moment, Mv, to the maximum applied 
moment, Mu, for the nine tests in which end-plate yielding INas observed. In ali nine 
tests, this ratio is less than the ratio of the predicted moment at bo~ proof load-to
maximum applied moment, MublMu, which Indicates that bo~ stren!ith was not the 
controlling limit state for these tests. Yielding of the end-plate material at a moment 
below the predicted moment at the bok proof load resuks in increased boit force. 
Therefore, it is not unexpected that the maximum applied moment for these tests did not 
exceed the predicted moment required to cause a bok force equal to the bolt proof load. 
Consequently, the bok strength performance observed in these tests is judged to be 
satisfactory. 
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Table 3 
Bo~ Um~ State Resu~s 

Measured Predicted Maximum 
Bo~Tensile Moment at Applied 

Stress, Bo~ Prool, Moment, 
My1 / Mu Test Fyb Mub Mu Mub/ Mu 

Specimen (ksi) (1<-11) (k-II) 

2-Bo~ Flush 107.6 68.4 75.6 0.90 0.75 
2-Bo~ Flush 115.5 104.2 68.4 1.18 0.68 
4-Bo~ Flush 107.6 93.0 113.6

2 
0.81 0.80 

4-Bo~ Flush 115.5 139.0 112.8 1.23 0.62 
4-B~ Extended 111.4 287.2 227.2 1.26 0.97 
4-Bo~ Extended 111 .4 287.2 230.7 1.24 
4-Bo~ Extended 102.5 263.2 237.7 1.11 0.82 
4-Bolt Extended 116.2 298.3 265.0 1.13 
4-Bo~ Extended 

468.02 Stiffened 112.0 404.0 0.66 0.66 
4-Bo~ Extended 

482.72 Stiffened 118.1 476.0 0.99 0.89 
Mu~iple Row 

Extended 115.5 405.0 467.62 0.87 0.71 

1 My is the experimental end-plate capac~ . 2Test beam lailed by flange local buckling. 

In the two remaining tests, end-plate yielding was not observed prior to bolt rupture. The 
corresponding Mub/Mu ratios are 1.24 and 1.13, meaning that the maximum applied 
moments lor the two tests were 80.3% and 66.8% 01 the predicted bo~ prool load 
moments. These lour bo~ extended, unstiffened end'plate connections were designed 
using the procedure in the 9th edition AISC Manual 01 Steel Construction (AISC, 1989). 
This procedure does not account lor possible prying action lorces, as does the 
procedure used lor the other configurations. 

5. USE OF SNUG-TIGHTENED BOLTS 

From the study reported, snug-tightened bolts in moment end·plate connections are not 
susceptable to premature lailure when subjected to cyclic wind loadin!) lor a 50 year 
building lile. Further, the unimate strength 01 moment end-plate connections with snug
tightened bo~s can be predicted using methods developed lor similar fully tightened 
connections ij prying lorces are considered. Thus, snug-tightened bo~s can be used In 
moment end-plate connections ij a proper design procedure is used. However, moment 
end-plate connections with snug-tightened bolts, pending lurther study, are not 
recommended lor other than low-rise buildings, buildings subject to crane loads or 
buildings in areas where seismic loads control the design . 

. , 
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STRENGTH AND DEFORMATION CAPACITY OF FILLET WELDS IN Fe E 460 

A.M. Gresnigt' 

Abstract 

In order to extend the scope of Eurocode No. 3 to include also Fe E 460, a 
European research programme was carried out. In the framework of this, tests on 
lap joints and T-joints were executed at TNO. In this paper, the test set up and the 
test resuHs are summarized. Also the main resuHs of the statistical evaluation are 
given. Finally some preliminary resuHs of finite element calculation are presented. 

1. INTRODUCTION 

As a resuH of the improvement of the mechanical properties and weldability of 
modern high strength steels and furthermore the availability of improved welding 
consumables and welding processes, there is a growing number of applications 
where high strength steels (HSS, with a yield stress above 355 Nlmm') may lead to 
economical advantages above "normal" steels. Examples are large and tall build
ings, bridges, offshore structures, cranes, vehicles. 
For the application of HSS guidelines and codes for the design, calculation and 
fabrication are necessary. In many countries the absence of these guidelines and 
codes is a drawiback for the app~cation of HSS. 
In Eurocode No. 3 (April 1990) the applicability of the rules is limijed to steel 
grades up to and including Fe E 355. In order to extend the scope to Fe E 460, a 
research programme was established to collect the available knowledge and to 
identity additional research needs. Tests on boHed and welded connections ap
peared necessary. The tests on boHed connections were carried out at the Tech
nical University in Braunschweig (Germany) and at Imperial College in London 
(UK). 
The tests on welded connections were carried out al INSA in Rennes (France) and 
at TNO in Delft (The Netherlands). The research was coordinated by the RWTH in 
Aachen (Germany). 

'Senior lecturer, Delft University of Technology, FacuHy of Civil Engineering, P.O. 
Box 5048, 2600 GA Delft, The Netherlands 



The evaluation of the test resu~s was also carried out by RWTH (Background 
documentation 1990). 
The research has resu~ed in a preliminary draft of Annex D of Eurocode No 3: The 
use of steel grade Fe E 460 (January 1991). 
In this paper a summary of the tests on fillet welded joints at TNO is presented, 
together wilh some preliminary resuns of finite element calculations on lap jOints, 
carried out at the Delft University of Technology. 

2. TEST SPECIMENS 

2.1 Parent material 

The specimens were fabricated from Fe E 460 TM plates provided by Artled 
Luxembourg. These plates were taken out of the flanges and webs of rolled H- and 
I-sections. Table 1 gives an average of the chemical composition. Table 2 gives 
results of tensile coupon tests. 

C 0.15 
Mn 0.54 
P 0.023 
S 0.011 

Si 0.28 
Mi 0.06 
AI 0.04 
Cu 0.07 

Cr 0.05 
Mo 
V 0.07 
Nb 0.04 

Table 1. Average chemical composition of the parent material 

Plate f (N/mm') f. (Nlmm') e. ("!o) 

HE 200 A web 482 (33) 592 (22) 24 (2) 
HE 200 A flange 506 (34) 616 (25) 26 (2) 
HE 400 M web 490 (20) 713 (17) 25 (2) 
HE 400 M flange 491 (19) 685 (23) 31 (4) 
HE 500 B web 541 ( 9) 730 (10) 29 (3) 
HE 500 B flange 493 (23) 741 (23) 31 (7) 
IPE 360 flange 453 ( 5) 574 ( 2) 41 (1 ) 

Table 2. Mean values and standard deviations of tensile coupon 
resuns. The standard deviations are given between ( ) . 

. , 

test 
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2.2 Welding processes and welding consurnables. 

Most test specimens were welded using the Smitweld Conarc 60 G electrode. 
Some of the specimens were welded using the Smitweld Kardo electrode or the 
Philips PZ 6030 wire (15% CO, and 85% Argon). The specified and measured 
mechanical properties are given in table 3. 

Welding f, (Nlmm') f, (Nlmm') e. (%) 
consumable spec pure par spec pure par spec pure par 

Conarc 60 G 550 549 687 620 656 753 22 26 24 
Kardo 420 396 444 470 478 511 26 30 32 
PZ 6030 430 411 534 520 540 633 22 31 29 

Table 3. Specified and measured mechanical properties of the welding con
sumables. The coupons were taken from pure weld metal according to 
ISO 2560-1973 ("pure") and from dp 5 specimens out of a fillet weld in 
Fe E 460 parent material ("par"). 

The Conarc 60 G and Kardo electrodes were vacuum packed. The hydrogen con· 
tent was specified to be below 3 mV100 g. Considering the steel and the low 
hydrogen content, it was decided not to preheat the specimens, nor a post weld 
heat treatment was applied. 
As can be seen from the tables 2 and 3, the Kardo electrode was undermatched. 
In fact, this electrode is a so called buttering electrode. 
The idea to choose this electrode for a limited number of specimens is that an 
undermatching electrode may resutt in a better toughness, while the lower strength 
may be compensated for by a thicker (fillet) weld (Treiberg 1991). 

2.3 Test specimens 

The shapes of the test specimens ara showed in figure 1. See also the photo· 
graphs in figure 6. 
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Figura 1. Shapes of the test specimens. 
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The main plate thicknesses were 10 mm, 28 mm and 40 mm. The total number of 
I8Sts was 96. In most test specimens the weld thickness was designed such that 
rupture of the weld occurred before yielding of the plates. Eight lap Joints were 
designed such that the plates would yield before rupture of the welds. In the lap 
joints, the following combinations were tested: 
- length side weld 1 length transverse weld : 45180; 55155; 80/40 (mm) 
- throat thickness side weld 1 throat thickness transverse weld : 0,5 ; 1,0 ; 2,0. 

3. TEST RESULTS 

3.1 Test rig and measurements 

The smaller test specimens were tested In a 1000 kN Amsler tensile machine, 
while for the bigger specimens a 10.000 kN test rig was necessary. During testing , 
the loads and the displacements in the welded connections were measured, see 
lIgure 2. 

T, T, 

T, 

T, 
cov.r pIa'. 

tension ptotf 

Figure 2 Electric transducers T" T" T" T., Ts. The measuring length of most 
specimens was 110 mm. The cross section of each cover plate was 0.5 
times the cross section of the tension plate. 

3.2 Test resulls 

From every lest specimen the followig data were recorded: 
- Dimensions of plates and welds before the test; 
- Dimensions and orientation of the rupture surface; 
• Load-dispiacement diagram. 

In figures 3, 4 and 5 the rupture surfaces and load displacement diagrams are 
given for a number of specimens. The dimensions and data about the welding 
consumables are given in table 4. 
Some photographs of the test specimens are given In figure 6 . 

. , 
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Figure 3 Measured rupture surfaces for test specimens 1.17, 1.32, 1.35 and 1.36. 
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Figure 4: Load displacement diagram for test speCimens 1.17 and 1.32. 
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Figure 5: Load displacement diagrams for specimens 1.35 and 1.36. 
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Failure Plate Weld length Throat Welding 
load thlck- side end side end consumable 

(mm) (mm) 

55 55 7.5 7.3 Conarc 60 G 
40 80 10.1 9.3 Conarc 60 G 

40 40 80 7.5 7.4 Filarc PZ 6030 
40 40 80 7.1 11.2 Kardo 

Failure load, dimensions and welding consumables of some test speci
mens. The throat thickness data are the mean values of the measure
ments at 8 respectively 4 sections of the side and the end fillet. 
The u~imate strength of the 28 mm plate was 702 Nlmm' and of the 

725 N/mm'. 

Figure 6: Some of the test specimens 

Statistical evaluation 

statistical evaluation was carried out by the RWTH Aachen (Background 
.~::I~;:~ 0.03, 1990). The evaluations were based on the two methods of 
I No 3: the mean stress method and the stress component method. From 

evaiuations, B _ 1.0 was proposed for Fe E 460. For Fe E 235 and Fe E 355 
Eurocode No 3 gives B - 0.8 and 0.9 respectively. 

figure 7 shows that also for Fe E 460, the stress component method gives the 
resutts (Gresnigt, 1990). 

figure 8 gives an impression of the influence of the welding consumables . 

. , 



• - -i- L - ,-----------

• 
~r_~~------------------

os 

n II o 

.. 
<0 

~e_i-~------------------

... 
O·~o~~,~L-+-~~.~~~~~~~ 

n II o 
Figure 7 Sensitivity plots for various weld configurations: left the stress component 
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Figure 8. Influence of welding consumables. 

3.4 Concluding remarks 

From figure 8 it appears that the undermatching electrode Kardo is not suitable 
for application when the rules of Eurocode No 3 are applied. Therefore, in 
Eurocode No 3 it is stated that the welding consumables must be at least mat
ching. In the rules of Eurocode No 3 the u~imate strength of the parent metal 
is taken into account directly. The difference between the u~imate strength of 
the parent material and the weld material is accounted for by the B-value 
(Gresnigt, t 990). In the Swedish rules, the average of the strength of both 
materials is taken as the basis for the calculation of the design strength 
(Treiberg, 1991). Especially for high strength steels this seems important. 
Application of the Swedish rules to the present test series gives less scatter. 
The test resutts indicate that the more ductile Kardo electrode does not give a 
better deformation capacity. The reason for this is probably that in an under
matched situation the strains mainly occur in the weld material, while in an 
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ov.nnatched situation the strains mainly occur In the adjacent plate material. 
So, the advantage of a more ductile weld material could not be proven in these 
1IIIs. 
Soma test specimens failed with very little delormation, leading also to low 
fIIIklre loads. The present test specimens had a rather short weld length. It is 
wit known that a longer weld gives rise to a more uneven strain distribution. 
The question arises whether the rules of Eurocode No 3 regarding the strength 
of "long welds" are also applicable for Fe E 460. It Is fen that more research is 
necessary. 

4. ANITE ELEMENT CALCULATIONS 

To evaluate the test resuns further and to obtain more insight in the Influence of the 
various parameters on the strength and deformation capacity of filiet welded 
connections In high strength steels, finite element calculations are carried out at the 
Delft University of Technology. More in particular the research Is concentrated on 
the Influence of the following parameters: 
• weld length, 
• weld thickness compared to plate thickness, 
• matching, overmatching, undermatching weld material and toughness properties, 
on the: 
• strain distribution, 
• deformation capacity and 
• strength 
of fillet welded connections. 

4.2 Calculations 

At present, calculations are completed for the geometry of test specimen 1.17. 
Figure 9 gives the used finite element model. The element type is a solid element 
with 20 nodes. The computer programme is MARC. 

line bbb 

Figure 9. Finite element mesh ., 
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Figure 10 gives the applied stress strain relationships for the matching, the 
undermatchlng and the overmatching s1tuatlQr\. 
Figure 11 gives strain distributions for the side filiet and for the end filiet weld. The 
"rupture line" indicates where the largest strains occur. These lines are In accor
dance with the test resu~s in figure 3. 
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Figure 10. Stress-strain relationship in the finite element calculations and strain 
distribution along the side filiet weld on the edge between the fi liet 
and the parent material 4.5 mm from the root. Point 6 is the point 
where the tension plate ends; point S is the point where the cover 
plate ends. The lines are given for various load levels. 
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Figure 11 . Von Mises strain distributions in the side filiet weld and In the end fillet 
weld (matching case). 
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, calculations have been carried out for undermatched, matched and overmat
weld material. In all thrae cases the dimensions are kept the same. From the 

up till now, the following conclusions may be drawn . 

• The undermalchlng conditions gives the highest strains In the weld, while the 
overmatching condition causes the highest strains in the adjacant parent 
material. 

• Generally, an undermatching weld material has a better ductility. However, this 
ductility Is (partly) necessary to accommodate for the higher strains In under
matched weld material. 

- Further calculations are necessary to investigate the inlluence of the parame
ters mentioned before. 

5. CONCLUSIONS 

The conclusions regarding the test resuHs are given in section 3.4 of this paper. 
Those regarding the finite element calculations are given in section 4.3. 
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INFLUENCE OF BASE AND WELD METAL STRENGTH ON THE STRENGTH OF 
WELDS 

Tom Treiberg 1 

Abstract 

The strength of statically loaded welds is strongly influenced by the strength of the 
base material and the strength of the deposited weld metal. In national design codes 
both these variables are usually not taken into account explicitly in the design formu
las. This paper presents some tests which indicate that the design strength for welds 
can be based on a mean value of the strength of the parent material and the weld 
metal, provided the difference is not too great. This approach ::.\ems to be safe for 
steel grades with ultimate tensile strengths up to albout 800 N/mm , ~ a reduction fac
tor of 0.9 on the mean value is applied. 

1, INTRODUCTION 

The strength of statically loaded welds depends on different factors of which the 
strength of the base material and the strength of the weld metal have the stroogest in
nuence. For extra high strength steel, the heat input from welding is also a very im
portant varialble. 

Extensive research has been carried out around the world in the field of weld 
strength, in particular regarding calculation models, failure criterias etc. However, few 
investigations are made on the inftuence of weld metal strength on the strength of 
welds, albove ali where the actual strength 01 the welding consumables are measur
ed. 

1 M. Sc. Civ. Eng ., Swedish Institute of Steel Construction, 
Drollning Ktistinas vag 48, 5-114 2S Stockholm, Sweden 



47 

2. NATIONAL REGULATIONS 

There is a big difference between various national codes with respect to calculation of 
the design weld strength. In the American Load and Resistance Factor Design Speci
fication (19B6) the strength of welds is govemed by the strength of e~her the base 
material or the deposited weld metal. In some cases. undermatching weld metal is 
not allowed. The Canadian Standard for Um~ States Design of Steel Structures 
(19B9) has similar rules. Both these regulations are valid also for standardized extra 
high strength steel. 

In Eurocode 3 (1989), a modification of the p-formula is adopted for fillet welds. The 
p-formula was originally presented by the International Institute of Welding (IIW. Com
mission XV, 1976). Eurocode 3 expresses the design resistance of the fillet weld as 

fvw = fu/ -./'J 
PWYMw 

where 
fvw ~ the design shear strength of the weld 
fu = the nominal u~imate tensile strength of the weaker part Joined 
}'Mw=1 .25 
pw = correlation factor according to Table 1 

{1} 

The weld metal shall be compatible ~h the parent metal in terms of mechanical pro
perties. Therefore, the design resistance of a full penetration butt weld may be taken 
equal to the design resistance of the base material. 

The design rules in Eurocode 3 (1989) arr applicable for steel grades with nominal ul· 
timate tensile strengths up to 510 N/mm . At present, work is in progress extending 
Eurocode 3 to include also steel grades wah higher st~ength values. In the first step 
Fe E 460, with an u~imate tensile strength of 580 N/mm , is likely to be included. 

For common steel grades, the strength of the consumable is normally higher than the 
strength of the parent material. This is implicitly taken into account by the Pw-factor. 
The value of pw is based on a lot of tests, of which the actual electrode strength in 
most cases were never measured . 

• the p-formula shall be extended to include also welds in extra high strength steel, 
several questions arise. What pw-factors can be usad? Can the pw-factor also apply 
to welds made with undermatching electrodes, or must the valid~ of the rule be l im~
ed to connections w~ matching weld metal? For extra high strength steel an under
matching ·soft" welding consumable is preferable in many cases, since ~ decreases 
the risk of cracks in the weld. 

One way to take the weld metal strength into consideration is adopted in the Swedish 
Regulations for Steel Structures (1987) . The weld strength is based on the mean va
ile of the nominal ultimate strengths of the base materi~ and the electrode material, 
provided that the difference is not greater than 300 N/mm . 

'P (fu + fue}12 

1.2 Yn 

• 
(2) 
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where •. 
IWd = the design strength of the weld 
lu = the nominal uttimate tensile strength of the base material 
lue = the nominal uttimate tensile strength of the electrode material 
'" = 0.9 in most cases 
Yn = partial coefficient with respect to safety dass 

The factor", takes into account the reduction of strength partly due to slag inclusions 
and porosity and partly due to high heat input from welding. Tests have shown that 
defects lower the static strength of a welded joint in proportion to the area they occu
py (BiskuP, 1968). The factor '" is nonmally taken as 0.9 but 1.0 may be used for butt 
welds of perfect quality. 

Table 1 shows the value of pw in E~ (1) and the equivalent pw-value derived from Eq. 
(2) above, when fue = 510 N/mm and", - 0.9. The most 51mmon standardized 
electrodes have a nominal uttimate tensile strength of 510 N/mm . 

Table 1. Value of pw in Eq. (1) and equivalent pw-value derived from Eq. (2). 

Steel grade fu (N/mm2) Pw (EC3) pw [Eq. (2)[· 

Fe E 235 360 0.8 0.92 
Fe E 275 430 0.85 1.02 
FeE355 510 0.9 1.11 

• fue = 510 N/mm2 and", = 0.9 

3. TEST RESULTS 

As pointed out before, the influence of the electrode strength on the weld strength is 
not very much investigated. For common steel grades the electrode material is nor
mally at least as strong as the base material. Hence, one can assume that ~ is safe to 
base the weld strength on a mean value of the parent material strength and the weld 
metal strength, since the latter is likely to have the strongest inftuence. In the following 
some test resutts are presented which indicate that the mean value might be an ac
ceptable basis for the design weld strength even with higher steel grades and mode
rately undenmatching electrodes. 

3.1 Butt welded connections 

Figs. 1-3 show the resutts from three test series on statically loaded butt welded con
nections in extra high strength steel. The tests were carried out in the research de
partment of the Swedish steel producer SSAB. 

Each test specimen were made of two steel plates, butt welded together. Steel gra
des with uttimate tensile strengths of 728-1324 N/mm2 were used. The plate thick-
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ness varied between 5 and 16 mm, Welding methods were MMA and MAG, The elec
Irode strength was matching or undermatching the base material, In some cases the 
wekls were machined, in other cases the specimens were tested as welded, 
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FlglXe 1, Ultimate tensile strength of butt welded connections versus the mean value 
of the ultimate tensile strength of the base material and the weld metal 
(Westerberg, 1981) 
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Figure 3. Uttimate tensile strength of butt welded connections versus the mean value 
of the ultimate tensile strength of the base material and the weld metal 
(Bergqvist et aI., 1981) 

In Figs. 1-3 the measured ultimate tensile strength is plotted versus the mean value 
of the uttimate tensile strength of the base material and the weld metal. Two lines, cor
responding to ¢ = 0.9 and ¢ = 1.0 respectively in Eq. (2), are also shown in the dia
gram. Since the actual electrode strength was never measured, the mean value is 
based on the catalogue strength values of the electrodes and actual strength values 
of the base material. Experience has shown that the actual strength of these electro
des are often (}-10 % greater than the catalogue values. This means that the actual 
mean values are likely to be approximately (}-5 % greater. 

The test results in Figs. 1 and 2 show that "the mean value method", wtth a reduction 
factor ¢ of 0.9, is in these cases on the safe side except for one specimen. In many 
tests , the specimens welded with low strength electrodes were as strong as speci
mens welded with matching electrodes. One reason for that is the beneficial effect of 
the triaxial stress state which is formed by the restricted contraction of the narrow 
zone of undermatching strength. 

The tension tests acoording to Fig. 3 were made wtth extremely high strrngth steel, 
welded wtth consumables with an uttimate strength that is 5()(J....8J() N/mm lower than 
the strength of the steel. In these cases aU the test resutts fall below the line of ¢ = 
0.9 in the diagram. It is obvious that traditional weld design rules could not be applied 
for welds wMh these strength parameters of base and weld metal in combination. 

There are many reasons for the big scatter of the test resutts in Figs. 1-3. In order to 
study the influence of heat input from welding, this parameter was varied in combina
tion wtth different types of welding consumables and welding methods. A high heat 
input creates a wider zone of undermatching strength which showed to lower the sta
tic strength of the joint. Also machining of the welds was detrimental for the static 
strength. 
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3.2 Fillet welded connections 

Tests on fillet welded connections in high strength steel have been conducted at Lap
peenranta University in Rnland (Niemi, 1988). Specimens with side fillet welds, end fil
let welds and a combination of side and end fillet welds were tested. 

The steel had a measured unimate tensile strength of 738-759 N/mm2. Welding 
methods were MMA and MAG. The unimate te'1sile strength of the welding consuma
bles were measured to be 739 and 849 N/mm respectively. The throat thickness of 
the fillet welds were nominally 3 mm. 

fw Fillet welds 

-1 ¢8- side welds N/ mm2 tu = 738-753 N/mm2 
fue = 739 and 849 N/mm2 

0 

1100 0 -[b8- end welds 
0 0 

0 I 
1000 8 " ,<>' 
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• 
0 # , ~ <>,9> 

900 , ~ + 

i fu - ultimate tensile strength . , of base material , • fue - ultimate tensile strength 800 
, 

of weld metal 
fw - ultimate tensile strength of weld 

800 900 1000 1100 (fu + fuel 12 
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Rgure 4. Unimate tensile strength of fillet welded connections versus the mean value 
of the unimate tensile strength of the base material and the weld metal 
(Niemi, 1988) 

In Rg. 4. the measured static strength of the weld groups are plotted versus the 
mean value of the ultimate tensile strength of the base material and the weld metal. 
Two lines, corresponding to ¢ = 0.9 and ¢ = 1.0 respectively in Eq. (2), are also 
shown in the diagram. The strength value of the welds has been calculated on the 
basis of measured weld failure surface areas and von Mises equivalent stress formula 
on the throat section (freiberg, 1989). This stress component model is given as an 
anernative design method in Annex M of Eurocode 3 (1989). For specimens with bOth 
side welds and end welds, ~ has been assumed that the load bearing capacity of the 
weld group is the sum of the load bearing capacity of each incflllidual weld. 

In the diagram in Rg. 4 all the test results fall safely abOve the ¢ = 0.9 line. In fact, 
even ¢ - 1.0 is sale with these combinations of base material and weld metal. One 
must bear in mind that only matching eleelrodes are used. Fig. 4 also shows that the 
calculated strength values for end weld specimens are higher than fO( side weld spe-
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cimens. The reasen for this is mainly that1he design model with von Mises equivalent 
stress formula is very conservative for transversely loaded fillet welds. 

4. SUMMARY AND CONCLUSIONS 

The strength of statically loaded welds Is strongly influenced by the strength of the 
base material and the strength of the deposited weld metal. Not many national design 
codes take both these variables into account in the design weld strength formulas. 

Welding in common steel grades is normally done with an electrode material which is 
at least as strong as the base material. Hence, you can assume that it is safe to base 
the weld strength on a mean value of the parent material strength and the weld metal 
strength, since the latter is likely to have the strongest inftuence. This "mean value 
method" can be applied alse for higher steel grades, provided the difference between 
the strength variables is not too great. Tests described above indicate that th~ 
method is safe for steel grades with ultimate tensile strengths up to about 800 N/mm 
rt a reduction factor of 0.9 on the mean value is applied. 

More research is needed, especially on fillet welds made with undermatching welding 
consumables, to get a clear picture of the inftuence of the weld metal strength on the 
strength of welds. 
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weak-u.s beam·lo-column conn.cuons, 1 ... stub COI'Vl8CtION. and top-ancJ.seat· angle connections 

1 Introduction 

Fon:.s on the detail COiillPOi"'. ~ tt'r'M ~ of bMm-to-column oonnec:donIare anaJyzecl empklying a 
MW apptOOdI uor.g • __ analysis __ and -"'type"*'-. Tho key 10 ..... 

procedu,. IS use d Q.nwny rigid mIfT'befI to spKII q ... Of pl8t_ 'astened to 1M outer surtaces of 
bNm Of COkM"nn • tr'Wt prapet cII1Inoe from rnetnbeIf" cet"IW'Ilnel. Use of COITtct cooninate geomeVy 
resufts In blair ~ cak::utIItIonI. RMlsoc vaIoeI tor stif'fnM. ot JOint componentS as wen as IT\U1 
beams and cou.... proWIo for dolO", .... 10 .. 01 d,,-,", .11. Tho dutTmy ngod ......-rs ...... '0 
onvoi< ...... p __ ~ oonc:.pt 01 typal_ 01.-.011 -.. 

For a weak DJ:I bMm-to-<:oUnn moment cou *1kM I. t~end-botlom horizontal OOi • ..aIoi. plates 
p<OWIod tor ~ __ oro lound to carTy about 50 potC*Tt 01 ..... Iotal _ shoaf As • 
..... ft • ...,.,... bencIIng ooa.n boCIl out 01 ..... p&ooo 01 tno pi'" and in tno p&ooo 01 .no plat •• alSO ackting 
to forces on edge welds. 
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In a t~.nd·bonom tee-stub connection , bOlts in tI"I. vertical legs of the t .... stubs are found to be pulled 
inward toward the lee stem tn the top tee and pushed outward In the bottom (eornpre"ion) t ... 

Top angles 01 a too-and·seat·angl. connection are found to CarTy ' rom 50 percent to 84 percent 01 the 
vertical shear on the end of the beam. in contrast to some design methods which assume Inat only the 
seat angle carnes venlCal load 

From the r.su lts 01 11'11$ type of study. rules 01 thumb could be modified or developed 10 permit deslS" of 
appropnate connections W\tt'tout requtring a compute! analysis toe every pcoblem. 

2 Background 

As pan of rt't. preparation tor an experimental program on connections, s.veraI analyses were conducted 
on tn,... types of beam-to-column connection details. Schematic diagrams of Ihe ,.sutting forc. 
distributions are reve8ing. 
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3 Model of Connection Detail • 
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matenal added to enable COnnecting the majOr members, i • • continUIty plates. SI'\Nr tabs. ...-.gaes. 
stfttenen ana fasteners Usually assumpIKHls ot forces are ~ 11"1 order 10 aHow the appitcaoon at 
rQUlln. mecnaolCs of matena/s. ThI s method. l"Iowe .... 8(. prOVKJes very little ChanCe 01 dlscovenng 
UneJoected toree pains On tne othef nand, the app lCatlOn of hnlt .... ment metnoc:ts with large numbers 
of miniSCUle geometnc snaoes amounts to overkill wltn reams of . xcess InformatIOn. 

A comorom,se can t>e made uSing ordinary finear structuraJ analysIs programs and mode ilng t e aoded 
detail mateoa s as como'ete beam or truss members haVlfl9 lhe appropnate geometry and stlf"ness for 
,,,. comp;"e member Sinee lila main stl'UC1Urai memberS are modelled as one-dimenSIOnal ·sbCks· Ihe 
,"ell: .s 10 OOSltlon Ihe connecting elements al the corr8C1 distance away from Ine eenlertines of beams 
ana columns so Ittal !netr tOfces Will be Invoked Wltn proper leverage (Fig. 1) Dummy ngld memoers 
II1serted ~rween beam or column cenlMline and lhe patOIS of anachmenl of detail maranaJ WIll enable the 
Pfooer equl 'lbnum to be Invoked wnlle engaging the real stiffness of lhe detail matenal. Since the dummy 
members displace Wftn Ine defleCtion or rOlanon of beams and columns. rhe concept of ·plane SectIOnS 
remain plane" IS preserved Procedures lor executmg thiS concept were presented by (Onscoll" 1987). 

4 Structural Assemblages 

In order that tne comected structural members will appty the proper combination 01 torces to a connection 
modet. reahstIC S1r'1JCIUraI assemblages must be assl.med. Two asMmbtages were assumed In the 
'XampM studied: a sM"lgle-bay I two-Slory frame. and a cantil.v« beam connecled to a md-hetght 01 a 
cotumn hed at ItS top and bonom. In the SI"Ig, .. bay !VttIO-S1Oty trame. the COl u IK1iorI i 10 be studied is at 
.acn end of a beam located at the top of the first Slot)' and sub,teCled to a cemral vertic:aI concentrated 
load. Connections rangong !rom luily-ngid 10 ptn..encIad rrIWf bo .tudied using thi, modo!. Tho ~ may 
bo cut "' ".~ by the applicatlon 0/ .ymmert when only _I I~ lIfO orwotvad. Tho ClWlIIlovor boam 
~ stirTIJlales a test setup recently used in r:ydic loading fA weak axis moment COI.tlC'tbll . 

5 Weak·Axls aesm-to-Column Moment Connection 

.. _ .... bfam.I<>-cotumn COl. -. los1ad by _ pro_ tn. IIto1 .... (Healon. t 987b). Flold 
bolts COM8CI tno bNm web to • web pi.- wNIo lull penoCr1IIIon groove wolds _ tno bNm ftangoo 
10 ,tango _ plot ... All 0/ h _ -.! is ftllol_ to h co/urm ftangoo and web. Tho 
Iin __ V and tno bonding .....- VI. on tho separW partS .... -. In .xpIodod view 0/ tno 
COI • ...,1Ion (See FIg. 2.). Tho top and _ COI • ..ab, pIoIM CIIT'f h 'XI*Iad t.go __ _ 
!rom tno bNm __ 10 tno _ Itangoo and web. In addition. MCh 0/ tho COl.""" __ 

• _I 'Olai 0/ *'<It 36 poroont 01 tn. __ ,~ V 0/ tn. bMm. In MCh honzOtill plot. about 
___ 0/ lis __ .~ 10 ..-...- 10 tno _ IIangeo • tno adgoo 0/ tno pille. and tno 
_ng "'nI pas_ Into tno web plate IS • __ bNmg Icroo. Tho not •• oct is _ *'<It """ tno 
bNm .~ pas ... to tno _ web !rom tno web pille and tno adgM 01 tn. notIzonIOJ _ 
pta.... Tho otIW half _ to tn. ooUnn IIangeo Ihrough tno _ adgM 0/ tno _on"" _ 
pta .... 

This Information about _ can ptOVicM some ~ In tno poopo<t!oo;ng 01 plot .. and _s '''' 
suen COnnectiON. 
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Flgu .. 2: E"I'ioded Diagram 01 COMOC1lon 
Showing M_ F""," 

6 Tee-Stub Connection 

As • seni-rigid connocton. tho __ connoctlon ~ • fuly rigid '''''''*It comoctlon. T .. IS 
on sud'l COhIedtonS.,.. ~ in 1M ATlSS Engi""""1g PMII"Ch Cent ... {(Chasten. 1987)). The 
torco dlstrtbu1lon ~ In fig. 3 __ •• !agO 01 IoUng • tho ImIt 01 tho elastic range. The 
owraI moments tor thI Jtn..ct.nI .. shown in the moment cMIIgr1IIn Ind they are essen1lalty the same 
• _ be _ .... futty rigid joints. (Some oI>YIouI ~ Is omitIod to.- coun", .) 

Tho _ on tho -.. In tho 'IIdnIIy 01 tho connoctlon ... _ out Into tho horizontal stem. oI.he 
two,.... A l-ve coupfe wtth hoI'tzontal forc:.s 2. n times the bMrn she. milk., up the axial forces 1'1 
tno _ ...... _ . Tho __ .hoon _Into tho ... _ ... MCh ~x"""'oIy Noff oI.he 
-. _ .ho.. Vwy stnIII1 -.g """'*ltS ... also i~ on tho I .. stems. but lhoy apptOaCn 
tho max.mum bonding c:apeciIy 01 tho _ . 

Tho horizontal foroo. pasaod from lho _10 tho cok.nv1 puN. tho top and push .. tho bottom as-.Id 
be 0_. H_. on I ...... attng ~ Is _ In tho ___ . On tho lOp .... ho 

....-_In tho 1M "- ... both In t_. with O.73V ~ ontI O.23V __ wit!I • not 
_ 01 O.SV -"",. Tho sIt .. en _ TEE BENDING .'-' IN! _ could be oxpocttd 10 
_ on _ pull agaInot tho fIst-.. Tho,..... sIttJIIIIon <>Can on tho _ 1M W11icn ;, in 

., 
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Flgur. 3: F()(ces on Tee-Stub Connec1ion 

o. :" Y 

t. 

compressoo. The vertical forces on the tee are boln inward toward me stem, but t"*r net vertical 
resultant IS the apptopnale half of the beam shear actu'lg upward on th. beam. 

7 TQfHlnd-Seat Angle Connection 

The Iop-and-_ ongIe _ (wi!hou1 a stiffened seat) was analyzed in lhe elasUc I1Wlge and Sl~ 
by . • ~ up 10 _ toed (~ 1987). "was studied In lhe two-. toty ~bay!Tame .. .-..go. 
A s_ of ccn.-. 01 _ type _. tested in the ATLSS Cent ... (CIlulen. t 987) (Floosc...".,. 
1991 ). 

SIM"prisingIy. In the _ nonge INIysis (See Fig. 4.). the top angle C*riod 84 -' 01 tho bNm 
v8l'bCal sl'lMr while the .. angle earned 16 percent. As the Io.d InctMMd. reclstnbulion of forces 
increued until botI1 top end _ ong1e NCh carried 50 percenl 01 the __ ._ (Fill. 5). As the toed 
incr_. the ~ fo<oe in tho bNm lncreaood from O.04V to t .04V because 01 the _ng 01 the '-I 
01 the ... angle on the _ ttonge caused by rotation 01 the _ end.. Comporison whh .... 
r .. u", go". __ good ogo_~ _ the prediction • • but sh_ . heod lor inclusion at lut_ 
._. and boundary condllono In the model. Thi. heod also becorMt IIp!lOfW1t in _ finite 
""""1 cak:uIdonL 

Y 
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8 Conclusions 

• T e studIes reoaned here provide Information l/"Ial is probably accurate enougn tor use In 
prooonlonl"g lasteners and delCil ls of connectIOnS for design. 

• AUJes·of.trumb cou ld be de\leloped or modlhed to penTlll des'9" WIthout conducting the 
comouter analySIS lor every problem. 

• On tne other nand, the method reqUires lew enough added node points In a bne-type 
structure Ihat 11 could be feasible to model an entlfe structure With some serT'Nlgld 
connectIOnS. 

• ThIS adrTllnedty crude analysIs can provide valuable guidance in the Interpretation 01 results 
from -infiniteSimal- finite element soluHons. 

Benei' know*,ge 01 the behavior of connections will nelp in the understanding of the pet10nnance 01 
struC1ures and in the development of innovauons for design of the structures of toe tuture. 
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PLASTIC ANALYSIS AND SIMPLIFIED DESIGN OF THE 
COMPRESSION ZONE OF A 8EAM-T~OLUMN CONNECTION 

Jean Marie ARIBER T 

Abstract 

The formulae of crushing and buckling resistances specified in Eurocode J and 
AISC are compared statistically with the experimental data of sixty tests on european 
and american steel members. To achieve a suitable adjustment, a theoretical model
ling is developed, which IS based on plastic hinge mechanisms taking account of 
second order geometrical effects and mitial imperfections. In practice, it is possible 
to propose a simplified design approach leading to the same accuracy as the th~re
tical modelling. 

1 - INTRODUCTION 

This paper deals with the compression zone of the column web of welded or bolted 
beam-to-column connections (fig. 1). For economical reasons, there IS nowadays 
a tendency to use unstiffened column webs, but In return the reS istance of the 
compression zone needs to be checked carefully. Failure can result from two dlffe· 
rent phenomena, namely crUShing and local buckling of the column web. In the case 

" M ;@ . , ~ , , , , , , 
~ 

, , , ~--~ 

lot 
h -

JM 

of ordinary rolled I or H members, the 
c rushing resistance often prevai ls but 
the more and more frequent use of welded 
built-up members, slender webs and high 
steel grades (for example, grade FeE 460 
in Europe) requires one to pay particular 

? 
M( 

'b ! ' ' : ,Ii 

._ attention to the local buckling resistance 
f which may Influence the crushing resistance. 
: h At first sight, it seems that a thorough 
: analysis of this interaction IS complicated i" 

- ~: 
.!:! 

. , : '-.~' 
h • 

Fig. I 

: ';'~'llM 1 
'Ii' 

-.1 because it Implies taking account of the 
geometrical and material non-linear beha
viour of the column. Moreover, although 
the column web IS espeCially concerned 
by failure. participation of the column 
flanges must be int roduced into the analysis If 

an accurate de te rmina tion o f the to tal resis tance of the column is wanted. 
In thiS paper , only the Situa tion of symmetrically loaded beam-to-column connections 

Professor, Structures labOratory, Institut National des Sciences AppJiquees (I.N.S.A.), 
20, avenue des Buttes de Coesmes - )}04) - RI:N ES CEDEX - FRANCE 
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.. 
IS Investigated and secondary effects caused by normal stresses in the column due 
to the frame behaviour are neglected; never theless some generalizations compensa
ting these aspects are suggested at the end. At first, we are gOlng to examine 
how the topic 15 treated in recent design codes. 

2. DESIGN SPECIFICATIONS IN EUROPEAN AND AMERICAN CODES 

2.1 Eurocode ) (paragraph 5.7 and annex J.3.5.1) 

The last draft of Eurocode 3 (dated from November 1990) specifies that t he design 
crushing resistance is given by : 

(l) 
F e .Rd = fyw 'w beff Jy Mo (I) 

where the effective Width of the column web in compression (fig. 2) is equal to : 

b~n = , + 2a/2 + 2 'p + 5 k 

Fe 

Fig. 2 

(2) 

k IS the distance from the outer face of flange to web toe of fillet ; $0 : 

() 

for a rolled I or H section column where r c is the root radius. 

h 

Fig. ) 

Moreover. the design buckling resistance is calculated by considering the web as 
a virtual compression member with an effective breadth (fig. 3) equaJ to : 

b~~: = [h2 
+ (t + 2a /2 + 2 '/11/2 , 

and by using the european buckling curve C. So : 

or (2)/ 
Fb•Rd = ". fyw 'w beff Y MI 

where :c is a reduction factor which depends on the non~dimensional slenderness r 
corresponding to t he web depth. 
It should be noted in formulae (1) and (ji) that 'Y MO and 'Y M I a re partial safety factors. 
Finally, the ultimate resist ance of the compression zone should be taken as : 

Fu. Rd = smaller of (Fe.Rd, Fb.Rd) • (6) 
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2.2 AISC Specilicalion (chapler K) 

In the lRFD Specification (dated from September 1986), the design crushing resIs
tance is determin~ by : 

where. is a safety factor (equal to t) and beff has now the simpler form: 

(S) 

Therefore, these formulae are similar to the corresponding ones in Eurocode. On 
the contrary, AI5C considers the buckling resistance based on concept of cntical 
stress equal to the yield limit, 50 that the specified design formula is : 

, 3 

Fb.Rd =. 10750 h: rt;: (9) 

with Newtons and mm as units and . :: 0.9. Obviously, condition (6) must be applied 
again. 

3. COMPARISON BETWEEN THE CODES AND EXPERIMENTAL DATA 

Main characteristics and failure loads FexP of sixty tests are plotted in table I. 
Thirty four of them were carried out in ~urope, namely twenty nine tests in France 
[1] for steel grade gomg from FeE 2J5 to FeE 460, and five tests in the Netherlands 
[2] ; the other twenty six tests are extracted from the american literature [)~ 
., 5, 6]. All the tests concern rolled H and I sections, except one test on a welded 
slender section (called I 77~ x 200 in the table), with loading in symmetrical local 
compression. It should be noted that the mentioned yield limit of the column web, 
i yw' is the measured value, not the nominal one. 

In the H.We table, we can do a comparisoth between the experimental ultimate 
loads, F ui ,and the theoretical resistances, F ui' given by condition (6) and formulae 

(5), (7) and (9) ; there is no column assigned to formula (1) in the table because 
of lack of information on the throat thickness, a, of the fillet welds used In the 
american tests. To make the comparisons easier t the following statistical quantities 
will be introduced : 

- the mean value : 
- 1 n ~~p 
b = - .t ::til 

n I ; 1 F ui 

where n is the number of tests ; ~-!,P 

6 
UI . 

- the standard deviation of the errors terms i =--,-h- , I.e. : 
6 Fui 

'6 = ~ \ ~ 6~ - n ~ ; 
n - 1 I ; 1 

(with obviously 6' == \) ; ., 
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• the correlation coefficient between experimental and theoretical values: 

t "exp Flh _ n !"'xp Flh 
p :: I:: I U I UI U U 

n Sexp sth 
F F 

where FexP and F'th are the mean values respectively of exrvorimental ultimate U U ,-

loads and theoretical resistances, and 5~xP and S~h the corresponding standard 

~viations. If P is greater than 0.9, the correlation may be considered sufficient 
for a statistical interpretation with the theoretical formulae concerned. It IS pointed 
out that the safety factors Y MO' Y M 1 and ~ have been taken equal to I because 

fyw was measured in the tests and these {actors do not affect the two main quantities 

p and 5 IS for the statistical interpretation. The results of different comparisons 
are summarized in table U. The upper part of this table deals only with twenty 

n Code Formulae b s6 P 

23 EC3 (1) - (2) 1.206 0.143 0.35 

Table U 
23 AICS (7) - (3) 1.359 0.133 0.36 

" 60 EC3 (6) - (I) - (3) - (5) 1.353 0.227 0.96 

60 AISC (6) - (7) - (3) - (9) U69 0.135 0.96 . - -
(EC3" means EC3 where (2) is replaced by (3) ) 

three french tests where failure by crushing was demonstrated by experimental 
evidence and throat thicknesses, a, were known (all of the tests referred to [1] 
in table I except those concerning the following sections : IPE 360 • HEAA 200-
HEAA 300 - IPE 240 with tyw = 566 N/mm' - IPEA 360 and I 775 x 220). II appears 

that adjustment by formula (7) - (a) is slightly better than the one by formula 
(1) - (2), which confirms that the term 2a n is not really siAnificant, as it has 
already been demonstrated by a detailed experimental study ~7]. Taking account 
of this fact and considering now all the tests (n = 60), EC3 formulation leads 
to a high standard deviation (s 6 = 0.227) in comparison with that for .crushing failure 
(s6 = 0.14) . As explanation, It is sulficient to exam me the table I j for all the 
tests (except one), the buckling resistance, Fb, is systematically lower than the 
crushing one Fe (see the underlined numbersl. Therefore, the buckling formula 
U) is clearly far too conservative. On the other hand, AISC formulation gives a 
more satisfying adjustment to experimental data than EC)- I but there is now an 
opposite tendency for formula (9) to overestimate the buckling resistance Fb in 
some cases, as Hlustrated In table I. Finally, for both codes, It may be concluded 
that any research work to improve the analytical formulation of buckling resistance 
is fully Justified. From this point of view, a contribution is proposed hereafter. 

4. THEORETICAL MODELLING 

The approach developed here is based on plastic hinge mechanisms and which permits 
consideration of web-t<rflange coupling at failure. Obviously, with such mechanisms, 
analysis of web buckling requires considering second order geometrical effects, 
which may lead to using Plastic AnalYSis beyond rigorous conditions of applicability . 

. , 
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.. 
•. 1 Modelling 01 crushing ,esi5tance 

The crushing model is presented in figure ,. with three plastic hinges in each column 
flange and distributed yielding along the web-to-f1ange fastening hne. It looks Jike 
other models publiShed in the literature [&, 9], but ItS originality lies in taking 

/, t t, b, 

11111111111 1 
fywtw 

tw Fig. 4 

._ ._ -_ ._._---_. .~ 

account of the non-negligible effect of the root radius r of the profile, so that 
the crushing resistance is given by : 

(10) 

where M f is the plastic bending moment of the flange including the part due to 
the prollfe roots: 

with : 

2 
bl tl 

MPI = (-4- • Z, ) Irw (11) 

rtl tw 2 ,2 2 
Z = - (t • 0.43 ,) • (-. 0.1 ,), - -h • 0.43 ,) . 

r 2 w 2 4b w 
1 

(1 2) 

In the presence of an intermediate plate of thickness t, the expression for ' 1 
has to be multiplied by factor {I • 0. ' M t 1M f> where MP

t 
is the plastic bending 

moment of the Intermediate plate. P P P P P 

4.2 Modelling of budding resistance 

In addition to the above flange mechanism, a second plastic hinge mechanism In 

the web IS considered, as shown In figure 5, which occurs only when the web has 
a certain transverse deflection characterized by angle e in the figure, the web-to
flange fastening line now being partially yielded In co~pression along some length 
(t + 2 ' 2). On the one hand, the ultimate load IS equal to the partial resistance 
of the weD: 

(13) 

on the other hand, it is given by the web mechanism: 

4 M 1 2 mpw h2 
F - --Pl. W I 

b - h . (4q • t • - - 2 2)' 
q wSI080 q 

where mpw is the plastic moment of the web per unit length. 

The size q of the web mechanism can be determined by minimizing the right-member 
of relationship (14) ; also, we have geometrically: 



67 

(15) 

q q 

• F • 

hw Fig. ~ 

F. ~ -.. -- -------

where 6 is the maximum flange deflection which can be evaluated by means of 
t~ same assumption as ROBERTS and ROCKEY {JD] : 

(16) 

where If is the second moment of area of the flange (including the roots). After 

calculation, It is found : 
h 

and : 

q . 2: (/Q.,/l;Q) 
2 

(17) 

(18) 
2 

Finally, the buckling resistance Fb is given by the relationships (13) and (18). 

In the presence of a1 nte'T1"eCIate plate, it is easy to demonstrate that only the expres
sion of a must be modified; in this case : 

2 
Q • (Mpf • O.~ Mptp) Mpf 

6 E If m~w hw 
(19) 

'.3 Ultimate resistance 

It is logical to propose again : 

F u • smaller of (F c' Fb) (20) 

where Fe and Fb are calculated respectively by (10) and 0 ) . 

Physically, the web mechantsm cannot occur if (17) and US) lead to ' 2> q. 

'.4 Validity of the "",b mechanism 
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.. 
q q 

61 I 
~------

'I" 1.JP 
' J!> 

hw Fig. 6 

t -----------

Three other mechanisms of the web have been investigated thoroughly , but none 
of them led to values of Fb less than those deduced from UJ) and (11), at least 

for all the tests considered in table J. For example, one of these mechanisms was 
a double web crippling mechanism with a depth of penetration 2p " hw/2, as shown 

in figure 6 ; its buckling resistance can be determined by (I ) again, on condition 
that we use : 

t 
(21) ( 

2 

where: 

q " p(Il!+~) with: 8 = (22) 

and: 

Sin 6
0 

" q [Mpf I (6 Elf p)]I/2 (23) 

(Note that Fb has a minimum value when p :: hw/4). 

5_ NEW COMPARISON WITH EXPERIMENTAL DATA AND 
IMPROVEMENT OF THE THEORETICAL MODELLING 

Formulae (to) and (13) have been applied systematicaJly to the sixty tests of table ., 
the numerical values being set in the two columns headed "Model". The absence 
of some values of 1\ corresponds to cases where the condition ~ 'q is not satisfied. 

Adopting the definition (20) of the ultimate resistance. the statistical quantities 
for adjustment to the experimental data are now: 

(n " 60) ; b " 1.404 • 56 " 0.126 • p" 0.97 

It appears that this adjustment is clearly better than the ones using the code formu-
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lae. Moreover, the cases where the buckling resistance prevails are more in agree
ment with experimental observation. 

Although these results point to a rather satisfactory model, the well . know effect 
of initial geometrical defects and residual stresses have not been included. To 
introduce a parameter to account for these imperfections, a possible solution con
sists in assuming that there is a transverse deflection "j at the median depth ot 

the column web before any loading ; but the parameter '1'1 i may not have familiar 

values because it is just an artificial means introduced into a plastic model (and 
not into an elastic one). Consequently, the geometrical relationship (U) is replaced 
by : 

hw , 2 "i 2 6 = -(,10 e -4(_») 
4 0 h 

'" the 8.sumption (16) about the flange deflection being still valid. By using the same 
procedure as in paragraph •• 2, more general expressions of ' 2 and q can be obtamed 

(which are not presented here to reduce the volume of the text). Coming back 
to the adjustment to the experimental data (n = 60), several values of n/h...., have 

been tested empincally in orc:H!r to find the most significant one. As illustrat~ 
by the Improved values of the statistical quantities p and s6 in table m showing 
an asymptotic tendency when n/hw increases, it seems reasonable to .adopt 
n./h = 0.04 in practice. To assign a mechanical Interpretation for this particular 
~I~t a parametric study has been carried out on different types of profile with 

'lith" b 

0 1.404 

0.02 1.429 

0.04 1.510 

0.06 1.645 

(n = 60) 

56 P 

0.126 0.970 

0.120 0.971 

0.110 0.973 

0. 110 0.973 

Table III 

the help of the theoretical model. By making 
the web depth vary, several curves 

n· n· 
F'h (-' 0.04) I F,h ( -'- = 0.) have 

u hw u hw 

been plotted against the ratio ,; F c/F~ i 

all the curves approximately showed a 
constant specific shape whose interpretation 
has direct relation to the well-known WINTER 
formula, as that is justified again in the 
foUowing paragraph where a simplified 

approach is proposed using Just this formula. 

6. PROPOSAL FOR A SIMPLIFIED DESIGN 

The theoretical model with parameter n· may be estimated too laborious for usual 
design. To try attaining a simplified fo;mulation which will be so much accurate, 
we have proceeded as follows : 

al the crushing resistance is interpreted as a maximum plastic resistance 
of the web alone and prevails if elastic buckling collapse does not occur before i 

bl the critical buckling resistance of the web, F cr ,in the case of symmetri-
cal loading, is given by the f"Jmiliar relationship: ,w 

'If E tw 
F - (25) 
cr,'" - 3 (I _ i) h 

'" cl If F is less than Fe' ad\lantage can be reaped from the favourable cr,w 
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effect of post-crttical resistance after buckling by means of analogy with VON 
KARMAN or WINTER concept. According to the necessity of introducing imperfections 
as demonstrated in paragraph " it IS better to adopt the POint of view of WINTER 
leading to the simplified formulation : 

I 0.22 
Fu . Felf(I - T)]'Fe (26) 

where 1. is the non~dimensional web slenderness equal to : 

I = [F IF ]1/2 (27) 
c cr,w 

and F is given by relationship (10). 
FormJiation (26) has been applied to the sixty tests of table I, the numerical values 
of >: and F u beang set in the two rightwcolumns of the table. The adjustment to 

the experimental resistances F~xP gives now: 

(n = 60) b = 1.~77 '6 = 0.112 P = 0.973 

which are very near those of table 10 (when n/hw = 0.04). In addiuon to this_satisfac
tory result, It IS pointed out that the tests corresponding to values of >. clearly 
greater than 0.7 have effectively collapsed by buckling. 
In order to bring formulation (26) to take a design form, a specific statistical treat
ment has been carried out [1] according to the reliability index adopted in Eurocode 3 
(8 = 3.8) ; the corresponding partial safety factor so deduced fr'lm the: thirty three 
french tests on rolled members has been found exactly equal to y = 1.0. evert~
less, m order to keep the usual value YiMl 2: 1.1 speCified mMEurocode, we like 
better the following proposal as fmal form or -(leslgn formula: 

I 1 0. 22 I ~Ud = 1.1 Fe [A( I-r) l/YMI' 1.1 Fe IY MI (n) 

where F and X are now calculated from nominal values of steel strength and georne
tncal c~racteflstl's, Besides, for usual rolled european members, we can note that 
F may be also determined by formulae (7) and (8) which are Simpler than (10), (1) 
a~d (2) ; indeed, these two sets of formulae are numerically equivalent,as we can see 
in table I by comparing the values of F in the columns headed liAiSe" and "Model" 
(so, for the thirty three french tests, t~e ratio between the two calculated values 
has a mean equal to 1.0)4 with standard deviat ion 0.06'). 

7. POSSIBLE GENERALIZATIONS 

There Me good reasons for beheving that formulation (28) could be generalized 
to welded built-up columns j in this case, we suggest only to take Z equal to zero 
In formula (1) used to calculate F • r 
For one-sided beam-ta-column c~nnectionsl formulatton (23) could be sttll valid 
provided that the: value of I is deduced from another formula than (2'), probably: 

,"'E t 3 
F W (m 

cr,w z 60-Vl)h 
Finally, when there are non-negligible compressive normal stresses in the web of 
columns, the value of F in formulation (2&) should be reduced, for example by 
multiplying fyw by the redl.ction factor specified in Eurocode 3 : 

r = 1.2' - 0.' 0 I I , I (30) n yw 
where a is the maximum stress in the web. But introducing a corrective factor 
to Fcr,w fln that paftkular case seeT5 neither proved nor Justified. 
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REVIEW OF INTERNATIONAL DESIGN CRITERIA FOR FILLET WELDS IN HOLLOW 
STRUCTlJRAL SECTION TRUSS CONNECTIONS 

Jeffrey A. Packer' 

George S. Fraler' 

Abstract 

Design recommendations pertinent to fillel welds in Hollow Structural Section truss 
connections from Europe (Eurocode 3, International Institute of Welding and Bntish Steel), 
the U.S. (AWS 01.1 and AISC-LRFD) and Canada (CAN/CSA-SI6. t and Stelco) are 
reviewed and shown to result in quite different weld proportions for most applications. 
Laboratory testing on large-scale Hollow Structural Section fillet-welded trusses has 
accordingly been undertaken, to produce sequential failure of the fillet weldments around 
the tension web members at the chord face connection. The results of these tests have 
been used to evaluate the international design recommendations and thereby produce 
preferred design approaches. 

1, INTRODUCTION 

In predominantly statically-loaded Warren and Pratt trusses fabricated from Hollow 
Structural Sections (HSS), fillet weldments are typically used between rectangular web 
and chord members, for web to chord width ratios UI') up to about 0.8. International 
recommendations for the design of HSS truss connections have been established by the 
Internalional Institute of Welding (IIW, 1989). The applicability of such connection 
strength rules is based upon the connector - the weldment - being nOrH:nticaJ. Due to 
the uneven distribution of load around HSS truss connections, and the need for the 
weldment to be able to w~hstand significant localized bending moments - in addition to 
the web member axial loads - prior to joint ultimate strength being attained, IIW (1989) 
has specified that fillet weldments should develop the strength of the connected web 
member. To ensure such strength, and to provide ductile behaviour of the joint. IIW 
(1989) has made the recommendation that the fillet weld throat thickness (a) be greater 
than or equal to 1.07 times the thickness (~ of the adjoining web member (both tension 
and compreSSion) for HSS with a yield strength of 350 MPa or greater. This weldment 
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design rule is likely conservative, leading to overwelding, and not consistent with the 
design approach of most national welding and structural codes since the weld size 
requirement is related to the full strength of the web member wall , with no consideration 
of actual member forces. 

The American Welding Society (1990) has a more logical approach for proportioning the 
weldment by requiring that it be capable of developing, at its ultimate breaking strength, 
the lesser of the web member yield strength or local (connection) strength of the main 
member. The means of achieving this requirement in fillet-welded HSS or Rectangular 
Hollow Section (RHS) truss joints (AWS 01.1, 1990, Section 10.5.3.2) is to comply with 
certain "prequalified" fillet weld details (allowed when ~' :s 0.8; AWS 01.1, 1990: Section 
10.13.3), which require that the throat thickness (B) be ~ 0.71 f for a weldment at the toe 
and side of the joint while at the heel of the joint the leg length (5) be ~ I.St. However, 
the AWS connection strength formulae for RHS trusses differ from the IIW 
recommendations, which have an extensive experimental and theoretical basis, and so 
one is still left with the problem of estalblishing the minimum fillet weld sizes necessary 
to develop a particular connection strength where the laller meets the criteria of the IIW 
(1989) recommendations. These specifocations given in Chapter 10 of AWS 0 1.1 (1 990) 
are primarily based on research on ~ tubular connections conducted at the 
University of Texas, the University of Calijornia and by several large oil companies. 

Another recent guide by esc (1988) for proportioning weldments in HSS trusses 
attempted, (like AWS 01.1 , 1990), to relate the required weld throat th ickness to the 
lesser of the connection strength and member strength, but it is worth noting that the 
former typically governs in RHS truss design due to a "weak connection" phenomenon 
of most HSS connections. Accordingly, esc recommends a weld size of: 

B~~L) .~Vv) " ..... (1 ) 

where I(L) is a load function and is equal to the higher value of 

Actual apolied load or Actual applied load 
Allowalble connection load Allowable member load 

where the allowable connection load is based on CIOECT (1984)ntW (1 981) 
recommendations. I( Vv) is the ratio of allowable HSS stress to allowable weld stress, and 
takes on values dependent on the steel grade and the electrode grade. 

Specific advice on the design of HSS truss fillet weldments in Canada, namely by the 
Canadian Institute of Steel Construction (1985, Table 3-41 ) and Steleo (1981), has also 
been very conservative, with both of these specijying fillet weld sizes that would develop 
the tensile strength of the connected web member walls. 

Experimental work at the University of Toronto was conducted to assess the validity of 
using national welding standards for proportioning fillet welds in HSS trusses, as opposed 
to the current design guidelines discussed albove. Initially, isolated connection tests (29 

., 
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in total) were performed (Packer and Frater, )987), with the latter part of this test program 
consisting of connections where weldments were unevenly~oaded and subject to similar 
restraint to that experienced in an RHS truss. Based on this work a tentative proposal 
for weldment design, using an effective length concept, was made by applying traditional 
national and international code provisions for weldment design. To validate thiS proposal, 
two carefully-designed, large-scale, fillet-welded, RHS Warren trusses were then tested 
(Frater and Packer, 1990). This program involved the testing of 12.0 m and 12.2 m span, 
simply-supported, HSS Warren trusses, comprised of SO· gap or overlap K-<:onnections, 
and was undertaken in a controlled manner to produce sequential failure of the fillet 
weldments around the tension web members at the chord face jOint. A total of 15 tests 
were performed on truss gap connections and a further 2 on truss overlap connections. 

2. FILLET WELD DESIGN - FACTORED RESISTANCE MODELS 

2.1 General 

Although a fillet weld is in concept extremely simple, the internal stress systems by which 
ij transmits loads are highly complex. For design, the strength of fillet welds IS often 
described by simplifying the force system, assuming critical failure surfaces and 
distributing a mean stress over them, although the stresses through sections of the fillet 
weld are highly irregular due to stress raising effects at the root and toe of the fillet weld. 
For example, IIW (1974, 1975) and Eurocode 3 (1989) adopt a simple technique by 
neglecting the moments that produce equilibrium in a weld, assuming a uniform stress 
distribution on a 45° section and using a von Mises et al equivalent stress formula, or ac 
formula, as discussed below. 

North American weld design philosophy (e.g. CAN/CSA-S1S.l, 1989) differs from the 
IIW/EC3 approach and is more conducive to design, (forces need not be resolved into 
components along an effective throat area) , Since only two simple resistance equations 
are involved; i.e., one for the ultimate shear resistance of weld metal along an effective 
throat area and one for the shear yield resistance of the base metal. listed below is a 
summary of some international and national code provisions for weldment design. 

2.2 European Design Methods 

2.2.1 lIW - 0, Formula 

From 1974 the accepted IIW deSign approach (IIW 1974,197S) for checking the strength 
of fillet weldments, under static loads, has been to show that the stresses 0., 1. and 1, 
(see Figure 1), satisfy the following: 

~Jo! +3(T! +1:) S Oc ..... (2) 

where ~ - 0.85 for 345 MPa yield strength steel (Fe 510), 
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and ..... (3) 

w~h 0, being a "comparison stress". IIW defines the comparison stress as a "permissible 
tensile stress" in the base material, and the Dutch lim~ states steelwork code (NSI, 19n) 
has used Eqs. (2) and (3) with 0, set equal to the yield stress of the base material. 

Figure 1: Fillet Weld Stresses according to IIW (1974,1976) and EC3 (1989) 

2.2.2 EUROCODE 3 • Modified 0, Fonmula 

In the 1984 edition of Eurocode 3 the drafting committee adopted the IIW (1 974. 1976) 
0,· formula for weld design given by Eq. (2). In the 1989 Eurocode 3 draft, two versions 
of weld design were permitted: a simple version (the "mean stress method") in the main 
text, plus a modified 0 , • formula (the "aHernative method for fillet welds" or "~ 
component method") in Annex M. The "mean stress method" ignores the dependence 
of weld orientation to the applied force and is analogous to the North American deSign 
approaches presented below. 

In Annex M of Eurocode 3 (EC3) the 0 , formula is modified to: 

..... (4) 

and ..... (5) 

where 1 ... is a partial safety factor and taken to be 1.25. The coefficient ~. was 
determined by reliabil~ studies, with a minimum reliability index of 3.8. and for steels 
having an ultimate strength of Fu - 510 MPa (Fe 510) ~. - 0.90. 

2.2.3 Vector Addition Method 

The vector addition method is used in a number of countries such as Britain (BS 5950; 
BSI, 1985) and Germany (DIN 18800; DIN, 1981). For example, BS 5950 which is in 

., 
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Umlt States Design format states that the vector .sum of the design stresses due to all 
forces and moments transmitted by the weld should not exceed the design resistance. 
p~ The design stress. O. should be calculated on a thickness equal to the effective throat 
size. a. as follows: 

0" .. Jo~"'Oy+O, S' Pw 
where 0",106 - aoolied load in x.y.z c(K)rdinate axis directions 

throat area 

2.3 North American Design Methods 

2.3.1 CANlCSA-816.1-M89 (CSA, 1989) 

.... . (6) 

In the Canadian Standards Association (CSA) Standard CANlCSA-SI6.1-M89 (1989). the 
ultimate factored resistance (V,) of fillet welds loaded in tension or compression normal 
to the axis of the weld. or loaded in shear. is given by the smaller of: 

(i) For Base Metal: V,, - ~.67F,,A., 
or Va - ~.67F,..A ... . and 

(iij For Weld Metal: V, - • .0.67 X.,A. 

..... (7) 
..... (7a) 

.... . (8) 

where Q and Q. are resistance factors for base and weld metals. and equal to 0.9 and 
0.67. respectively. 

2.3.2 AWS 01 .1-90 (1990) 

The American Welding Society (AWS 01.1. 1990) also has the same criteria as 
CAN/CSA-S 16.1 (1989) except it uses Allowable Stress Design rather than a Limit States 
Design resistance format. and the allowable loads are given by the smaller of: 

(i) For Base Metal: 
or 

(ii) For Weld Metal: 

2.3.3 AISC-LRFO (1986) 

V, - 0.4F, ,A. , 
V2 - O.4F,..A... • and 

V - 0.3X.,A. 

.. ... (9) 
..... (9a) 

..... (10) 

The American Institute of Steel Construction's Load and Resistance Factor DeSign 
Specification for Structural Steel Buildings (1986) gives the factored resistance of a fillet 
weld by the smaller of: 

(i) For Base Metal: V" - ~.60F ..A., 
or Va - ~.60F..Am> . and 

..... (11 ) 
..... (lla) 
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(iij For Weld Metal: v, - 9O.60X.r\. .. ... (12) 

where c> - 0.75 for all of Eqs. (11), (1Ia) and (12). The inclusion of Ihis resistance factor 
value means that Eq. (12) simplifies 10 0.45XA which is identical 10 the CAN/CSA-SI6.1 
(1989) Eq. (8). However. whereas both CAN/CSA-SI6.1 (1989) in Eq. (7), and AWS 
01.1 (1990) in Eq. (9), determine the base metal strength on the basis of the yield stress, 
AISC-LRFD (1986) uses the base metal ultimate stress in Eq. (11). 

3. CONCLUSIONS 

On the basis of the previously menlioned experimental studies. it was concluded thai 
satisfactory performance can be obtained from the fillel welds around web members in 
RHS trusses. such that the joint will attain the mean ultimate "connection strength" as 
defined by IIW (1989). if the weldments are designed in accordance with the factored 
resistance models discussed above. but providing an appropriate effective length is used 
for the weldment (Frater and Packer, 1990). 

To illustrate the range of prequalified weldments and design techniques for sizing fillet 
weldments. a design example from Frater and Packer (1990: Section 3.5) is cited. Table 
1 shows the weld sizes of a go' fillet weld along the side of a web member. for a typical 
gap-jointed Pratt truss having diagonal web members inclined at 34'. This joint also 
includes a fillet weld along the heel of the jOint, and a groove weld along the toe of the 
joint. From Table lone can observe that EC3 (1989; see Eqs. (4) and (5)), CAN/CSA
S16.1 (1989; see Eqs. (7) and (8)), AWS 01.1 (1990; see Eqs. (9) and (10)). and AISC
LRFO (1986; see Eqs. (11) and (12)) weld design equations can give smaller weld throat 
sizes relative to the prequalified. a - 1.071 rule given by IIW (1989). Although it is 
cumbersome to use in deSign, the EC3 (1989) Stress Component Method leads to the 
most significant potential for down-sizing of weldments relative to the a - 1.07/ rule. The 
prequalified weld sizes given in Chapter 10 of AWS 01.1 (1990) are also small. however 
the recommendations for the weld size are questionable for square/rectangular tube 
joints. since they are based on research on circular tube jOints. Guidelines by the two 
steel producers, Stelco (1981) and SSC (1988). are conservative as they predict weld 
throat sizes greater than 1.071. These recommendations by Stelco and SSC could now 
be considered out of date relative to the new IIW (1989) rule. 

The IIW (1989) rule is based on the wall thickness of web members (hence the yield 
load). without any consideration of the actual weld length. effective weld length and the 
actual force to be transferred between the web and chord member. Regarding the 
welding of overlap jOints, the a - 1.07/ rule is based on ~ welds and does not consider 
the special aspects of an overlapped welded connection; Le .• % overlap, length of flare 
bevel weldments or the resistance of the flare bevel weld ~self. Hence. this rule can lead 
to overwelding. which likely will increase fabrication costs. This condition can become 
more acute in instances where compression web members. carrying the same load as 
tension web members. might require a larger wall thickness. or in the case of a truss 
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having low web member angles where the increase.in weld length results in a significant 
increase in joint strength (e.g. example in Table 1). 

Design Method Weld throat thickness, S, in mm 

IIW (1989) Prequalified Rule (a-1.07~ 8.5 
Stelco (1981): Table 3.3 9.9 
AWS 01.1 (1990) Prequalified Rule 5.6 
8SC (1988) 10.9 
AWS 01.1 (1990) by A.S.D. 8.2 
CANlCSA-S16.1 (1989) 7.4 
AISC-LRFD (1986) 7.4 
EC3 (1989) Stress Component Method 4.9 

Table 1: Weld Sizes for Side Fillets in Example Pratt Truss 

4. LIST OF SYMBOLS 

a - effective throat th ickness of weld 
A. - effective area of fusion in base metal no. 1 (A.,) or no.2 (A,.,) - effective size 

P. 
t 
V 

of fill et leg x length of weld 
- effective throat area of weld - effective throat thickness of weld x length of weld 
- yield strength of base material no. 1 (F,,) or no. 2 (F,,> 
- ultimate strength of base metal 
- design resistance of a fillet weld according to 8S595O (8SI. 1985) 
- thickness of hollow section web member 
- shear resistance of weld metal according to AWS 01.1 (1990) 

V,,v, - shear resistance of base metal according to AWS 01.1 (1 990) 
V, - factored resistance of weldment according to CANlCSA-S16.1 (1989), IIW 

(1974. 1976) and EC3 (1989) design methods 
V" . V .. - shear resistance of base metal according to CAN/CSA-S 16.1 (1989) 
X, - ultimate strength of electrode material 
~ - parameter used by IIW to relate the properties of a parent or base metal 

to the properties of a "matching" weld consumable. and also the observed 
experimental strength of such weldments 

- same as above but values modified as shown in EC3 (1989) 
- average width ratio between web member(s) and chord 
- normal stress along effective throat. perpendicular to axis of weld 

o"J - normal stress (subscripts x, y and z indicate direct stresses parallel to the 
coordinate axes) 

- add~ion of individual stresses o"J according to Eq. (6) 
- comparison stress used in IIW (1974,1976) and EC3 (1989) deSign 

o 

equations 
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1" • shear stress along effective throat. perpendicular to axis of weld 
1, • shear 51ress along effective throat. parallel to axis of weld 

1. 

2. 

3. 

4. 

5. 

6. 

7. 

8. 

9. 

10. 

11 . 

12. 

13. 

14. 

t5. 

16. 
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RECENT DEVELOPMENTS IN CONNECTION RESEARCH AND DESIGN 

IN THE U.S.A. 

Robert O. Disque' 

Abslract 

This papar will describe some recent developments in research and design of both shear 
and moment connections in the Un~ed States. New design procedures are given for 
shear labs, tee connections and heavy bracing connections. Criteria for the behavior of 
a tube wall supporting a shear tab and a column web supporting a stiffened seat are 
reported. Recent research results on eight-bo~ end plates are discussed. 

1. SHEAR TABS 

Shear tabs as shown in Fig. 1 a'e one of the most popular "pinned" connections In the 
country. Even though the bo~s are in single shear and, therefore, require twice as many 
fasteners as in the traditional double angle connections, their ease of erection usually 
results in overall economy. 

- -. , r-
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Figure 1 

'Director, Building Design Technotogy, American Instilllte of Steel Construction, 1 East 
Wacker Drive, Suite 3100, Chi~go , tL 60601 -2001 , U.S.A. 
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In order to develop a design procedure, Professor Hassan Astaneh at the University of 
California-Berkeley, built a special testing device illustrated In Fig. 2 (Call , et aI. , 1989). 
Aslaneh recognized that the behavior of a "simple" connection could not be modeled by 
the usual cantilever test because the behavior of a real connection Includes a specific 
rotation that is related to the shear or end reaction. ~ was also recognized that the 
connection should be tested to its ultimate load. The design of the connection would 
therefore be carried out under the behavior of the connection at ultimate load. An 
appropriate factor of safety could then be applied when, as in the case of Allowable 
Stress Design, the design is made with service loads. In Fig. 2 the beam end rotation 
is control led by Actuator R and the beam reaction is controlled by Acuator S. 

The research demonstrated that the moment diagram of a beam connected by a "pinned" 
connection (including double angles) is significantly different at ultimate load than at 
service load. Figure 3a shows a typical moment diagram for a Simple beam at the 
working load, W. The end connection at this loading may have some significant s1iffnass 
resulting in an end moment equal to the reaC1ion, W/2 x e. But, as shown in Fig. 3b, the 
eccentricity decreases considerably as t, load Increases to the factored load, 
W • LF x W. This occurs because the connection distorts and accommodates the beam 
end rotation by inelas1ic deformation. In the case of the shear tab, this deformation is by 
shear yielding. At the fectored load, which may be considered the ultimate load, the end 
moment is W 12 x e' which is considerably smaller than the product: load lactor x WI2 x e. 
This means that the eccentricities on the fasteners (bolts and welds) are smaller thai 
would be expected at tactored service loads. As can be seen in Fig . 4. the eccentricity 
approaches zero as the load increases. The design procedure reflects this small 
eccentricity. This phenomenon also helps explain why the traditional practice of ignoring 
eccentricities, in connections assumed to be "simple", has his10rically resulted in sale 
designs. 

....... .r-- ACTUATOR OR" 

BEAM 
SINGLE PLATE ,:;;"" I 
SHEAR CONNE~ 

COLUMN 

ACTUATOR 'S' 

REACTION BLOCK 

Figure 2 
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The new AISC design procedure for shear tabs, based on Astaneh's research, apply to 
composite or noncomposite beam and for standard or short slotted holes. Snug-tight 
rather than tensioned bo~s are highly recommended tor these connections. This Is 
because snug-tight bo~s will allow the connection to slip during construction negating the 
possibility of a sudden, pronounced, and often very loud, slip subsequent to building 
occupancy. 

L(bl 
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w 

Figure 3 
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2. STRUCTURAL TEES 

In add~ion to shear tabs, Astaneh has done extensive testing on welded·boIted structural 
tee connections (Fig. 5) and design procedures have been developed (Nader and 
Astaneh,1 989). In this case the required rotation capacity is achieved by bending of the 
nanges. As a resun, only cer1ain tee sections can qualify; those ~h heavy flanges are 
excluded. 

3. TUBE WALLS WITH SHEAR TABS 

Figure 6 illustrates a shear tab connected to a tube. This connection has been used for 
some years with no repor1ed distress to the tube wall. Never1heless, because some 
designers have expressed concern, research was under1aken at the University of 
Wisconsin·Milwaukee by Professor Donald Sherman and design guidelines developed. 
(Shennan, 1991). 

4. STlFFENED SEATS CONNECTED TO COLUMN WEBS 

Probably the safest and bes1 way to connect a beam into the web of a column is with a 
stiffened seat as shown In Fig. 7. n is the favorite of most erectors and had been used 
for probably 100 years ~hout reported distress to the column web. In spite of its 
excellent record, as ~h shear tabs on tubes, some engineers have expressed concern. 
Professor Duane Ellifritt at the University of Florida recently completed an extensive 
testing program and has found that, with few exceptions, the column web Is more than 
adequate to suppor1 a stiffened seat (Ellifritt, 1991). 

-
• -

r;-
I 
H , .. 
I 
~ I 

r .... 

Figure .5 
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Figure 6 

Figure 7 

~ is interesting to note that Ellifritt's research demonstrated that, as the load increases 
and the beam rotates, the reaction shifts toward the column web, decreasing moment on 
the column, This helps to justify the traditional practice of ignoring any moment on the 
column design. Another reason is that, if there is any moment on the column, there is 
also an accompanying rotational restraint, reducing the column K·Factor from the usual 
design assumption of un~y. Also, a moment on the weak axis of a column is resisted by 
the flanges which, as rectangles, have large shape factors. 

With both stiffened and unstiffened seats, ~ has always been the practice in the United 
States 10 provide a ·stabilizing· angle on the top of the beam or on its web to assist in 
safe erection. Ellifritt's research, along with work by Cha~es W. Roeder at the University 
of Washington (Roeder, 1989), indicates that this angle is also important to the actual 
strength of the connection. ~ should not be omitted. 
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5. HEAVY BRACING CONNECTIONS 

Heavy bracing connections as illustrated in Fig. 8 have been a maHer of concern to the 
fabricating industry and the design profession for many years. The problem is not SO 
much one of safety as it is of lack of uniformity in design philosophy. There has been a 
considerable amount of controvE'rsy as how these connections should be designed and 
it very diffICUlt for detailers to leam all the different methods preferred by different 
engineers. For this reason AISC and the National Institute of Standards and Technology 
undertook a major research program. Analytic wor!< was done by Professor Ralph M. 
Richard at the University of Arizona (Richard. 1983). Testing was carried out by Dr. John 
l. Gross at the NIST laboratory in Gaithersburg, Maryland (Gross, 1991) and Professor 
Reldar Bjorhovde at the University of Arizona (Hardash and Bjorhovde, 1985). The 
results from this research were studied by a joint task group from the American Society 
of Civil Engineers (ASCE) and AISC under the chairmanship of Dr. William A. Thornton 
of CIVES Steel Company and Dr. Gross. Although many different design procedures 
would probably be satisfactory, four were chosen to be recommended by the ASCE/AISC 
task group. These will be published in by Thornton (Thornton, 1991). All four methods 
are based on the lower Bound Theorem and its Corollaries. 

Figure 8 

., 
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Lower Bound Theorem: If an equilibrium distribution of stress can be found which 
balances the applied load and is everywhere less than or equal to the yield stress, 
the structure will not fail. At most it will just have reached the plastic limit load. 

Corollary One: Initial stresses, deformations, or support settlements have no effect 
on the plastic limit load provided the geometry is essentially unaltered. 

Corollary Two: Except for its effect on dead load, addition of material without any 
change in the position of the applied load cannot lower the plastic limit load. 

Corollary Three: Increasing the yield strength of the material in any region cannot 
weaken the structure. Conversely, decreasing the yield strength cannot strengthen 
it. 
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BOLTED FRAMING ANGLE CONNECTIONS DESIGN AIDS: 
PAST AND PRESENT 

Cynthia J. Zahn' 

Abstract 

AISC has developed new desigr aids for bo~ed framing angle connections now 
included in the AISC publication Allowable Stress Design of Simple Shear 
Connections. A historical review demonstrates the transitions this design aid has 
undergone, ranging from fully designed "Standard Beam Connections" in the Fifth 
Edition Manual of Steel Const/wtion, to no real condensed design aid in the Ninth 
Edition ASD Manual. The new version is very similar in format to the SilClh and 
Seventh Editions with values given for A36 and A572 Gr. 50 steel beams. For a 
specific steel strength, bo~ size, and number of horizontal bolt rows, three tables are 
given: Allowable Bolt and Angle Capacity, Allowable Beam Web Capacity, and 
Allowable Supporting Member Capacity. The allowable end reaction is the lower of 
the three resulting capacities. 

1. INTRODUCTION 

As in the past, the 9th Edition of the AISC Manual of Steel Construction (AISC, 1989) 
contains standard details and design aids for the different connection types often used 
in building design. This newest 'Iersion of the Manual also contains design aids for 
shear tabs for the first time, Ono connection type for which there have been no 
design tables since the 7th Edition is bolted framing angle connections, To help fill 
this gap, AISC has developed a new design aid to be used for the design of this 
connection type. Although it is not the first of its kind, as the following historical 
review will demonstrate, its methodology is unique, The design checks considered will 

'Senior Staff Engineer·Structures, American Institute of Steel Construction, 1 E. Wacker 
Drive, Chicago, Il, 60601 
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also be discussed. 

The new tables have been published in two new AISC publications. These 
publications also include additional new material along with existing connection deSign 
aids currently found in the AISC Manuals of Steel Construction. 

2. FRAMING ANGLE CONNECTION DESIGN AIDS 

1.1 History 

The format ot the AISC Manual ~f Steel Construction design aid for bolted framing 
angle connections has undergore several trans~ions w~h varying degrees at design 
flexibility. Some early editions gave allowable end reactions for a particular number 
and type of fasteners and beam size with no calculations required, while the 8th and 
9th Editions provide no comprehensive design aid. 

The first AISC Manual of Steel Construction appeared in 1927, including the first 
tables for framing angle connections (see Table 1). ·Connection Values· were given 
for shear in the web material and shear in the 3/4 In. rivets or unfinished bolts in the 
outstanding legs. The allowable load then could be determined as the lower at the 

two values'r---CoiNNi:criONi;;NGi:rs-;:c,ooiECiE:BUoo~--l 
C*JYtIIj I .YttS 

Table 1. Standard Connection Angles from 1st Edition AISC 
Manual of St.1e/ Construction 
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The 2nd Edition (1934) inlroduced "Standard Beam Connections" (Table 2). These 
were fully designed riveted framing angle'connections; fully designed meaning 
allowable end reactions were given directly with no required calculations. Values were 
given for 3 different series of connections with 718 In. diameter rivets. By the time of 
the 4th Edition (1941), 3 more series were added for 314 in. diameter rivets. Six 
different series, designated as A, B, H, HH, K, and KK, were Included based on the 
number of vertical rows and rivet diameter. Some fabricators fabricated A and B 
Connections by symbol without detail drawings. The heavier H, HH, K, and KK series 
with 2 vertical rows and special :onnections required detailing. Within each series, 
specific beam sizes were assigned a maximum end reaction based on rivet shear and 
material bearing in the web angle legs. The downfall of the "Standard Beam 
Connections" was their lack of design flexibility. The combination of number of bolt 
rows and beam size were limited by assigning each beam size only one possible end 
reaction within each series; meaning each beam size had only 6 possible framing 
angle connection arrangements. Possibly for this reason, the design aid was 
revamped in the 6th Edition. 

m STANDARD BEAM CONNECTIONS . . 
"A" SERIES . . 

! : AL.LOWASLE LOADS IN Kin 

" lveTS }of' HOLes I~" 

.'-lIJ 
~I "-• M,,,_ "'".~ 

; ' '''' 
W,IIl ... 

l~ ~J.~. a. .... I ..... ... ,- 1 " .. 
I! 

,., 51 
J~ 20 1&2.04 1_ tl'ood · 162.04 36 \IF (all weIGht.) 162.04 

" -Ii --2 1! 4A 3. a n '. - --I ---J! .. II] ,-
J! . J II W 240 to l!i.2 146.2 1.-

" 
,46., 236.3 ' ,46.2 ' 41 142.9 Ox ' 32 137.0 0% , .. . , '3< 1 

l.' 
!l' t L! 4. a,an 
--" -_ .. _ -

Table 2. Standard Beam Connections from 2nd Edition AISC 
Manual of S/0391 Cons/ruction 

In 1963, the 6th Edition was Introduced with new tables for "Framed Beam 
Connections-Bolted or Riveted' and 'Heavy Framed Beam Connections-Bolted or 
Riveted'. The new tables permirted a fine tuned design, although a minor calculation 
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was required. As before. the tables (Table 3) were given for t through 10 horizontal 
rows. One vertical row of fasteners was used except in the case of the "heavy" 
connections where 2 vertical roVlS were employed. Values were tabulated for 3/4, 7/8, 
and 1 inch diameter fasteners ot the ASTM designations listed in Table 3 for both 
friction- and bearing-type connections. All angle material was A36, while values were 
given for beam material with yield strengths of 33, 36, 46, or 50 ksi. The design 
checks included were : shear capacity of the fastener group, and bearing (parallel to 
the line of force) and gross shear capacity of the framing angles. The 7th Edition 
(1970) version of the framing angle design aid was essentially a repeat of the 6th 
Edition version with updated beam material strengths. 

FRAMED BEAM CONNECTIONS 
Bolted or riveted 

TABLE I Allowable loads 10 kips 

10 ROWS I TABLE I·'" Total Shear, kips 

,_tasten.r Dt.Imete_'_I_ .... __ ~_ r- 1_ 

W 36 r-~nll • ..!.t'tlcknns._' _ !_¥.. _ ~:"- __ ~._ 
_ASTM_AlOl_8ous __ l-u.. _120_1_lS7_ 

-" 

ASTM A141 RIVets 1)) 110 I 2. 
~ ASTM Am HS Bolts 
"A.STM- A125 HS 8oIt-' - -- 1"'- - 265 - - lo'6-

~ 

.' TABLE 1·8 Total BUfI"&' lups N , 
1\\ 

I Jo 7 , ~.st.n.' mete" 
~ I\S! ' % _.~_. 1 Beeltnl IS on I" thICk me" 
IS> f-n-,""j18- -",- .,.- !,,~1. U ... ..,'m.It'c' .... 
~ 16 3M 414 &15 01 enclosed web's' mulliply-

46 465 Sol] 620 ,n,lactor IOf theM "Ilun 

1 
50 506 591 61) 

~~ ~2 t .. X lila X t X2"·5t,; ASTM A36. Se. hble , .... lor t . . 
Table 3. Framed Beam Connections (Bolted or Riveted) from 

6th Edition AISC Manual of Steel Construction 

I 

I 

The 1978 Specification for the Design, Fabrication and Erection of Structural Steel for 
Buildings introduced new provisions that complicated the production of the framed 
beam connection deSign ald. T~ e applicable new considerations were block shear, 
material bearing perpendicular te, the line Of force, and net shear. Because of these 
revisions, the design aid was deleted in the 8th Edition Manual and replaced by 
individual tables for bolt shear, n,aterial bearing, connection angle shear, and block 
shear. This deletion was not well received and the AISC Manual Committee (a 
committee consisting of member fabricators) directed the staff to produce a new 
design aid. The result was a series of tables referred to as "Predesigned Bolted 
Framing Angle Connections" which were printed in both the 1 st Quarter, 1982, AISC 
Engineering Journal, and Detailing for Steel Construction (AISC, 1983). (See Table 
4). These tables gave allowable end reactions for 2 to 9 horizontal rows of bolts in 
only one vertical row for 36 and 50 ksi yield strength beam material, 3/4- and 7/8-ln. 
dia. A325 bolts, bearing-type connections only, and uncoped or single coped beams, 
without requiring calculations by the user. Despite the demand for these tables, they 

., 
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experienced limited use. This could be attributed to two reasons: the design aid was 
very complicated and possibly difficult to em~oy. andlor few designers were aware of 
their existence. At the time of publication of the 9th Edition Manual. no new format 
had been devised. so the tabies included for framed beam connections closely 
resemble those in the 8th Edition. AISC continued to get requests for another easy-
to-use design aid for framed beam connections. 

T.bk 1 ·3A. Mn.l"'lolin hfMiHiiJIr Bunt Elid RtKf," Iklpt' 
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Table 4. Predesigned Framing Angle Connections from Detailing for 

Steel Constuction 

' .2 Current Practice 

Aner completion of the 9th Editic,n Manual of Steel Construction. the next priority of 
the AISC Manual Committee wail to produce a new design aid for framing angle 
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connections that would be useful to the beginning detailer as well as engineers. A 
format very similar to the 6th an,j 7th Ed~ion Manuals was chosen as ~ provides more 
ftexibility for fabricators and designers in comparison to the earlier one of the 2nd 
through 5th Editions. It follows that the resulting connections will be more economical 
and efficient. The new tables, s mply titled "Framed Beam Connections" (Table 5), 
have been developed using the Allowable Stress Design (ASD) and Load and 
Resistance Factor Design (LRFD) methods. Producing both simultaneously was 
straightforward, as both methods require similar design checks, except the LRFD 
values must be used with factored loads. The design equations and procedures were 
based on the t 989 AISC ASD SpeCification for the Design, Fabrication and Erection of 
Structural Steel for Buildings or the 1986 LRFD version of the Specification. The 
design parameters, ie. bon size, angle thickness, hole type, edge distance, were 
stipulated by the AISC Manual Committee. 

The design parameters and procedures employed will be described by looking at a 
sample page (Table 5) of the A8D version of the tables. The LRFD version is 
identical to the ASD tables but il : labelled conspicuously to avoid confusion. Tables 
are given based on the following : 

1. Beam material: ':, - 36 or 50 ksi 
2. Angle material : 1-, - 36 ksi 
3. Bolts: 3/4, 7/8 , 1, anu I 1/8-in. diameter 
4. 2 through 9 horizontal rows of bolts in I vertical 

row in al l cases 

Additional parameters were assumed when calculating capacities for sub-Tables A, B, 
and C, as labelled here for reference only, in Table 5. Sub-Table A gives the 
controlling capacity between the bolts and angles. The bolt shear allowable loads 
were calculated for the given diameter for A325 and A490 high-strength bolts, slip
critical (Class A and B) and bearing-type connections, with e~her standard or short
slotted holes. Angle allowable loads are based on material bearing, gross and net 
shear. Values are tabulated for angle thicknesses 1/4, 5116, 318, and 112 in. Vertical 
edge distance is assumed to be 1 114 in. and pitch is 3 Inches. Net shear is based on 
hole reductions of fastener diam'Jter plus 1/16, so hole type does not effect that 
calculation. 

Sub-Table B tabulates Beam WE b Capacities or allowable loads for 1 in. thick 
material. For uncoped beams, the loads are based on material bearing and assuming 
the edge distance is greater than 1.5 muniplied times the bon diameter (d.) . In the 
case of beams with the top fiange coped, the values given are the smaller due to 
block shear and material bearing. When both flanges are coped, the overall depth 
can be calculated and gross and net shear can be checked in addition to block shear 
and material bearing. Horizontal edge distance is assumed for two cases: 
I 112 in. and 1 3/4 in. Because of possible mill underrun or other uncertainties of 
fabrication, these values have been reduced for calculation purposes to I 1/4 In. and I 
112 in., 518 in., 2 In., and 3 in. The effect of deep or long copes on beam 

., 
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SAMPLE PAGE 
Fy=36 kSI BOLTS - 3/4 In. 

2 ROWS I 
w 12.10. 8 

FRAMED BEAM CONNECTIONS 

Boled 
AIow_loads In ~ 

Table A 
AIowIbl. Bol ond Angle Copdy-. ~ 

S 12. 10. 8 ASTM Conn· I~ Hole F., AngIoThicluleu C 12.10. 9. 8 0..1g. edlon TI'P' QI ~ In. 
MC 13. 12. 10.9.8 nation Tv"" ~ - A325 SC A STO 17 30.0 30.0 3O~ 30.0 

~ 
..,.., 

A325 SC A SSl 15 2115 21.5 21.5 21.5 

!!:Ill A325 SC B SID 21 317 42.1 411.5 411.5 
.~ A325 SC B SSl 21 317 42.1 42.' 42.. 

jf:::l 
A325 N 21 317 Sl.1 Sl.1 Sl.1 
A325 X 30 317 42.1 $0.& 53.0 
A4IIO SC A SID 21 33.7 Sl.1 Sl.1 Sl.1 
MSO SC A SSl 11 31.1 31.1 31.1 31.1 
Mgo SC B STO :M 33.7 42.1 .... "" A4IIO SC B SSl 21 317 42.1 30-' 512 
MSO N 21 317 42.1 ".5 ".5 
Mgo X <0 317 42.1 30.6 fl.' 

• hdudH bNMv. and 010&' and '* ihNr. 

No .. : SSl (1hort·1JoMd) ~Iue ... WIilIhe IrMId peijAi 
,. 

' . ........ 
SSl. v ..... alao apply to cweraIzed 1'l0iii;, 

Table B 
AIowIble Beam WfIb Capacty, 1 in. lM1.riaI, klpI 

No 
'" In. 

~ Cc!>od. Top Fiong. Cc!>od. 80Ih Flange. 

1" I'll I'h , .... 2 3 1'. ''II I'h , .... 2 3 
lTD ~ . l1h ,0< 772 70.' 81.6 13.7 go.3 10< fl.' 71.1 76.1 60.5 go, 0< 
IQ£I " .1IM 10< .U 66.6 118.1 91~ S7.5 10< fl.' 71.1 76.1 60.5 S3 10< 

Table C 
AIowIbl. SIJIlPOIIit'll Member Copoci1y. 1 In. malerioJ. ~ 

I 
Fl·kal 

I 36 

I 
30 

2D8 23< 

Table 5. Sample page of new Framed Beam Connections Tables (Bolted) 
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performance has not been included and must be checked independently (AISC, 1984 
and Cheng, 1988 and Cheng, 1 !l88). 

Allowable bearing loads are tabulated in sub-Table C for the supporting member to 
which the outstanding legs are attached. The edge distance is again assumed to be 
at least 1.5 x d. and the material to be 1 in. thick for F, - 36 and 50 ksi. 

These are not fully designed connections, however each page lists in the upper left
hand corner the applicable beam depths based on a maximum and minimum angle 
length of T and TI2, respectively, where T is the depth of the web minus the fillets . 
The allowable end reaction for a particular beam is the smaller value resulling from 
the three sub-tables (A, B, C). The number can be taken directly from sub-Table A, 
while Band C require multiplication of the beam web thickness times the table value. 

3. CONCLUSION 

Despite the increasing use of computer software in design offices and fabricating 
shops, there continues to be a demand for printed design aids, particularty for 
connection design. The new AISC publications, Allowable Stress Design of Simple 
Shear Connections and the corresponding Load and Resistance Factor Design 
version, include only shear connection design aids. It is a combination of new 
material, and existing material from the Connection Chapters of the AISC Manuals 
(ASD and LRFD). New material includes the Framed Beam Connection Tables. 
design aids for welded single angles. and tee framing connections. The design aids 
for seated beam. end-plate shear. single-plate. and bolted single-angle connections 
are repeated from the AISC Manual. 
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SIMPLE BEAM-TO-COLUMN CONNECTIONS. 

John W. Pask ' 

Abstract 

This paper discusses four commonly used types of simple beam-to·column connection. 
viz: full depth and short fleXible end plates. web angle cleats and fin plate connections and 
outlines general guidelines as used In British practise for ensuring appropnate rotallOnal 
flexibility. The stability dunng erection of framing with Simple connections is also discussed. 

1. INTRODUCTION. 

Design codes usually require that beam end connections in simple framing should be 
capable of transml"ing the design end shear and accepting the resulting rotations but 
should not develop end moments likely to adversely affect the design of the main members. 

In the design of simple connections the optimum means 01 implementing these requirements 
vaMes from one type of connection to another and for this reason the alormentloned types 
of connection. typical details of which are given In Figs. t ·4. are discussed separately. 

J 
I 

Fig t. 
Full depth fleXible 
end plate connection. 

, Representing the Bntish Construction ~teelwork Association Ltd .. London. 
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I 

t 
I Fig. 2 
I Short flex ible 

end plale connection. 

1 
I I = 

I I I i 1= P Fig. 3 
I Ang le web cleat connection. 

--

I=p Fig. 4 
Fin plate connection. 
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2. FULL DEPTH FLEXIBLE END PLATE CONNECTIONS. 

Full deplh flexible end plates are significantly more ngid than short flexible end plates and 
provide greater stability during erection. For this reason fUll depth plates are usually 
preferred in the U.K. In addition to being welded tothe beam web they are also fillet welded 
to the insides of the beam flanges. The fOl lowing rules for ensuring appropnate flexibility 
are given with reference to Fig . 5. 

D 

-ltp 

Fig.S 

tp Smm when D 
tp 10mm when D 

g " 90mm when tp 
g " 140 mm when tp 

Use non·preloaded bo~s . 

~ 

> 

T T 

4S0mm 
4S0mm 

Smm 
10mm 

The extensive use in the U.K. over many years of the fUll depth flexible end plate is venfled 
by Eurocode 3: Part 1, which permits connections to be classified as nominally pinned on 
the basis of significant experience of previous satisfactory performance ,n simple framing. 

3. SHORT FLEXIBLE END PLATE CONNECTIONS. 

The short flexible end plate is used in preference to the full depth plale when it is decided 
to maximise on rotational flexibility. The subsequent rules, applied with reference to Fig. 6, 
ensure that within practical limitations the connection is as flexible as possible . 

. , 



102 

.. 

-~-

D 

Fig. 6 

S depth between beam web fillets 
2 0.6 D 

tp S mm when D S 450mm 
tp 10 mm when D > 450mm 

11 S 33 
tp 

g 2 90 mm when tp Smm 
g 2 140 mm when tp 10mm 

Use non-pre loaded bans 

The third item ensures that the beam tension flange does not bear against the supporting 
column and is based on the adoption of a maximum design rotation of 0.03 rad ians and 
research (Kennedy, t969) indicating that the connection rotates about a point close to the 
lower edge of the end plate. 

As the short end plate is less rigid than the full depth plate it is obviously suitable for use 
In simple framing. 

4. ANGLE WEB CLEAT CONNECTIONS 

Research (Munse et aI., 1959) indicates that in the context of rotational flexibility the 
behaviour of flexible angle cleats of the type shown in Fig. 3, is similarto that of short flexible 
end plates. The tests indicated that when a beam is supported on a stiff member such as 
acolumn, the centre of rotation is at or near the lowest bolts in the supported member web, 
Resulting from this similarity, many of the subsequent rules for achieving flexibility in angle 
web cleat connections are similar to those short flexible end plates, 
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o 

II L---1!===='=i 
Cp 

Fig. 7 

with relerence to Fig. 7: 

S depth between beam web Iillets 
~ 0.60 

Cleat thickness: 
8mmwhen 0 
10mm when 0 

11 s 33 
Cp 
where Cp IS the cleat projection 

g 125mm 

Use non·preloaded bo~s 

> 
450mm 
450mm 

9 

As in the case 01 lull depth Ilexible end plate connections the use 01 angle web cleat 
connections in simple Iraming is verilied by previous extensive and satislactory performance. 

5. FIN PLATE CONNECTIONS 

Recent tests in the U.K. indicate that the main contribution to rotationaillexiblhty in fin plate 
connections is derived Irom hole elongation in the fin plate andior beam web, and 
consequently lailure modes such as bolt shear, weld rupture and shear lailure 01 the lin 
plate or beam web which exhibit insufficient ductility should be avoided to enable the 
necessary hole elongation to take place. 

The tests established that sufficient rotation exists when non-preloaded 8.8 bo~s are used 
in conjunction with Fe E 275 steel provided that the lin plate andior beam web thickness 
is S 0.5 d where d is the nominal diameter 01 the bo~ and also provided thai all end and edge 
distances are ~ 2.0 d. 
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Extrapolallng beyond 1he tests Indicates that in Ihe case of Fe E 355 steel, the th ickness 
of fin plate andlor beam web should be ,, 0.42 d. 

The research was restricted to beams not greater than 610 mm In depth. 

Rules for generating flexibility are given with reference to Fig. 8. 

I 

11 

, I , 
11-, , 0 , , , 

I 
t 

I 

- _Fg 

Fig. 8 

" depth between beam fi llets 
~ 0.60 

Use 8.8 non-pre loaded bo~s 

Either fin plate and/or beam web thickness 
" 0.5d for Fe E 275 steel 
" 0.42d for Fe E 355 steel 

All edge and end distances 
~ 2.Od 

11 s 33 
Fg 
where Fg is the fin-plate projection 

Avoid low ductile failure modes as previously discussed. 
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6. ERECTION OF SIMPLE FRAMING. 

In simple framing such as when used in muni-storey office block constuction . due to the lack 
of appreciable joint rigidity in the beam-to-column connections. appropriately designed 
floors and roofs are normally used for the purpose of transmitting horizontal wind loading 
and other lateral forces from the intermediate frame positions to points of lateral support 
such as shear walls. lift shafts and vertical braced frames etc. 

During erection this facility is not available and it is necessary to decide by calculation 
whether Ihe connections are capable of slabilis ing the structure and resisting all forces 
likely to be experienced during erection. such as those due to wind loading on the bare 
steelwork. lack of verticality in the structure and the stacking of building materials on the 
floor beams. 

In the event of the connections not being capable of meeting these requirements then 
temporary lateral restraint must be provided. This usually involves the appropriate use of 
cables. props or bracings etc. in locations where necessary. These stay in place for 
plumbing purposes and are not removed until the floors and roof are cast and are capable 
of acting as stiff diaphragms and until the permanent bracings are installed. or until such 
time as erection is sufficiently advanced so as to allow their safe removal. These 
arrangements are preferably carried out in conjuntion with the provision of columns with 
substantial bases and four holding down bolts into the concrete. This imparts considerable 
stabi lity to the structure during the early stages of erection . 

Clearly these procedures are somewhat onerous and tend to delay erection but subject 
to design confirmation can usually be avoided by using full depth flexible end plates . or by 
using short flexible end plates. angle web cleats or fin plates 01 depth equal to the depth 
between web fillets of the supported beam. However. in the case of the three latter 
mentioned types of connection. when the depth of the connection is equal to or approaching 
the minimum value of 0.6 D and particularly when lower values as used in some countries 
are adopted. then the provision of temporary lateral restraint may be crucial. Unfortunately 
due to the large number of parameters involved it is not practical to classify simple 
connections as being capable or otherwise of stablilising structural framing during erection 
and consequently every application should be considered separately. 
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A DESIGN APPROACH FOR SEMI-RIG ID CONNECTIONS 
IN COLD- FORMED STEEL INDUSTRIAL RACKS 

Teoman Pekoz' 

ABSTRACT 

Design of cold·formed steel industrial rack frames involves dealing with semi·rigid 
connections. Design procedures have been included in the Ccmmentary to the Design 
Specifications for Racks since 1972. These procedures are described in this paper. 

1. INTRODUCTION 

The edition of 'Specification for the Design, Testing and Utilization of Industrial Storage 
Racks', (Ref. 1) adopted in 1972, recognizes the need for semi·rigid frame design. 
Rational analysis is required by the Specification (Ref. 1) and the Ccmmentary to the 
Specification (Ref. 2) provides simple procedures primarily for hand·calculations. These 
design procedures were developed based on analytical and experimental studies on full 
scale structures and components. These studies are described in Refs. 3, 4 and 5. 

Work is presently under way to refine or modify these design approaches with the aid of 
computer programs that account for non·linear geometric behavior and non·linear semi· 
rigid connections. 

2. RACK TYPES 

Though there are several types of racks, the discussion here will be restricted to the 
design of pallet and stacker racks. Standard or pallet racks shown in Fig. 1 consist of 
upright frames and pallet beams. Upright frames usually consist of two lipped channel 

, Professor of Structural Engineering, Cornell University, Ithaca, NY 14853 
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columns tied together by horizontal and diagonal braces. The goods to be stored are 
usually on pallets placed on pallet beams. The pallet beams are connected to the 
columns of the upright frames by mechanical connectors which have to facilitate quick 
assembly and changes depending on the goods stored. There are many different types 
of connectors and an example is shown in Fig. 2. M present, the m8)umum height of 
pallet racks is about 35 feet determined by the vertical reach of fork-lift trucks. 

When storage requirements necess~ate a higher rack system a stacker rack may be 
used. The pallets are placed on the rack by means of automated stacker cranes. 
Currently, stacker racks in excess of 120 feet are being bui~. The building walls and roof 
may also be supported by the rack. 

3. STRUCTURAL BEHAVIOR 

Along the aisle direction, namely parallel to the pallet beams, the framing consists of 
columns, beams and diagonal bracing in the rear vertical plane ~ any is provided. Frame 
action perpendicular to the aisle also involves semi-rigid joints. However, the discussion 
here will be restricted to the frame action parallel to the aisle. 

Racks are designed for horizontal loads resulting from earth-quake effects, in~ial out-of
plumbness or floor irregular~ies and vertical pallet loads. Add~ional loads due to forklift 
collision and impact of the placement of loads need to be considered. 

Semi-rigid behavior of the joints between the upright columns and the pallet beams is 
primarily due to the distortion of the walls of the columns at the joints and the distortion 
of the beam end plates. The connection details vary very widely. It is impossible to 
establish general procedures for computing joint stiffness and strength. It is, therefore, 
necessary to determine these characteristics by simple tests. Two types of tests are used 
to characterize the behavior of joints. These tests are cantilever and portal tests. 

4. CANTILEVER TEST 

A cantilever test provides a simple means of determining the connection moment capacity 
and rigid~. The test set-up according to Ref. 2 is shown in Fig. 3. 

The relationship between the moment and the angular change at a joint is not linear as 
shown in Fig. 4 for typical joints. However, a linear idealization of the behavior is used in 
Ref. 2. The change in angle between the column and the connecting beam 0n radians) 
is idealized as follows: 

-, 
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e = M IF .. 
where M is the moment at the joint between the connecting members and F is the spring 
constant relating the moment to the rotation. 

Cantilever tests can be used to determine the value of F with the following equation (Refs. 
2 and 3): 

where P is 0.85 times the ultimate load and 60... is the deflection of the free end of the 

cantilev&f'at load po .... ~ , L",~, ~ are the lengths and moments of inertias of the column 
and the beam, respectively. E is the modulus of elasticity. ~ is a reduction factor to 
provide safety considering the scatter of test resu~s. Since a lower F means a higher 
design moment for the beam, an ~ = 2/3 may be taken in the design of the beam. 
However, in determining the bending moments for the columns, a higher F leads to a 
more conservative value of the bending moment. It is, therefore, recommended to take 
~ = 1.0 for this case. 

It is suggested that the spring constant F be calculated on the basis of the average 
resu~s of two tests on identical specimens, provided that the deviation from the average 
does not exceed 1 0%: ~ the deviation from the average exceeds 10%; then a third 
specimen is to be tested. The average of the two higher values is to be used in design. 

5. PORTAL TEST 

The portal test illustrated in Fig. 5 is desirable when the value of F is to be used in a 
sidesway analysis either for lateral deflections or stability. Under vertical loads the 
connections in general 'tighten up". Under sidesway, the connection at one end of the 
beam 'tightens up" while the connection at the other end "loosens". The portal test gives 
an approximate average value of the spring constants involved in this process, which 
should be used to determine the effective lengths and horizontal deflections. 

The fol lowing expression (Refs. 2 and 3) can be used to determine F: 
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f\ is a reduction factor to be taken equal to 2/3, H is the horizontal load per beam. The 
dimensions Land h are shown in Fig. 5. Sway deflection 6 corresponds to a laterallcad 
of 2H. 

Since the behavior at both the design and the ultimate load is of interest, portal tests are 
to be conducted at both load levels. Mu~iple portal tests are recommended as in the 
case of cantilever tests. 

S. BEAM DESIGN 

Designing beams as simply supported would resu~ in about 10-15% conservatism for the 
beams. The following equation is derived in Ref. 3 for determining the maximum midspan 
moment M".. of a pallet beam conSidering semi-rigid end connections: 

M • WL(l _~) and l.£L . ..!!.... • ....!:...).l 
""'" 8 3EI,,). E\ 12/. 21. 

where h is the vertical distance between the inflection points in the column segments 
above and below the beam in question, L is the span (centerline to centerline of the 
columns) and W is the total load on each beam. The joint spring constant F is to be 
determined by cantilever tests. The load is assumed to be uniformly distributed. 

Again, ff one considers semi-rigid joints, the following expression for maximum deflection 
is given in Refs. 1 and 3: 

6 SWL' (1 2FL) 
""",' 384EI. - SEI.l 

7. FRAME STABIUTY ANALYSIS 

As in Refs. 6, 7 and 8, the effective length concept is used determine the load carrying 
capacity of columns subjected to e~her an axial load or a combination of an axial load 
and bending moments. The effective length factor accounts for the restraining effect of 

., 
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the end cond~ions or the effect Of the members framed into a particular member. 

Effective length coefficients can be determined (Ref. 2) using alignment charts given in 
Refs. 7 and 8 provided that the stiffness of the pallet beams is reduced to (~/L,.~ ... due 
to the semi-rigid nature of the joints. For racks not braced against sidesway, Ref. 2 gives 
the following expression: 

(I.) lolL. 
L • .." = 1 +6(EI,)/(L"F) 

where ~ and L,. are the actual moment of inertia and the actual span of the pallet beams, 
respectively. The Joint rigid~ F is to be determined by portal tests. 

For racks braced against sidesway, the above expression becomes 

(!,,-) . __ /~J~L.~_ 
L • .." 1 +2(EI,)/(L"F) 

Partial base fi~ of the columns is accounted for (Refs. 2 and 3) by using fictitious beams 
to represent the floor. The expression used for the moment of inertia, \ and length, L, of 
this beam is based on an interpretation of Ref. 9 by Refs. 10 and 11. 

The effective length factor is found directly from the alignment charts on the basis of G, 
and G" of Refs. 7 and 8. For the portion of the column from the floor to the first beam 
level: 

G = • 
l,j,l/Lc2+1/L,,) 

2(1.1 L,).." 
and 

where ~ is the column moment of inertia, l", is the distance from the first beam level to 
the second beam level and l", is the distance from the floor to the first beam level. 
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Fig. 1 A Typical Pallet Rack Installation 

Fig. 2 A Pallet Rack Joint 
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CONNECTIONS OF THIN WALLED MEMBERS 

G. Sedlacek' 

K. Weynand' 

Abstract 

In the frame of the background studies for the Annex A of Eurocode 3 the strength 
functions for connections in thin walled members have been calibrated with test resu~s. 
Available test resu~ for an mechanical fasteners were taken into account. The test 
evaluation was based on a procedure for the determination of characteristic and 
design values for resistances which was used to develope the design rules of EC 3. 
As a resu~ of the evaluations some of the strength functions proposed by the ECCS 
were improved and simplified. The new strength functions are compatible with existing 
strength functions for connections of members with normal plate thicknesses. A unique 
safety factor r .. • • 1.25 can be applied to all connection types. 

1. INTRODUCTION 

Connections of thin walled members are used for connecting sleel sheets to the 
supporting structure e.g. to a purtin or to interconnect two or more sheets, e.g. in 
joints of corrugated sheets. For such connections a lot of different types of fasteners 
and joining methods are used in practice. 

In comparison with normal plale connections with plate thicknesses I > 3 mm the 
behaviour of connections of thin walled members is characterized by the small plale 
stiiffness of the sheet. Therefore additional effects may appear in the u~imate limn state. 
Such effects are for example the tilling of the fastener in hole bearing failure or the big 
distortion of the sheet when the fastener is loaded in tension and the sheet is pulled 
over the head of the fastener. Therefore particular investigations were conducted to 
determine the load capaay of connections of thin walled members. 

, Pr0l8Sl(lf, InsIltut. 01 Stool Construdlon. RWT1+Aachon, G"'"""'Y 
, Olpl. ~ng. , InstlM. 01 Stool ConstrudIon, RWTH Aachon, G"'""""f 
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A typical way to check the strength of a connection is to carry out big test series and 
to prepare tables with design strengths obtained from these tests. The disadvantage 
of this method is that a big number of tests Is necessary to get design strength values 
wrth sufficient reliability and that the design tables are lim~ed to cases where tests were 
made. A more efficient method for the designer is the use of strength functions based 
on a physical model that includes all significant parameters and is calibrated with tests. 
This method gives more possibilities to design a connection. 

2. DESIGN RULES IN EUROCODE 3 

2.1 General 

In the frame of the development of a common European Standard for the design of 
Steel Structures (Eurocode 3), unified design rules are being developed. These deSign 
rules are based as far as possible on recommendations of the international technical 
scientific organizations as the EGCS. They shall also be founded on a standardized 
safety concept and meet a certain target reliability. 

Eurocode 3, pan 1 contains general rules and rules for buildings. Design rules for 
normal connections are presented in the main document. Additional rules that are less 
frequently used and special information are given In Annexes. 

The Annex A of Eurocode 3 in panicular deals with cold formed steel sheeting and 
members. This Annex A has been drafted by a Eurocode-Drafting Panel together with 
the EGCS lWG 7.5. 

2.2 Annex A of Eurocode 3 

Annex A of EG 3 provides design rules for the ultimate lim~ state and serviceability lim~ 
state verification of thin walled sheeting and members. The chapter 8 of Annex A 
presents strength functions and characteristic values for bo~ed and welded connec
tions. 

In order to achieve the required reliability these functions and characteristic values had 
to be calibrated with test resu~. The procedure for the evaluations that was 
harmonized across different materials by CES and ECCS and some resu~ are 
presented in this paper. 

The statistical evaluations which are documented In a beckground report to Annex A 
are based on resu~ of tests with mechanical connections. The types of lasteners for 
which strength functions had to be calibrated are given in table' . The different failure 
modes that were de~ with in the test reports are gIVen In table 2. 

On the basis of these tests the EGGS had proposed particular design rules. the validity 
of which were lim~ed to the following thickness: 

0.5 :5 t :5 4.0 mm for sheeting 
1.0 :5 t :5 8.0 mm for members. 
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blind rivets bolts with nuts cartridge fired pins screws 

table 1: types of fastener 

hole bearing - E'/~ -I shear Oncluding tilting) 
force 

, 
failure of net section -{ I ! , 1-, 

, 

shear of fastener I r i_ 

-i / . I 

, 
t 

, 
t t , t , , , 

pull 
, 

pull ==::, F' 
, = = , , , 

~'" ,~ . ~ 
, 

. =1= tension through 
, , , over , \- I , , 

force 
, , , , 

t 
T 

I 
pull out , 

i2 <:d [ t:. ., ~ 

t 
~ 

t 
tensile of fastener 

r / I I 

table 2: failure modes of connections in thin walled members 

By the calibration described in this paper the ECCS·proposais had to be checked and 
further developed by taking into account the following aims: 

Compatibility with EC 3, part 1. The transition from thin sheeting to 
members with normal plate thicknesses should be continuous. 
The design rules should be based on mechanical models. 
The range of validity of the design rules should be as large as possible. 
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3. BACKGROUND STUDIES .. 
3.1 General Procedure 

The procedure for the calibration of the characteristic strength functions WIth test 
resu~s is based on a statistical evaluation that is carried out in the following steps. 
figure 3. 

Step t : 

Step 2: 

Step 3: 

Step 4: 

Step 5: 
Step 6: 

A strength function is proposed, 
that should be based on a simple 
mechanical model and contain all 
relevant parameters. 
All available test resu~s are col· 
lected. The documentation of these 
tests should contain measured data 
for all parameters taken into 
accoum In the strength function; 
otherwise the tests cannot be con· 
sidered. 
Comparison of the experimental 
test resu~ with the resu~ yielding 
from the strength functions with the 
measured parameters. 
Check of the sensitMty of the 
strength function in view of the 
different parameters and subsets. 

figure 1: 

/ 
~ 

.. .... ; 
·· .. it 
/ 

'/ 

comparison of theo· 
retical strength with 
test resu~s 

Determination of the mean value corrections and coefficients of variation. 
Determination of the characteristic values, design values and the panial 
safety factors YM from the statistical parameters obtained in step 5. 

The resu~s of the sensitivity checks (step 4) as shown in the diagrams below (chapter 
3.2) may be used 

to show the influence of the different parameters in the strength function, 
. to find out whether additional parameters should be included in the strength 

function or subsets of the test population, for which parameters are almost 
constam, should be provided in the evaluation. 

A parameter may be taken as correctly taken into accoum when the ratio of the 
experimemaJ resu~ to the resu~ of the strength function is constant versus thiS 
parameter. 

3.2 Test Evaluation. 

For the statistical evaluations all available test reports were collected and evaluated to 
form a database. This database contains nearly 6000 test resu~s for all types of 
fastener and all failure modes. Only test resu~s which are completely described in the 
test repons were taken into account 

The statistical evaluations were carried out for each fastener type and for each faJlure 
mode. The modes shear failure and tensile failure of the fastener were not checked 
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because these modes were completely checked in the frame of the background work 
for connections of members w~h normal plate thicknesses. 

Most of the characteristic strength functions proposed by ECCS could be verified w~h 
the statistical evaluations. In two cases the proposals could be improved significantly. 
The results of these evaluations are given belo.., as examples. 

3.2.1 Example 1: Bolts with nuts, hole bearing failure 

The strength function for the hole bearing failure as originally proposed by ECCS is 
gIVen In equation (1). It contains an a-value which is dependent on the distance el d 
and on the sheet thickness t as shown in figure 2. 

• 
\ .0 

4.0 

3.0 

2.0 

1.0 

F · a·t·d ·! . , . 

1.\ 3.0 6.0 

figure 2: a-value according to the ECCS proposal 

To check the proposed a-value, the experimental a-factor a ... was calculated as 

(1 ) 

(2) 

where P_ 
t 
d, 
f. 

ultimate load of the connection obtained from the experiment 
measured thickness of the thinnest sheet 
nominal diameter of the bc~ 
measured ultimate tensile strength of the steel sheet that failed. 

The a_-Values are plotted versus the sheet thickness t in figure 3. To check the 
compatibil~ ~ the design rules in EC 3 for normal plate thicknesses. the resu~s of 
test specimen ~ thicker sheets are also induded in this sens~ivity diagram. 

The functions a(t) as proposed by the ECCS and as specified in EC 3. part 1 for 
normal plate thicknesses are given in this figure. It is evident from figure 3. that the 
dependence on the sheet Jhickness t as proposed by ECCS is not justified and the 
proposal could be easily changed to get compatibil~ ~ EC 3. The revised formula 
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" . 
• 

I 

I / II • 
.. !/ 

• • 

figure 3: sensitivity diagram 

in Annex A therefore reads: 

• , 
J 

Z 

F • 2.5 . a . t . d . f . " " 

e/d " :3 .. ~} 
z J , 

e/a :. J 

Cl • 25 

figure 4: a-value as specified in EG 3 

• 

• 
•• 

• 

EC 3 • proposal 

• ,0 Il 

t {mmJ 

(3) 

All test results were then compared with this revised strength function. The partial 
safety factor y,; obtained from ~ is smaller than the EG 3 - value YM· = 1.25. 

3.2.2 Example 2: Screws, pull through/pull over 'allure 

The strength function for this failure mode proposed by the EGGS is given in the 
following equation. 

F • 15 . t . f . " 
(4) and d. ;" 14mm 

where d.: maximum of the nominal diameter of the fastener head or washer, ~ any. 
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The figure 5 shows the sensitivity di$gram for 

(5) 

which is plotted versus the parameter d~ 

a, .. ~ 
• • 
• 

0 • • 
I • 

• • d" (Ee 3 • proposo/) 

• 
o +---_,----_r----~--_,----_r----~--~ • I. 15 •• " 30 

d w [mm) 

figure 5: sensitivity diagram 

As can be seen from figure 5, the a_,value is depending on the parameter d., that 
means thai the washer diameter d. can be included in the strength formula. The 
application of a simple mechanical model as shown in figure 6 leads to the formula 
given in equation (6) 

F -a·t · d · f • • • with a - 1,0 (6) 

The results of the statistical evaluation carried out with the strength function In equation 
(6) leed to a safety factor YM' of 1.25. The strength function is safe for all checked 
diameters (see figure 5). The limitation for d. in equation (4) does not apply for 
equation (6). 

3.2.3 Reaulla 
., 

The checked strength functions for all types of fasteners and for all failure modes 
which were checked with test results are summarized in table 3. 
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, 

t dw t 
F •• a' . " . d •. I . t. /.,13 

l' ," 
I ::t. t :II 0' - 1.8 . d • . t • t" 

• I i 

, where a' takes inlO accounl the ben, 

t ~ ~'<, '\ 
ding and membrane effedS 

" 
, ,J.- " , 

F" ,. a . d • . t . t" ~ ' , 
where a • I .B . a' 

figure 6: mechanical model of the pull over failure 

faste- failure mode 
net range of validity 
type hole bearing Onduding failure of nel section 

tilting) 

blind ri- F •• a I d,. f. F" • ~ t" e, ~ 3d, 
vets where: e, ~ 3d, 

• tor t, at: u, ~ 3d, 
u, ~ 1,Sd" 

a-3.6] I but as2.1 
d, 2.6 s d, s 6.4 

mm 
,for I, ~ 2.51: a • 2.1 
, for 1 < 1,/1 < 2.5: 

linear Interpolation 

bolts F •• 2.5 a t d,. f. Fit • A,., fro e, ~ 1.Sd" 
with where a is the minimum where: e, ~ 3d, 
nuts of d u, ~ 3d, 

e, 
1,.(I-O.9~+3ru)f. u, ~ 1.5d" 

- and 1.0 bott size: > M6 
3d, with a maximum of fft :II '", Batt classes: 4.6 

u - minimum of 2u, or u2 up 10 10.9 
t ~ 1.25mm 

car1rid- F •• 3.2 f. d,. I F" :II A.,. t" e, ~ 4.5 d, 
ge fired e, ~ 4.5 d, 
pins u, ~ 4.5 d, 

u, ~ 4.5 d. 
3.7 S d, S 6.0 
d,, - 3.7-t, 2! 4 
d,, - 4.5 - t, 2! 6 
d. · 5.2 - I, ~ B 

lable 3: characteristic shear strength 
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faste- failure mode 
ner range of validity 
type hole bearing Oncfuding failure of net section 

ti~ing) 

screws Fit • at d,. flO Fn Z A." fll e, O!: 3d. 
where: e, O!: 3d. 
" for 1, - 1: u, O!: 3d. 

a.3.2] I buta:s2.1 
u, O!: 1.5d. 
3.0 :s d. :s 8.0 

d. 

"for I, O!: 2.51: a - 2.1 
" for 1 < 1,/1 < 2.5: 

linear inlerpolation 

lable 3 (continuation): characterislic shear strength 

fasle- failure mode 
ner range of validity 
type Pull through Pull out 

pull over 

Screws F. = td.f .... or F. = 0.65 t, dn flO 0.5 < I < 1.5 mm 
F, : 0.5 I d. f. for t, > 0.9 mm 
repealed load 

Cartrid" F. = t d .... fu. or Characteristic pull out 0.5 < I < ' .5 mm 
ge fired F, - 0.5 I d. f. strength larger then F, t, > 6 mm 
pins 

lable 4: characteristic tension strength 
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WELDED HOLLOW SECTION CONNECTIONS 

UNDER PREDOMINANTLY STATIC LOADING 

Dipak Dutta 

ABSTRACT 

The complexity ot the load trans tel' due co the non-unirorm stiffness of the 
intersection in the hollow section joints make them behave Quicl!: 
differently than the joints ot open sections . Numerous research programmes 
had to be absolved in many parts ot the world in order to develop the 
desi&n strength focmulae and recommendations. Thi. papet" lives an 
up-co-date scate-ot-the-art tor the desisn ot uniplanar and lIultiplanar 
hollow section joints in lattice structures in Europe . 

1. GENERAL 

Welded joints are mostly applied in lattice girder constructions and that 
1& why emphasis i. placed in this area . Structural hollow sections, 
circular and rectanlular. are particularly suited for frazed structure. as 
a .olution formed by connecting one hollow .ection to another direcc-ly 
\H thout the addition of gu •• et platea, stifener. or other encuabr.nces. 
We l lknown ia the fact that the de.ign of the connections in welded lac-ticed 
structures of structural hollow sections require. not only the knowledge 
about proper welding but alao .pecial inaight inc-o the connection behaviour 
.. inly dependent on the connection configuration gov~rned by the 
geoaetrical p.ra.eter •• such a. diameter ratio dildo or ~idth ratio bi/bo. 
thickness ratio totti' chord diameter or width to thickne~a ratio do/to or 
botto, gap g between bracing toeS, overlap ov of bracing. and angle of 
inclination 9i between chord and bracing axi •. In order to secure the 
structural in~e&rity or "' hollow section ccnnection, it is of vital 
~mportance th~t the di=~nsion. of the con.tructional .eabers a. well a. the 
conf1auration of c-he connection result in adequate deformation and rotation 
capacity . It w. s nece'5ary to carry out extensive experilllental 
1nvestig.c-ions be.ides theoretical analysis to co.~ to proper undersc-andina 
of the solution . Over the last tventy-five years research programmes have 
been perforaed in •• ny countries to calle to the desian forllulae and 
constructional rules tor hollov .ection .tructur.s u.ina the reault. 
obtained by the.e reaearch work... Beside. the re.earcha. done by .. ny 
universities and research institutes a llover the world, .pecial mention 
ha. to be .. de of the sponsorship of CIOECT (Co.ite Internatlonal pour Ie 
Oeveloppelllent et l'!tude de la Construction Tubulaire International 
Coaaittee tor the Development and Study of Tubular Structures), an 

*) Senior Research Engineer, Hanne'lIIannroehren-Werke AG. Due.aeldort 
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a.sociation ot .ajor hollow steel section manufacturers, which hes devoted 
considerable resources to the inve.tis_tion of virtually all •• pects ot the 
hollow section deai,n includin& atatic and t.tilue strength ot joine., 
bucklina behaviour ot e.pey and concrete-tilled coluans, aerodyn •• ic 
properties, corrosion resistance and workshop fabrication. The 
international natuC'e of CIDECT ha. enabled to have acce •• to relevant 
aaterial tro .. worldwide sources and get direct contact with aany of the 
world's leadina experts . This has racilitated to !oraul_te desisn rules and 
toraul.e for hollow section constructions, wh ich are accepted in the most 
countries of the world . However, an internationally .,reed standard has not 
yet been created. 

2. STATE- OF-THE-ART 

2.1 De.ian at uniplanar hollow .ection joint. 

Lattice .tructures are usually desianed .s.u.ina that the 
pinjointed. When de.ianina H55 trus.e., the paralnOunt rule 
aust tallow i. to select the meaber. and to detail 
.imultaneously. 

joints are 
the enaineer 

the joints 

The joint strenlthll can be calculated ba.ina on the .emi-empirical tormulae 
derived tro. the experimental inve.tiaations toaether with theoretical 
analysi •. The development at these desian recommendations are based laraely 
on CIDECT/EC5C work (Wardenier 1982) (Gidding. and Wardenier 1986) 
(IIW-XVE, 1989) (Sedlacek et al 1990) as tar .. RHS joint. and SHS to 
I-.ection joints are concerned and largely upon Japanese wo rka (Kurobane et 
aI, 1980), (Kurobane, 1981) as tar a. circular hollow aection joints are 
concerned. AlthOuah the joint strength formulae aiven in these pUblicationa 
are ot the .ame form manifesting the eftecta of the geometrical parameters, 
yield strenath, aember dimensiona and preload. in the chord, they are 
sliaht1y different trolll one another ahowina the different staaes of 
developlllent. Final deaian .trenath formulae, which are accepted currently 
atter an extensive discu.sion and re-analysia by the experts, are given in 
(Sedlacek et al 1990) and (Wardenier et al 1991) (IIW-XVE, 1989). 

The flnal de.ian tor.ulae for uniplanar circular and rectanaular hollow 
.ection joint. are .hown in the Tables 1 and 2. They have been incorporated 
in the lates dr.ft ot Eurocode 3 (Sedlacek et aI, 1990). 

While desianing an welded lattice structure ot hollow .ections , secondary 
bend in, aoment. due to the actual joint .tiftne'. can be nea1ected tor 
atatic de.ign if the joint. have sufficient rotation capacity . Within the 

-, 
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,eo.et~ic li.ita of validity shown in the tables thi. viII be the ca ••. .. 
Hollow aection tru •• es have nod ina eccentricities, 'rio I), which are 
SOllletla.s nece •• ary for che e •• e or fabrication. ". the inveati,ationa 
demonstrate, the resulting bending momenta can be neglected tor joint 
deaian in the ca.e - 0 . 55 , e ~ 0.25 .nd for chord aeaber. loaded 

tension . Chord aembers loaded in co.pres.ion. 
checked tor the bending etfect distributing 
noding eccentricity to the tWO chord aember. 
st i ttne •• of each (ria 2) . 

~
' " 

.... :\ . . 
.. ' .. ) ... .., 

f.!.L........ .ocll ll i UCUlr l Cl l l U 

hOWever have al"ay. to be 
the bending 1IIo0llent du. to 
at the joint b •• ed on the 

M_ • • 1", c. ...... c.o",) 

Of,' -<1:$:;.1,.,> 
1oU, -M-,(!L!!L...-) 

I, 1f,-I,If, 

I • ".".,., " 1N1M 

I.1Ll ..... 1 .hlr lhtln 

Extensive research has been done to deter.ine thc effective buck.lina 
lenatha 0' m~&ber. 0' welded hollow section trullea (Kouty. 1980). A 
current evaluation 0' all teat reaulta (Rondal 1988. 1989) Icd to thc 
forillulae ahown in thc IIb:~~ l. This recommendation ha. alao been 
incorporated in thc latest Eurocnde J draft (Sedlacek <t ", 1990) . 

. /. _ .. ....... 
~ .... "-" ........ 

11.)0 ' ,.!/IL· •• )I"'U Q Q 
J .u· ,.!I CL· ~.) I"'U D D 

\..-'o..-l l....a-J. 

J.J'· I~!IIL · ~.I1"n 0 g 
IJ....J 

• - ~_~.!;::U • -:1 : ~u.u., .1_ h.-
..... .u._ .... .. 

," - ~ .......... ,." 
~! - ...... .. u,u. 

TAb: l e J Calculation for.ull'l~ tor in .no.! out of plane 
bucklina len&thl ot bracine meaber. 

Aa regards the interaction betwel!n the axial load in, and bending momenta 
the invellti&ation~ have ahown that in-plane bend in, ia l.es. severe than 
out - at-plane bend ina . Eurocode 3 draft proposes lhe to11owin& lower bound 
interaction function : 

N, H,p Hop 
f + (-)' + 1.0 

',. 'lP MIS 'op an lJ\e I.oecU actina' 

Hi.* Hip • Hop • It", .•• " Mol r .. an ded", ttlW\l"W . 
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2.2 Design of multiplanar hollow section joints 

Multiplanar joints are frequently used in tubular structures, especially •• 
triangUlar or quadrangular girders. 
lnveati,ationa carried out in this sector until now are supplemented by 
further tests . RHS joints (or triangular girders have been teated (fig 3) 
and theoretically analysed in the framework of .. CID!CT research programlle 
(Bauer and Redwood , 1988) . A sottwa['l~ programme tor the joint du:ign 
determining the joint strength is also available. (Hakino et aI, 1984) 
tested CHS KK-conneccions (fiR 4) tor triangUlar girders to determine the 
ultimate load bearing capacity of the .aid joints. (PauL et aI, 1989) 
invutigated into the static behaviour and strength of eHS lIIultiplanar 
X-joints . 

.liL.....l Tr'Ulu tu IHS Irul ,uneetlu 

Based on the evidence obtained from the above mentioned pro&rammes, design 
recoamendations for multiplanar j oints usinl the for.ulae for the strength 
of the uniplanar joints with the correction factors are liven in TAble 4. 
They have been incorporated in the Eurocode J draft . 

Sponsored by the European COR\lDunity 
projects dealing with investigation of 
currently running : 

and CIDECT two further research 
lDultipianar joint behaviour are 

1 . Study of the behaviour under static loads uf welded trianaular and 
rectan,ular lattice airders made with circular hollow section, CIDEeT 
progeamme SAS (Liege University, Belaium). See ~. 

CHS Connection types to be tested (Peole . SAS) 

2. Static strength of lIIultiplanar RHS joi nts, CID!CT Programae SAW (Delft 
University, The Netherlands, Bdtish Steel Technical and Steel 
Construction Institute, U.K . ) . 

The final report of the rinst programme will be available at the end of 
1991. The second prograame haa atarted shortly . A modification of the 
design recolDJDendation (Sedlacek et aI, 1990) has been planned aftl!r thl! 
results of the research programmes are available . 

-, 
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STEEL BASEPLATE-FOOTING-SOIL BEH AVIOUR 

Robert E. Melchers' 

Abstract 

An overview of recent experimental work and preliminary mathematical modelling for 
the moment-rotation behaviour of two and four bolt ·pinned· and "fixed· bases 
respectively is presented. Baseplate thickness and bolt behaviour are the main 
factors governing behaviour of the steel baseplat~oncrete footing interface. 
However considerable deformation can occur in the footing-soil inlerface and the 
re lative moment-<leformation behaviour of two interfaces is important in modelling 
columns as "pinned" or otherwise at foundation level. This mat1er is of interest in 
predicting (mainly) lateral deflections and in stability analysis of steel frames. 

1. INTRODUCTION 

The behaviour, as distinct from only the strength (e.g., Thambiratnam and 
Paramasivam, 1986; Penserini and Colson , 1990), of the bases of columns in rigid 
(and other) frames is mainly of interest for the accurate prediction of frame deflections 
under working loading conditions and to a lesser extent for buckling load predictions. 
Earlier work has shown that connection behaviour can have an influence on the 
magnitude of the predicted deflections , and , of course , it is well-known that the 
assumptions of a "fixed· or a ·pinned" base condition can affect the economy of the 
structure for given ground conditions. Yet there is surprisingly little information about 
these matters available in the literature. 

A review to 1987 of steel baseplate behaviour under large moments is available 
(Melchers , 1988). Since then details of tests and of modelling of nominally ·pinned" 
bases for the rather large column sizes (460 UB and 310 UC and UC) employed in 
factory-type structures common in Australia have become available (Hon and 
Melchers, 1987; 1988) and further tests (unpublished) have been performed on both 
·pinned" and ·clamped· bases for smaller column bases (200 UB 25 columns). Some 
aspects of the latter will be reported herein. The behaviour and strength of 
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baseplates under mainly column axial forces will not be considered (but see, for 
example, Krishnamuthy and Thambiratnam, 1990), 

2, TESTS ON BASEPLATE CONNECTIONS 

laboratory tests generally similar to those described earlier (e.g" Hon and Melchers, 
1988) but for column stubs and baseplates manufactured from 200 UB 25 and 
welded with 6 mm fillet weld all round to various thickness 01 300 x 200 mm steel 
baseplate, were conducted both for nominally "pinned" and "fixed" type connections. 
For the "pinned" connections only two holding down bolts were used, placed 
symmetrically about the column web and along the column minor axis. For the 
"clamped" connections, four boHs were used, off-set from the column minor axis (see 
Rgure 1). As for the earlier tests (Hon and Melchers, 1988), the connection was 
packed, grouted and tightened as in field practice. The column stubs were loaded 
laterally by a double acting jack so as to simulate applied moment under load
reversal conditions. Axial load was not applied, since for the factory-type portal 
frames of interest, it is not significant for the column size. 
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Figure 2. Column-Base Behaviour Under Load Reversal 

The rotation of the column relative to the concrete foundation block was measured 
using inclinometers and digitally recorded together with applied loading. Typical 
plots of applied moment, measured at the level of the column baseplate, versus 
relative rotation are given in Figure 1. It is evident that the addition of two holding 
down bolts but otherwise using the same connection details has a considerable 
influence on the connection stiffness. 

As reported earlier, the connection behaviour depends principally on baseplate 
thickness and to a lesser extent on bolt size. (Connection strength depends, of 
course, on material strength parameters as well] . Deformation of the baseplate was 
found to be the critical mode of behaviour except when exceptionally small diameter 
botts were used relative to baseplate thickness. The modes of deformation observed 
for the baseplate generally corresponded to those observed earlier (e.g., Hon and 
Melchers, 1988). 
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Most of the tests were conducted under full moment reversal (see Figure 2). This 
reveafed that even for nominally "fixed" type base connections the base can become 
essantially ·pinned" once sufficient permanent deformation of the baseplate occurs. 
As saen In Figure 2, this required loading beyond abcut 0.5 the ultimate capacity - a 
load level which might well be exceeded in the base area of a column such as might 
occur in structures under exceptional loading conditions and with long-term stress 
re-distribution within the frame as a whole. This aspect requires further investigation 
if attempts are to be made to reduce baseplate thickness. 

3. TESTS ON FOUNDATIONS 

Response curves of the type given in Figures 1 and 2 do not represent adequately the 
behaviour of the support conditions for the column. Allowance should be made also 
for possible rotation deformation of the foundation. Unlike the baseplate , however, 
the design of the foundation is much less standardised and depends on site 
conditions and on the inter--<elationship of the column with the floor and other details 
of the structure. For the factory-type portal frames of interest, typically a reinforced 
concrete floor slab is employed. This may be (i) laid over the foundation, abutting 
the columns but usually saparated from them by a filler material, (ii) laid abutting the 
foundation block and level w~h ~ at the top and again usually separated . and (iii) 
laid at a lower level (more common in older structures). 

The foundation block is generally constructed in reinforced concrete and of a size 
determined by the downward-acting axial force and by soil capacity, or more 
commonly in Australia, the need to use the block self- weight to hold down the frame 
against uplift wind forces. With these imponderables, it was decided to use a 
foundation block comparable in size to that observed on typical factory structures for 
comparable column size. It follows that the results obtained have only indicative 
value , in particular, in re lation to the overall behaviour of the column- foundation 
assembly. 

A foundation block 1100 mm long x 300 mm wide x 580 mm high was cast into a 
prepared foundation hole without formwork (except at the top) (see Figure 3). It was 
surmounted by and fixed to a steel column against which a double-acting jack could 
act at various levels and angles. This arrangement was selected to allow for the 
possibility of varying axial force with applied moment. 

The rotation 01 the foundation block under increasing and decreasing jacking load 
was recorded for a number of different jacking arrangements. Details of this work wi ll 
be presented elsewhere, suffice it to note here that a typical set of increasing 
moment--<etation curves for a given jacking arrangement were found to be as given in 
Figure 4. Also shown in this figure is the curve obtained to predict the deformation 
using a somewhat modified version of a mathematical model due to Xiong Jianguo 
et aI., (1990) . 
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The moment-rotation curves were obtained by plotting the moment Me at the 
baseplate level (Le. , the top of the foundation block) against the measured rotation. 
Thus Ihe moment Me is directly comparable to thai used in the description of the 
moment-rotation curves at the steel baseplate (see Figure 1). However, it is clear 
from elementary considerations thai the centre of rotation is approximately at the base 
of the foundation block for the particular experimental condilions encountered. This 
was confirmed by the analysis of the test resuhs. It means that at the level of Ihe steel 
baseplate (i.e., top of foundation block) there is both rotation and horizontal 
translation. It also means that the sell-weight of the foundation block (and the steel 
column above) are important ingredients in the capacity of the foundation to sustain 
deformation. 
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This is illustrated in Figure 5 in which all moment-rotation curves for the tests become 
almost coincident when the moment (MA) is measured at the foundation base. Any 
remaining difference must be attributed to the effect of the induced vertical force due 
to jack inclination and to experimental error. 

4. DISCUSSION 

In comparing the relative impertance 01 foundation rotation and baseplate effect, it is 
important to note the differences in accuracy of the two. The foundation rotation 
estimates have considerable uncertainty. Nevertheless, it is clear Irom comparing 
Figure 1 to Figure 4 that for a given applied moment the foundation-soil interlace can 
contribute more than half the total rotation for nominally "pinned" bases, and 
considerably more for nominally "fixed" bases, even in the case of the very stiff sOil 
used in the experiments. The difference would be larger for less stiff soi ls and for 
foundation blocks of lower self-weight. 

It must be emphasised again that the investigation of the foundation block rotation in 
soil noted above is very preliminary. The modelling of the behaviour of the block in 
the soil is based on limited understanding (cf. Xiong Jianguo et aI. , (1990)) and 
further work, both experimental and analytical, will need to be undertaken. The 
present set of resu~s indicates that such work is necessary for the complete modelling 
of column base behaviour. 

5. CONCLUStON 

Some current research work aimed at modelling the behaviour of the column-base
footing system has been outlined and an indication given of the likely relative 
Impertance of the two interlaces: column baseplate- footing and footing-soil. For 
factory-type pertal frames of large span as commonly used in Australia, the footing
soil interlace appears to make a substantial contnbution to the rotation of the system 
under an applied moment. However, further research work Is required before work 
can commence on design guides. 
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SEMI-CONTINUOUS COMPOSITE FRAMES IN EUAOCOOE 4 

David Anderson' 

Ali Najafi' 

Abstract 

The approach adopted in EC4 for semi-rontinuous composite frames is explained. 
DifflCU~ies were encountered in writing rules for frames with semi-rigid joints and 
research needs are identified. Rules given in EC3 for calculation of steel connections 
have been extended to Include compos~e connections. Recent tests on composite 
connections are reported and compared with these rules. The tests indicate that 
careful detailed design of connections is necessary to provide sufficient rotation 
capacity for plastic global analysis. 

1. COMPOSITE CONNECTIONS IN EUAOCOOE 4 

1.1 Introduction 

Part 1 01 Eurocode 4 (1991 ) gives general rules for the design of compos~e steel and 
concrete structures. and detailed rules for buildings. It Is to be used In conjunction 
with Part 1 of Eurocode 3 (1990). EC3 gives a ciassification system for 
beam-to-<:olumn connections, related to rotational stiffness and moment resistance; 
that applicable to braced frames Is shown in Flg.l . This enables the type of 
connection required for different kinds of framing (simple, continuous, 
sem,-rontinuous) to be specified, depending on the method of globai analysis to be 
used. This is to ensure that assumptions made in analysis of the structure are In 
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acx:ordance with anticipated behaviour of the connections. As EC4 has to be 
consistent with EC3, it has been necessary to extend the classification of connections 
to compos~e construction. 

1.2 Definition of Composite Connection 

Design that relates only to steelworl< components within composite structures is not 
treated by EC4. Hence in EC4 a compos~e connection is defined as one in which 
reinforcement is intended to contribute to the resistance. This will exclude 
connections such as that in Fig. 2, because concern over lack of ductility usually 
causes welded mesh to be omitted from the effective section. Wrth the concre,e 
cracked due to hogging bending and the profiled steel sheeting neglected, the 
connection reduces to one between steel sections and Is therefore within the scope of 
EC3. 

1.3 Classification of Composite Connections 

To non-dimensionalize the classification lim~s , the properties of the connection are 
compared with those of the connected beam (Fig. t). For composite beams, the 
design plastic resistance moments, M I.Ad' in sagging and hogging bending are 
generally different. Similarly, the flelural rigidity of the beam, Elb, depends on 
whether the "cracked" or "uncracked" section is considered. 

For classification by moment resistance, the appropnate value of MOI.Ad is that of the 
composite beam's cross-section adjacent to the connection. As in EC3, a connection 
is then classified as tull strength or partial strength, depending on whether the 
resistance of the connection is greater than or less than Mpl.Ad' 

In elastic global analysis for ultimate lim~ states, EC4 penmits flexural stiffnesses of 
beams to be taken as the "uncracked" values Eal, throughout Ihe length of a beam, 
where Ea is Ihe modulus of elastiCity for slructural steel and I, is the second momenl 
of area of the equivalent steel section, assuming concrete in tension is uncracked. 
Mematively, flexural stiffnesses are taken as the "cracked" values Eal, over 15% 01 
the span on each side of each internal support and as the uncracked values Eal" 
elsewhere. 

For classification of connections by rotational stiffness, it is desirable that calculation 
of E~ll is nol required when the designer has chosen uncracked global analysis. In 
class,fication, EC4 perm~s flexural rigidity of the beam to be either the cracked or 
uncracked value, consistent with the approach used in global analysis. As Eal, < Ea.I, 
~ is more likely that a connection will be classified as rigid if the cracked rigidity IS 

used; with this classification, the connection flexibility is ignored. This is appropriate 
as the cracked approach is the more a~rate model of beam behaviour and therefore 
greater approximation can be tolerated in representation of the connection. 

1.4 Semi-<lOntinuous Framing in EC4 

Following eariier design recommendations (ECCS, 1981 ), EC4 perm~s moments given 
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by elastic global analysis to be redistributed by reducing support moments such that 
equilibrium is maintained. Such redistribution away from supports accounts for 
yielding and cracking in regions subject to hogging bending. Um~s to redistribution 
have been established by studies on continuous compos~e beams. 

Semi-rigid joints could similarfy be treated by analysing the structure as continuous 
and then redistributing moments. To do this, though, requires research to find 
appropriate degrees of redistribution, which would be dependent In part on the M-e 
characteristics of connections. Even if the connection is rigid, the established degrees 
of redistribution may not be appropriate unless the connection is also full-strength. 
This is because yielding will occur in the connection rather than the member if the 
former is only partial-strength. Behaviour will be dependent again on the M-e 
characteristic of the connection. Methods to predict such characteristics are so far not 
well enough established to Justify indusion in EC4. Rules for elastic global analysis 
with redistribution are therefore only given for situations in which the beam is ~her 
continuous over internal supports or is jointed by full-strength and rigid connections. 

A rigid-plastiC approach Is an alternative to elastic global analysis. The important 
characteristics of the connection are now lim~ed to the moment resistance and the 
rotation capa~, rather than the complete moment-rotation characteristic. Such 
analysis of semi-continuous framing is induded ~hin the contents of EC4. tt is 
necessary to demonstrate that the connections have sufficient rotation capacity. No 
attempt has been made to quantify this, nor are detailed rules given for the calculation 
of moment resistance and available rotation capacity. Attention is drawn though to 
the possibility of making some use of the detailed rules in Annex J of EC3 for steel 
beam-to-column connectiOns, supplemented by consideration of the yielding of slab 
reinforcement. 

1.5 Conclusion 

To use rigid-plastic global analysis for semi-continuous framing, ~ is necessary to 
determine the moment resistance of connections and to ensure that edequate rotation 
capacity is available. Section 2 below shows that the rules in EC3 can be readily 
extended to predict moment-resistance of composite beam-to-column connections. 
Adequate rotation capachy requires careful detailed design of the connection. 

2. RECENT 'TESTS ON COtA'OSIlE BEAM-TO-COLU~ CONNECTIONS 

2.1 IntroOOdion 

A series of tests are in progress at the Univers~y of Warwick, all Involving end-plate 
connections. The first three tests, on major axis connections, are reported herein. 
Each test is on a symmetrical cruciform arrangement comprising a column stub and 
two connected beams. Steelworl< details are shown in Fig. 3, including the 
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arrangement of the profiled steel sheeting used to form the slabs. Reinforcement 
details are given in Fig. 4. Common details are as follows: 

Structural SteelworX 
Bohs 
Deck 
Slab 
Concrete 
Reinforcement 
Shear connectors 

Grade 43 (minimum yield strength 275 Nlmm') 
20 mm diameter Grade 8.8 
Precision Metal Forming CF46 0.9 mm thick 
1100 mm wide x 120 mm deep overall 
Normal weight, designed as Grade 30 (cube strength) 
A 142 mesh (0.142 mm'/m) plus adclijional bars as given below 
t 9 mm stud x 100 mm long before welding 

The variable parameters are the form of the steelworX connection and the additional 
slab reintorcement (of characteristic yield strength 460 Nlmm'). The choice of 
variables for Tests 1-3 Is given in Table 1: 

Table 1 - Summary 01 tasts on composite connaclions 

Test No. End Plate Reinforcement Rebars only Rebars 
and mesh 

1 Flush A142 + 8 no. T12 1.11% 1.31% 

2 Extended A142+ 8 no. T12 1.11% 1.31% 

3 Flush A142 + 4 no. T12 0.56% 0.75% 

For comparison with recant fire tests (Lawson, 1990), compression stiffeners were 
provided to the web of the column section, thus eliminating any possibility of failure in 
the compression zone. 

2.2 Test rig and Instrumentation 

loading was applied 10 each beam by an independent jack placed 1.4 m from the 
face of the column. Each jack acted on the slab through an arrangement of rollers 
and a knife-edge. The jacks reacted against a supporting rig attached to the 
laboratory floor. The base of the column was supported on a ball joint seated on a 
concrete footing. The base was thereby held in pos~ion but was free to rotate. 

Some of the instrumentation is shown in Fig. 5. The rotation of the steel beam was 
measured by means of displacement transducers acting on a length of angle section 
attached to the upper nange of the beam. Rotation was measured relative to the 
vertical axis through the centroid of the column section. In addition, inclinometer 
readings were taken on the lower lip of a zed-shaped bracket, the upper lip being 
attached to the upper flange of the beam. 
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2.3 T8S1ing Procedures 

Actual dimensions of test specimens were measured and materials tests performed. 
The ductil ity of the reinforcing bars met the requirements of BS4449 (1988), the 
elongation at fracture being of the order of 17%. 

In Tests 1 and 2, the specimen was loaded to 50% of the caJculated u~lmate 
resistance of the composite connection (defined below), in Increments of 10 kN. The 
development of cracking in the slab was traced. The specimen was then unloaded, 
before being loaded to failure. 

A similar procedure was followed in Test 3, except that two thirds of the design 
u~imate load was applied before the specimen was unloaded. Crack widths were 
also measured. 

2.4 Test Observations 

Fig. 6 shows the M-e curve for the second stage of each test i.e. loading to failure. In 
each case, the behaviour shown is that for the connection on the side which failed. 
Moments ate caJculated at the face of the column. Moments at failure are given in 
the bottom row of Table 2, including 4 kNm for the self weight of the beam. 

Test 1: Within the tension zone of the steelwork connection, significant deformation 
arose in the column flange and, to a lesser eXlent, the end plate. Failure occurred 
due to fracture of reinforcing bars and mesh in one composite beam, over half the 
width of the slab. The associated crack was immediately outside the column section. 
At failure, slight deformation associated with local buckiing was visible in the lower 
flange of the beam. Negligible slip occurred at the steel beam - slab interface. 
Negligible deformation occurred in the column stiffener. 

Test 2: Much less deformation <>=Jrred In the steelwork connection. The most 
noticeable deformation was to the column flanges, which were pulled apart relative to 
one another. Failure <>=Jrred by local buckling in the lower flange and in the lower 
part of the web of the steel beam. 

Test 3: Behaviour was similar to Test 1 except that fracture of the reinforcement 
<>=Jrred at a much smaller rotation. The cracking pattern in the slab was more 
limited than in previous tests, being restricted to regiOns near the column. 

2.5 Analysis of Resutts 

In calculating theoretical values, the yield strength of structural steel, fy' and 
reinforcement, f ~ have been taken as measured values. Cross-sectional properties, 
e.g. area of reiXforcement, Ar; breadth B and thickness T of the steel flange, have 
been taken as tabulated values. 

The resistance moment of each steel connection was caJculated using Annex J of 
EC3. The resistance moments of each composite connection were determined from 
the resistance 01 the tension zone of the steelwork connection, Rb (determined using 
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Annex J) and the resistance of the reinforcement, Rr = f ,Ar If the total resistance 
(Ab + Rr) exceeded that of the lower steel flange, Rf • STly' a depth of web adjacent 
to this flange was assumed to be stressed to yield. This depth was determined by 
the equilibrium and account was taken of this region when calculating the resistance 
moment Calculations were made (i) excluding mesh, (ii) including mesh . . 
The negative resistance moments of the compos~e beam were calculated by plastic 
analysis of the section, neglecting sheeting and the tensile strength of concrete. Due 
to the pos~ion of the plastiC neutral axis, the web was classified as Class 3, with one 
exception. Plastic analysis could still be employed, by using an effective section for 
the web in calculation. The exception was for Test 3, considering rebars only, which 
resu~ed in the section being in Class 2. 

Table 2 Resistance Moments 

Structural Resistance Moment Non-dimensional 
Component Resistance MhogiMsag 

Test 1 Test 2 Test 3 Test 1 Test 2 Test 3 

(I) (2 ) (3) (4) (S) (6) 

Steel beam 194 194 194 0.51 0.51 0.51 

Steel connection 65.4 133 65.4 0.17 0.35 0.17 

Composite beam: 

Rebars only 263 263 240 0.70 0.70 0.64 

Rebars and mesh 273 273 258 0.72 0.72 0.68 

CompOSite connection: 

Rebars only 227 266 151 0.60 0.71 0.40 

Rebars and mesh 255 282 191 0.68 0.75 0.51 

Test 262 291 179 0.69 o.n 0.47 

The pos~ive moment of resistance of the compos~e beam, assuming full shear 
connection, has been calculated as 3n kNm, based on Grade 30 concrete. Table 2 
also presents the negative resistance moments in non·dimensional form, relative to 
the calculated positive resistance. 

The lower of the resistances for the composite beam and the compos~e connection 
(both including the mesh) has been taken as the calculated resistance. This is 
compared with the experimental value in Column 1 of Table 3. In practice, mesh 

., 



148 

would be excluded from the design moment of resistance because of lack of ductility. 
Excluding mesh, the lower calculated resistance is compared with the experimental 
value in Column 2 of Table 3. The critical component (connection or beam) was 
correctly predicted in each case. 

Table 3 Resistance Moment (CaJaJt8ledfTest) 

Test Resistance Moment Resistance Moment Failure Mode 
(including mesh) (excluding mesh) 

(1 ) (2) (3) 

1 0.97 0.67 Fracture 

2 0.94 0.90 Local buckling 

3 1.07 0.64 Fracture 

2.6 Classification of Connections 

The M-e curves from the tests have been compared with the classification limits given 
,n EC4. As explained in 1.3 above, these follow EC3 (Fig. 1), but with defin~ions of 
MDI.Rd and Elb appropriate to composite beams. In the comparisons made by the 
authors, the cracked section was used to determine Elb' The beam span ~ was 
taken as 7.5 m. Fig. 7 shows that all these connections are rigid. 

2.7 Rotation Capacity 

Two tests failed by fracture of the reinforcement, the last rotations recorded before 
failure being 36 x 10-' rad. (Test 1) and 15.6 x 10-' rad. (Test 3). In both cases, 
fracture resulted from the flexibility of the steelwork, particularly from the column 
flange. The connections utilised flush end plates and were partial-strength relative to 
the negative moment resistance of the beam. 

A tentative design method (Lawson, 1990 (2)), based on earlier work on steel 
structures (Lawson, 1966), has been proposed in which the minimum rotation capacity 
for plastiC global analysis should be 25 x 10-' or 30 x 10-' radians, for structural steel 
of Grade 43 and Grade 50 respectively. This would exclude Test 3 (with 
approximately 0.5% reinforcement) but permit the use of the flush end plate 
connection which included approximately 1% reinforcement (Test 1). 

Test 2 utilised an extended end plate, the connection being full-strength relative to the 
negative plastic moment of the effective section. As the section is in Class 2, plastic 
global analysis is not pennitted because of susceptibimy to local buckling. 
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2.8 ConclusIon 

The resistance moment of the composite connections has been calculated by 
extending the method given in Annex J of Eurocode 3. The experimental resistance 
moments were predicted to within -6% and +7%, indudlng mesh within the effective 
section. This is not usual practice in deSign. If mesh Is exd uded, the calculated 
resistance is between 84% and 90% of the test resu~. 

The flush end plate connections, as well as the extended end plate connection, were 
dassified as rigid according to EC4. 

To achieve sufficient rotation capacity in flush end ptate connections to permit plastic 
global analysis, small amounts of add~ional reinforcement should be avoided or 
neglected. To define IIm~, ~ is proposed to consider the reinforcement relative 10 
both the area of concrete and the resistance of steelwork components. 
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PARAMETRIC STUDY OF COMPOSITE FRAMES 

Roberto T . Leon 1 

Gabriel P. Forcier' 

Abstract 

A series of 27 three-bay. fixed-base frames utilizing semi-rigid composite connections 
were designed to satisfy the LRFD specification utilizing a procedure proposed by Leon 
and Ammerman. The frames were then analyzed using an existing analysis program 
mod ified to talce into account the non-prismatic nature of the girders and the effect 
of initial dead load stresses. In this paper the behavior of these frames is compared 
to the behavior of geometrically similar rigid frames. The results show that for the 
majority of the frames examined the use of semi.rigid composite connections 
combined with composite girders is a valid structural alternative. 

1. INTRODUCTION 

Unbraced frames provide much freedom for the subdivision of space in a bu ilding. but 
generally result in the use of fully restrained (FR) or rigid (AISe. 1986) connections 
to provide moment resistance. The main disadvantages of FR connections are 
economical since they require considerable fabrication and a high standard of fit-up. 
A simple alternative to fully rigid connections for frames up to ten stories is the use 
of composite semi-rigid connections . These are semi-rigid or partially restra ined (PR) 
connections that are simple to detail and to construct (Leon. 1990) . 

In this study the performance of a whole class of unbraced composite frames w ill be 
evaluated to determine the validity of a simplified version of the design approach 
proposed by Leon and Ammerman (Leon and Ammerman. 1989a. 1989b) . 
The simplified composite frame design process is as follows: (1) design the frame as 
being rig id non-composite. (2) use the same column sizes. (3) replace the steel girders 

1 Associate Professor, Department of Civil and Mineral Engineering. University of 
Minnesota. Minneapolis. MN 55455. USA 

l Doctoral Candidate. Department of Civil and Mineral Engineering. University of 
Minnesota. Minneapolis. MN 55455. USA 
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by steel girders capable of resisting the factored construction loads without yielding, 
14) detail the composite girder to carry ali the factored live loads, 15) provide enough 
shear connectors for 100% composite action, and (6) replace the rigid connections 
by semi-rigid composite connections. 

The main objective of this study was to demonstrate that composite semi-rigid 
connections can be used in medium sized frames without increasing the member sizes 
relative to a rigid design . In fact, main girder sizes can probably be scaled back if 
careful attention to serviceability criteria is given. 

2. DESIGN OF SEMI-RIGID COMPOSITE FRAMES 

In earlier studies Leon ILeon and Ammerman, 1989a) has pointed out some of the 
difficulties encountered when devising a design procedure for flexibly-connected 
frames and their connections. Amongst the most important were: 

(1) The determination of a moment-rotation curve for a particular type of connection 
cannot be achieved without a large combined experimental-analytical program 
because of the many geometrical parameters and material properties that are of 
interest. Databases containing data from past tests should be used with caution. 
For example. there are several ways to measure moment and rotation , and it is 
not always possible to convert them to the same baseline . 

(2) In general the data generated in experiments refers primarily to the strength of the 
connections. and the initial stiffnesses and their degradation are seldom well
reported. Initial stiffness is a crucial item for semi-rigid frames where drift 
considerations will likely govern design . 

(3) Even a careful experimental study may not clarify ali relevant variables . For 
example, most tests are carried out with fixed values of moment-to-shear at the 
connection, but some recent studies ind icate that for weak steel connections the 
Interaction between the two should be taken into account to develop a yield 
surface. 

14) For composite semi-rigid connections the moment-rotation curves are not 
symmetrical, and exhibit non-linear behavior relatively early in the load history (at 
loads less than 25% of ultimate). 

15) If cyclic loads (such as wind and earthquake) are involved in the design, the 
degradation of the connection behavior needs to be accounted for in design . 
Linle is known of the degradation characteristics of semi-rig id composite 
connections except for some very specific types. 

16) The typical construction sequence in the U.S. calls for unshored construction. 
This requires that the dead load of the wet concrete and other construction loads 
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be carried by the steel beam alone whe}lthe end connections are relatively weak. 
This requires a historical analysis, where the end restraints for the girders and 
beams change as the construction progresses. 

(7) In the analysis of frames it is typical to assume prismatic sections . When looking 
at frames with semi-rigid composite connections, the section properties for the 
girders change from positive to negative moment regions. 

(8) The contribution of panel zone yielding to the overall lateral deformation can be 
very large, particularly if the panel zones begin to yield . Thus panel zone 
deformations should be included in drift calculations unless their contribution is 
shown to be small. 

(9) Serviceability criteria calculations need to account for both time-dependent 
effects such as creep and shrinkage of the concrete and effects of end restraint. 

In the parametric study to be described next, the authors addressed items (1) through 
(7) directly, item (8) indirectly, and ignored the time effects for item (9) since the 
design was based on ultimate strength and drift . 

3. PARAMETRIC STUDY 

Twenty-seven fixed-base, three bay frames having 4, 6, and 8 stories , story heights 
of 3.65 m, 4.27 m, and 4 .87 m, and bay width (W) to story height (H) rat ios of 2, 
2.25, and 2.5 were studied . They were meant to repl icate to some degree the 
frames studied by Ackryod (Ackroyd, 1981) for the Type 2 design of un braced frames 
under the old allowable stress design specification . 

Each of the individual frames was analyzed for response to lateral loads using an 
available second order program (Leon and Ammerman, 1989b) that takes into account 
the non-linear partial rigidity of the connections. Two modifications were 
implemented into this computer program. The first one permits the analysis of the 
frames taking into account the non-prismatic nature of continuous composite floors. 
The second accounts for the unshored construction practice. where the weight of the 
fresh concrete has to be borne by the steel alone when the connections are essentially 
pinned . 

The selection of member sizes for the composite frames was largely based on the 
sizes of similar rigid frames whose members were selected by a commercially available 
structural optimization software (SODA, 1989) in a way that ensures that the rigid 
frames respect the LRFD specification . The columns for composite frames were 
identical to those in the rigid frames having the same geometric proportions and same 
applied loads. The differences were in the connections and girders. In the case of the 
semi-rigid frames the fully composite girders of least weight were selected. For rigid 
frames the steel girders were assumed to have no Interaction with the floor slabs . For 
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composite frames it was assumed that composite connections can be detailed at the 
outside columns with no extensive overhang on the outside 01 the building. 

The Irames were all assumed to be spaced 9.1 m apart, a span selected based on the 
building's intended office occupancy. This spacing determined the number of beams 
that Irame Into the girders . The selection 01 the transverse beam spacing was based 
on the allowable ellective width , typically governed by the span divided by lour. All 
lloors consisted 01 a 127 mm lightweight concrete slab placed on 50 mm steel 
decking. The concrete had a I'c 01 24.1 Mpa, all structural steel had a yield stress 
01 248 MPa, and steel reinlorcement had a yield stress 01413 MPa. 

The total permanent load including concrete. steel, ceilings, ducts. etc. was evaluated 
as 2.87 kPa . The unilormly distributed Iloor live load was chosen to be 4.79 kPa. 
Using the ANSI code (ANSI, 1982) allowable girder live load reduction lactor. the 
applied live loads reduced to values close to 2.87 kPa lor all the Irames. The roollive 
load was chosen as 2.39 kPa. This includes any snow or ra in load and no girder live 
load reduction was permitted . The wind and earthquake loads were also specified in 
conlormity with the ANSI code. The wind loads selected were lor wind speeds 01 
145 kph and suburban (Type B) exposures. The earthquake loads were chosen lor low 
to moderate (Zone 2) intensities and the loundation cond itions were chosen as being 
poor. 

The imposed serviceability constraints were: for girder deflection due to live loads the 
girder span divided by 360. for frame sway due to wind loads the frame heIght divided 
by 400. and lor Irame sway due to earthquake loads the Ira me height divided by 200. 
The principal design constraints for the rigid frame were that for each individual frame 
geometric conliguration the Iloor girder shapes are lorced to be the same and that any 
selected column shape must be continuous through at least two stories. 

The connections lor the design 01 the unbraced semi-rigid Irames were all detailed lor 
an ultimate strength approximately equal to hall 01 the plastic capacity 01 the steel 
girders . The behavior 01 the connections is predicted by using the parametric 
equations proposed by Kulkarni ILeon and Ammerman, 1989b), an improvement over 
similar ones proposed by Lin and Ammerman IAmmerman and Leon, 1989a). Since 
the program only permits the analvsis of structures having symmetrical connections. 
only one curve was used for input . Furthermore the procedures to account for 
connection stiffness degradation during cyclic loading need to have the connection 
curves defined in a piecewise linear fashion . The analysis was carried out using the 
negative moment-rotation proposed by Kulkarni IAmmerman and Leon. 1989b) and 
reduced to a tri-linear curve to reduce computation time. 

A total of 162 frame analyses were performed. Since lateral sway was the main 
concern with semi-rigid composite Irames, only load cases involving lateral loads were 
considered . The lateral load cases were: (1) constant vertical load plus increasing 
latera) load till collapse. and 12) increasing both vertical and lateral loads till collapse. 
For each load case the 27 dillerent Irame conllgurations were analyzed with 11) rigid 
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connections and steel girders, (2) composite. connections and prismatic composite 
girders. (3) composite connections and non-prismatic composite girders . The two 
types of composite analysis (2 and 3) were carried out to see if there were major 
differences between considering the composite girders as prismatic as Ammerman and 
Leon (Ammerman and Leon, 1989b) proposed and doing the analysis w ith girder 
st iffnesses that are closer to reality. 

4 . RESULTS 

The computed load-deflection curves for a typical rigid, composite-prismatic and 
composite non-prismatic analyses appear in Figure 1. In the figure the normalized 
lateral load (applied lateral load divided by the total ANSI wind load) is plotted as a 
function of the normalized drift (calculated top story drift divided by the allowable 
value of H/400). The main conclusion is that accounting for the non-prismatic nature 
of the composite girders does not make a significant difference for this type of 
loading. The only difference is that using non-prismatic sections results in slightly 
higher collapse loads. The composite girders for this frame have re latively small loads 
and appear to be acting mostly as stiff links transferring moment from column stack 
to column stack. 

To summarize the information from all the frames figures showing 11) the drift at a 
lateral load factor of 1, and (2) the collapse load factors plotted versus the frame 
aspect ratio (8tH) were developed . Figures 2 and 3 are typical results for the frames 
with 4 .27 m story heights. Figure 2 and similar plots indicate that (1) for story 
heights of 3.66 m, rigid and composite frames have the same drift at a load factor of 
1 except for frame aspect ratios smailer than 0 .8, (2) as the story height increases the 
difference begins to occur at higher values of 8 /H, and (3) only 3 composite frame 
configurations were unserviceable (H = 4 .87 m and 8/H < 1). 

The lateral load factors at collapse (Figure 3 and similar) showed that (1) for story 
heights of 12 feet composite frames can resist practically the same lateral load 
intensity as the rigid frames, (2) all the frames collapsed at lateral load factors greater 
than 2,25 which can permit the assumption that all the frames would have passed the 
standard LRFO ultimate lateral load case which is 1.20 + 0 .5L + 0 .5L, + 1.3W. 

The previous results come from load case 1 where the gravity loads were held 
constant as the lateral ones increased till collapse . For the usual case (load case 2, 
Figure 4) where all the loads are increased proportionally, it was assumed that if a 
frame could resist a load factor of 1.3 then its behavior was satisfactory . The plots 
for the collapse global factor led to the conclusions that (1) the composite frames 
almost all attained a higher collapse load factor than the rigid frames , and (2) only one 
frame did not achieve a load factor of 1.3, in both composite and rig id configurations . 
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LATERAL LOAD RESPONSE OF' FRAME NO 14 
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6. CONCLUSIONS 

The simplified composite frame design process proposed here proved itself to be 
reliable for the majority of the three bay frames that were studied. Only frames with 
extreme geometries. panicularly those with both short bays and large story heights , 
showed marginal behavior. Limited studies with two-bay and four-bay frames led to 
similar conclusions. 
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SLAB AND BEAM LOAD INTRODUCTION IN COMPOSITE COLUMNS 

Jan Wium1 

Jean-Paul Lebet 1 

Michel Crisinel1 

Abstract 

The objective of the current research programme is the development of a full 
understanding 01 the lorce transler between steel and concrete at points 01 load 
application in composite columns. Tests have indicated the influence 01 parameters on 
the lorce transler and the mechanism has been identilied by analyses. A comparison 
between tests and analyses has enabled the establishment 01 a numerical model 
which can be used to carry out a parametric stUdy. 

1 . tNTRODUCTION 

Horizontal elements in a building are offen connected to the steel part of a composite 
column in a way similar to structural steel frames, causing forces Irom slabs and 
beams to be introduced directly to the steel section. Column loads applied to the steel 
section may produce yielding belore the concrete part 01 the column can participate, 
and therelore needs to be strengthened locally to prevent yielding, which can have an 
influence on the design and rig idity 01 the beam-column connection. Force transler 
mechanisms are to be relied upon lor transferring lorce between the steel and 
concrete, these can be either the bond between steel and concrete or mechanical 
transler mechanisms. 

Current design codes allow a certain amount 01 lorce to be translerred by bond 
between the steel and concrete in specilying an allowable bond stress. The shear 
resistance on the interlace is given as two dille rent values for concrete encased and 
concrete filled steel sections respectively (Eurocode, 1990) (DIN, 1984) (SG + CUR
VB, 1983). Several parameters could however playa role in determining the shear 
resistance between Ihe steel and concrete, and quantitalive shear resistance values 
that take into account the conliguration 01 the composite section do not exist. The 
design of connections to composite columns requires these quantitative data 
regarding the mechanism 01 shear transler between the steel and concrete ( Furlong, 
1980, 1988 ) ( Grillis, 1986 ). By taking into account the cross sectional conliguration in 

1 SWISS Federal Institute 01 Technology, ICOM - Steel structures, CH-l015 Lausanne. 
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determining the shear resistance on the interface, savings can be made on the 
number of mechanical shear transfer mechanisms that are needed to transfer the 
Iotce. 

2. PURPOSE OF STUDY 

Research is conducted on composite construction at the Swiss Federal Instilute of 
Technology, with the emphasis on composite slabs, columns and their connections. In 
a study of the force transfer between steel and concrete at points of load application in 
composite columns, the influence of parameters on the force transfer is being 
identified. The purpose of the study is to develop guidelines for calculating the force 
that can be transferred between the steel and concrete in a composite column, 
whereby the influence of parameters can be taken into account. 

The study is based on an experimental and theoretical approach. For the theoretical 
part, use is made of the finite element method to study the stress distribution in a 
composite column at pOints of load application. The method allows the normal 
interface pressures between the steel and concrete to be calculated, and the influence 
of parameters on the interface pressure can Iherefore be studied. Tests are being 
carried out to identify and investigate the influence of parameters on the force transfer 
and to evaluate and improve the finite element model. The study is currenlly restricted 
to axially loaded concrete encased steel I-sections. 

3_ PRELIMINARY FINITE ELEMENT ANALYSES 

A series of preliminary analyses were carried out with the finite element program 
ADINA to investigate the stress distribution in a column at the point of application of a 
vertical load on Ihe steel profile_ The purpose of the preliminary analyses using a 
simple finite element model, was to understand the behaviour of a column section . 
The analyses helped to define the boundary conditions between the steel and 
concrete for a more complete analysis and served as a basis for proposals concerning 
tests to be carried out on short column specimens. They also helped to define the 
areas in which concrete cracking could be expected. 

4_ TEST SERIES 

Aher the preliminary analyses, a series of tests was proposed by which the transfer of 
force in a composite column could be studied, and which was used to verify the results 
of a finite element model (Wium and Lebet, t 990b) . The tests were carried out on 5 
short compos~e columns with the force being applied to the steel part of the column. 
The steel and concrete were both supported at the bottom of the column. Strain 
gauges were placed along the length of the column on the steel profile to supply 
information for calculating the force which was transferred to the concrete. Strains 
were also measured on the horizontal binding reinforcement. The thickness 01 
concrete cover and the spacing of hoop reinforCing were varied as shown in TABLE t . 
Tests were also carried out on 6 push-out specimens and results were compared with 
those for the short columns. Two groups of three push-out specimens each had similar 
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concrete cover and spacing of hoop reinforcing to'Short columns 2 and 4 respectively. 
The dimensions of short column and push-out specimens are shown in FIGURE 1. 
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FIGURE 1 Short column and push-out test specimens. 

TABLE 1 
Details and numbering of specimens 
lor tests on short columns. 

Spacing of hoop Concrete cover 
re inlorcement [mm] 

[mm] 

50 75 100 

50 1 

100 2 3 4 

200 5 

TABLE 2 
Percentage of force transferred over first 
600 mm at an applied load of 1500 kN 
as related to column 1. 

Spacing of hoop Concrete cover 
reinforcement [mm] 

[mm] 

50 75 100 

50 100 

100 78 89 125 

200 61 



163 

1.1 Test Results 

The results of the tests on short columns 2 and 4 are shown in FIGURE 2 where the 
bond stress along the length of the column is presented. The bond stress IS defined as 
the force transferred from steel to concete divided by the steel surlace area between 
the top of the column and the level under consideration. Bond shp (breaking of the 
chemical bond), and longitudinal cracking in the flange cover concrete, appeared 
between 1000 kN (0.37 NpI) and t 500 kN (0.55 Npl). The bond stress at the top of the 
column specimens is therefore a function of the normal interlace pressure between the 
steel and concrete at loads of 1500 kN (0.55 Npl) and higher. Npi is lhe theoretical 
force required to plastify the steel section at a nominal yield slrength of 355 Nlmm2. 
The influence of mechanical interaction is small. 
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FfGURE 2 Bond stress values for columns 2 and 4. 

There is not a big difference, before bond slip, in the force transfer between the 
different short column specimens. The two parameters under investigation, namely the 
conerete cover thickness and the spacing of horizontal hoop reinforcement, therefore 
do not play any significant role before bond Slip. Affer bond Slip, the transfer of force is 
influenced by the thickness of concrete cover and the spacing of hOrizontal hoop 
reinforcement at a distance further than 300 mm from the top of the column. The 
percentage of force transferred in the columns, in relation to column 1, is presented In 

TABLE 2. 

The shear resistance on the interlace given by some design COdes (Eurocode, 1990) 
(DIN, 1984) (SG + CUR-VB, 1983), is 0.6 N/mm2 and is to be taken over a length of 
twice the outSide dimension of the composite section. Considering applied forces affer 
bond slip, it can be seen from FIGURE 2 that the average bond stress for column 2 at a 
load of 1500 kN (0.55 Npl) and higher, is less than 0.6 Nlmm2 OYer 500 mm. This was 
also the case for column 5. , 
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The average bond stresses after bond slip for the push-out tesls, at 5 mm slip, are 0.6 
N/mm2 and 0.86 Nlmm2 for the two cases respectively. These two values are also 
shown in FIGURE 2 for comparison with the short column tests. FIGURE 2 shows that 
the bond stresses from the push-out tests are less than the bond stresses in the 
column lests at high loads over a transler length of 440 mm (length of push-out 
specimen) . This may be due to an increased interface pressure in the column tesls, 
which is a resull of the higher dilation of the sleel webs at this load level. However, at 
t 500 kN the applied column loads are 3.4 and 5 times higher than the push-out test 
loads, and the differences in the bond stresses are not nearly as big. It is possible that 
the increased dllalation of the profile in the column tests caused separation belween 
the steel and concrete on the inside of the profile. 

5. NUMERICAL ANALYSES 

After the tesls had been carried out, a final finite element model was eslablished by 
comparing it with Ihe results of Ihe tests. The program ADINA was used for all 
analyses. 

All concrete and steel elements were assumed to have a linear material behaviour. 
Some concrete elements were defined along the enlire length of Ihe column with a 
rigidity 100x less than the other concrete elements. These are 'soft' elements defined 
10 model Ihe position of concrete cracking. BOlh concrete and steel consisted of 8-
noded lhree-dimensional brick elements. Horizontal and vertical reinforcing bars were 
defined by truss elements connected rigidly to the nodes 01 concrete elements. 

Uni-d"ectional horizontal spring elemenls were placed on the inside of the profile 
between Ihe steel and concrele to allow separation between the two materials. 
Honzontal spring elements were also placed between the steel and concrete on the 
outside of the steel flange and at the Ilange tip. The horizontal spring elements were 
defined with high aXial rigidities. 

In Ihe absence 01 a continuous bond element in the ADINA program, vertical spring 
elements were placed between the steel and concrete along the enlire perimeter of 
the steel profile. The vertical spring elements had an elastic perfectly-plastic material 
behaviour. The stiffness values used for the vertical spring elemenls were obtained by 
earlier lests carried out on steel plates embedded in concrete (Wium and Lebet, 
1990a). The maximum stress value which was used for the vertical spring elements 
corresponds to a normal interface pressure of 0.6 N/mm2. 

The analyses were carried out by using 20 load Increments to apply the load 
necessary to plastily the steel section. The dimensions of the columns and the spacing 
of secondary hoop reinforcement along the length of the column were varied to be in 
agreement with the parameters of columns tested. 

6. COMPARISON OF TEST AND NUMERICAL RESULTS 

The cummulative force, normal to the surface of the steel profile, between the top of 
the column and a specific level on the column, can be calculated by using the resuhs 
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of the finite element analysis. After the chemical bond has been broken, Ihls 
cummulative normal force at a specific level should differ from the force Iransferred 
between the top of the column and that level, by a factor which IS equal 10 Ihe 
coefficient of friction 11. The only difference can be due to the part played by the 
mechanical interaction. 

The resu~s of the analyses at applied loads of approximalely 1500 kN (0.55 Npl) and 
1750 kN (0.64 NpI) are presented in FIGURE 3 for columns 2 and 4 respectively. The 
force per unit length, normal to the steel surlace, mu~iplied by a factor 11 of 0.8 (Wlum 
and Lebet, 1991), is shown against the dislance along the length of the column. The 
figure also presents the normal force per unit length as calculated by assuming no 
concrete cracking in the flange concrete, and one can clearly see the important 
influence of the concrete cracking on the results. Presented in the same figure are the 
forces transferred per unit length as measured during the tests. There is a slightly 
better agreement between the test resu~s and the finite element calculations at higher 
loads. 

~ 3000 3000 
E I A 1 14 • NA 1528 kS 
'- ADINA 1191 kN ADINA 1664 kS 
Z 2500 TEST 1514 kN 2500 TEST I ~ze kS 
"" 1791 kN TEST 1664 Ir.:S ~ 

\ 
TEST 

a 2000 ADINA NO CRACK 2000 ADINA roo CRAe...: 
w I ~J" kN 15 8 k~ ... a: 
a: 
w 1500 1500 ... 
V' 
z « 1000 " 1000 . a: 
~ 

w 500 ... - .... . ..... " .. " 500 J u 
a: COLU MN 2 COLUM 4 0 ... 0 0 

0 200 400 600 800 0 200 400 600 800 

DISTANCE (mm) DISTANCE (mm 

FIGURE 3 Force transferred per metre compared to calculated normal Interlace 
force per metre for columns 2 and 4. 

The ADINA calculated $tresses in the reinforcement also compare well With measured 
stresses at loads after concrete craCking has occurred. The test and analYSIS results 
for column 2 are shown in FIGURE 4. 

During all analyses it was lound that separation occurs between the steel profile and 
concrete on the inside of the profile, due to the dilatation ot the steel. It may however 
be possible that force is being transferred in this area during the tests, and this can 
explain the difference between the test and analyses resu~s. A future series of tests 
will be carried out to determine the role ptayed by the inside of the steel profile dunng 
the force transfer. 
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FIGURE 4 Stresses on horizontal hoop reinforcement. 

7. CONCLUSIONS 

Tests on short column specimens have shown that results of push-out tests , for 
studYing the load application on composite co lumns, do not always represent the 
actual behaviour. Shear resistance values presented In design codes need to be 
defined in terms of different cross sectional parameters and applied loads. The tests 
have also identified the influence of the thickness of concrete cover and spacing of 
hoop reinforcement on the force transfer characteristics. Design of composite 
connections must therefore include load introduction cntaria. 

Finne element analyses have identified that the force transfer between the steel and 
concrete can be mainly attributed to the dilatation of the steel seclion under load 
applicat ion. The greatest pan of the force is therefore transferred by bond at the 
outSide of the steel flange and the flange tip. 

The results of the finite element analyses have been compared with tests resu lts on 
shan column specimens. A reasonable agreement was found between test and finite 
element results at loads higher than those at which the chemical bond IS broken. The 
resu~s of the analyses have shown lhe important influence which concrete cracking 
has on the normal pressure between the steel and concrete and therefore on the 
transfer of force between the two matenals. Stresses in the honzontal re inforcing 
showed a good agreement between tests and analyses a~er bond Slip 

Further tests will be carned out to identify the importance of the Inside of the steel 
profile In lhe force transfer, and the influence of parameters on force transfer will be 
studied with the finite element model. 
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ENERGY-BASED PREDICTION FOR 

COMPOSITE JOINTS MODELING 

Frantiitek "'aId 

Abet.ract. 

The composite alee I - concrete structure. have a wid •• pread 
use in building frames . For frame computer modeling the joint 
behavior i. a. important as member behavior The paper deal. 
with lhe .impl. d •• lqn res pen •• of the joint model as a conc.n
tra ad rotational .pring and the effecl of joint energy dissipa
tion . It ia ahown that the use of the initial atilln ••• # ultimate 
earrying capacity and shape parameter i. well Builed for the 
predi ction of the spring characteristic.. The comparison with 
experiments are presented to demonatrat. lhe POS8ibility of .hape 
parameter establishing . 

1 . I NTRODUCTI ON 

The frequent use of the composite at •• l-concrete construc
tion In .t.el building frames makes the applyinq of semi - rigid 
composite connections an economically attractive alternative tor 
rediatributinq momenla and re.isting moderate horizontal torcee, 
The major obetacle to ite uee wa. the lac~ of experimental veri
fication and analylical modele 01 the moment-rolalion behavior . 

The reeearch project. in the 70 ' . and mid eo'. were aimed 
at exten.ively reviewinv and diecu.einv the main nonlinear fac
lore influencinq the composile beam behavior . Their result. were 
.ummarized by ZANDONINI (1989). An lntenaive experimental re
.earch wa. carried out and preeented in the laet few yeana In 
order to eingle out each part i cular factor affectinq the response 
of ~he beam-column compoeite Joint. 

The aim of joint modeling i. to e.tablieh the deei9n tool. 

A •• i .tant Profe •• or. Czech Technical Univeraity. Thaxurova 7. 
16629 Prague 6. Czechoslovakia 
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reliable for frame d •• lqn It 
first applicable parametric 

111 common 
at.udy from 

experimental reBuils t.hru reqresaion analyai. of t he main parame
ter. (LEON. 1990) . The curves can be ulled for design purposee 
In the boundarie .. det.ermined by experimental reBults only . The 
mechanica l modele lor t.he composit.e joint. predict the behavior 
in a wider range (JASPART at a1 .• 1990). Only a limited number of 
FE modele (LEON. 1990), (PUHALI at al . • 1990 ) wall used lor this 
very complex problem . 

On the bailie of 900d knowledVe of t.he behavior of e~ch 
component. and t.he influence on the overall rellPonae . it i. 
posaible to develop an analyt.ical model aa a rotational epring . 
For thi. 90al JOHNSON and LAW (1972) pro Polled to compute the 
initial .tiffnese C1 a a the sum of component f lexibility . Th~y 

adopted the alip in connectore from N.wmar~·e theory and used 
the simple expressi o n for the ultimate moment summarizing the 
eteel part moment reeietance and reinforced bare influence . To 
predi ct the ehape of the curve WA LD and PARIK (1990) adopted a 
power model and eetablished the slip ae a beam internal prob
lem . The shape parameter n was c alibrated aga inet experiments 
( BENUSSI at al . • 1989 ). IGARASHI at al. (1990) evaluate analyti
cally and experimentally the u ltimate compressive fOrce in the 
.lab under the positive bending moment by the bearinq etrength at 
the column f~ce ~nd by the shear strength at the column sidee . 
Thi. study enable to involve the nonproPOrtional loading into the 
prediction model. 

Several prediction modele have been developed to represent 
.teel connection flexibility . We used for a eimple connection a 
polynomial e x preseion ( FRYE and HORRIS. 1975) with Hu at level 
a-O . 02. For aemi-rigid c onnections we got more precise results 
Irom analy~ica1 prediction models (CHEN and KISHI. 1990) and ( YEE 
and MELCHERS. 1986). 

M 

kHm 

~.W2 
Inttgy.W, 
_ !.~t.!.t_(!.~!..nq 

.Rot~hCl1. rid 

Fiq . l . Ha in moment-rotation phaees. dissipated energy. 
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The thermodynamic. of irreverelble proc ••••• wa. firet 
propo.ed by KUCZYNSKI and GOSZ¥NSKI (1980) ~o repre •• nt the 
moment-curvature relation.hip in reinforced concrete beam •. 
Later, it. wee u •• d by COLSON at al. (1984) to predict t.he behav
ior of .~ •• l joint. •. Finally, El-KET~ALLY and CHEN (1989) de
veloped the R/C beam-t.o-column connection mod.l summarizing t.he 
joint. di •• lpated enervY, Fi9.1 . The model i. e.sy t.o adopt. for 
the cycling of • load. 

2 . JOIIlT PIODEL 

w. idealized the connect.ion bet.ween the beam and the joint 
.e .. concentrat.ed rotational spring. W. expec that t.he BPrinq 
characteristic. will be affected by all beam. and columna in t.he 
joint. according t.o momente redist.ribut.ion , F19.2. 

k·(F-F.)I'F-CH-H.}1'11 ( 1) . 

The epr{nq i. defined by t.he three parametere l Fiq . l. : (i) We 
determine the initial stiffness of the connection C1 from linear 
behavior of the materials. (ii) We comput.e he ultimate moment 
capacity Hu of the connection ueinq the limit analy.is. (iii) We 
est.ablish the internal variable n summarizing he di.sipated 
en@r?Y . The thermodynamics field theory of .low processes i. 
used to define these VAriables and to develop the qeneral form of 
t.he eprinq model (COLSON. 1990) as a power formula for the 
moment-rotation relationship : 

a. 

9-H( 1/( l-(H/Hu )n )/C1 2) 

b 

~\ 
( 

I 
o Q 

\ 
\ 

Fi9 . 2 . a- Joint moment-rotation modelinq; b- The failure mode of 
a concr.~e .lab. 0 leading crack 
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2.1 . INITIAL STIFFNESS 

The initial e~l!lneea of lhe cracAed com~it. connection i. 
influenced prominently for the negative moment by ( 1) the rein
forcement behavior. (11) • slip In the .hear connector. of the 
beam, (iil) the at.el connection. (iv) the concrete .lab cracking 
and (v) the elab-column action under unaymmetrleal loading. For 
the almplified composite joint .hown in Fi9 .2 . •.• the equilibrium 
and compatibility conditione at the column face are 

and 
H - F .d. + C .. 1 , e 
a.de - s . da/de ~ uc 

where. Ca. la the initial at-illness of the et.el 
connection . The beam alip. wh ich Bubelantially 
initial etil!n ••• , we expect to behave linear . The 

() 

( 4 ) 

part of lhe 
affecta the 
cont.ribu t i on 

of alip action 1. connected with composite ~am behavior ~. can 
calculate this .lip at the column face with the finite difference 
inte9rat ion of the moment-shear-curvature relation affected with 
sh.ar forcea along the cOrrIPOeite beam (ZAREHBA.1988 1. ( WAlD and 
PARIK. 19901. 

We expect the leading initial cracking paralle l to the 
column face~ Flq.2b The alippaqe at the column face ie 

S21!1'bo ... 8eo ( 5 ). 
where .bo i. caused by bound deterioration of the reinforcemen~ 

on both .idee of crac~. A very .imple mode l for bovnd d.~eri ora

tion ( MORITA and KAKU. 1984 ) was applied by El-KETWALLY and CHEN 
(989) 

Bbo- F.d/(4 .... A.;) ( 6 
where, d ie a reinforcement bar diameter and .. parameter 
(a-Z730HP .. ). From experimental research ( IGARASHI at al .1990) we 
eet1ma e the contact initial etiffne.. a using bilinear model 
(ahape 3/4Fu e o ;0. 001) 

C eo - 3 . Fuco/(4000.He) [W/ mJ ( 7 ) 

and 8co-F It./Ceo ( e ) 

The equation (4) can be rewritten as follows 

and we can expre •• the reinforcement barB force. 
F-(9-ue / d.> A. . S •. d. / 8 ( 10). 

From the .ubetitution (10) into (3) initial etiffne.. c an be 
obtained . 

If - (A. . E •. d. z /8'" C. l ) e - ue . A..E • . d. Z / (d .. . 8 ) ( ll ), 

For the very eti!f ehear connector we can n~l.ct the slip 
Cl - dlf(O)/d9(O)- Aa , S • . d. Z /B+C.l ( 12) . 

The parameter 8 can be eetimated ae 1.5 He. 
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F19 . 3 . The major failure mode •. 

Th., major local Iailuree. Fi9 . 3 . • allecting the failure 
mode. are : ( 1) the reinforcement yielding. (11) the column web 
failure, (iit) the local beam failure. (iv) the connect.ion bolt. 
failure and (v) the beam-column contllet. failure. (i) The ultimate 
moment. capacity 01 the joint. can be determined by adding UP the 
moment. capacity of t.he ateel connection I'fU& to the moment. of 
reeist.ance qiven by the yield strength of the bare (JOHNSON and 
LAW. 1981) 

Hu I'fu.. ... It. . R .... • df ( 1 3) • 
(1i ) W. have to ch.c~ the reeistance of the column compression 
zone (EUROCODE 3.1989) for an ult.imat.e force . (iIi) The et. •• l 
•• ction web elenderness should be 1 ••• than 60 (ZANOONINI.19B9) 
to prevent the beam compreeeion .e • leadinq Iailure. (iv) The 
ehear re.ietance of connectlnq bolt. ehould .atiety the deai9n 
requi rem.nt.. CEUROCODE 3,1989). (v) The ul timat.e IIhear II re •• 
alo09 the column aide Ie qiven by followinq equation (IGARASHI at 
01.,1990) . 

Fe. I.! >=t. . He . Reb/3 
Where, Reb 1. a cylinder et.rength of concrete and 
of a column lIide The ult.imat.e bearing lit renqt.h 
face ( on an area of t.Bc) ia derived from 

(14) 

t . He ie an area 
at. t.he col umn 

Fe C I.! -t . Be . Re 1) ( 1 +-t/ ( 1 . !5. Be ) +-A • . R • .., / ( Re b . t. . Be ) 
It . F ( Fe .1.! +- FecI.! 

( 15) , 
(16) • 

2.3.INTERN~L PARAKETER 

The ellt.abli.hing of t.he int.ernal paramet.er n will require 
he calcu lation of the energy dissipation in the joint . Value of 

n can be aseumed conetant for eimp1icity. Thi. will enable to 
calculate at a loadinq point when the tenllion eteel reinforcement 
of the beam •• tartll to yield . On he aellumptlon that the free 
energy and the di •• ipat.ed energy are unbound at moment of fail
ure. we derive the equation for t.he diseipat.ed enerqy U for 1I1ow 
proce •• ee accordinq to t.he t.hermodynamics field theory (EL-KET-



173 

WALLY and CHEN.1990) , 

" U-ff\,jZ/Cl ~ 1: (Cna( n .... Z) (In(If/l1u }.-I) 4-21 Cl1l'l1u)t n .. • Z, /( na+Z}Z (17) 

Tne energy r esult. from the inel •• tic behavior of each join~ 
component.: (1) We denote the 10 •• 1n the energy due to bar elip
p~ge on the crac~ boundarie. 

Ur i-F. A. .• /2 (18) 
and summarize for member. coming into the joint. 

U, -£ {Y.c:P .F./(32. A. .• )j (19) . 

(ii) w •• ~pect no enervY 10 •• due to a slip betw.en the 
p lat.e and ,;,1 rder. (1 i 1) For the .t.eel connect.ion we 
diMeipat.ed energy from actual moment rotation curve 
~ORRIS. 1975), 

concrete 
.u.rnm riz. 

(FRYE and 

u. (20) • 

where H •• Ca l are st •• l connect.ion moment. and initial .t.iffn ••• 
and al .. a],~ polynomial conat.ant •. 
(tv) A concrete slab cracking te the important. part of energy 
contribution. The hYpothet.ical crack ie a.sumed In fron~ of ~he 

column face. The loee of energy iB 
UCI ~ime. ~he hypolh.~ic&l volume 

V-b. t. .•. E • . Ae/F 

equivalent ~o energy denaity 
V~ where ~he crack apread thru 

(21) . 

The enervY density waa eatabli.hed (EL-METWALLY and CHEN.1990) 
Uel- 3'?1.SCO.lS .. Re L) .. ..... '/Ec (kN/mZ) (22), 
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F19. 4 . Comparison o f t.st. (BENUSSI at al .• 1987) I SJ A10. + SJ A14 
with - the predicted curve •. 
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where. ReI. 1t1 a. concret.. cYlindric.l~ compre •• ive etrenqlh ( "Pa] 
and ~ itl .. YOUng '. modulus of concret.e In compre •• ion ( MPa). 
ev) For the unsymmetrical loading we have t.o •• timat.e the leet 
ener9Y density from push out t.eat. re.ult.. (IGARASHI at. &1.,1990). 
If we neqlecl the .h.ar .t.r •• e alo09 t.he column aid., we can from 
bilinear eMPr ••• lon 01 force-at.rain relat.ion ••• umed as 

Feo· 3.?'E-4.Fc c ...... It.F(l.E-3-a/Hc ) - (aF)z/(Z.Cco ) (23). 

( vi) ~. have no evidence about t.he ener9Y overall cont.ribution 0 1 
.t •• l conneelion In ten.ion under the petlitive moment. The •• ti
mat. la POeaible to calculat.e t.hru analyt.ical force-atrain .~
pr ••• ion ( YEE and HELCHERS .1986) . 

2"4"EXPERlKENT~L EV~LU~TION 

The proPOs.d mod.l hae been checked a9.1n.~ eome publiehed 
~ee~ •. l~ M ••• hown i~. reasonable aqr.emen~ wi~h ~he experimen
.1 da~a. Two examples are presen~ed here ~o .how ~he momen~

ro~.~ion compari.on. On Fiqe.4.5. ~he curve. the experimental 
d t. VB ~he analytical H-e relation are compared . 
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Fi9.5. Comparieon of ~e.te ( ~ALD.1991) • compo.i~. Joint. + B~e.l 
~OP and •• at a09le. conn.c~ion wi~h - the predicted curves. 
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2.5.DESIGN APPLICATION 

The •• mi-rigid composite conneelion. are relatively elift 
compared with ~h •• te.l onee. The connection behavior ehould be 
predieted with the ultimate moment Mu. Fig.l . • and the r •• l 
initial eliffn ••• C1 • The epeei.l computer program for compoeile 
fram •• bein7 developed at the Czech Technical University ie 
takinq into account. the alip of beam and ahap. parameter. of 
connectiona. The d •• 19n value of conneclion moment HCd limit. th. 
connection moment. ~ilhln a simplified frame d •• 19n we calculate 
the initial .tif!o •• e C1 for stability and •• rvlce.billt.y calcu
lation. and the •• cant. ali Ifn •• e C. according to the beam line 
theory for the ultimate on ••. The neglecting of eltp, for deform
able .he.r connect.ora. could leAd to unple •• ant over-e.timate of 
initial .tiffne.s. 

3.CONCLUSIVE REKARKS 

The analytiC reeult. from the propoeed model were poe.ible 
to check only a9ain.t a very limited number of te.t •. The re.ulte 
are in rea.onable agreement with the experimental one. in ca.e 
of a monotonic load . The author hope to CAlibrAte the model 
againet more teet. to prepare it ae a practical de.i9n tool . 

The model ie POesible to eimplify for preliminary de.ign 
purpoees . The uee i. limited for joints with the at.el connection 
as a .emi-rigid <EUROCODE 3.1989). 
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TESTS ON COMPOSITE CONNECTIONS 

D A Nelhercol' 

Abstract 

It IS suggested that one of the maJor obstacles to the application of Simple plastiC 
theory to the design of composite frames - ensuring the necessary form of 
behaViour In the hogging regions - may be removed through the use of part ial 
strength connectIons. The abIlity of various forms of compcslte connectIon to meet 
the necessary performance cnteria IS assessed WIth reference to eXisting test data, 
comments on the type of systematic research study necessary as the foundatIon for 
use of the design approach WIth modern forms of compoSite constructIon are 
prOVIded. 

INTRODUCTION 

Multi-storey steel frame bUIldings are often constructed uSing compoSite lIoors. 
Ahhough the beams are then designed compositely, they are usually assumed to 
be simply supported - except in special circumstances (Brett et ai, 1987) - thus 
beam to column jOints are deSIgned on the basis that the whole of the load transfer 
IS achIeved vIa the steel detail ; since the beams are assumed to functIon as SImply 
supported, SImple shear connections are normally employed. 

The true structural behaviour of such arrangements IS, of course, rather dIfferent 
The ability of all practical forms of steel detail to transfer at least some small degree 
of moment and to provide some degree of rotational restraint is well established 
(Nethercot, 1989). Over and above this there IS a clear potenltal to utilise the 
concrete, acting in conjunctIon WIth any reinforcement, metal decking etc .. to assIst 
In load transfer. Although thIS may well have some effect on the shear capacity, It IS 
likely to be of far greater SIgnIficance in imprOVing both the moment capacIty and 
the rotational stiffness of the connectIon. 

, Professor of Civil Engineenng, Department of CIVIl EngIneering , University of 
Nottingham, UniversIty Park, Nottingham NG7 2RD, England. , 
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Thus Ihe concepl of semi-rigid, partial-strength joints is even more relevant to 
composite construct ion than to bare steelwon... The potential advantages are also 
greater since elastic design of continuous composite beams (assuming full 
continuity) leads to large support moments at that point within the beam where ,ts 
moment capacity is low (being effectively that of the steel section plus the 
re ,nforcement only), whereas plastic design requires significant rotat ion capacity 
from Ihe support region where compression in the lower flange and the web of the 
steel section make premature buckling failures the likely controll ing factor. 

By limiting the loint moments , the demands on the steelwork in the support region 
and thus the likelihood of premature instability failure, can be reduced. At the same 
time the generation of some (limited) degree of hogging moment at the supports 
means that the high sagging moment capacity of the compOSite section at mid-span 
can be better utilised. Since eng ineering intuition suggests that this type of 
behaViour must actually be occurring with the sort of arrangements presently 
employed, the potential exists for demonstrable gains In structural performance 
With li ttle or no change to current practice. The key clearly lies in a better 
understanding of the role of the composite connections themselves. 

It is not , therefore, too surprising to find an increase in interest recently in the 
pOSSibility of exploiting composite action in steelwork connections. However, a 
comprehensive review of all known test data available as of summer 1987 
(Zandonini, 1989) showed that surprisingly little of it was directly relevant to 
popular, present day forms of construction. 

The baSIC concept discussed herein - the use of semi· rigid/partial strength 
connections between composite beams and steel columns - is not new. tt has 
preViously been considered by several authors (Barnard , 1970), (Johnson and 
Hope-Gill, 1972) , (Kemp and de Clercq , 1985). 

However, separate studies within the last 5 years of several key aspects have 
resulted In significant improvements in understanding. The present paper attempts 
to syntheSIse these and to identify outstanding issues , paying particular attention to 
the role of the physical testing of composite connections. 

Behaviour of hogging moment regions 

The hogging moment capacity, assuming the plastic stress block type of analysis 
srown in Figure 1, of a composite section is typically of the order of two thirds of the 
sagging capacity Elastic analysis of continuous beams, however, leads to much 
la'ger support moments than mid-span moments as the series of cases of Figure 2 
Illustrates Thus if plastic design of continuous composite beams is to be 
employed, the plastic hinges that form early at the supports must be capable of 
sustaining considerable rotation without unloading if the mid-span hinges and thus 
the full collapse mechanism is to develop. Behaviour of the type illustrated by 
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curve A In Figure 3 IS required; curve B, which demonslrates adequate strength but 
insuffiCient rotation capacity IS clea~y unsUitable. 

soggtng JoIIpt 

Figure 1 Moment Capacities for Composite Beam 
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Figure 2 Mid-span and Support Moments In Continuous Beams - Elastic AnalysIs 
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FIgure 3 Beam Behaviour in Plastic Hinge Region 

The feasibility of applying simple plastic theory as the basis for a rapid 
determination of the collapse load of a composite structure has been 
demonstrated by a number of tests on continuous beams (Hope-Gill and Johnson, 
1976), (Daniels and Fisher, 1967), (Davison and Longworth, 1969) as well as by 
numerical simulalion (Johnson and Hope-Gill, 1976), (Ansourian, 1987). In order 
to do Ih is It was. however. necessary for certain undesirable forms of behaviour to 
be precluded. The mosl important of these is any form of buckling of Ihe sleel 
beam In the support region that leads to the type B or possibly even the type C 
behaviour In Fig . 3. Systematic studies (Bradford and Johnson, 1987) have shown 
Ihat local buckling of the web and/or Ihe lower flange are Ihe key phenomena. For 
conventional rolled sections the special form of distortional lateral - torsional 
buckling assoclaled with more slender plate girders (Weston et ai, 1991) is nol 
likely 10 be a factor. 

Local buckling may be "designed out" and type A behaViour ensured providing the 
steel cross-section meets certain geometncal restrictions. Table 1 lists these for 
IWO recent codes (British Standards Institution, 1990), (Commission of the 
European Communities, 1990) as well as giving those recommended by Johnson 
and Chmenhaga on the basis of their original tests (Climenhaga and Johnson, 
1972)). For the web limit both codes give values as a function of the amount of 
compression present ; Johnson and Climenhaga use the ratio of slab 
reinforcement 10 account for the posit ion of Ihe neulral axis and thus the severity 
of the compression Figures 4 and 5 show respectively how. using the full list of 
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Basis Malerial Flange Web dIt 
SlrenQlh(Nfmm2) 8fT bendlna comoresslon 

Climenhaga 275 17 70 ' 43' 
& Johnson 

355 14 58' 36' 

EC4 (draH) 275 18.4 66+ 3Q+ 

355 16.2 58+ 27+ 
BS 5950: 
Part 3.1 275 17 64+ 32+ 

355 15 56+ 28+ 

Rule works in terms of ratio of reinforcement area to slab area 
+ Rule works in terms of level of compression in web. 

Table' Geometric Limits for Plastic Cross-sectional Behaviour 

British rolled sections (Steel Construction Instllute. 1987). the flange and web 
buckl ing limits are likely to ru le certain sections out of consideration . For high 
levels of web compression comparatively few sections. generally al the smaller end 
of Ihe range. are suitable. 

o~----__ ----__ ----__ ----~-------
o Ul 200 )00 t.OO 

...... ss P(JI 11111091 

Figure 4 Comparison of Flange Properties of UK UB Rolled Sections wilh Plastic 
Cross·Sectional Limits of BS 5950: Part 3.1 • Flanges 
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Cross·Sectlonal Limits of BS 5950: Pan 3.1 . Webs 

Use of Partial Strength Connections 

Figure 6 Illustrates three different types of end connection between a composite 
beam and a steel column. In Figure 6a suffiCient reinforcement and slab depth are 
provided to develop the full hogging moment capacity of the composite beam. The 
arrangement 01 Figure 6b uses rather less reinforcement so that the neutral aXIS 
fa lls within the steel section, whilst Figure 6c shows a detail designed to restrict the 
pOints of load transfer to tension in the rebars and compression (principally) 
through the beam's lower flange. In all cases premature failure of the column IS 
assumed to be prevented e.g. by sUitable st iffening. II is clear from the assoclaled 
stress diagrams that the demands on the web In terms of resisting possible local 
buckling decrease from cases a • c. 

Of course, the moment capaCity of the Joint will also reduce. However, In terms of 
an effiCIent deSign of the whole system, the main reqUirements are to ublise the 
large sagg ing moment capacity with in the span, not to place severe geometncal 
restnclions on the steel section and to ublise easily produced and therefore 
Inexpensive end connections It IS clear that properly selected panlal strength 
connect ions provide the deSigner with the means to achieve this. 

At serviceability It IS customary to calculate deflecbons uSing elasllc analysIs The 
difference In mld·span deflection of a uniformly loaded fixed end and Simply 
supponed beam is 1 :5. Thus a high connection stiffness at working load level 
offers the potential for very large reductions In beam fleXibility. If little cracking -
leading to loss of rotational st iffn ess (Davison et ai , 1990) - IS present at 
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serviceability, it seems likely that behaviour approaching fully continuous may be 
achieved. Thus a second set of requirements concerns the connection 
characteristics at working load, where high stiffness up to an adequate level of 
moment is necessary. The exact moment level will, of course, depend upon the 
load factors being used; a figure of around 60% of the ultimate capacity is 
suggested. 

Combining these requirements leads to the sort of connection performance in 
terms of shape of M-¢ characteristic indicated by Figure 7. 

--- .-if' :' . .. ... ;' !Ti ... 

: f-
: ~ 

v..... ol MJ ~ M,c: 

....---... 
F., . ' . ": . , 
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- ~ F, 
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Figure 6 Composite Joints 
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Figure 7 ReqUIred JOint M-O Characteristic 
(Lower Moment Capacilies Acceplable) 

Behaviour of Composite Connections 

A review of all known test data for composite connections as of summer 1987 IS 
available (Zandonlnl. 1989). Since then several other test series have been 
completed or are stili In progress. Results from some of these for tests on cruciform 
specimens representing an internal column. usually under a balanced load 
condition. are summarised In Table 2. The key parameters in terms of JOint 
behaViour are the ratio of jOint moment capacity to beam hogging moment capacity 
MJiMpc and the available rotation capacity Qu The levels of both MJlMpc and Qu 
necessary for a quasi-plastic design of the type Illustrated In Figure 8 Will. of 
course. depend upon the panicular arrangement of spans. load levels. ratio of 
MpcfMpt etc. Calculations (Kemp. 1987) for a series of continuous beams 
assuming full continuity and full strength JOints. as well as the indicative 
calculations for cenain practical strength jOints (Davison et al. t 990). suggest that 
reqUIrements Will be qUite sensitive and a comprehensive study therefore needs to 
be undenaken. 

These reqUIrements should then be matched to the son of performance achievable 
With different JOint arrangements Indicated In Table 2. For thiS to be done properly 
full M-Q curves. see Fig. 7. should be used so that behaViour at both ultimate and 
serviceability conditions may be assessed. Clearly even the summary provided by 
Table 2 suggests a Wide range of available performance JUSt for MJlMpc and Qu-
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When planning and conducting future tests'the eventual use to which the results 
Will be put needs to be kept firmly in mind. 

1\ 1\ 1\ 

/~~\ 

Figure 8 Quasi-plastic Design 

CONCLUSIONS 

The baSIS for the application of simple plaslic theory 10 the deSign of composite 
frames has been reviewed. Buckling of the support regions has been identified as 
a major problem area. Restrictions on cross-sectional proportions may be greatly 
relaxed, thus rendering more standard beam shapes acceptable, if partial strength 
connectIOns are used. Available test data have been used to assess the 
capabili ties of several types of composite joint against the requ ired performance. 
This has identified the approach necessary in future work of this type. 
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SEMI-RIGID COMPOSITE JOINTS: EXPERIKENT~L STUDIES 

Claud i o Barnulsi 1 

Sa l vatore Noe' 2 

Riccardo Zandonin i 3 

Abstract 

The paper summarizes the main results of a largely experimental 
research study of the rotational behaviour ot semi-rigid composite 
joints. The key behavioural characteristics are presented, and design 
aspects related to joint classification and rotation capacity are 
discussed, also with reference to Eurocode 4. Finally the outcomes 
of cyclic tests are highlighted. 

1 . 0 INTRODUCTION 

The interest in semi-rigid joint action in composite steel-conrete 
frames is quite recent. The results of the first experimental studies 
(Zandonini, 1988; Davison et al . , 1990; zandonini and Leon , 1991) 
showed a very satisfactory performance under both monotonic and cyclic 
loads. A high degree of continuity can be achieved at a very low cost 
just providing the slab with rebars running along the column. 
Furthermore, stiffness and ultimate resistance can be controlled in 
a rather simple way by a suitable selection of steel connection 
detailing and amount of reinforcement; if the slab is not kept in 
direct contact with the column, continuity may be limited to adjacent 
spans, thus preventing that significant bending moments from being 
transferred to these elements. This solution may prove advantageous 
for non sway frames (SZS, 1989: Puhali et al ., 1990). 
semicontinuous framing was included also in Eurocode 4 (1990), although 
no specific recommendations were provided. The present knowledge of 
joint behaviour, and of its influence on frame behaviour (in particular 
on moment redistribution), is not broad enough to allow tor joint 
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design and detailing at the reguired degree of reliability. 
A research project aiming at intJestigating composite j o int behaviour , 
and developing numerical and design models is i n progress at t he 
Universities of Trento and Trieste. The tirst experimental phase, 
which comprised several series of tests under monotonic as well as 
cycl i c loads, has just been completed. This paper presents the main 
results, and discusses them with reference to the classification of 
Eurocode 4 and to the effect of joint action on the response of beams 
in non sway frames. The most i mportant outcomes of the cyclic tests 
a re finally illustrated, thereby contributing to the understanding 
of the possible role of s emi-rigid composite joints in sway frame 
design. 

2. MONOTONIC TBSTS 

2.1 THE SPECIMBNS 

The purpose of the research was to investigate the behaviour of 
composite joints, in which the continuity on the tension side was 
primarily provided by the slab. This makes possible to simplify the 
s tee l connection detailing as well as the key response mechan i sm of 
the j o i nt . The steel connec t i ons studied are shown i n f i gure 1: 

STEEL BEAK: IP! 300 (SPECntENS SJ AND RJ ) 
If E 330 (S'PEC1MZNS CT) 

Figure 1 
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(1) connection 5JA consists of a header plate welded to the bottom 
part of the beam web; (2) connection SJ8 is a flush end plate welded 
to both the beam web and flanges; (3) connection CTl uses cleats 
connected to the beam lower flange; (4) connection Of specimens CT2 
and CT3 is an end plate extended beyond the beam lower flange; (5) 
connection RJ, finally, is a "rigid" fully welded connection. 
connections SJA and CTl are simple steel connections, while connections 
SJ8, CT2 and CTl are semi-rigid. Besides the steel connection, other 
parameters were investigated (see also Table 1): (1) the slab 
reinforcement ratio; (2) the type of slab (solid and with metal deck) i 
(3) the type of shear connector: (4) the column type (specimen CT3 
has a tubular column section filled with concrete); (5) the slab 
detailing around the column (permitting or not permi tting direct 
contact); (6) the loading (balanced and unbalanced with respect to 
column axis). 
The shear connection was in all cases designed so that full interaction 
and full shear transfer at collapse were ensured. 
A total of 13 crUciform specimens were tested under increasing 
monotonically loads up to collapse. Table 1 presents some interesting 
parameters and the material properties of the specimens tested under 
symmetric loading_ 

TABLE 1 
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Measurements were taken of displacements and strains in order to 
monitor the behaviour of the nodal zone, and single out the primary 
sources of resistance and deformation. The joint rotation ~ was not 
measured directly, but deduced from the rotation, relative to the 
column, of a steel beaa cross section located 290 mm away from the 
column face . Different methods were considered for determining joint 
rotation either from the beam free end deflection or through the use 
of the steel beam curvature measured in the vicinity of the connection. 
Results were fully consistent and equivalent for practical purposes 
(Puhali et al.. 1990). 
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2 .2 THE RESULTS 

(1) Specimens with solid slab. 
The first two series of tests were conducted on specillens with solid 
concrete slabs, and end plate steel connections. The experimental 
M - ~ relations tor these joints (SJ types in lig.1) are plotted in 
figure 2. 
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Four phases of behaviour can be identified (1) elastic with uncracked 
slab; (2) elastic with cracked slab; (3) inelastic with progressive 
deterioration of stiffness and (4) plastic with moderate hardening 
mainly due to the steel connection contribution and to the strain 
hardening of the rebars. The rotation capacity was always very high, 
considering that tests were generally stopped not because of joint 
failure, but of overly large displacements tor the testing apparatus. 
A wide range ot joint stiffness and strength values can be covered 
by properly selecting the steel connection and the amount of slab 
reintorcement, as is apparent from Table 2, which shows the key 
response parameters. 
On the other hand specimen RJ confirms that the use of rigid steel 
connections leads to composite joints having a rotation capacity lower 
than that of joints with semi-rigid connections. 
Evaluation of the test data also showed that: 
(I) the shear transfer capacity of the slab is sufficient to ensure 

that all the rebars are yielding, thus contributing to the 
joint ultimate resistance; 

(2) tailure may occur due to local buckling, in particular buckling 
of the bottom flange of the steel beam was observed in 
some SJ specimens. However, buckling involved only the adjacent 
part of the web, and did not lead to an immediate loss of 
resistance, as in specimen RJ; 

(3) mechanically fastened connectors seem tully equivalent to 
welded headed studs: indeed, no major difference in beam 
behaviour was found, but in the vicinity of the ultimate 
resistance, when uplift of the slab was observed in beams with 
Hilti connectors. 
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(ii) Specimens with metal decking composite slabs. 
Tests on CT specimens (fig. 1). having metal deck.ing composite slabs 
(the most popular solution in many countries) revealed the importance 
of adequate transverse reinforcement of the slab . In the area adjacent 
to the columns in simple frames a nominal amount ot reinforcement 
is used (often a wire mesh). The design philosophy adopted in the 
first series of tests (with solid slabs) involved the extension of 
this practice to semicontinuous frames. The limited transverse 
reinforcement in flgure 3 was then selected. Due to the satisfactory 
behaviour of the tests, the same rebar layout was employed also for 
the specimens with metal decking. 

SPECIMEN: 
SJA ,SJB CT1,CT2,CT3 CT1C,CT2C,CT3C 

REBARS 
LONGI1U1l !lUI. 

- l, T -

lTt~Tr 
I-

TJW< ..... I 

" I _ .. .... .. t •• LM .... t • • ty--

' ''~ + + , . I m 1:,[ 
SJA, SJB CTl,CT2,CT3 CTlC,CT2C,CT3C 

Figure 3 
• 
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For all these three specimens collapse was however associated with 
longitudinal shear failure . ~Collapse occurr ed at a rather high moment , 
80\ greater than the negative bending resistance of the composite 
beam ; the rotation capacity of joints CT2 a nd CTJ is, on the otherhand, 
significantly reduced (fig. 4) . Only specimen CTl with its very 
flexible angle connection, was able to achieve a rotation of the same 
order of magnitude as SJ joints . Due to the contribution of the slip 
between the angles and the beam flange, the stiffness of this joint 
is remarkably lower, in the cracked phase , than the equivalent joint 
in the first series , 1. e. SJA14, whereas ultimate resistance is only 
slightly lower. 
Specimens CT2 and CTJ are different in terms of column type: a HE 
section in the former, and a concrete filled tubular section in the 
latter . The t h ickness of the tubular section was Bmm ; the forces 
transmitted by t he upper tension bolts caused earlier nonli nearity 
due to inelastic deformation of the column wall. The stress state 
of the slab was consequently higher, inducing shear failure at a lower 
jOint moment. 

M [kNm] 
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00 10 " " .. 
Figure 4 

2 . 3 DESI GN CONSIDERATIONS 

The classification of composite joints given in Eurocode 4 (1990) 
is based on the same criterion and assumes the same limits as Eurocode 
J (1991). These limits are plotted in figure 5, and compared, in 
figures 6 and 7, with the experimental moment-rotation curves tor 
beam spans of 6. and 10. meters respectively. Joints are grouped by 
the steel connection type, whether simple (tests SJA and CTl) or semi
rigid (SJB,CT2 and CT3). Although interpretation of the Eurocode 
criterion is not straightforward for several of the tested joints, 
composite joints with simple steel connections may be classified as 
semi-rigid for the shortest beam (Fig. 6a), and rigid for the longest 
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beam considered if reference is made to non sway frames (Fig. 6b). 
On the other hand joints with semi-rigid steel connections are "rigid" 
for both beam spans and non sway frames; joints CT2 and SJB14 may 
be classified as rigid also for sway frames when the beam span is 
10 metres. It is also interesting to note that joint RJ14 with a fully 
welded connection with column stiffeners practically lies on the semi
rigid upper limit for a sway frame with ~- 6m. This stresses the 
severity of the classification limits: many sway frames traditionally 
analysed as rigid should be presently considered semi-rigid. 
When designing is based on plastic analysis, rotation capacity is 
another important characteristic, in addition to stiffness and 
strength. 
Rotation capacity requirements in sway frames are rather difficult 
to be defined in an adeguately general way, as they are heavily 
dependent upon frame configuration, loading condition, and beam to 
colUmn relative stiffness and strength. An appraisal of the rotation 
capacity required by non sway frames can be obtained, through full 
nonlinear analysis of the internal beams, modelled as partially 
restrained members (Benussi et aI, 1989; Puhali et a1., 1990). Analyses 
were conducted assuming a piecewise linear behaviour of the joints, 
defined according to the different phases of their responses. The 
same two values were considered for the beam span as in the 
classification analysis. Figures 8 and 9 present some of the load 
versus midspan deflection curves obtained. The ideal cases of beams 
restrained by ideal joints the moment-rotation curve of which is 
represented by the Eurocode upper limits of the semi-rigid range (for 
sway and non sway frames respectively) were also considered, together 
with the limit conditions of fully fixed and simply supported beam. 
All the beams restrained by SJ jOints collapsed due to the formation 
of a plastic mechanism: the first hinge formed at midspan, and joint 
rotation capacity was then enough for the beam to achieve the plastic 
collapse condition. Joint rotation at collapse varied between 14 to 
23 milliradians, values significantly lower than those associated 
to joint failure. The beams with joint C'Tl showed a similar behaviour. 
This seems to indicate that composite joints with simple steel 
connections tend to possess rotational ductility adequate for plastic 
design. 
The stiffness of joints CT2 and CT3 was enough to make the sequence 
of activation of "plastic hinges" reverse for the beam with span 
~ - 10m: i.e. the joint achieved its Ultimate capacity first. Due 
to the lack of further rotation capacity of these joints, it is not 
possible to form the plastic hinge at beam midspan, and the attainment 
of their ultimate resistance corresponds to the attainment of the 
beam load carrying capacity. Their rotation capacity was hence 
inadequate for plastic analysis. The failure mode associated with 
the transfer of longitudinal shear can, however, be simply controlled 
by a proper sizing of the transverse reinforcement. The response of 
"rigid!! joints, such as RJ, which tend to fail because of beam web 
and flange instability, sets more severe limits to design, though 
in the specific case of joint RJ rotation at the ultimate moment 
resistance was enough for the midspan plastic hinge to form. 
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With reference to the ideal cases of beam with joints having as the ir 
M-t curves the upper boundaries of the semi-rigid Eurocode region, 
it should be noted that: 
(1) Differences in deflection under service loads (obtained 
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assuming a common partial safety factor ot 1.43 for both dead 
and live loads) wi t h respect to the fully fixed beam were i n 
average 54\ and 85\ for the sway and non sway limit curves 
respectively; this impl i es that a rather wide range of 
flexibility would be associated to the same design model of the 
joint, and stresses the need for reconsideration of the meaning 
ot serviceability deflection limits. 

(2) as to the non sway limit joints, the first hinge to form was 
for both spans the one in the middle of the beam. The same 
occurred for sway limit joints and beam length equal to 6m. 
Therefore sequence of formation of the p lastic mechanism was in 
these cases opposite to that of a fully fixed beam. 
These results suggest that a critical review of the adopted 
criterion of classification is necessary. 

3. THE CYCLIC TESTS 

Cyclic tests were conducted on four specimens: three CT joints and 
a joint with solid slab and steel connection with web and flange 
angles. This joint (CT4C) was nominally identical with a joi nt tested 
under monotonic loads in the framework of a coordinated research 
project carried out in Liege (Altman at al., 1990). 
The cyclic loading history was in accordance with the testing procedure 
recommended by the European Convention for Constructional Steelwork 
(ECCS, 1986). 
Although detailed appraisal of the results falls outside the scope 
of this paper, it is neverthless work reporting some interesting 
points: 
(1) A fairly stable behaviour was observed, in spite of some 

pinching of the hysteresis loop due the slip of bolted 
connections and lack of contact due to gaps in certain phases 
of the inelastic response (see Fig. 10). 
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(2) Failure was associated with the collapse of the steel 
connection under positive moments (i.e. under moments 
compressing the slab); low cycle fatigue cracking of the 
steel connecting element (angle or end plate) occurred in 
specimens CTIC, CT2C and CT4C, while joint CTJC experienced the 
cracking of the threaded bars external to the beam lower 
fla nge, used in cyclic tests in lieu of the less effective 
bolts . 

(3) Although collapse was attained under positive moments, the 
results indicate that the increase in the transverse 
reinforcement was adequate to improve the rotation 
capacity under negative moments. 

4 . CONCLUDING REKARXS 

The experimental results of both monotonic and cyclic loading tests 
were shortly described in the paper, which were carried out in a 
research work on composite joint action and its intluence on fr~me 
pertoraance. The main outcomes can be summarized as follows: 
(1) Semi-rigid joints represent a fairly important design option in 

order to improve the cost effectiveness of composite non sway 
trameworks . Their inherent stiffness and strength can be 
obtained also with rather simple steel detailing, and may be 
controlled in a straightforward way. 

(2) The rotation capacity is generally sufficient for plastic beam 
design. It may, however, be limited by local buckling and 
longitudinal shear failure of the slab. Avoidance of the first 
phenomenon requires a proper selection of the steel beam 
section; however, it imposes less severe restraints than rigid 
joints. A simple conservative criterion was proposed by one of 
the Authors (Zandonini,1988), which is based on the semi-rigid 
force factor defined in Table 1. An adequate transverse 
reinforcement should be provided in order to prevent the second 
failure mode far from occurung. Further research studies are 
needed in order to define the minimum amount of transverse 
rebars to the adopted. 

(3) Cyclic behaviour confirmed the suitability of semi-rigid 
composite joints for use in low rise frames (Leon, 1990), even 
in moderately seismic areas . 

(4) The classification criterion adopted by Eurocode 4 should 
be critically reviewed with reference to the inelastic response 
of the joint-beam system. Furthermore, the meaning of the 
serviceability checks should be reconsidered, and possibly 
related to the analysis model. 

A refined finite element program, which accounts for the main sources 
of nonlinearity, has been developed for the analysis of semi-rigid 
composite joints and frames; its calibration against the experimental 
data is currently in progress. An extensive numerical investigation 
will be then conducted, aimed at a comprehensive understanding of 
the role of semi-rigid action in composite frames. This will form 
t he background to simple design approaches. 
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THE NONLINEAR BEHAVIOUR OF COMPOSITE JOINTS 

Ferdinand Tschemmernegg 

Abstract 

This paper descflbes the tests to get the non linear behaviour of composite jOints. 
Extensive test series were performed at the Institute of Steel and TImber Constructions, 
UniverSity Innsbruck. As bases of the test, the macromechaniCal modell of steel loints -
developed at the institute - was used. At the moment only hinges are used in composite 
construction to connect the slabs and beams to the column. New possibilrties for rigid or 
semi-rigid, full or partical strength composite joints are shown, which can be used in 
composite non sway composite frames. 

l _INTRODUCTION 

Elements of beddings are slabs (S) and beams (B), columns (C) which are connected by 
jOints (J). The frames of the buildings consist of elements in steel reinforced concrete or 
composite. Also mixed structures of steel, reinforced concrete and composrte elements 
become more Interesting, Rg. 1. 

To study the non-linear behaviour of composite joints the spring modell according 
(Tschemmernegg and Humer, 1988) for steel joints is used with the load introduction, 
shear, connection and overall springs. 
Also a composite jOint can be c!assificed according to EC 3 In view of stiffness strength 
and rotation capacity, Rg. 2. 

Head of the Institute of Steel and TImber Construction 
University Innsbruck, TechnikerstraBe 13:6020 Innsbruck, Austria 
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Until now only hinges were used in compos~e non sway frames, Solution 9, Fig. 2. All 
other solutions 1 - 8 have not been studied. So the aim of the research programm was. 
to find solutions for rigid and semi rigid partial or full strength joints and the according 
Moment-Rotation-Curves. 

2. DEFINITIONS AND BACKGROUND 

Simple solutions for composite joints are as follows. The beam is supported hinged by a 
small steel-block welded to the column flange. By concreting the slabs the jOint gets rigid 
or semirigid. Only a tension reinforcement both sides of the columns in the slab IS 
necessary, Fig. 1 ro\'l 4 column 2. The compression forces are going through the 
column in the region of lower flanges of the beams. So the construction can be erected 
with hinges which is very Simple, and concreting the slab, the jOint gets without bo~ing or 
welding rigid or semi rigid. 18 different tests with end- oder inner jOints, different slabs, 
different beams columnes and connections were tested Fig 3 , 

'TEST SYSTEM SLAB BEAM COLUMN CO!\!\ECTOR 

NR. -+- --l ~ ' / ' , ~ c::J ~ ~ @ T 1 
1 X X X X X 
2 X X X X X 
3 X X X X X 
4 X X X X X 
5 X X X X I X 
6 X X X X X 

r 7 X X X X X 
I 8 X X X X I X 

9 X X X X X I 
10 X X X X X 
11 X X X X X 
12 X X X I X , 
13 X X X X I X 
14 X X X X I I X I 
15 X X X X I X 
16 X X X X I X I 

17 X X X X X I 
18 X X X X I X I I 

Fig. 3 Testing programm 
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3. TESTS 

The test programm was developed in view of the spring modell according 
(fschemmernegg and Humer, 1988). 

3.1 Load introduction· compression 

The load introduction in rectangular and circular composhe columns were tested in 
comparison to steel columns (Wiesholzer 1991). Fig. 4 a, b, c. 
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Fig. 4 Load Introduction 

o 
c ) M - N - INTERACTION 

.!!. 
N. 
1.0r--__ 

1.0 



205 

The result was that the stiffness of the load introductIon spring is not very much 
Influenced by the concrete but the strength and deformation capacity is much better, 
Rg 4 b. 
The strength is at low load levels positively influenced by the normal force in the 
composite columns, because the cracks are closed by compression out of normal· 
forces in the columns, see Fig. 4 c. 

3.2 Shear 

The shear behaviour in compostte rectangular and circular compostte columns are 
tested in comparison to steel columnes in (Brugger, 1991). Fig. 5 a, b, c. 
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The result again was, that the stiffness of the shear-spring Is not very much influenced by 

the concrete, but the strength and deformation capacity is better, see Fog. 5b. 
Also is to be seen the positive influence of compression out of normal forces in the 
column, see Fig. 5c. 

3.3 Connection' tension 

The problem of introducing the tension forces out of the moment differences in the 
beams is shown in Fig. 6. 

~-F 
h -

Fig 6 Connection 

CONNECTION 
I TENSION SIDE) 

In (Hittenberger, 1991) the problem will be studied out of 18 full scale tests on composfte 
joints with rectangular and circular columns. 
The problem is equal to a bo~ed connection. The bolt corresponds to the column, the 
steel sheet to the slab. The main problem is here the compression between the slab and 
column and the design of the reinforcement in the slab for the tension forces. 
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3.4 Full scale tests 

Full scale tests were described in (Tschemmernegg. 1990). 
The measurment allows to get separately the load introduction. shear and connection 
spring in relation to the test load. For controll also the reactions for the test-specimens 
were measured. 
First studies show very good agreement with the measurments according chapter 3.1 to 
3.3. 
So it is possible to get the main parameters for load-introduction. shear and connection 
separately. 
The lest results of full cate test are analysed now by Fin~e-Element-Methods (Brugger 
1991). (Hil1enberger 1991). (Vflesholzer 1991) to get a modell and simplified methods for 
design. and at the end the overall spring for compos~e joints. Fig. 7 shows the test 
arrangement of a full scale test. 
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Fig. 7 Full scale test 
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4. CONCLUSIONS 

Different possibilities of compos~e jOints had been tested to get the nonlinear moment· 
rotation· behaviour of compos~e joints. 
Using the computer programm for frames including this moment rotation curves ~ is 
possible to design composite frames. 
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CYCUC LOAD ANALYSIS OF COMPOSITE 
CONNECTION SUBASSEMBLAGES 

SEUNG-JOON LEE' 

LE-WU Lu' 

Abstract 

The behavior of compos~e beam-and-column connection subassemblages subjected to 
cyclic loading has been analyzed by applying the fin~e element method. Special 
emphasis is on connections w~ a weak panel zone. The analysis incorporates the 
If1elastic properties of steel and concrete and includes the effects of shear stud 
deformation and slip between the steel beam and concrete slab. The concept of effective 
WIdth is used to account for the participation of the slab in resisting load. The analytical 
resu~s have been compared ~h the previously completed tests and reasonable 
agreement is found. 

1. INTRODUCTION 

The behavior of a compos~e beam-and-column connection in a steel building structure, 
when subjected to seismic loading, is very complex, and only very limited research has 
been carried out. The effectiveness of reinforced concrete slab on the rigid~ of the beam 
IS markedly different from that specified in the design codes in practice. The moment 
transfer from beam to column is influenced by the presence of torsional members. 
Opening and closing of concrete slab cracks, nonlinear~ of the material, slip across the 
interface between the steel beam and slab, and the interaction of the various structural 
elements at the joint further complicate the behavior. 

A series of connection subassemblages were tested to study experimentally behavior 
under repeated and reversed loading (Lee and Lu, 1989). Two of these subassemblages 
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designated as EJ-FC and U-FC and shown jn Fogs. 1 and 2, had beam-tCH:Olumn-nange 
connections and exhibited very significant panel zone shear delormations, which became 
a major source 01 energy absorption. Analytical studies 01 such connections were 
subsequently performed to predict the observed behavior and the present paper is a 
summary 01 this work. 

2. ANALYTICAL APPROACH 

A two-step approach has been adopted to analyze these subassemblages with emphasis 
on their overall behavior: 

Three-dimensional elastic analysis 01 the composite beam to determine the 
effectiveness 01 slab. 
Two-dimensional inelastic analysis 01 the connection subassemblage with interest 
In the effect 01 slab on composite beams and panel zones. 

2.1 Three-Dimensional Analysis 01 Composite Beams 

The test resuns show that one of the parameters significantly affected the behavior of the 
compos~e beam is the effectiveness 01 the slab, commonly referred to as shear lag. n is 
evident that application of a mathematical formulation of the problem lor an Isolated T
beam to the compos~e beam considered in this investigation is difficun, because of ~s 
complex boundary conditions. The effective width variation along the beam under lateral 
loading cond~ion is Investigated using the linear fin~e element analysis program SAP IV. 

In this analySiS, the slab is represented by a network of thin plate elements to produce 
the flexural and membrane stresses. The thin plate element is SAP IV is a four-node 
quadrilateral element of arb~rary geometry formed from four compatible triangular 
elements. The element has six interior degrees of freedom which are eliminated at the 
element level prior to assembly. The resuning total degrees of freedom are twenty four 
per plate element. In order to obtain good accuracy, relatively fine mesh is used after 
some tnals. Plate elements near the steel beam and the column are smaller in order to 
compute the effective width more accurately. The steel beam is represented by the beam 
elements to produce ~s axial, flexural, shear and torsional deformations. In the assembly 
of the compos~e system, the slab, represented by thin plate elements at the mid-surface, 
IS attached to the steel beam elements by vertical link beams which enforced the 
eccentri~ of the steel beam axis. To simulate full-compos~e action, very rigid link beams 
are employed. 

2.2 Effective Width 01 Composite Beams 

n Is clear that the effective width of concrete slab of compos~e beam under the force 
cond~ion assumed in this investigation is markedly different from that of an isolated T
beam. Figure 3 shows variation 01 the effective width along the beam of the tested 
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subassemblage EJ-FC_ Near the column where high slab stresses exist, the effective 
WIdth is rather small. The deflection of the cantilever compos~e beam is close to that 
computed with the assumption that effective width is unfform and about 3/10 of the span 
L (length of beam between maximum and zero moments)_ On the other hand, the 
stresses In the compos~e beam, in the section adjacent to the column, are close to those 
computed with an effective slab width equal to the column flange width. 

2.3 Two-Dimensional Analysis of 5ubassemblages 

The fin~e element program, ADINA, is used to pertorm inelastic cyclic analySis of the 
connection subassemblages. The program pertonms an incremental nonlinear static and 
dynamic analysis of three dimensional structures and can separately treat material 
nonlinearity and kinematic nonlinear effect. Many material property models are available 
including elasto-plastic models with different yield cr~eria, concrete type material, a 
curvilinear model, etc. A truss nonlinear model can be employed to simulate opening and 
closing of gaps. tt is believed that the compos~e connection subassemblages can be 
treated as a two-dimensional bocIy ff the main interest is in the overall behavior of the 
cornpos~e beam and the panel zone and ff the subassemblages are loaded two
dimensionally as in the tests. Figure 4 shows the 2-D discretization of specimen EJ-FC. 
The slab is represented by two-dimensional plane stress concrete elements. The original 
slab thickness remains same, and the width of slab (which is the thickness of plane stress 
elements in Fig. 4) is the effective width from the 3-D elastic analysis and remains same 
throughout the analysis. tt is known that the concept of effective width is not valid for 
Simply supported T -beam when the slab begins to behave inelastically. For a composite 
beam-to-column joint, ~ is believed that the effective width of slab which acts compos~ely 
w~ steel beam does not vary significantly under increasing or decreasing load. A small 
portion of slab adjacent to column face, which is probably lim~ed by the column flange 
width if there is no torsional member, remains effective in the Inelastic range as well as 
in the elastic range. 

The stress-strain relationship of concrete elements near the cotumn face is modified as 
shown in Fig. 5 (curve C2) to increase the strength and the deformability. The concrete 
strength is assumed to be 1.3 f; and the corresponding strain is 1.9 t o' where t o is the 
strain corresponding to f; under monotonic loading. For steel, curve 52 in Fig. 5 is used 
and the von Mises yield cr~erion and isotropic and kinematic hardening rules are 
employed. Curve SC, is used to represent the shear stud behavior. 

The concrete model implemented in ADINA employs several basic features to describe 
the material behavior; namely (i) a nonlinear stress-strain relation including strain
softening, (ii) a failure envelope that defines cracking in tension and crushing in 
compression, and (ii~ a strategy to model the post-cracking and crushing behaVIor of the 
material. In the solution, the material is subjected to cyclic loading. 
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3. ANALYTICAL RESULTSAND COMPARISON WITH TESTS 

The two-step finite element analysis approach described above has been applied to 
obtain analytical predictions for the response of the two test subassemblages. In the 
following the predicted responses of the composne beam of EJ·FC and the joint panel 
zones of EJ·FC and U·FC are briefly described and compared with the test resu~s . More 
detailed descriptions of the work can be found elsewihere (Lee. 1987). 

3.1 Composite Beam 

Figure 6 shows the analytical and experimental load (P) vs. end rotation (G.,J curves of 
the composne beam of EJ·FC. Monotonic loading analysis were first performed to 
compare the skeleton curves under positive and negative loadings. For cyclic loading. the 
unloading and reloading analyses were initiated at 8; = 0.0078 and 8; - O.ot 05. wihile 
the calculated data from the monotonic analyses were saved to restart the analysis and 
the resu~ are compared with the experimental curve of the 22nd cycle. Good correlation 
can be observed. The elastic stiffness and ultimate strength obtained from the analyses 
are in close agreement with the experiments. and the general shape of the hysteresis 
loops is similar. Some discrepancies. however. can be observed: (1) For cyclic loading. 
the Bauschinger effect of the steel beam reduces the tangent stiffness during reloading 
in the opposite direction and (2) The opening and closing of concrete cracks occurred 
gradually in the test specimens. but rather suddenly in the 2·0 analysis. 

3.2 Connection Panel Zone 

The panel zone of the specimen EJ-FC shows different characteristics wihen the 
composite beam is subjected to positive or negative bending moment. Under negative 
moment. the panel zone behaves like steel beam-to-column panel zone. but under 
positive moment. the effect of composite slab was significant. ~ilizing the enlarged panel 
zone assumption. the effective depth D. was increased by 29.5% under positive moment 
(the test resu~s showed 28.9% increase). 

Figure 7 and 8 show the load (P or P, + P,) vs. panel zone distortion (YJ relationships 
of specimens (EJ-FC and U·FC) The experimental and analytical resulfs are in good 
agreement except that the general yielding from the analyses is higher by 13% to 20%. 
This is due to high residual stress in the panel zone because of welding of the web plate 
for the transverse beams. The post-yielding behavior between the experimental and the 
analytical curves exhibits discrepancies during the transnion range. but eventually traces 
the skeleton curves after about 1.5% shear deformation. The calculated stiffnesses are 
lower by 17.0% to 24.4% than the experimental stiffnesses in this range. 

The experimental reloading curve (the 20th cycle curve) is compared with the analytical 
curves based on two hardening rules: kinematic hardening and isotropic hardening. The 
experimental curve is between the two analytical curves. This should be subject for future 
research. wihich may begin by using an improved stress-strain relationship for high 
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ntensity cyclic shear (Wang, 1988). 

4. SUMMARY AND CONCLUSIONS 

A two-step analysis approach using finite element programs, ADINA and SAP IV, has 
been used to analyze the behavior of beams and panel zones in composite connection 
IUbassemblages under cyclic loading. The resu~s have provided reasonable analytical 
predictions of the two full-scale connection specimens tested previously. The following 
conctusions may be drawn from the resutts presented: 

1. The proposed method of analysis properly simulates the elastic and inelastic 
behavior of compos~e beams and compos~e connection panel zones when 
subjected to cyclic loadings. 

2. The elastic stiffness and the strength of compos~e beams can be predicted 
accurately using the ellective width concept. 

3. The yield strengths of the panel zones from the analysis are higher by 13% to 
20% than those from the experiments. Residual stresses due to welding are believed 
to be responsible for these differences. 

4. Because of the higher predicted yield strength, the post-elastic stillnesses of the 
composite panel zones from the analyses are lower by 17% to 24% than the 
experimental resutts. 

5. The experimental and analytical hysteresis loops are very similar with the 
discrepancies due to difficutties in accurately simulating the three-dimensional 
concrete slab crack opening and closing and the Bauschinger ellect. 

6. The reloading curve of the compos~e beams based on the kinematic hardening rule 
is close to the experimental curve, but the loading surface of the panel zones after 
large inelastic shear deformation is between those prescribed by the kinematic and 
isotropic hardening assumptions. 

Based on the resutts of this study, hysteretic models for inelastic dynamic analysis have 
been proposed for composite beams and connection panel zones in steel frame 
structures (Lu, Wang and Lee, 1989). 

REFERENCES 

Lee, S.J. 1987, "Seismic behavior of steel building structures with composite slabs ," Ph.D. 
dissertation, Lehigh University. 



214 

Lee, S.J. and Lu, LW., 1989, ' Cyclic tests of full-scale compos~e joint subassemblages,' 
Journal of Structural Engineering, ASCE, Vol. 115, No.8, pp. 1977-1998. 

Lu, LW., Wang, S.J. and Lee, S.J., 1988, 'Cyclic behavior of steel and composite joinls 
With panel zone deformation,' Proceedings 9th World Conference on Earthquake 
Engineering, Tokyo-Kyoto, Japan, Vol. IV, pp. 701-706. 

Wang, S.J., 1988, 'Seismic response of steel building frames with inelastic joint 
deformation' , Ph.D. dissertation, Lehigh Univers~. 

:a . 

.,h 15 

Fig . 1 Test Subassemblage EJ-FC 



215 

~ 
x 

2 
~ 

......-COf'II"OstU su a 

WIll x 15 

r ,,./ 

~ 
: t 

'1 '" " " r 'l 
SKClM:1t IJ-If 

,SO I-~ ___ --,l~""~ ____ __ ...j _____ -,l~"'~ __ Jj" 
Fig. 2 Test Subassemblage IJ-FC 

l" 
OJ 

Fig. 3 Effective Width of Slab {EJ-FC} 



.. 

Fig. , 20 IdeaUzation of 
Subasse.blage (EJ-FC) __ -5. 

5, ---
STEEL 

<, t", t 

f .,. ---:::---- .... 
~ 

" , , 
" C1 

'" 
, 

---------~ 
STLIl 

S, S 
Fig. S Material Properties 

Assuilled 

216 

•• 

-
, , . 

• • 
'I'M' 

Fig . 6 Load VI RotAtion Curves of 
Composite Beam in EJ-FC 

---, .. ... 

- ~ ~ " -" ' /(I 
( ..... 

.- ('1011 ' 
10"1"'_" __ 'Il __ 

----.- --Fig. 1 Load VI Panel Zone Deformation 
Curves of EJ-FC 

'" ''', ... \ 
_1_-

•• - - - - -(,, ' '''1 - _f_~."" -., .. 
-_ .... ; -.-

fiR, S Load va Panel Zone Deformation 
Curve. of I J-FC 



Technical Papers on 

SEMI-RIGID CONNECTIONS 



RELIABILITY OF ROTATIONAL BEHAVIOR OF FRAMING CONNECTIONS 

Thomas R. Rauscher' 

Kurt H. Gerstle' 

Abstract 

Fabrication differences and field conditions afe likely to result in random variation in 
the stiffness and strength properties of field-bolted steel frame connections. A set of 
replicate specimens of one type of framing connection was tested in order to establish 
a statistical base. and the results were evaluated by probabilistic theory in order to 
determine the reliability with which strength and stiffness values can be expected . 
It was concluded that the determination of reliable strength and stiffness values for 
use in design requires probabilistic treatment of experimentally obtained stat istical 
data bases . 

, . INTRODUCTION 

DesIgn methods as outlined in the AISC Allowable Stress (1) and lRFD (2) 
Specifications authorize inclusion of connection effects under the heading of "Type 
3" 10 the former, and "Partially Rest rained- in the latter. 

In both analysis and deSign including connection effects. connection behavior must 
be known . For typical beam-to-column connections of building frames, voluminous, 
If fragmentary, data are available (3,4,5). Attempts at rational prediction of 
connection behavior have been less than successful. but empirical expressions. based 
on test data, of the relation between the applied moment M and the resulting 
connection rotation 8 are available. Among these. the most commonly used are those 
of Frye and Morris (6) . 

The deterministic moment-rotation curves of Ref . 6, and others similar, are often 
based on one single test, and do not account for the scaner which may inevitably be 
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~.:peclE'd of connection behavior, specially if field-bolted. Little is available in the way 
r.~llic,.te tests which might provide 8 data base necessary for statistical prediction 

"colnn"ction behavior. Until such information about reliability of connection behavior 
provided. its inclusion in design or analysis rests at best on a shaky basis. 

paper repons a study whose aim it is to provide a statistical data base for the 
'''''DllSe of establishing the degree of reliability of strength and stiffness for one 
'Gllnn,ection type. To this end. nominally identical framing connection specimens from 
tlff.",nt sources were tested under identical conditions. The individual moment-

curves obtained from these tests form the data base for probabilistic 
: de1ermi"ation of the reliability with which specified behavior of these connect ions can 
lie expected. 

2. TEST PROGRAM AND TEST RESULTS 

Six fabricators provided double-web angle connection specimens fabricated accord ing 
to the drawing and specifications shown in Fig. 1. Two identical specimens were 
provided with untensioned bearing-type bolts (Series 11. and two with friction·type 
bolts (Series 2) tensioned according to shop practice of the individual fabricator, for 
• total of 12 specimens for each bolt type. Since each specimen contained two web
angle connections. we had in fact a sample of 24 of each connection . In additIon. 
one fabricator supplied us with a set of six specimens with 3/8" thick web angles 
with F-bolts. attached to previously tested members (Series 31. This program gave 
us the opponunity to assess the following factors: Scatter of connection behavior. 
comparison of B-bolt versus F-bolt behavior. influence of angle thickness. effect of 
applied load history. 

Because of length limitations. this paper will only describe and report results of Series 
2. Complete results and evaluation can be found in Ref. 7. These double-web angle 
connections are commonly used as shear connections. Our discussion only concerns 
their rotational characteristics and therefore none of the conclusions should be 
interpreted as addressing their reliability in transmitting shear. We are here only 
concerned w ith the way in which they can be expected to rotate under applied 
moment. 

The specimens were mounted as shown in Fig .2 in a 1000 kip MTS universal test ing 
machine. and loaded either monotonically or cycl ically. leading to the moment-rotation 
curves from 22 connections of 11 specimens of Series 2 which are shown in Fig. 3 . 
A systematic random pattern is seen here for both stiffness and strength . Non
linearity is mainly due to yielding of the outstanding angle legs. and bolt sl ip occurs 
only under rotations well in excess of admissible values. 
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Fig . 2 Test Setup 

3 . STATISTICAL ANALYSIS 

The parameters used to describe the connection response in the statistical analysis 
which follows were the secant modulus K.ec. the elastic limit moment M.> and the 
moment under permissible rotation M •• as shown in Fig .4 . 

The secant modulus K." was based on the moment corresponding to a rotation of 
.002 radians. well within the elastic range . M. was obtained visually as the moment 
corresponding to the onset of flattening of the M-B curve. M. was the moment 
corresponding to the end rotation of a uniformly loaded simple beam under allowable 
midspan deflection l/360. computed as .009 radians. 

The purpose of our study is to assess the reliability with which strength and stiffness 
of these web angle connections can be predicted . To this end. we will subject the 
strength parameters Mill and M. and the stiffness parameter K..c. defined in Fig.4. to 
statistical analysis with the aim of predicting their minimum values which may be 
expected with specified probability, or confidence level. In addition. we will try to 
extract information about systematic differences between products of d ifferent 
fabrica tors in order to obtain insight in problems of quality control. 
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Fig. 3 Connection Response, Series 2 Fig . 4 Descriptive Parameters 

Test values can be plotted in the form of a bell-shaped probability curve shown In 
dashed line in Fig. 5, representing a normal distribution. The shape of this curve is 
completely defined by the mean value X and the standard deviation S. The coefficient 
of variation SI X indicates the degree of scatter of results among nominally identical 
specimens. The probability P of exceeding any particular value of the parameter x is 
given bV the area under the bell curve which is to the right of that value. and which 
can range from zero to unity . The probability P can be found for a distribution w ith 
given X and S for any value of x by integration, or from available tables (8) . In this 
way. the minimum strength and stiffness can be determined which can be expected 
at a specified level of confidence - say. 95 times out of the next 100 specimens. as 
will be assumed in what follOWS . 

The methods just described depend on the premise that all specimens belong to the 
same population. However. the techniQues of different fabricators could be so 
different that their products might not belong to one population . Such a case is 
shown in Fig.5 , which plots stiffnesses K.H for all specimens of Series 2. An analysis 
of variance IANOVAI (81 indicates that these connections are better treated as 
belonging to two groups: Population A, consisting of Fabricators 1,4,5 and 6, whose 
products appear to have stiffnesses only about half of those of Popu lation B, 
consisting of Fabricators 2 and 3 . This will be discussed further below. 

These techniques were applied to the test data in the following sequence: The 
strengths M" and M" and the stiffness K_ were first subjected to an analysis of 
variance to determine the likelihood of their belonging to one or more populat ions to 
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within the 95 percent-level of confidence, using the F-Test described in Ref.8. For 
each population, the values X and S of the normal distribution were computed, and 
the minimum value of each parameter which might be expected within 95 percent 
confidence level was calculated. 
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Fig . 5 Frequency Distribution for Ksec Fig. 6 Connection Properties. Series 2 

The strengths M. and M" defined in Fig .4 , were subjected to the statistical treatment 
outlined. An ANOVA showed to within a 95 percent confidence level that the 
strength of all 22 specimens belonged to one population, whose characteristic values 
X and S are shown In Table 1, and that one might expect 95 out of the next 100 
specimens to have strengths in excess of M.. - 89 kip-inches and M, - 99 kip
inches. 

The observed stiffnesses K'M showed a great deal of scatter, indicated by the dashed 
curve of Fig.5 . The ANOVA showed two distinct populations: Population A, 
consisting of 14 specimens from Fabricators 1.4,5, and 6, and Population 8, of 8 
specimens from Fabricators 2 and 3. The statistical characteristics of each of these 
populations, as well as those ot'the composite sample of 22 specimens, are shown 
graphically in Fig.5 . These results show that of the next 100 specimens from the first 
set of fabricators, 95 can be expected to have a stiffness K •• in excess of 14500 kip
inches/rad., and of those from the second set of fabricators, 95 can be expected to 
have stiffnesses in excess of 26400 kip- inches/rad. If all 22 specimens are lumped 
together, then a minimum stiffness of only 6500 kip-inches/rad . can be assumed at 
the 95 percent confidence level, a value so low as to be negligible. The expected 
stiffness of specimens from Fabricators 2 and 3 is about twice that of specimens from 
Fabricators 1.4,5, or 6. One might look for obvious manufacturing differences among 
these fabricators. We found little clue as to the causes : Three different bolt tension 
control methods were used by the fabricators of Population A, among whom two used 
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the same method as one of the fabricators of Population B. The reason for these 
seemingly systematic differences remains unknown. 

4. DISCUSSION OF RESULTS 

How will these results affect the designer who might wish to include connection 
restraint as provided by Type 3 Construction in the ASD, and PR Design in the lRFD 
Specifications 7 An example of this approach has been given by lindsey (91 in an effort 
to optimize purlin size. In such a case, the engineer's likely recourse for the 
determination of connection stiffness and strength are analytical formulations such as 
that of Frye and Morris. which, as stated earlier, are deterministic and have in some 
cases (4) been found at variance with test data. 

For the 1/4 inch web angle connections of Series 2, the curve predicted by Frye and 
Morris is shown in Fig.G, along with the range of the M-9 curves from our tests . The 
Frye and Morris curve is somewhat on the high side. Its initial stiffness is also shown , 
and the connection strength can readily be extrapolated. 

If for safety's sake it is specified that these connection properties should be at the 95 
percent level of confidence, then our stat istical calculations would permit a 
serviceability moment and stiffnesses as also shown in Fig.6 , of values greatly below 
those given by deterministic formulation, or by anyone of the test curves. 

It is clear that in any case the choice of either 8 deterministic formulation such as that 
of Frye and Morris, or a single test case, may lead to connection strength and 

stiffness grossly on the unsafe side of reliable values in the actual structure. 

5. CONCLUSIONS 

Based on the test results and analyses which have been presented. as well as those 
of Series 1 and 3 (7) , we can draw the following conclusions for rotational behav ior 
of the web angle connections under consideration: 

1 . The bearing-bolt connections showed unpredictable behavior; they are not 
recommended for joints intended to offer rotational constraint. 

2. The friction·bolt connections exhibited a systematic pattern of behavior, whose 
non-linearity was caused largely by yielding for thin web angles, and by bolt sl ip for 
thicker angles. 

3. The scatter of sti ffness is much less for the stronger than for the w eaker 
connections; on this basis, it may be expected that the stat istical var iation of jo ints 
designed as moment· resistant may be more favorable than that of the web·angle 
connections. 

4. The strength of the connections, while showing considerable scatter, varied 

-, 
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mSlgnificantly among fabricators. Statistic,1 minimum values can be determined with 
reasonable level of confidence. 

5. Initial stiffness varied significantly among fabricators for the thin web-angle 
connections. although no physical reasons could be identified. It was not possible to 
assign meaningful statistical stiffness values for these specimens based on the totality 
of our test data. The thicker web angle connections, from one fabricator, showed 
much more consistent response. 

6. Deterministic predictions of connection behavior. based on either empirical 
formulations or single test data, are likely to overestimate reliable values of strength 
and stiffness . Statistically designed replicate test series are needed to establish these 
characteristics. 
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PLASTIC CAPACITY OF END-PLATE AND FLANGE CLEATED 
CONNECTIONS-PREDICTION AND DESIGN RULES 

Jean-Pierre Jaspart' 
Rene Maquoi2 

Abstract 

A refined evaluation 01 Ihe plastic capacity of the tensile zone in end-plate and 
flange cleated connections is presented. Compared to experimental results, it 
provides a better accuracy Ihan existing methods. 

1. INTRODUCTION 

Beam-to-column joint using end-plate or cleated connections with no stiffening 
of the column web is very economical. Generally, such a joint has a semi-rig id 
behaviour and is partially resistant. The prediction of its non-linear response , in 
terms of beam end moment Mb - relative rotation Q, is especially of concern. 
Amongst the parameters governing the idealized Mb -. response of the 
connection properly , the plastic capacity M.J( plays a paramount role ; Its 
determination is Ihe subject of present paper. The space allocated to the paper 
prevents from develOping in detail Ihe theoretical aspects, for which the reader 
is begged to refer 10 (Jaspan, t991). Only Ihe basic ideas are presented and 
discussed herewith, as well as comparisons between theoretical predictions 
and experimental data 

A knowledge of the Annex J of EC3 (Eurocode 3, 1990) and its background 
would be very helpful to fully understand what follows. 
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2. PLASTIC CAPACITY OF AN EXTENDED END-PLATE CONNECTION 

2.1. General 

The theoretical plastic capacity Mv th of a connection should basically be 
defined as the maximum bending moment developed by a connection made 
w~h a material which exhibits an elastic'perfectly plastic stress·strain diagram ; 
thus strain·hardening would be fully disregarded. To identify such a capacity 
on an experimentally recorded Mb - , curve is neither obvious nor easy 
because of unavoidable strain-hardening effects. How to define the 
experimental plastic capacity is discussed elsewhere (Jaspart, 1991) ; ~hin 
present paper, it is given as shown in figure ,. 

w.b 

flan~ 

Figure 1 Figure 2 

Usually, the bending moment at the beam end Is substituted by a pair of 
statically equivalent tensile and compressive forces Fb in the connection. Thus 
the strength of a connection corresponds to the onset of a limiting design 
resistant force Fb.Rd in the flanges. The resistance of a connection can be 
exhausted when any of all the pcssible local collapse modes takes place, either 
in the tensile or compression zone. Because it is deeply desired that the 
connection be prevented from a brittle mode of collapse, fracture of the fillet 
welds can never be governing. In addition, the resistance of the column web to 
load Introduction, either in tension or in compression, is a specific problem 
which is solved elsewhere (Jaspart, 1991). Consequently, it remains to look at 
the resistance of an end-plate connection in the tensile zone which may be 
associated to the collapse either : i ) of the bo~s, or ii) of the end-plate, or ii) of 
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the column flange. The two last collapse modes involve plate components 
subject to transverse loads : both can similarly be analysed suitably based on 
some idealization of the connection part. Severat anempts have been made in 
this respect ; they are relative to one of the two general approaches termed 
respectively "plate model" and "T -stub model" ; both allow for predicting the 
aforementioned limiting force Fb.Rd when either the column flange , or the end
plate is of concem. 

Model Column flanoe End·plat. Both 

Plat. Pac:k.,·Morns Wittakef·Walpole Zoetem81jer 

~ootom.,jer Zanan Ee3 

$un.es·Mann Pack8f-Moms Table 1 

Zoetemetjer 

.. tub Zoet&me.j4tr Zoetem8IJer 

Ee3 Pack ... ·Moms 

Kalo-McGUlre 

Agerskov 

Ee3 

Experimental resu~s have been compared with the theoretical values computed 
according to the methods listed in Table t (see § 2.3). It has been found that 
EC3 method, based on the T-stub model, is quite valuable. The T-stub 
idealization consists in reducing the tensile part of the connection to T-stub 
sections of appropriate equivalent length bm, connected by their flange onto a 
presumably infinitely rigid foundation (presumably by 4 bolts) and subject to a 
uniformly distributed force acting in the web plane (fog. 2). 

Though based on rather simple expressions , EC 3 method is widely applicable. 
It is barely - but then very slightly - unconservative. ~ aocuracy, which can vary 
largely and look like too conservative, is dependent on the collapse mode of the 
T-stub. The laner can be due to (fig .3) : 
a) bo~ fracture with no prying forces , as a result of a very large st iffness of 
the T-stub flange, or 
b) onset of a yield lines mechanism in the T-stub before the strength of the 
bo~s be exhausted, or 
c) mixed collapse involving yield li nes at the toe of the fillets in the T-stub 
and exhaustion of the bo~ strength. 

The accuracy is found especially satisfactory when the plastic capacity is 
governed by collapse mode (a) or (c) ; EC3 is found much too safe when a 
plastic mechanism forms in the T-stub. Similar conclusions can be drawn from 
the tests on flush end·plate connections (Moore, 1988). 
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2.2. Amendments to the T-stub model of EC3. 

The question raises whether refinements could be brought to the T-stub model 
of EC3 with the result that the amended model would provide a higher 
resistance for above collapse mode (b) without altering significantly the 
accuracy regarding both ccllapse modes (a) and (c). 

An attempt in this respect has been made recently by the junior author (Jaspart. 
t 991). In all the existing methods. it shall be noticed that the forces in the bons 
are always idealized as point loads. Thus. it is never explicitely accounted for 
the actual sizes of bons and washers. on the one hand. and on the degree of 
bolt preloading. on the other hand. Care taken of the both aspects should 
Influence first. the location of some of the yield lines forming the plastic 
mechanism. and seccnd. the contribution of the external loads to the virtual 
work relative to this mechanism. 

In the T-stub model. the plastic mechanism is composed of parallel straight 
Yield lines which develop in the flange of the T section. Two of them are always 
located at the toe of the fillets. The two others are located in the vicinity of the 
boll rows. Either they coincide with the axeS of the boll rows (Zoetemeijer. 
t974; Eurocode 3. 1990) ; that means the boll size is tully disregarded and the 
load is applied on the axis of the bons (fig. 4.a). On the ccntrary. bolts and 
washers are assumed so stiff that the yield lines are forced to develop at the 
inner extremity of the bolVwasher diameter (Kishi et al. 1987). where the bolt 
load IS also assumed to be applied (fig. 4.c). None of these models is in very 
fair agreement with experimental observations. Indeed the lines of maximum 
curvature are actually not straight but slightly curled and their pattern in the 
close vicinity of the bolts is found to depend on the stiffness of bolts and on the 
degree of bon preloading (fig. 4.b). For practice purposes. one cannot imagine 
to acccunt for such a complex actual pattern. It must be noticed that. for well 
proponioned connections. the yield lines are not far from complyillg with 
Zoetemeijefs assumption ; it is therefore justified to refer to the latter for what 
regards the location of the yield lines. 
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However account will be taken of the bolt size ; it will be assumed that the bolt 
load exerted onto the T-stub flange is uniformly distributed over a certain length 
D located symmetrically with respect to the bolt axis (fig . 4.b) ; D means the 
diameter of the bolt head/screw or washer. (Of course, the location of the yield 
lines does no more coincide necessarily with the section of maximum bending 
moment and results in a non-compliance with the fundamental theorems of 
plastic design; the authors are of the opinion that the error remains sufficiently 
small to be acceptable), Accordingly half of the force in the bolts develops a 
negative extemal work when the plastic mechanism forms with the result of an 
expected higher connection capacity compared to EC3 model. For sake of 
simpliCIty, the resultant bolt loads 2B is substituted by two equal statically 
equivalent load components B acting at a distance ± e • 0.25 D from the bolt 
axis (fig. 5). 

Applying the principle of virtual work to above plastic mechanism, on the one 
hand, and the equations of equilibrium, on the other hand, provides the limiting 
force Fb.Rd associated to collapse by onset of a plastic mechanism : 

Fb.Rd. (8n' - 2e) bm mp I [2mn' - e(m + n')) 
with : n' • Min [n ; 1,25 m) 

mp. 0.25fy t
2 

bm in accordance with EC3 

(1 ) 
(2) 
(3) 
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Of course, equ. (1) confines itself to Zoetemeljefs and EC3 formulae when 
distance e is vanishing. 

What is said above is not explicitely influenced by the degree of bott preloading. 
Actually the force in pre loaded bolts of an elementary assemblage subject to an 
increasing external load Nb (parallel to the bolt axis) evolves according to 
figure 6. First, the bolt tension increase is a reduced proportion of the external 
load because of the compensating eHect of the reduction in plate compression 
2C. When the latter becomes equal and opposite to the initial contraction of the 
plate (Nb • NbO), the plates start to separate and the system becomes 
statically determinate. At any higher load, the botts experience the whole load 
Nb' Separation occurs at : 

(4) 

where S is the preloading force per boh and K· • 1/(1 + 1~) . The factor ~ : 
ArAb is the ratio between the axial stiffness of the eHective plate compression 
area At and the resisting bolt cross-sectional area Ab ; it is taken as 5 as an 

average value (Agerskov, 1976). Proceeding as before with attention duly paid 
to the effect of boh preloading, yields Ihe amended expression of the limiting 
force F· b.Rd (Jaspart, t991) : 

F· b.Rd . {[8n'-2(1-K·)e]bm mp'" 4n'eS}1!2mn' - e(1-K·)(m+n'}] (5) 

under the reservation that : 

2B • (F· b.Ad n' ... 2 bm mpll (2n' - e) t NbO (6) 

because equ. (5) is valid in the range prior to plate separation. Should 
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condition (6) not be fulfilled, then reference is made to (5) where K' - 0, what 

resu~s in F' b.Rd - Fb.Rd with Fb.Rd given by &qU. (t). 

The lim~ing fonce according to (5), subordinated to the additional check (6), 
constitutes a refinement of the relevant EC3 design rule. The capacity 
associated to the plastic mechanism can be assessed with a better accuracy 
than before (see § 2.3.). It would be easy to demonstrate (Jaspart, 1991) that 
above bo~ effects do not at al a~er the capacities associated respectively to the 
two other collapse modes of the T-stub. 

The capacity of the T-stub is given as the lowest of the capacities relative to the 
three possible collapse modes. 

Of course, the T-stub model is used several times when designing and 
extended end-plate connection : I) in the extended portion of the end-plate, ii) in 
the portion of the end-plate adjacent to the tensile flange of the beam, and iii) in 
the flange of the column. Above formulae must be written in an appropnate 
manner for each of these situations (Jaspart, 1991). 

2.3. Comparison of Ihe refined model lest resu~s. 

Only few test specimens have been sufficiently Instrumented to allow for a 
valuable comparison. ~ is referred to resutts obtained on isolated end-plates in 
Milano (Zanon and Zandonini, 1987) and on lull connections in Liege (Jaspart, 
1991) and Delft (Zoelemeijer, 1974). 

Predictions according to the authors' proposal are superimposed in figure 7.a 
and b 10 a diagram established elsewhere (Damiani, 1986) for isolated end
plates; those relative to full connections are listed in table 2. 

It may be concluded to a very significative improvement of the present EC3 
design rules and 10 a better accuracy. The refined model is still somewhat too 
conservative in a range where the bolts are not well proportioned to the 
stiffness of the plates (see especially the Italian tests with a end-plate thickness 
of 12 and 15 mm) ; then the oondilions become dose to Kishi's assumption with 
the result of an Increase in the corresponding capacity. Such a range of not 
well proportioned connections will probably be met only exceptionnally 
because not economical at first sight ; anyway the approach provides 
conservative results in such cases. 
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Tesl Labofalory • v.Iheo,l · v. e", 
Authors EC3 Pack ... ·Morris 

01 Li6ge 0.98 0.98 1.10 

04 Li6ge 1.04 1.04 1.15 

07 Li6ge 0.98 0.98 1.08 

014 Li6ge 1.01 1.00 0.91 

T9 Delft 1.02 0.80 0.77 

T20 Delft 1.08 0.91 0.90 

Table 2 

3. PLASTIC CAPACITY OF A FLANGE CLEATED CONNECTION 

The cntical part of a flange cleated connection is usually the tensile cleat and 
the adjacent zone (bolts in tension and column flange). Mainly two methods for 
assessing the pseudo·plastic capacity of the tensile zone are available (Hol2, 
1983 : Kishi et ai, 1987). Both have been used for a comparison with fully 
inslrumented tesl results performed in Trenlo (Bursi, 1990) on isolated cleats 
and In Liege (Jaspart, 1991), Sheffield (Davison et ai, 1987) and Hamburg 
(HoU, 1983) on cleated connections. 11 resu~s that Kishi's method is largely 
unconservative and Hou's one much too conservative. The large discrepancy 
is, to the authors' opinion , due to specific problems - linked to the cleated 
connection· which are not properly accounted for by both methods. It follows 
from experimental observations that : 
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The collapse of a cleated connection by formation of a plastic mechanism 
involves a three-yield lines mechanism (two in the tensile cleat, one in the 
compression cleat) ; 
- The initial clearance between the beam end and the column Ilange is likely to 
change the location of one yield line in the tensile cleat; the latter always 
develops at the toe the cleat fillet , at one time in the vertical leg, at one time in 
the horizontal leg. 

In addition, the sole way to define the experimental plastic capacity of a cleated 
connection is not likely to correspond to the lowest strength of the connection 
components (Jaspart, 1991). let us just menlion that the degree of bolt 
pre loading and the onset 01 an appreciable membrane action are the main 
reasons. 

A fully Original approach has been developed - on a basis similar to that used 
lor end-plate connections - which accounts lor the more accurate location 01 the 
yield lines, the sizes of the bons/or washers, the bon preloading and the plastic 
mechanism of the connection in its whole. As a resun, a set of design formulae 
have been suggested , which are relative to all the possible collapse modes : 
bons fracture, mixed plastic mechanism in the whole connection, and yield lines 
mechanism either in the cleats and in the column flange (Jaspart, 1991). 

" '" T .. laboralory v. lheor "I. e. 

Authors KishI-Chen HOll 

03 U~. 1,01 I,) 0.52 

01 U~. 1,01 (. ) 0,55 

012 U~. 1,02 (.) 0.78 

JToa Shefflold 1.05 (-) 0.75 

TIlrl TrenlO 0.86 1.40 0.42 Table 3 
rnrl T_. 0,89 \ ,46 0." 

A Ha""'rg O,aWl .04 1,28/1 ,&.4 0,5110,65 
B - O,S3IO,97 1.16/1.51 0.4710.60 
E - O.8QI1 .04 1.21 / 1,57 0.4910.83 
F - 1.0111 ,15 (-) 0.4710.60 
G - 0.I0I0.94 1.15/1,47 0,4510.58 
H - 0.92/1 ,06 1.2511 ,62 0,5110,65 
I - 1.0011 ,12 (·1 0.481'0.61 

(0) not well proportioned connection (-) method not applicable 
.J.. extreme values because yield stress not measured 

The theoretical results computed in accordance with this new approach have 
been compared with test data (table 3). It may be concluded that the method, 
that is founded on sufficiently simple flJrmulae to allow for the daily practice, has 



234 

.. 

a wide range of application and a very good accuracy. "could constitute an 
improvement to EC3, the Annex J of which is restncted to end-plate connections 
only. 

4. CONCLUSIONS 

Present paper is devoted to one aspect only of the design of beam-to-column 
joints : the plastic capacity of the tensile zone of the connection. It is shown that 
some amendments to EC 3 design rules for end-plate connections could be 
brought - without increasing the complexity of the design expressions - with a 
view to get a better and more homogeneous accuracy of the predictions. There 
is thus matter for thought when the Annex J of EC 3 will be reviewed by the 
relevant CEN Technical Committee. In addition, a set of design formulae for 
flange cleated connections, detailed elsewhere by the junior author, are found 
likely to be used as the background for a possible future additional Annex 
devoted to this type of connections. Funher computations have shown (Jaspan , 
1991) the non-significative influence of M-N-V interaction in the yield lines on 
the connection plastic capacity. 
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ANALYSIS OF FLEXIBLY CONNECTED FRAMES 
UNDER NON-PROPORTIONAL LOADING 

Jitian Huang' 

Glenn Morrisl 

Abstract 

This paper describes a procedure and a computer program for analyzing rectangular 
steel building frames with nonlinear beam-to- column connect ions. loaded bV 
sequential. non-proportional loading svstems_ A Richard -Abbott function is adapted 
to express moment-rotation functions which simulate observed connection behavior 
under several cvcles of load reversal. Examples illustrate the effects of connection 
deformation under non.proportionalloading and the sensitivity of a simple structure 
to changes in connection properties. 

1_ INTRODUCTION 

About 350 sets of currently useful moment-rotation (M - <PI data for monotonically 
loaded beam-to-column connections are available (Nethercott. 1990) . There are onlv 
a few such data sets for common connection types under cyclic or reversed loading 
(Cook. 1983; Astaneh et al. 1985; Rauscher. 1989; Aziz inamini. 1989). 

Several types of function have been used to model the M - I/J behavior of common 
connection tvpes (Sommer. 1969; Frve and Morris. 1975; Ang and Morris. 1984; 
Richard and Abbott. 19751. The Richard -Abbott function is convenient and versatile 
for the purpose (Kishi and Chen. 1990; Attiogbe et al .• 19891 . 

Attempts have been made to derive standardized moment-rotation functions tor 
common connection types in terms of the geometric parameters for the connections. 
and to incorporate them into structural analvsis computer programs (Frve and Morris. 
1975; Ang and Morris. 19841. Because thev incorporate M - 1/1 functions for 
monotonicallv-Ioaded connect ions onlV. the programs accomodate onlv proportional 
loading. As structures usually carry sequential, non-proportional loading systems, 
analvses for proport ional loading are of limited value. Accord inglv. the objective of 
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this investigation was to develop and program a procedure to account for the 
nonlinear moment-rotation behavior of the beam-la-column connections when 
analyzing rectangular steel frames under sequential, non-proportional loading systems . 

2 . MOMENT-ROTATION FUNCTIONS 

In dimensionless form, the Richard-Abbott function is expressed as 

1 _ 5, 

(1 ) 
S S M • S IfJI .. +.2) 

• S 1 S 
11+11..2..-_' 14)1"1" • 

qJ. (/). S. 

It requires the four parameters M •. "' •• 5 .. and n to evaluate it . As illustrated In Fig . 
1. it describes a family of curves that have an initial slope 

[2) S M. . . -
4). 

For large values of rotation the curves are 
l.symptotic to a line w ith a slope Sp. where S .. 
can be positive. negative or zero . The larger 
the value of n in (1). the sharper the curve. 

Tests of beam-la-column connections under 
several cycles of load reversal reveal moment· 
rota tion behavior similar to that illustrated in 
Fig. 2. That behavior has been modelled by 
five separate functions. as illustrated in Fig. 3. 
all derived fom the Richard-Abbott function . 

The initial loading curve is modelled by the 
Richard·Abbott function Ifunction 11. as 
expressed by 11). In the event of a moment 
reversal at point -a-. the following linear 
relationship [function 21. with a slope 01 5 •• is 
invoked. 

M / Mo 

[3) M • S.I4) - 4), + M'I 
S. 

Fig. 1 - The Richard·Abbott Function 
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Function 2 is assumed to be applicable until it intersects a line through point 0 with 
slope S... If the moment reversal continues, a double mIrror image of the Richard ~ 
Abbott function (function 3) is applicable . It is expressed as 

1 _ s, 
S.(tP - 4>.)( S. , + S"J+M. 

(l.Ii~-~lIqHI>.iI"I" S. 
fIJ. f/J.S.I 

(4) M . 

It is used until the moment again reverses . say at point c, after which the following 
linear function, (function 4) with a slope equal to the initial-loading slope, is applicable. 

(5) M M 
M • S 111> - 4> +f(J +_ •• --=, 

.. .. c S. So 

Finally. if the moment continues to increase in the original direction, function 5, the 
R,chard·Abbott function, displaced from in ital point 0 to point d, is applicable. It is 
expressed as 

(6) 

1 _ S, 

M • S 01>( S. 
. s' 

l1'I (~--' 101>1"1" 
4>. (/1.5. 
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3. STRUCTURAL ANALYSIS COM PUTER PROGRAM 

J .1 Modelin g of Structure 

The analysis program treats three dimensional rectangular frames with rigid in-plane 
floor diaphragms. The structure is modelled as an assemblage of elastic beams. 
columns and bracing elements connected by nonlinear beam-la-column connections . 
Geometric nonlinearity of the structure and its members is accomodated . 

The nonlinear moment-rotation behavior of the connections is represented by the five 
functions described above. Direct shearing and torsional deformations are ignored. 
as are deformation along the beam and rotational deformation about a vertical axis. 

The connection moment-rotation behavior can be generated in either of two ways . 
For bolted-bolted double web angle connections, functions based on test data and 
expressed in terms of the connection geometric parameters (angle thickness and 
depth, bolt gages, etc.). have been incorporated. Similar (unctions for other 
connection types are being developed. Using them, the connection geometric 
parameters are input and the moment-rotation functions are generated automatically . 
Alternatively, experimental moment-rotation data for any connection can be input to 
an auxiliary program which generates the Richard-Abbott constants, M., <1>., 5p and 
n. The constants are then input to the analysis program which uses them to generate 
the moment-rotation (unctions. 

3.2 Iteratiye Analysis Procedure 

Sequential, non-proportional load systems are accomodated. The premise of the 
iterative analysis procedure is that for a given load system, the correct deflection and 
internal (orce increments are obtained from a linear analysis provided appropriate 
connection stiffnesses are used. For a given load system, repeated cycles of hnear 
analysis and connection stiffness modification are performed in order to arrive at those 
connection stiffnesses. The procedure is illustrated using the M - qJ diagram for a 
typical connection, shown in Fig. 4. 

The initial tangent stiffness, 5" is first assumed for the connection , and all other 
connections are similarly linearized. A linear analysis is performed, predicting a 
connection moment M, and a rotational deformation <1>,. The nonlinear M-II> function 
for the connection is then used to compute 11>' 1 and stiffness 52' which gives a better 
approximation to the nonlinear M -II> relationship. Similar computations are performed 
for all other connections. Repeated cycles of linear analysis and stiffness modification 
are performed until a linear analysis predicts M and II> values at all connections that 
correspond approximately to points on their nonlinear moment-rotation curves . 

. , 
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Each time a new load system is applied, Jl is 
necessary. for each connect ion, to select the 
appropriate M - tP funct ion from the five 
described above . The selection 
procedure is described using the M '" 
diagram for a typical connection, shown in 
Fig. 3 . 

When load system 1 is applied , function 1 is 
selected. Repeated cycles of analysis and 
stiffness modification are performed until the 
moments and rotational deformations at aU 
connections correspond to points on their M -
tP curves. Assume that for the connection 
considered that point is a in the figure . The 
values M. and rt> . are stored . w ith those for all 
other connections , as the cumulative M and rt> 
values . 

",~ .;. 'z .; 
ROTATI ON. 4> 

Fig. 4 - Iterative Analysis Procedure 

With the application of the second load system, a linear analysis is performed using 
the secant stiffness for point a. and moment increments are computed at all 
connections . If the sign of the moment at the connection matches that of the M •. 
funct ion 1 is retained . Otherwise, function 2, with its linear stiffness S •• is invoked. 
As loading 2 is applied, it is necessary to test whether or not the cumulative moment 
drops below M ... in which case function 3 is invoked. Assuming that loading 2 
produces moment Me and rotation (/Jet corresponding to point c, they are stored as the 
cumulative values and the next load system is applied . The secant stiffness for point 
c is used in a new linear analysis and the sign of the moment increment is tested 
against that of M,. Then either function 3 is retained or function 4 is invoked. 

4 . APPLICATIONS 

For simplicity , examples involving only planar frames are presented . 

Example 1 

The frame in Fig. 5 (a) was analyzed under uniformly distributed gravity load, then 
w ith superimposed w ind load and finally w ith the w ind load negated by a load in the 
opposi te direction . Although flex ible for this application, bolted double web angle 
connections to the column flanges were assumed . They would be at the boundary 
between flexible and semi-rigid in the connection classification system proposed by 
Bjorhovde et al. (1990). 
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beam moment diagrams and drifts at roof 
fo llowing successive loadings are shown 

Fig. 5Ib) . They demonstrate that the static 
moment of 375 kN m was maintained. 

the application and removal of the 
load the moment diagram was 

IyrllrTletrici.ll. although the "soflening" of the 
connection is evidenced by the residual 
of 10 mm to the right. 

oSho'wr also are the bending moment diagram 
drift for loadings 1 and 2 applied 

.... nultaneously. The right connection moment 
sequential loading was 13 percent 

and the drift 33 percent smaller than 
under simultaneous loading. Fig 5(c) 

lIustrates that connection moments and 
rotational deformations at each stage 
corresponded to points on their moment
rotation diagrams. 

(0) S',uctut e and Loodtnq 0"., 

Ib) Bt On'! e endonq Momeftl, IkNml and 0,,11 

t~r-----------~~ .. 

.. n " JI' J.a JCMI 

1110'."l1li1 ••• , 10 4 1 
Ie) Connechon Mome nts 

one! ROI ailono l Oe lormot lon 

test the sensitivity of a simple structure to 
variations In connection moment-rotat ion 
behavior, a structure similar to that in Example 
1 was analyzed repeatedly . Connections 
represented by Richard-AbbOIl functions with 
several values each of: moment M., initial 
Itiffness (M.I ~.1. ·strain hardening stiffness" 
S., and parameter n, were assumed . The 
gravi ty load was 45 kN/m and the w ind loads 
were 50 kN. Fig . 5 - Example 1 

Table 1 shows the connection parameters. the corresponding beam end and mid -span 
moments and the lateral drifts for the analyses where M. and the initial stiffness were 
varied. For this structure. w ide variations in S .. and n affected the analysis results by 
less than 10 percent. 

As M •• which defines the "knee" on the M - q, curve. was increased from 160 to 800 
kN m, the structural behavior changed from nonlinear to linear. At the lower value. 
the midspan moment increased by 8 percent as a result of lateral loading. and the 
permanent drift was 22 mm. Both values decreased to zero when M. was 800. The 
effect of variation in the initial stiffness was very significant. The beam end moments 
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decreased by 40 percent. the drift under hQ{izonralload increased by 50 percent and 
the permanent drift decreased from 12 to 2 mm as the Initial stiffness decreased from 
Ihat corresponding to the middle of the "rigid" range 10 Ihat on the boundary between 
"semi'rlgid" and "flexible" . 

The structure. with rigid beam·to·column connections , was analysed under gravity 
load. first w ith the correct column I values. then wilh one half of Ihose I values . The 
50 percent reduction in column bending stiffness caused a 28 percenl reduction in the 
right beam end moment and a 74 percent increase in drift. Thus the effect of the 
connection properties on structural behavior was comparable to that of member 
properties . 

0" nI. p ' nI. 

n, I Ill) .10 
S stem(s) Locolion 
tI) " I 4U. 

Centre 425.9 421.7 
Right 1166 1408 
Dnfl(mm) 0 0 

(1)+(2) Lef. 2.4 16.2 
Centre 460 1 426.1 
Righi 202.4 216.2 
Orin (mml 10 51 

(1)+(2)>(3) Len 1024 116.2 
Centre 460.1 426.3 
Right 1024 1362 
Drirt mm) 22 1 
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MOMENT-ROTATION CHARACTERISTICS OF BOLTED CONNECTIONS 

Vladimir Kalyonov ' 

Andrei Pavlov' 

Abstract 

This paper presents the main findings concerning design procedures for moment· 
rotation relationships for bolted connections of any structural form, taking into 
account column flexibility . A comparison of theoretical and experimental results for 
common bolted connections in the USSR is also given. 

, . INTRODUCTION 

The study presented in this paper was conducted at the steel construction research 
institute, Promstalconstructsiya. It included the following: 

1. Development of design methods for the strength of bolted joints: end-plate, 
friction, bearing and friction·bearing . 

2. Development of design methods for the moment-rotation (M-a) relationship of 
bolted joints. It is noted that a bolted joint is considered as an assembly that 
consists of the bolted connection and the adjacent part of the column. 

3. Development of a program for the design of multistory frames, taking into 
account the actual rigidity of the bolted joints . 

4 . Experimental investigations of a full-size multistory steel frame. 

Cand o Sc . (Eng .), Department Chief, Scientific Research Institute 
"Promstalconstrutsiya", Sadovaya - Samotechnaya, 13, 103473, Moscow, USSR, 

, Cand o Sc . (Eng .), Research Group Chief, Scientific Research Institute 
"Promstalconstructslya". Moscow. USSR. 
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5. Development of a design specification for steel multistory frames, taking into 
account actual joint rigidity. 

During the development of strength design methods for bolted connections (Kalyonov 
ot aI., 1989, 1990), it was found that the governing magnitude of external forces that 
act on a connection for a given amount of reliability is deformation controlled . In 
other words, the strength limit state is interconnected with the serviceability limit 
state. For example, for end·plate connections with pretension bolts , the criterion is 
the separation of the end-plate from the column in the bolt zone. For bearing and slip
resistant connections the limiting displacement is a shear·type. mainly consisting of 
three components : the difference between the hole and the bolt diameters, the 
mostly elastic displacement associated with shear and bending of the body of the bolt. 
and the elastic·plastic bearing displacement of the connected elements . 

2. END-PLATE CONNECTIONS IN FRAMES 

As part of the research effort , the computer program FLORA was developed for IBM 
PC compatible computers . It was used to analyze the strength and deformation 
characteristics of the connections. including the M-o-relationship of end-plate 
connections with and without pretensloned bolts . 

The program considers the following influences: 

(1) elastic behavior of end-plates. bolts. column flange. web and stiffeners 

(2) contact interaction between the end-plate and the column flange 

(3) geometrical non-linearity, caused by combined bending and compreSSion in the 
column flange . 

The computer program was based on a stiffness type finite element solution. 
Triangular and rectangular plane shell elements were used, recognizing plane stress 
in thin-walled structures. Thus , the column flange and end-plate represent two (2) 
independent regions of the connection . and these were discretized into finite 
elements . The bolts were modeled as Internal links between the nodes of the finite 
elements in the column flange and the end-plate. 

The column flange and its stiffeners were modeled as elastic links along the line 
connecting the column flange with the web and the stiffener. The stiffness of these 
elastic links was found by the computer program ATAS, described in the following . 
The external links of the finite element model could be set as perfectly rigid or flexible . 
This allowed for modeling of different boundary conditions for the end-plate and the 
column flange . 
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The FLORA program gives the following !'utput: 

11) values of normal and tangent stresses. displacements along the X , Y and Z. and 
rotations wllh respect to X and Y for every node of the finite element mesh 

(2) bolt forces 

(3) moment-rotation relationship for the connection, in tabular and graphic form. 

The program was developed to allow for the determination of the strength and 
deformation data for the entire joint, as well as for each of the Individual elements 
(end-plate, bolts, flange, web and stiffeners of column). 

Comparisons between the numerical results of FLORA and AT AS with numerous 
experimental data for end-plate connections have given satisfactory agreement. For 
example, the results for a connection between an IPE A 550 beam and an HE 300 A 
column are shown In Fig. 1, demonstrating good correlation through the ultimate limit 
state . AnalysIs of the displacements at the upper flange level of the beam showed 
that for connections with column web stiffeners and prelensloned bolts, the 
deformations of the end-plate are about 50% of the total, and the tenSion 
displacements of the column web are 2 to 3 urnes the bending displacements of the 
column flange . For connections without column stiffeners and pretensioned bolts, the 
end-plate displacements are about 30% of the total displacements, and the tension 
displacements of the column web are one third to one fourth of the bending 
displacements of the column flange . 

For the same connections. but without pre tensioned bolts, the end-plate 
displacements are about 85 to 90% of the total for a column with stiffeners, and 
about 55 to 60% for the case of no stiffeners . At the level of the bOl\om flange of 
the beam, the displacements of the end-plate and the column web essentially coincide 
dUring the IMial stages of loading. In the following loading stages, the end-plate 
displacements are 1.5 to 1.B times larger than those of the column web. 

3 . CONNECTIONS WITH WEB CONNECTED PLATES 

ThiS type of connection has been widely used in the USSR, and many other forms of 
connections are variants of thiS kind 

Displacements in such connections may be related to any of the following responses: 

1 . Bending of the beam web and the connected plates w ithout mutual shear of the 
connected elements. 

2 . Mutual shear of the beam and the connected plates, including bearing 
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displacements of the beam web and plates, and shear and bending 
displacements of the bolts . 

common approach consists of separate evaluations of the connection behavIor, 
end without mutual shear. The deformations of the connection combines the 

dlplolce'ments of various components. 

program AT AS IBerdichevsky et aI., 19901 was used to examine the strength and 
of the beam web and plates. This program can also be used to solve one 

two·dimensionallinear and nonlinear problems of structural mechanics and theory 
elasticity . 

present version of ATAS provides solutions of the following : 

linear problems: 

la) beam bending for any load, any number of supports , and any other 
physical characteristics 

Ib) beam with bending and shear 
(e) tension member 
Id) in-plane problems of theory of elasticity 
Ie) plate bending 

nonlinear problems: 

(a) in-plane problems of theory of plasticity for small deformations 
(b) mutual bending of two beams in one-sided contact 
Ic) in-plane problems of theory of elasticity for large deformations 

The output data of ATAS are displacements at the nodes of the finite element mesh, 
end also values of other key characteristics, such as normal, tangent and principal 
&tresses, deformations, and forces . 

The design scheme for a connection w ith web connected plates , in accordance with 
program ATAS, is shown in Fig. 2a . The stress-strain state of the elements is that 
of en in-plane problem of theory of plastiCity with small deformations. The applied 
IDed can represent any combination of moment and lateral force . 

As an example. the connection for which the M·a·relationship Iwithout considering 
mutual shear of beam and plates) will be determined is illustrated in Fig . 3 . Fig. 4 
Ihows the deformed finite element mesh at the limit load of 1200 kN. Shear y ielding 
has taken place in the cross·hatched elements. and the moment·rotation relationship 
Is shown in Fig . 5. 

In general, the development of an M·o-diagram for a multi· bolt connection, as shown 
IChematically in Fig. 2b, reflects a statically indeterminate problem with nonlinear 

" 
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relationship between the shear forces .and displacements of every bolt . 

The following assumptions were used in the development of the solution : 

(11 Displacements and rotations of adjacent parts of column. beam web and 
connected plates caused by bending are equal to 0 

(2) The center of rotation of the connection coincides with the center of symmetry 
of the bolt group 

(3) The forces acting on every bolt in connection and the corresponding 
displacements are oriented perpendicular to the line that connects the center 
of the bolt hole with the center of rotation 

14) The displacements at the points where the bolts are in contact with the hole 
material are directly proportional to the distance from center of gravity of the 
bolt group to the center of rotation. 

Some representative values of connection rotations can be found on the basis of the 
fourth assumption . Thus. the displacements 11 will appear at the contact points of 
each bolt With the hole material. Consequently. 

For bolt i: 

A, = or 11 ) 

Using the calculated values of 11. for each bolt the Individual bolt forces N. can be 
found . 

The contact point displacements consist of bearing displacements in the beam web 
and the connected plates. and shear and bending displacements of the bolts. A 
speCial feature of the program algorithm is that the N,-II, relationship for each 
deformed element is piecewise linear; it is constructed on the basis of numerous 
e,perimental data IKarmalin and Pavlov. 1989). Adding the displacements 11 for a 
constant force. N. gives the relationship between N and displacement at the contact 
point. The values are multiplied by the distance from the center of the bolt hole to the 
center of rotation. The moment developed by each bolt is then found as 

M, = N, r, 12) 

and the total moment is computed from 
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M. = I M, - fla) (3 ) 

procedure is then repeated for any number of given values of the rotation . The 
value of the moment is calculated for each of them, after which the M·o-curve can be 
constructed, 

Figure 5 shows the moment-rotation relationship for the connection shown In Fig. 3 . 
This takes into account mutual shear of the beam and the connected plates for the 

~ .. lCtion through the center of gravity of the bolt group, 

The M~a-curves for the cases without and with mutual shear of the elements need to 
added , along a-axis. to find the final moment-rotation relationship. In this context. 

It is possible to regard the bending deformation of the connected plates and the beam 
webs to be an order of magnitude smaller than the deformations associated with 
"",tual shear of beam and plates , It is therefore possible to approximate the 
connection behavior as the behavior of a rigid-plastic body . 

The moment-rotation relationship and the experimental M ·a·curve for the same 
apecimen is shown in Fig. 5. The comparison demonstrates satisfactory correlation 
between the theoretical and the expertmental results, 

4 , SUMMARY 

Software has been developed and tested to construct moment· rotat ion-re latlonships 
not onlv for the bolted connections presented here, but also tor connections of any 
form . It is hoped that numerous connections tor multistory steel structures can be 
enalyzed w ith the help of this program, 
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DESIGN OF CONNECTION IN lllE EUREKA "CIMSTEEL" PROJECT 

Jacques BROZZETTI* 

Abstract 

The EUREKA "CIMSTEEl' project is a collaborative venture of 37 Companies from six Eu· 
ropean countries (Denmark, Finland, France, Italy, Netherlands and United Kingdom) 
aiming at introducing Computer Integrated Manufacturing (CIM) techniques within the 
constructional steelwork industry. The integration covering the various aspects 01 the total 
product lile cyde from conceptual deSign up to and induding steelwork erection and 
maintenance. The first part 01 the paper presents briefly the project work achievement 
starting from the framework lor steelwork enterprise modelling, then the logical Product 
Model (LPM) and finally the Target System Architecture (!SA) of the CIM. In a second part, 
the Connection DeSign and detailing activity, using EUROCODE 3, is presented as part of 
a computer application module 01 the CIM system. 

1. "CIMSTEEl' BACKGROUND 

1.1 What is the EUREKA "CIMSTEEl' project? 

The EUREKA ' CIMSTEEl' project is to advice and toclevelop the most suited methods and 
technologies lor incorporating Computer Integrated Manufacturing (CIM) techniques and 
systems in relation with management, design and manufacturing activities within the 
European steelwork industry. 

The 'CIMSTEEl' project is not intended lor developing a common European stand alone 
computer package unit dealing with the design activity fabrication and management 
process 01 a steelwork enterprise . 

• Deputy Gener.II Manager eX CTlCM 
Domaine de Saint-PauI, BP 1 
78470· Saim·R6my-IN-GheYreuse (FRANCE) 
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The participating European countries involved in the project have, in the context of the 
market for steel across Europe defined the main objectives of the project as : 

- to make recommendations on common methodology and models for the use of steelwork 
enterprise in their development, and on the implementation of computer aided information 
systems adapted to specialized area of application, 

- to ensure that information or data can be interchanged between systems and companies 
most efficiently, unambiguously and with reliability, 

- to develop computer software applications which have been identify as an urgent need, 
or filling the current gap, as for example, the development of Connection design and 
detailing software modules based on the recently edrted 5th issue of the EUROCODE 3. 

The scope of this project is very broad and necessarily bound by economical and time 
resources, and available technologies. Wrthin these limrtations, a great progress has being 
achieved since the project started in mid 1987. 

Focussing at three main aspects, a brief overview of the methodology used and which 
outiine the progress made will be presented in the following. 

1.2 The CIM system as a resutt of a Product Modelling 

The Modelling is the key element of the framework of the CIM system development and 
provides an understanding of the functional requirements of the different phases of a 
Construction project, and rt also provides a logical structure of the application models 
needed during the different phases of production. . 

a) Framework for steelwork enterprise modelling 

Computer Integrated Manufacturing (CIM) system requires that all functions, activities, 
data, resources are put in a proper relationship to each other. This is referred as the 
'Functional Models". 

Functional models of the steelwork industry activities in the various partner countries have 
been elaborated, representing the industry tD-day (model 'AS-IS') and anticipating the 
industry of to-morrow (model "SHOULD-BE"). The second model was an extension of the 
'AS· IS' model, generally slightly modified and improved to take into account a more rational 
analysis of the organizational structure, or an anticipation of technical and technological 
changes. 

The majority of the national models established concerned the steel buildings application 
industry, which represents the most challenging market sector in Europe. 

All these ' national industry models' were modelled using IDEF 0 or SADT (Structural 
Analysis and Design Technique) methodologies which were set as a prerequisrte to any 
modelling representation in order that each partner is able to communicate unambiguously . 

. , 
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Tentative for a Generic European Functional Modet was issued, still at an informative stage, 
since through Europe the enterprise views are different. and cover various steel construc
tion aspects which are application dependent and make dilficu~ the adoption of a common 
standard industry model. 

The enterpnse framework definition is an essential preliminary step from which an 
integrated computer processable model can be elaborated and developed taking into 
account the entire construction process. 

b) Logical Product Model (LPM) 

A Logical Product Model (or a data model) is a formal abstract representation of how a given 
set of information can be defined within an integrated computer system. 

The benefrt expected from such standard data model description is the potential possibility 
of transferring product information between CIMSTEEL systems in a comprehensive and 
consistent manner. 

A third release of a complete Logical Product Model has been achieved by the working 
group experts in charge of the task. This LPM-3.1 has been defined using, as graphical 
modelling language, IDEF1: and then converted into a computer oriented defin~ion 
language called EXPRESS. The LPM is in compliance with the general AEC reference model 
(which is a discipline oriented model for ,ych~ecture, Engineering and .Qonstruction). 

The working group of experts in charge of the Logical Product Model definition makes its 
development in conformity ~h the ongoing elaboration of STEP specifications and requI
rements (STEP : Standard for the Exchange of Product Model Data) as worked out under 
the Isorrc 184/SC4. 

c) Target System Arch~ecture (TSA) 

A common agreement, among partners was made necessary in order to define a long term 
overall Arch~ecture of the CIM system. This long term product definition eases the co
ordination and the development of computer application modules, and authorizes the 
plugging conformability into the system of any exchangeable application modules via 
Product Model File technology. However, ~ is oct possible to move directly from current 
.xlsung computer application system to the general Target System Arch~ecture as ~ has 
been conceptually definad (fig. 1). In order to facil~ate the progressive implementation of 
the Target System Arch~ecture a step by step flexible implementation has been defined 
which encompasses a number of integration levels, from the stand aJone system, the 
Interfaced system through STEP translator technology or PM file, and to the local 
Integration, of specific application system (fig.2) . 
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The Target System Arch~ecture is therefore the integrated CISMTEEL system which is 
configured by plugging in exchangeable Software Modules. The Translator Modules allow 
information to be imported and exported to other systems (local and remote) via STEP files 
and appropriate communications network. 

Presently the work is focussed on the defin~ion of functional blocks mainly concerned with 
the design and manufacturing activities. 
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2. "CIMSTEEL" CONNECTIONS DESIGN AND DETAIUNG • 

Among the design and the detailing tasks, those concerning connections require much 
attention, and very often they are the key point tor economy of the project. However, tIW 
application is faced with the emergence of The EUROCODE 3, tor which ~ exists little 
experience, and no available software tools. These are the reasons the connections design 
and detailing CIMSTEEl application were considered, within the framework of the Euro
pean collaboration as a first priority ~em. The development concerned with this ~ern is 
presented in the following considering a modelling oriented view point and a structural 
oriented view point. 

2. 1 A logical application product model view point 

Following the same modelling framework methodology as used for defining the organiza.. 
tlonal activ~ies and information flows which are experienced during the conception, 
manufacturing and management phases of steel structures, throughout their entire life 
cycle, specific functional and data models were elaborated which relate to the design and 
deta,ling applications. 

Two application classes have been analyzed, the Structural Design application and the 
Connections DeSign and Detailing. Figures 3 and 4 represent the general SADT diagrams 
of both specific applications and show the interrelation that exists between them. This 
Interrelation being underlined by the analysis function, and by the structural model gene
ration function. ---._ ..... .... __ ...... ·_IIlL_ 

---

Figure 3 - SADT diagram of Structural Design 
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What is important to notice about these diagrams is that there are consistent with the overall 
IIChema 01 the CIMSTEEL model. Drawing the attention on figure 4, the three main functions 
.. , the design of connection, the checking 01 the connection according to code require
ments (EUROCODE 3), the mapping to the general structural design model. 

One has to understand that the main objective and originality of the presented functional 
models is the dimensionning of a connection ' node' which involves the following sequential 
Slaps. 

S!!1.Il.1 : perform the primary modelisation of the steel frame structure by a wire frame 
model 

~: choose the node, and affect to ~ the geometry and the spatial topology of the atta
chedmember 

~: select the type of connection to be designed and detailed through a codification 
system. One conception type 01 connection will be chosen, and their individual 
connecting elements (cleat, stiffener, fastener, weld ... ) will be automatically 
sized to fulfil strength, geometry, fabrication and erection rules or requirements 

~: validate the connection so dimensionned by undertaking a code checking proce
dure, i.e. a procedure by which all requirements according to EUROCODE 3 are 
shown to be satisfied 

~: transfer the data, to a CAD system, to issue production and manufacturing 
drawings. 

__ 'OJIOI_ ... " 
_"""""'\IM ... -.,_ 

- " I~- ~~'~~~ -~-- - --"1"""" ~-- -- II ::-.::..- --

- I-:=-
-3 -~ -- -- --- I---- 1-0---

L:l::.:. -t= ~ - -~ -- I - M I ~ ~e-.. 01 Dl'TAUtlOIIIOH - .-

FIQure 4 - SADT diagram 01 Connections Design 
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For the time being, the connection design.,nd detailing model is thought In term of simple 
design methods referring to flexible and rigid oonnections (shear or moment type 
oonnection). In such base there is a oomplete independancy between the structural 
analysis phase and the design and detailing phase of the connection. 

However, the allowance of semi-rigid partial strength type oonnection as authorized by 
EUROCODE3 introduces a dependancy between the determination of the moment, 
rotation characteristic of the connection and the evaluation of the frame structural response 
which adds a real complexity to the design. This leads to an ~erative process between the 
evaluation of the load effect in the structure (which depends upon the load behaviour of the 
connection) and the determination of the semi-rigid connection properties (stiffness and 
strength) which in tum depends upon the forces resulting from the frame analysis. Concer
ning the design and detailing of semi· rigid connection, the complete schema of the design 
process is not yet fully clarified, and attention to this problem will be addressed in a later 
development stage of the project. 

2.2 Structural oriented view point 

Among the activities programme of the CIMSTEEL project, the production of software tools 
for the design and detailing of connections, aocording to EUROCODE 3, is one of the major 
task. The software packages will be formed by several independent partners. In order to 
co-ordinate the work, to ease the information transfer, and to assure a proper qual~ 
assurance of the software products, a oommon operational development methodology has 
been agreed upon, and a list of work hems has been set out which includes the follOwing 
points. 

a) Codification system for connections 

Wrthin the CIMSTEEL functional model oontext the implementation of a logical oodification 
system of connections was made necessary, in order to anocate for a selected node of a 
structure the proper family of connections which satisfies the desired functionalities. This 
codification system which is informatic oriented, is based on a ooded definhion of a number 
of parameters implemented in the Product Model (members profil, position of the oonnec
tlon, relative position of members, seoondary elementary parts used in the oonneclion, type 
of fasteners, type of loads to be transmitted, stiffness mode), 

b) The inventory of oonnection 

~ IS a survey of the most useful type of oonnections in use in steel structures in various 
European countries. The aim ofthis inventory work is to classify into the relevant families the 
inventoried oonneclions, and to label them with the proper oodification system derived. This 
also serves the purpose of distributing the task of elaborating the procedures guide among 
various partners. 
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c) 8abo<ation of the procedures guide 

For each connection family a procedures guide is established which details step by step 
!he design methodology, the data organization, the infom1ation nux needed in order to 
dimension automatically !he connection lor a given ~mtted set of basic information (joint 
loads, geometry and topology of the attached members). This constttutes the knowledge 
base of the computer aided design and detailing of connections; This knowledge base is 
a set of various design or practice rules, functional requirements and lacts, which are 
necessary to produce a conceptual basic solution satisfying not only geometry but also 
strength requirements. To resolve the dimensionning 01 a connection, two methods have 
been investigated, an informatic procedural approach founded on the derivation of the se
quential set of rules, and an expert system approach. 

d) Specification of product library files or product data base 

Connections design and detailing applications would typically use a system dependent 
implementation of librairies. However the product data (profil, bo~s ... ) has to be made 
available in an implementation-independent lormat e.g. a sequential ASCII files in order to 
be used by several stand alone softwares. 

e) Development of connections design and detailing software modules 

This is the ultimate step of the work which is, lor the moment, at a preliminary stage of 
development. 

3. CONCLUSIONS 

CIMSTEEL as to be understood as an open methodology, using the current specifications 
of the ISO-STEP standards,to achieve an integration ofheterogeneous systems (softwares 
and hardwares) rather than developing a stand alone integrated system. 

The structure of data exchanges between applications, the incremental implementation 01 
these exchanges and the step by step progressive implementation of the integration 
process have been carefully studied. 

The feasibility of the CIMSTEEL concept has been proved to be successful by the realization 
01 two demonstration operations carried out on existing heterogeneous computer 
soItwares from various origins performing a specific task as lor examples wireframe 
modelling, analysis, design and drawings. 
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KNOWLEDGE-BASED SYSTEM 
FOR CONNECTION DESIGN 

Thomas M. Murray' 

Souhail Elhouar2 

Abstract 

A prototype expert system called CONXPRT (for CONnection eXPeRT) was developed 
using the C programming language in conjunction with state-of-the-art artificial 
illBlligence techniques. At ns current state, CONXPRT contains adequate knowledge 
to perlonn the analysis and design of three types of simple framing connections, but n 
CII1 easily be expanded to cover other types of connections. 

" INTRODUCTION 

To study the advantages of knowledge-based expert systems (KBES) techniques lor 
l1eel building connection design, a prototype system called CONXPRT was 
developed. CONXPRT contains information and knowledge for the design of three 
simple (Type II) framing connections: framing angles, end plate shear connections, 
and single plate (also called shear plate, shear tab, or shear bar) framing connections. 
These connections were selected because they are very commonly used in steel 
framed buildings; they are conceptually different; their design approaches are 
different; and they have been studied by many researchers, which means that the 
expertise necessary for developing an expert system is available. Each of these three 
connections can be used to attach a beam to the flange or web of a column or to the 
web of a girder. 

1 Montague-Betts Professor of Structural Steel Design, the Charles E. Via Department 
of Civil Engineering, Virginia Polytechnic Instnute and State Universny, Blacksburg, 
Virginia, 24061, USA. 

2 Senior Structural Engineer, Structural Engineers Inc., 537 Wisteria Drive, Radford, 
VA 24141 , USA. 

263 



264 

Two prominent phases can be distinguished in the development process of 
CONXPRT. The first phase involved the'development at an expert system shell which 
contains tools for adding knowledge to the system, and facilrties for applying that 
knowledge. This shell is associated wrth many characteristics most of which are 
essential for building an adequate knowledge-based expert system for connection 
design. These characteristics are not offered, however, by any of the commercially 
available expert system building tools. Some of the features of this shell are: 

• it is specifically designed to deal wrth connection design problems, which means 
that all the necessary design tools are available and that all the redundancies that 
are usually associated with general purpose expert system building shells are 
eliminated. 

• it is capable of processing complex mathematical formulations at a reasonable 
speed. 

• it can access external databases to retrieve information pertaining to structural 
shapes and materials. 

• it allows an easy access to the knowledge base for possible updating and 
modification. 

• it is very user friendly and has a very effectively designed explanation facilrty. 
• it is expandable and it can be easily adapted for other design applications in 

structural engineering. 

The second phase consisted of adding the adequate connection design expertise and 
knowledge to the in itially empty system. This operation consisted ot defining a 
connection design problem (such as an end plate shear connection), then adding 
design rules until the system can solve the given problem on rts own. These rules 
contain information about the condrtions and order of applicabilrty of many connection 
design computational routines that were implemented along with the expert system 
shell. 

2. DESCRIPTION OF CONXPRT 

2.1 General 

Most expert systems use an architecture similar to the one shown in Figure t .. Because 
ot the complexity of the knowledge involved in connection design, a more 
sophisticated architecture had to be used for the implementation of CONXPRT. This 
archrtecture is compcsed of 1) a user interface, 2) a system driver that controls the 
operation of the expert system, 3) a module for the graphical representat ion of 
connections, 4) a design module, and 5) a database manager for dealing with 
information pertaining to structural shapes and materials. A schematic view of this 
architecture is shown in Figure 2, and detailed descriptions of the various modules are 
given in the following subsections. 
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Context 

lnference Engine 

Support 
Software ~ _____ ..J 

User 

Knowledge Base 

- Scientific Procedures 
- Heuristics 
- Rules or thumb 
- Facts 
- &perience 

Figure 1 Typical Expert System ArcMecture 

2_2 The User Interlace 

This module consists of functions and routines that are used by the system to perform 
input and output operations and other miscellaneous tasks. This interface is written in 
the C programming language which offers many advantages including speed of 
.xecution and flexibility. The input routine allows the user 1) to enter design loads, 2) 
to specify desired sizes and dimensions of certain components of the connection 
under design, and 3) to associate each member or connector (fastener or weld) with 
an appropriate structural material. The interface provides pop-up and pull -down 
menus for performing these operations along with good explanation facilities. The 
output routines can be used I) to display information on the computer screen, 2) to 
print design reports, and 3) to save data on the computer storage media. These 
routines include a full screen ed~or/Viewer that is used to help the user examine the 
recommendations of the system and its line of reasoning. Other tools for handling 
different kinds of data are also available in the interface. These tools consist of 
functions and routines that can be used to read and wr~e data from and to storage 
media, and to prepare data for the menu driver and the ed~orMewer. 

2.3 The System Driver 

The role of the system driver is to prepare the system's working environment at start
up, and to activate the appropriate modules as they are needed (Figure 3). This is the 
only module that remains continuously active from the moment the expert system is 
started until ~ is shut down. The first actions taken by this driver consist of loading the 
knowledge-base, the structural shapes and materials databases, and the program 

., 
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Figure 2 Arch~ecture 01 CONXPRT 

menu system into the computers main memory. Then, a continuous communication 
process with the user Is started, using the various inpuVoutput routines that are 
available in the user interface. At first, control is given to the user who can e~her ask 
the system to take an action (such as creating a new connection problem or modifying 
an existing one), or simply request information such as expert advice. The system 
driver first executes the use~s request, then ~ tries to update the graphical display and 
the design of the connection. The graphics and the design modules are called 
respectively to perform these tasks. 

2.4 The Graphics Module 

This module is used by CONXPRT to provide the user with a graphical representation 
of the connection being considered for design. The graphical representations are 
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Figure 3 Operation Sequence of The System Driver 

prepared in advance for all possible configurations that are required for the three 
connections, and the graphics character set of the computer is used to perform this 
task in order to eliminate the need for special graphics hardware. These 
representations are stored in a special database and rules are generated to perm~ the 
system to access this database. The graphics module uses a backward chaining 
inference mechanism to select the appropriate representation for the connection under 
consideration. The database contains 72 representations for different connection 
configurations Including possible beam cope locations. These representations are not 
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meant to be actual detail drawings, but they are sufficiently descriptive for the purpose 
of connection design. . 

2.5 The Design Module 

The design module is called continuously by the system driver, but is only executed if 
a change in the connection description or in the design load is detected. This module 
can be thought of as a design team composed of an inexperienced designer and an 
expert. The inexperienced designer may be only able to perform simple design 
checks and calculations --such as checking the shear capacity of a bolt group or 
modifying the value of a given design parameter--, and his role is to execute the orders 
of the expert (the inference engine) who makes all the decisions based on the 
information contained in the knowledge-base. The module is composed of a design 
controller, an instruction queue, an inference engine, a knowledge base, and many 
computational routines as shown in Figure 4. The computational routines can be 
classified into two different categories. The first category includes functions that can 
be used to modify the design parameters, and the second category includes routines 
that can perform design checks. The execution of a design check routine can result in 
a success or in a failure. Failure occurs when a design parameter is found to be 
inadequate and a failure code is retumed to the controller. 

The controller starts by informing the inference engine that a design session is about 
to be started. The inference engine then responds by searching in the knowledge
base for a design procedure for the connection under consideration, and then passes 
this procedure to the controller as a list of instructions that are added to the in~ially 
empty instruction queue. The design process consists of executing the given 
instructions until the queue becomes empty. The controller processes each instruction 
as a call to one of the computational routines. When a call results in a success, the 
next instruction in the queue is executed, but when a call results in a failure, the 
controller stops the design process and informs the inference engine about the 
problem. The latter then searches for a solution in the knowledge-base using a 
backward chainer that was adapted for the specially-designed production rule system 
that is used to represent design knowledge. When a solution is found, its consequent 
actions are added to the front of the instruction queue, and the controller resumes the 
execution process. This process is terminated when all the design check routines are 
executed successfully, or when the system detects a problem w~h the deSign lor which 
the user has to take part in making the fina l decision. 

One of the most important features of this module is ~s ability to provide the user w~h 
the line of reasoning ~ used to reach any particular decision. It does this by creating a 
text file that contains a list of all the rules that were used to perform the design, the 
reasons lor which those rules were selected, and the actions taken by the system after 
any particular rule is selected. This text fi le can be examined by the user at the end of 
the design process. 

2.6 Structural Shapes and Materials Databases 

Information pertaining to the geometric properties of structural shapes is stored in 
adatabase that is loaded in the compute~s memory when the system is activated. This 
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bma'tioo includes the designations, dimensions, and properties of all the W, M, S, 
C, and MC-shapes and also those of struc1ural angles and tubes. 

CompulJltionai 
Routines 

Knowtedge 
Base 

Inference 
Engine 

SYSlem Driver 

Figure 4 Arch~ec1ure of the Design Module 

The material properties of structural steels, connectors, and welds are kept in an 
external database for easy modification and update. The information contained in th is 
database is loaded into the compute~s memory when the system is ac1ivated. The 
yield and unimate tensile stresses are given for struc1ural steels; the shear and tensile 
capacities are given for bolts; and the unimate shear stress and the un~ shear capac~y 
per 1/16-in. thickness are given for welds. 

2.7 The Knowledge Editor 

One of the most important features of expert systems is the fact that the knowledge 
they contain is independent from the methods of applying~ . Because of this 
I8P8ration, knowledge can easily be modified ~hout having to aHer the control part of 
the system. The expert system shell that was used to implement CONXPRT provides a 
knowledge ed~ing module that permits the modification, addition, and deletion of 
design rules. This module can only be accessed by the knowledge engineer and a 
password protec1ion is used to enforce this lim~ation . The knowledge ed~or contains 
tools for retrieving, editing, printing, and saving rules in the knowledge-base. Pop-up 
menus are used to sel9c1 the operations that are involved in ed~ing the knowledge
base, and a buin-in file editor is used to ed~ the rules. This rule editor has a unique 
feature that allows the knowledge engineer to enter the cond~ions and the consequent 
text of his rule in plain English. 



3. PRACTICAL ASPECTS 

CONXPRT is menu driven and has instructions on the screen wnh each menu. Help 
screens are designed for easy use. A quick input key facilnates specification of the 
connection. An entire connection design is simplnied and the final design is shown on 
one screen. A report listing ali connection design checks can be reviewed on the 
screen before printing. A complete connection design can be copied wnh a single key 
stroke and then reconfigured. This feature makes it easy to design. for instance. a 
beam·te-girder connection on one end and a beam-te-column flange connection on 
the other end of a beam. 

All strength limn state checks. including block shear and coped beam strength. are 
made. ASD modules use rules and procedures from the 9th Ednion Manual of Steel 
ConstrYction. LRFD modules follow the AISC 1st Ednion Load and Resistance Factor 
~. The latest available references are used to supplement AISC's 
procedures. Expert advice from long-time labricator engineers was used to develop 
the design rules . If a design cannot be accomplished. CONXPRT provides an 
explanatIOn. including necessary references. Expert advice on how to improve the 
connection is also given. 

The software has provisions to set defauH values for a particular project or general 
shop needs. For instance. bon diameters can be restricted to a specifIC range or even 
a specific diameter. Any detailing dimension can be similarty restricted. The user can 
also specify a preferred set of angle sizes. Databases of standard shapes. structural 
steels. weld metals. and bolt materials are included. The software will generate 
required cope sizes. allows the use of bon stagger and perrn~s different boH diameters 
for shop and field use. Both tightening clearance requirements are automatically 
checked. When necessary. the user is warned if a specified connection is not 
recommended (for example. single plate-to-column webs) or if clearances are less 
than may be desirable. For simple connections. CONXPRT will accept a specified 
shear or will design the connections using the maximum number of boHs that can be 
used. 
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A CAD 8Y8~BX POR 8IHI-RIGID JOINT8 IN NON 8WAY S~BBL PRAXES 

Riccardo Zandonini 1 

Paolo lanon 2 

Abstract 

A CAD programme based on a method previously developed by the 
Authors for limit state analysis and design ot beams in partially 
restrained non sway frames is presented. The approach defines 
suitable design limit state domains of the joint-beam system and 
aakes use of the joint moment-rotation relationship. The method 
allows the determination of the lowest values ot joint stiffness, 
strength and ductility, which are compatible with the limit state 
conditions ass\lmed in the design analysis. The programme also 
features procedures for the preliminary sizing of the joint 
components. 

1.0 INTRODUCTION 

Steel braced frames have been traditionally designed as simple 
frames. Beam-to-column joints were modelled as ideal h i nges, and 
designed on the basis of the beam end reaction. Recent investiga
tions of the response of typical forms of simple connections 
(Zandonini and Zanon, 1988; Nethercot et a1.,1988, Jaspart, 1991) 
point out that the degree of partial continuity they provide may be 
enough to achieve a more economical design. The benefit stems above 
all from non negligible weight savings for the beams with no or 
little increase in the cost of the connections (Van Oouwen, 1981). 
A method tor limit state analysis ot beams with rotational end 
restraints has been set up by the Authors (Zandonini and Zanon, 
1988), which can be considered a generalization of the approaches 
based on the "beam line" concept (Kennedy, 1969; Nethercot, 1985). 
This method is a powerful design tool. An approach to designing of 

1 Associate Professor, Department of Structural Mechanics and 
Design Automation, University of Trento, Italy. 

2 Protessor, Department ot Structural Mechanics and Design 
Automati on, University of T~ento, Italy. 
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joint/beam systems was then peveloped (Bursi et al., 1989; 
Zandonini and Zanon, 1990), which, with reference to different 
design procedures, makes it possible to si~e joints on the basis ot 
the minimum required values of initial stiffness, ultimate moment 
resistance and rotation capacity. 

One of the main advantages of the method is the associated 
graphical representation of both the beam limit state conditions 
and the response of the joint beam system with reference to the 
primary parameters of design interest, i.e. applied load, moment at 
the joint, its rotation, and beam midspan deflection. This enables 
users to immediately check and control the response of the joint
beam system being affected by the joint response. This charac
teristic makes the method very suitable for interactive computer 
aided design. A programme is being developed for the design and 
check of joints and beams in partially restrained steel frames, the 
key characteristics of which are briefly illustrated in this paper. 

2. ANALYSIS METHOD 

The response of the beam of figure 1a with rotational nonlinear end 
restraints simulating joint behaviour and subject to a uniformly 
distributed loads can be suitably defined by the end moment M, the 
end rotation. and the midspan deflection 6 (fig. lb). 
If the plastic hinge model is assumed, the beam limit state 
condi tions shown in figure 2 occur. Besides the formation of a 
plastic mechanism, the condition of excessive deformation (6u) is 
also considered; this conventional ultimate limit state is 
important for rather flexible joints. 
In the figure the loads at which the different limit states are 
attained are also indicated; they are to be compared with the 
corresponding design loads: the unfactored total load Wunt - 0 + L 
(serviceability), and the factored load Wf u - Yu 0 D + Yu L L 
(ultimate resistance). .., 
The mathematical expressions defining the beam limit state 
conditions identify (Zandonini and Zanon, 1988) the multidomain 
shown in figure 3 in suitably normalized coordinates: line B'C' is 
the upper limit of the serviceability limit state domain, whereas 
lines OA, AB, BC and co bound the elastic ultimate domain and lines 
BB", B"C" and C"C the inelastic ultimate domain. 
Due to compatibility and equilibrium of the joint-beam system, the 
constitutive law of the joint denotes as well the response of the 
joint-beam system in the coordinates M and t. The response curves 
in the other quadrants (Fig. 3) are easily obtained through the 
relations between the characteristic parameters. 
At the final design stage, when the beam section and the joint M-t 
curve are known, the intersections of the joint-beam response 
curves with the beam multidomains (serviceability, elastic 
ultimate, inelastic ultimate) give the values of M, ., 6 and W 
associated to each limit state condition. Comparison of these 
values with the corresponding design values allows to tind out 
whether the required level of reliability is achieved. 
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3 . DESIGN APPROACH 

Let us assume that a model is available, which is capable of 
approximating the joint moment-rotation response, as is affected by 
the key geometrical and mechanical parameters. A comprehensive set 
of analyses of a joint-beam system (which maintains the same beam 
eection) would permit to identify the most flexible and/or weakest 
joint that fullfils all design requirements. 
In general, the lower design boundary ot the joint response can be 
defined (Zandonini and Zanon, 1990) for either the elastic (Fig.4a) 
or plastic analysis (Fig. 4b). The moment-rotation curve must lie 
above the OSE a nd asp lines, respectively . 
In order to achieve effective design solutions for the joint-beam 
sys t em, with reference also to the cost/performance ratio, 
d ifferent design procedures can be envisaged; in particular, 
e lastic and plastic design may be performed as follows: 

(1 ) Elastic pesign 

- The beam is sized so that it would possess, with partial 
restraints, the same elastic strength as in fully restrained 
conditions: this is obtained if the beam plastic moment meets the 
following requirement 

tb ~ = wf u Lo 
2 I 12 

with .Q the resistance factor, which may be assumed as 0.9, 
accordlng to the AISC-LRFO specification; 

- The beam limit state domains are determined and plotted; 
- Points Sand E are obtained as intersections with the relevant 

domain and the load lines associated to the untactored and 
factored load respectively. The lower bound for the joint 
response is t hen defined (line OSE in figure 4a); 

- The moment-rotation curve of the joint is computed through a 
suitable prediction model . The calculation is iterated until the 
joint characteristics are selected which make the joint response 
to lie above , and as close as possible to, the line OSE . If 
relevant, a further check should be performed on point E, which 
must be lower than the horizontal line identified by the value 
!'1> r of the beam plastic resistance reduced by the presence of 
bOh holes. 

(2) Plastic pesign 

- The partially restrained beam is required to possess the same 
plastic strength as in fully restrained conditions, by imposing 
t hat 

tb ~ - Wt u Lo 
2 I 1.6 ; 

- The next steps are the same as in elastic design; the joint H-. 
curve must in this case lie above (and as close as possible to) 
the line OSP (Fig . 4b). 

" 
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4 . PROGRAM KAlil P BATtlRB8 

The co.puter aided analysis and design syatea utilizes an interac
tive approach based on menu-driven graphic., and consists of tour 
.ain parts: (A) Input ot design data and selection ot relevant Code 
of practice; (8) Selection of the beam shape and ot the jOint form, 
and preliainary sizing of the key components ot the joint; (e) 
Analysis ot the joint-beam systea; (0) Checks ot all the elements 
and fasteners under the design conditions. 
Iteration i. possible at any time ot the first three parts in order 
to obtain the most etfective solution, compatible with the deSign 
restraints. 
The main features of each part are the following: 

(A) Input ot design data 
Input data are requested in terms of beam span, loads (Dead and 
Live), code of practice (Italian CNR standards, Eurocode 3 or 
AISC-LRPD), deflection limits for serviceability checks (and, 
if relevant, for the inelastic excessive deformation limit 
state), type of analysis (elastic or plastic), and steel grade. 
Analysis may use either the SI or the United States system of 
units. 
Output of this part consists in the calculation of the 
unfactored and factored total load W, on the basis of the 
partial aafety factors specified by the Code adopted, and in 
the definition of the plastic moment to be required of the beam 
(see section 3). 

(B) Selection of beam shape and joint components 
- 8eam shape: a first selection relates to the section type 

(European, American and Japanese wide flange rolled sections 
are implemented); this preliminary sizing is assisted 
providing information on the minimum required plastic moment 
and t he apan to depth ratio. 
Output consists in the determination of the beam limit state 
domains, and in the definition of the required design moment 
to be sustained by the joints (Fig. 5). 

- Subsequently the joint form is selected on the basis of menu
driven graphics. Presently, only the web and flange angle 
connection ot tigure 6 is fully implemented; in the tollowing 
reference will be hence made specifically to this connection 
form. 

- The top and botto. angles are sized first: indications for 
first trial dimensions are provided based on the design force 
Fd computed as in figure 5. 
The web angles suggested dimensions are defined so that the 
tull shear action due to the factored design load can be 
sustained by these elements. 

- Interactive graphics allows for a proper selection and 
distribution of the bolts in all the angle components. 
Geometrical checks specified in the relevant Code as well as 
related to the erection feasibility are automatically 
performed. A first trial solution is also provided to the 
user. 

., 
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(C ) Analysis of the joint-beam system 
- A suit able design model is selected for the approximation o f 

the joint rotational response. Presently, the sole method 
developed by Kishi et al . (1988) is implemented. 

- The lower bound of the acceptable joint M - • curve is 
dete~ined (line OSE for elastic analysis and line asp for 
plastic analysis, as in figure 4). 

- Design checks are t hen made in a graphical, and numeri ca l , 
f orm. 

- Any cha nge ot the general design parameters (e.g. type o f 
analysis, steel grade, deflection limits) and/or o t joi nt 
parameters (e.g. angle size and material, bolts diameter, 
pattern and material) may be done at this stage . Reanalysis, 
and graphical comparison of the results permits i mmediate 
further action until all r equirements are met. 

(0) Checks of elements and fasteners 
Overall behavioural models of the joint do not imply that a ll 
local phenomena are automat i cally checked. In this case, a 
final "validation" of the joint previously designed i s 
required, and all checks specified in the relevant Code shou l d 
be performed. 
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GLOBAL BEHAVIOR OF SEMI-RIGID CONNECTIONS 



CONNECTION MOMENT-ROTATION CURVES FOR SEMI-RIGID FRAME DESIGN 

Andr6 Colson' 

Reidar Bjorhovde' 

Abstract 

The paper presents the results of a study of semi·rigid frame analYSIS and design. 
USing various options for representation of the connection properties . In particular, 
the use of actual versus simpli fied moment· rotation curves has been examined In 

detail, with a view towards design specification requirements . It is shown that It may 
be unconservative to use highly simplified , usually piecewise linear, M -q,-curves, 
especially if these are based on ultimate moment capacities less than those of the 
actual connections . Further, it is important to maintain accurate connection stiffness 
properties for the full range of response. to ensure that frame stability is adequate. 
Computer representation of non· linear moment·rotation curves Is not difficult, 
negating the need for the simplified relationships. 

1. ULTIMATE LIMIT STATES CONSIDERATIONS 

In general , current limit states deSign specifications (EC. 1990; AISC. 1986; CSA. 
1990) are formulated on the basis of ultimate strength considerations . The key 
concept requires that the internal stress resultants in a structural element for the most 
severe loading case are smal/er than the ultimate capacities of the element . ThiS IS 
expressed by the basic limit states criteria, some typical representations of which are 
given in Eqs. (1) and (2) . 

10 LRfD format (AI SC. 1986): 

1 Professor of Civil Engineering. Ecole Normale Superieure de Cachan. Universlt6 
Paris VI, F-94230 Cachan . fRANCE. 

, Professor and Chairman of Civil Engineering, University of Pittsburgh, PittSburgh, 
Pennsylvania 15261 -2294. USA. 
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(1 ) 

where R .. = nominal resistance, t/) resistance factor for the applicable limit state. 
0. - nominal effect of load i. and r. = load factor for load i. The lehhand side of Eq . 
11) is the design resistance; the righthand side is the required resistance . 

>k.lW!l~1e.jLfl:1U!ll1.1 (Ee. 1 990): 

R .. ~ 5 .. (2) 

where R. = design resistance. incorporating reliability. and S. = design value of the 
Internal stress resultant for the appropriate factored load combination . 

In all cases the requisite reliability has been established through probabilistic means, 
MsulTlirlQ that the quantities in Eqs . (1) and (2) are statistically independent random 

"':~~'~::~~ Basically and logically. the load factors are greater than 1 and the 
:. factors are smaller than 1. (It is noted that Eurocode 3 uses sets of partial 

factors. These are used to develop the lehhand side of Eq . (2). and are 
,"".r.,lmo also larger than 1. since their product will eventually be utilized as divisors 

arrive at the design resistance R •. ) 

sta tically determinate structures. the two sides of Eqs. (1) and (21 are effectively 
Wldependent. since the internal stress resultants are not functions of the rigidity of the 
members. For statically indeterminate structures, however, where it is necessary to 

t he material and geometrical properties of the members to find the stress 
,:~~,~:':,:t:~ it is critical to know whether additional reliability has to be built in, to 
• for the variability of the material characteristics . Thus, it may occur that load 

smaller than 1 lor res istance factors larger than 1) would be used in 
""'",hm,:!i(.n with Eqs . (1) and (2). This is particularly important for structures such 
.. frames w ith semi-rigid connections, where the moment-rotation curves are heavily 
Influenced by the properties of the fasteners and the fastening elements. 

h is the purpose of this paper to discuss the M-4'>-curves that have to be used in the 
analYSis of semi-rigid frames . Emphasis will be placed on beam-to-column type 
connections, but the procedures may be generalized for application to other forms . 

2 . ACTUAL VERSUS IDEALIZED CURVES FOR CONNECTIONS 

Due to the complexity and multitude of connections. and the fact that no general 
... alvtic,ol technique has been devised that can cover all relevant factors in all cases, 

• ---, .• - continues to be the most reliable method to obtain a connection moment
':~~:~~,o~curve . Thus, the cruciform specimen simulates symmetric loading, and the 
C test is used to represent the unsymmetric case . Effects such as the panel 

rl.fn'·~''';i ' ,n which are essential to the overall connection response , will be 
ibII.im,d in the un symmetric test. 

., 
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Several deterministic data bases tor e)(pe,imental results have been developed 
(Goverdhan, 1983; Kishi and Chen, 1986), but it is clear that all possible tvpes and 
sizes of connections and their elements have neither been tested nor evaluated 
analytically. Further. even when test data are available, the number of results for 
Identical jOints is not sufficient to 91ve a reliable basis for probabilistic developments. 

Reliability evaluations of semi·rigid connections is therefore still in its infancy 
(Rauscher and Gerstle, 1991 Land anV frame analvsis must be deterministic, based 
on some form of a mean or other representative curve. Studies too numerous to be 
cited here have been devoted to develop numerical and mathematical M ·¢)-curves, 
usuallv fitted to test data; anV number of these mav suitable for frame analvses. 

Flnallv, recent studies and design code developments have attempted to devise means 
of allowing the designer somewhat easier access to the realm of semi-rigid design 
(8jorhovde et aI., 1990; Eurocode 3, 1990). Bjorhovde et al. have developed a 
classification system into which connections fit according to initial stiffness, ultimate 
moment capacity, and ductility . This appears to hold a promise for a more rational 
approach to dealing with the many types of connections, since It IS impractical at best 
to have designers devise M· tP·curves for each and every connection. The proposal IS 

a first step, however, and it is anticipated that modifications may be made. 

The Eurocode proposal makes use of a tri-linear M-~-curve that is comparable to the 
actual curve," initial stiffness, but it deviates significantly from the real curve in that 
a plateau, identified as the design moment, Mf , is set at a level well below the 
ultimate moment. This response of the design model is therefore always below the 
real connection. 

As an illustration, Fig. 1 shows a bolted end· plate connection that has been analyzed 
using a varietv of approaches. Originallv utilized bV Bijlaard et al. in a studv of semi
rigid frames (Bijlaard et aI. , 1989; ECCS, 19901. the connection has an IPE 220 beam 
and an HEB 140 column, and uses a total of 6 16 mm high strength bolts of the 
European grade 8-8, which is comparable to ASTM A325 . 

For the case with horizontal and diagonal stiffeners, Table 1 shows the connection 
deSign properties determined on the basis of the Eurocode 3 (EC 3) criteria , as well 
as the results using the authors' approach (1990) and that of Yee and Melchers 
(1986). In column 5, the actual ultimate moment capacitv was determined from a 
plastiC hinge mechanism identical to that of EC 3, but With the Vleld plateau moment 
computed on the basis of the ultimate strength (F.) of the end plate and the bolts . A 
number of experimental studies have given good correlation with models using F .. in 
lieu of F. (Colson and 8jorhovde, 1991). 

Figure 2 shows the resulting M·q,·curves for a connection with pre· tensioned bolts, 
with the "design curve" representing the EC 3 result, and the "actual curve" indicating 
the calculations using the authors' approach. The actual curve correlates closely to 
experimental results . The boundary line separating rigid and semi·rigid behavior is also 
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In addition to having the same initial stiffness. it is seen that the design M 
reflects the behavior of a rigid-partial strength connection. whereas the actual 

shows that the connection is of the rigid-full strength type IBjorhovde et aI., 

End plate thickness 

12 mm 

~ 
-

--I,:.- -

IPE 220 -

, 

IPE 220-2-

, 
y 

HEB 140 

Figure 1 Extended End-Plate Connection 

Bohs M 168-8 

I I 

+iI+ 
~ 

Table 1 Example Connection Characteristics 

Snug-tightened 
bolts IEC 3) 

M. = 47 ,68 

Pre-tensioned 
bolts IEC 3) 

Case A 

M. = 47,68 

C 14,000 C - 00 

(60,000 used 
tor numerical 
purposes) 

Pre-tensioned 
bolts (Yee) 

54,00 

C 24,800 

Estimated 
actual moment 
lauthors) 
Cas. B 

M. = 69 ,67 

C-oo 
160,000 used 
for numerical 

qu..tiCln 13) gives the power model representation that was used to formulate the 
I moment-rotation curve in Fig. 2. In this equation, M is the moment at the 
"value, C Is the initial stiffness . and M~ 1s the ultimate moment capacity . n is 

shape parameter; it was chosen as 3 for this connection, but it ranges from 1.5 
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to 4.5 for typical joints in steel structures (Goverdhan, 1983; Kishi and Chen, 19861. 

M 

" " 

" " 

M 1 
fP =- .----- -------------------

C (1 - (M/M.I"] 

" " " 

(31 

" Design curve 

" 
" ,," \ Boundary rigid/semi-rigid 

" 

Figure 2 Actual and Design Moment Rotat ion Curves 

.... -

The difference between the design and the actual curve is rooted in the EC 3 
requirements for the strength of the welds for the end plate. Thus, the weld capacity 
has to be 40 percent higher than that of the end plate for a braced frame ; it must be 
70 percent for an unbraced frame. The requirement is a safety related issue, since 
it was argued that it would be critical to force the joint failure away from the welds. 

The American lRFD criteria contain no such specific clauses . although the safety 
philosophy is comparable. Further, since the specification does permit the use of 
partially restrained (PRI. i.e. semi-rigid, connections, but gives no specific rules along 
the lines of the EC 3 approach, for example, a direct comparison Is not possible . The 
designers who make use of PR concepts define their own M-~-curves. including multi
linear forms . but the ultimate moment capacity is generally close to the actual value 
(Lindsey, 19881. The difference between the actual and design cases is therefore not 
an issue in the United States . 
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Similar differences between actual and simplified models of connection response are 
numerous. An important case is that of the connection that has been designed for 
simple behavior. but where a subsequent concrete slab provides for continuity and 
therefore end restraint. Unless appropriately analyzed and detailed . the actual 
connection will have response characteristics that are significantly different from the 
assumed values. Overstrength effects in particular will prevail; it will be shown here 
that these influences may be undesirable from structural as well as economic 
standpoints. 

3. FRAME ANALYSIS EXAMPLE 

In order to demonstrate the influence of overstrength effects on the response of a 
complete frame. the two story . two bay unbraced frame of Fig . 3 was designed using 
the design and actual curves of cases A and B of Table 1. The In-plane beam-to
column connections for the exterior columns are pinned; the intenor ones are semi
rigid . The column bases are all pinned . All out-ot-plane connections are assumed to 
be pinned . 8eam and column sizes . spans and lengths are given in Fig . 3 : the loading 
case that was used is illustrated in Fig. 4 . The steel grade is A36. with F. - 36 kSI 
or 248 MPa. 

- ~ ~ -,-
~ IPE 220 IPE 220 

.... 

HEB 1 20 HEB 140 HEB 120 3. 5 

L.... L- , -
I'-' IPE 220 '" I"" IPE 220 

~ 

HEB 1 20 HEB 140 HEB 120 3. 5 

-J '\-
_L 

I .. 4.5 4.5 

Figure 3 Structure with Semi-Aigid Connections 
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The analysis and design were carried 'lut with the aid of the computer program PEP
Micro IGalea and Bureau. 1990). This program takes into account inelastic member 
behavior. structural second order effects. and non-linear connection response. The 
program allows for the connection properties either to be input in the form of an 
algebraic equation or in the form of digitized test data. Table 2 gives the results of 
the frame analysis. 

Uniform 
all beams 

80 kNim 

60 kN 

i' I I 

,. 

! 125kN 

Uniform 
17.5 kNim 

Figure 4 Governing Load Case for Frame Design Example 

The following observations can be made on the basis of the results: 

~ 60kN 

11) The frame collapse mode is the same for Cases A and B. However. for Case 
e a plastic hinge has formed in the beam, near the beam-te-column connection, 
since the plastic moment of the beam is less than M,. for the connection . 

12) The collapse load factor is significantly higher for Case B. This is due to the 
higher moment capacity of the connection (M .. for Case B vs . M_ for Case A). 

131 Using a load factor of A = 1.391 for both cases Inote that Case A fails for a 
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value of 1.392). the moment distribution in the intenor column is slightly less 
favorable for Case B than for Case A. 

Table 2 Frame Analysis Results 

Result Ca.e A CaseS 

Collapse Mode Plastic hinges in beam Plastic hinges in beam 
span . Large connection span and near beam-to-
rotations . column connection . 

Collapse Load Factor A - 1.392 A - 1.518 

Stress Resultants In 
Interior Column at Load 
Factor A = 1.391 

First StOry of Column: 

Bending moment at top 8.26 12.23 
(B) (kNm) 

Axial force IkN) 421.2 429.5 

~,gDg SlQr~: 

Bending moment at B 3 .64 6.25 
(kNm) 

Bending moment at top 9.32 12.15 
(kNm) 

Axial force IkN) 297.8 301 .7 

4 . ADDITIONAL OBSERVATIONS ON FRAME ANALYSIS RESULTS 

The most important results for the study that is the subject of thiS paper are the 
magnitudes of the moments for the interior column, since this member is framed to 
the beams of the structure with semi-rigid connections . With the load factor A = 
1.391 . this can be considered the governing design value for the structure. for the 
ultimate limit state of reaching the plastic collapse mechanism of Case A . This limit 
_te is reached for a A-value of 1.392 . 

. . 

1- J 
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Checking the interior column as a beamjcolumn, using the criteria of EC 3 and the 
AISC LRFD Specification. the interaction equation (IE) sums for the two cases have 
been determined . For a design according to EC 3, the checks for A and B give: 

Eor Case A : IE Sum = 0.983 

Eor Case B: IE Sum = , .079 

Obviously. Case B is in violation of Eurocode 3, although it may be argued that a sum 
of 1.079 might be acceptable under certain circumstances. However. it is essential 
to recognize that this has occurred not as a result of an actual structural condition, 
but rather due to a connection representation concept. The actual strength and 
stiffness have been artificially lowered, and in consequence the stability of the 
structure is less affected. That is, the smaller stiffness and strength of the connection 
draws less of a moment into the column. and it is therefore able to satisfy the 
interaction equation . 

The above checks pertain to the in-plane condition of the interior column . The size 
of the member is actually governed by out-of-plane (weak axis) buckling, for which 
the connection restraint plays no role . On the other hand , stability about both axes 
has to be satisfied , and the Case B solution strictly is not acceptable . 

AS noted earlier, since the LRFD Specification does not use a simplified moment 
approach, Case A has no practical meaning . It would be the designer ' s choice to 
model the connection and its interaction with the structure . In most cases it appears 
that the moment-rotation curve is closely similar to the test result, although a multI
linear form is often the choice (Lindsey, 19881 . Case B is therefore representative of 
the American approach . 

Checking the in-plane condition of the column by Section H of the LRFD Specification 
gives an interaction equation sum of 0 .93 . The HEB 140 is therefore satisfactory by 
LRFD rules, even when the moment effect of the semi-rigid connection is taken into 
account. The main reasons are that the axial load is by far the overriding influence, 
and the low-rise frame produces very small moments M ", and MK for use with the 
interaction equation . 

As a final comment regarding Case 8 and the EC 3 interaction equation. it is realistic 
to speculate that collapse w ill most likely not occur, even with an IE Sum of 1 .079. 
The reason is that plastic redistribution will take place. A limited localized overstress 
is therefore of little actual import . 

5. INFLUENCE OF CONNECTION INITIAL STIFFNESS 

To examine the influence of the initial stiffness. C 1= R. in EC 3 terminology) . of the 
connection . a range of frame analyses were performed, using the same ultimate 
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moment capacities as before for Case A {= 47.68 kNml and Case B { = 69 .67 kNml . 
However, the values of C were vaned from 3,000 to 115,000 kNm/rad . For the 
purposes of this paper, the beam-to-column classification scheme of EC 3 was used, 
which gives the boundary between rigid and semi-rigid as 10,348 kNm/rad for the 
connection in question. 

The initial stiffness effects have been evaluated in terms of the maximum bending 
moment in the first story of the interior column. Using the load factor value of 1.391, 
the results are shown in Table 3. 

As would be expected, It is clear that the higher the initial stiffness, the larger is the 
overstrength effect, as the term has been used in this paper. Thus. in the case of the 
bolted end-plate connection with horizontal and diagonal stiffeners and pre tensioned 
bolts, the overstrength value will be as high as approximately 50 percent. It applies 
for C equal to infinity, which is a possible choice of initial stiffness for the connection. 
This finding emphasizes that it is very important to have accurate data on the iOitlal 
stiffness, particularly for very stiff connections. such as the end-plate type and similar 
joints. 

A key result of this analysis is that the overstrength effect vanishes. for all practical 
purposes. when the initial stiffness places the connection within the semi-rigid range 
of behavior. This means that there is equal distribution and re-distrlbution of the 
structural rigidity between the framing members and the connections . 

Although the above finding needs to be examined in detail for a range of structures. 
where the stiffness distribution between columns . beams and connections is broader 
than that of the example frame. it clearly holds unique promise for making use of 
semi-rigid concepts in frame design. As long as frame drift and deflection needs are 
satisfied . and semi-rigid connections appear to be able to provide adequate 
performance . the less costly semi-rigid joints will promote savings. Finally. the semi
rigid structure is more forgiving. meaning that the redistribution characteristics are 
better than those of a rigid frame. It is less influenced by member and connection 
modeling methodology than the rigid structures. and offers redundancy that is not 
found in simple structures . 

6. SUMMARY AND CONCLUSIONS 

The study has focused on the application of rational concepts of semi-rigid connection 
characteristics to practical design approaches. The conclusions that have been arrived 
at are based on a detailed study of one application of semi-rigid framing principles and 
analyses . Most importantly. it has been found that it may be unconservative to use 
simplified representations of the connection moment-rotation relationships . This 
applies especially to response forms that downgrade the moment capacity to achieve 
improved deformation characteristics. This is an artifice that may have a negative 
effect on the perceived behavior of the structural frame. 
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It is recommended that any moment-rotaJion curve that is used in analysis and design 
should be as close to its experimental data base 8S possible . An experimental curve 
is probably the best tool; in lieu of such a rel iable curve, an algebraic solution that 
matches the test data is also acceptable. 

It has also been shown that incorporating the principles of semi-rigid analysis into the 
frame design w ill lead to more uniform frame stiffness and reliability . The reliability 
aspect is in need of a major research effort. to be able to define the safety of the 
complete structure in the proper limit states design format. 

Table 3 Evaluation of Overstrength Effect.: Bending Moment In Interior Column 

Rigid Rigid Rigid Rigid EC 3 Semi- Semi-
-_ .. _- ------- x 10' X 10' X 10' X 10' Limit Rigid Rigid 

x 10' x 10' X 10' 

--_._-

~ 115 60 25 15 10.35 6 3 
.-----

Part. 
Str. 47 .68 8 .64 8 .76 8.97 9.51 11 .43 13.64 16.67 
Ca.e 
A 

Full 
Str . 69 .67 12.48 12.23 11 .57 11 .30 11 .16 13.40 16.01 
Case 
8 

Load 
Fac . ------ 1.391 1.391 1.391 1.391 1.391 1.391 1.391 

Ovr-
Str . + + + + - - -
Eff. ------ 55 48 28 1.8 0 .02 0 .01 0 .003 
1%1 



293 

7. REFERENCES 

1. American Institute of Steel Construction (AISC) (1986), "Soecif(cation for the 
Load and Resistance Factor pesign Fabrication and Erection of Steel Structures 
for BYildjngs". AISC. Chicago. Illinois. USA. 

2. Bijlaard, F. S. K., Nethercot, D. A., Stark, J. W . B., Tschemmernegg, F., and 
Zoetemeijer, P. (1989) . "Structural propenies of Semi·Rig jd Joints !O Steel 
~", IABSE Periodica, No. 2, Survey Paper No. S-42/89. 

3. Bjorhovde, R., Colson, A .. and Brozzetti, J. (1990) . "Classification System for 
Beam-la-Colymn Connections" , Journal of Structural Engineering, ASCE. Vol. 
116, No. 11, November (pp . 3063-3080) . 

4. Canadian Standard Association (CSA) (1990) . "$teel Stryctures for Buildings 
Limit States Design", CSA Standard No. CAN3-S1S.1 -M90, CSA, Rexdale, 
Ontario. Canada. 

5. Colson. A ., and Bjorhovde. R. (1991) . "Discussioo of 'Moment·Rotatlon 
Relations of Semirigid Connections with Angles ' by N t Kishi and W , Eo Cheo" , 
Journal of Structural Engineering, ASCE, Vol. 117, No.9, September (pp 
2809-2811 ). 

6. Commission of the European Communities (CEC) (19901 . "Eurocode 3: Deslan 
of Steel Structures·, CEC, Brussels, Belgium, November, 

7. European Convention for Constructional Steelwork (ECCS) (19901. "AnalySis 
and Design of Steel frames with Semi·Rioid Joints" , Document No. TWG 
8. 1/8.2, ECCS, Brussels, Belgium. 

8 . Galea , Y., and Bureau , A . (1990). "PEP-Micro' Programme d' Analyse Non
lineaire des Structures a Barres" , CTICM, St. Remy-Ies-Chevreuse , France . 

9. Goverdhan, A. (1983). "A Collection of Test Results for Beam-to-Column 
Connections· , M .S. Thesis , Vanderbilt University, Nashville, Tennessee . USA. 

'0. Kishi, N., and Chen, W . F. (1986) . "Date Base of Experimental Results for 
Steel Beam-to-Column Connections" . Research Report No . CE-STR-86-34 (in 
2 volumes!. School of Civil Engineering , Purdue UniverSity, West Lafayette , 
Ind iana, USA. 

" . lindsey, S. D. (1988). "Practical Considerations in the Design of Frames with 
PR Connections", in "Connections in Steel Structures: Behavior, Strength and 
Design", edited by R. Bjorhovde, J. Brozzetti and A. Colson, Elsevier Appl ied 
Science Publishers, Ltd ., London , England . 

. , 



294 

12. Rauscher. T . A. . and Gerstle , K. H. ,1991) . "Reliability of Rotat ional Behayior 
of Framing Connections" . In ·Connections in Steel Structures II : Behavior, 
Strength and Design". Proceedings of the Second International Workshop. 
PittSburgh, Pennsylvania, USA. Apr il 10-12. 

13. Yee, Y. l. , and Melchers, R. E. 119861. "Moment-Rotat ion Curves for Bolted 
Connect jons·. Journal of Structural Engineering . ASCE. Vol. 112, No. 3 , March 
Ipp . 615-6351 . 



CONNECTION RESPONSE AND STABILITY OF STEEL FRAKES 

Claudio Bernuzzi1 and Riccardo Zandonini 2 

Abstract 

!be .ain results of a research project on the influence ot joint 
flex i bility on the stability of steel sway frames are presented. 
!he attention is mainly focussed on design aspects, with reference 
to siaplitied tra.e analysis approaches and to joint classification 
•• proposed by Eurocode 3. 

1. I IITIlODUCTIOIi 

Joi nt response and joint action in frames have been extensively 
investigated in the last decade (Anderson at al . , 1987; Bijlaard et 
al. , 1989; Nethercot and Zandonini. 1988; Cosenza et aI, 1988). 
Tbe current knowledge allowed to develop procedures tor the design 
of partially restrained frames, as indicated by recent European 
(IUrocode 3, 1991) as well as American codes ot practice (AISC
LRFD, 1986), which explicitly permit frame design based on 
rea listic models of joint behaviour. However, theoretical and 
design knowledge of seai-rigid frames is far from being exhaustive, 
particularly if sway frames are considered. Interest in semicontin
uous sway frames has been somewhat reduced as a results of the 
present drift requirements under service loads: the increase of 
lateral deflection due to joint flexibility makes fairly difficult 
to meet these requirements, which are often very strict also for 
-rigid" frames. Joint behaviour studies pointed out that many 
connections traditionally classified as rigid are actually semi
r i gid. In many instances, then, structural stiffness was accepted 
in the past on the basis of rigid frame analysis, whereas the same 
fraaes would be rejected if analysed via a more realistic semi
r i gid analysi •. 

This paper intends to illustrate the main results of the first 
phase of a research project aimed at studying the effect of joint 

1 Research Associate, Department of structural Mechanics and 
Design Automation, University of Trento, Italy. 

2 Associate Professor, Department of Structural Mechanics and 
Design Automation, University of Trento, Italy. 
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action on the stability of sway steel frames. The investigation 
considered full strength joints, "as defined by Eurocode 3 (1991) , 
and assumed (1) the joint initial stiffness (2) the trame configu
ration and (3) the ratio between of lateral to vertical loads as 
the main variables. 
Besides providing a better understanding of the key behavioural 
characteristics, the results made it possible to investifgate soa. 
simplified methods proposed by different authors tor the approxi
mation of critical elastic and ultimate load factor. The design 
aspect is here emphasized, and an approach to the determination ot 
the ultimate loading capacity, which has been developed by the 
authors, is also presented. 

2. THE PARAMETRIC STUDY 

The three frame configurations shown in Figure 1 were investigated: 
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while frame A and 8 differ only in geometry, frame C has also a 
different loading condition with vertical forces applied to the 
colUmns simulating the gravity load ot six additional upper 
storeys. structural imperfections are simulated through out-of
plumb of amplitude .0 defined as in figure. For each frame configu-
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ration two aain sets ot column and bea. sections were selected, 
identifying a weaker and stronger solution (labelled as WK and ST 
respectively). The beam to column stiffness ratio 
R - (Elbh/Elc~) is however very similar in both solutions and close 
to 1.2. In oroer to investigate the influence of R, an analysis of 
the strong frames was then performed also for values R- O. 8 and 
R-l. 6, obtained by changing the column size (KE2408 and ME2008 
respect i vely) . 
Beam-to-coluan joints had an ultimate moment capacity equal to the 
plastic moment ot the beam, hence they are lull strength joints. 
Their moment rotation response was represented via the five branch 
piecewise linear relation shown in figure 2. The stiffness 
deterioration (i.e. the ratio of the joint stiffness in the various 
branches to the initial value) was kept constant tor all joints. 
The main parameters investigated were (1) the value ot the joint 
initial stitfness Ko (and then of the ratio C of the joint and the 
beam stiftness Elb/Lt,) and the ratio 8 between the horizontal 
torces F and the storey vertical load qL. The parameter C ranged 
trom 0.5 to 25.0, covering all the semi-rigid range defined by 
Eurocode 3. The case of rigid joints was also analysed for 
coaparison . The latter parameter, 8, ranged trom o . (gravity loads 
only) to 0.7. 
A numerical approach was used (Poggi, 1988) allowing tor second 
order plastic zone analysis ot partially restrained trames. Joints 
are modelled as inelastic springs; the beam-joint element i s shown 
in figure 3. 
Loads were increased proportionally up the the t rame collapse, 
through a common multiplier Q. 
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The elastic critical load was the first considered important index 
of the intluence ot joint flexibility on the overall behaviour of 
the frame. The relationship between the critical load multiplier 

-, 
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Q cr and the joint stiffness parameter , is presented in figure 4 
for frames AST and 8STo Joints are~ 'considered linear elastic, and 
fully characterised by the initial stiffness Ko' The value of Qc~.C 
is normalised with reference to the rigid frame (acr (II)' Tn. 
critical load is very sensitive to , in the lower zone of the semi
rigid range, whereas its sensitivity rapidly decreases with 
increasing joint stiffness. Convergence to the rigid fra .. 
multiplier Qcr,CII is faster for the less slender frames (8 and e), 
and for frames with higher value of R; however, at the upper bound 
of the semi-rigid range (C - 25) Qs:r l was in all cases greater than 
90\ of Q cr 0:1° The results seem tnen to indicate that Eurocode 3 
criterion satisfactorily identifies the "rigid" joint range for 
critical elastic analyses. 

3.2 Frame Response and Ultimate Load Carryinq Capacity 

First and second order inelastic analyses allowed to determine the 
relations among joint flexibility (i.e. C), loading condition (i.e. 
8) and frame performance. The influence of joint flexibility on 
frame behaviour and collapse resistance proved to be very similar 
to that revealed by the critical elastic analysis, with a range of 
rather low values of C with a characteristically high structural 
sensitivity, and a range of greater CS I in which sensitivity i. 
rather low. The rate of convergence towards the rigid frame 
performance is lower for the lateral drift under service loads 
(computed from the ultimate load carrying capacity au,II assuming 
an "average" common y factor equal to 1.43) than for the collapse 
load. The curves au II - C are shown in figure 5 for frame CWK a 
different values of' B; in figure 6 the ultimate carrying capacity 
of frame As't' is plotted as a function of ratio B i n order to 
illustrate the influence of the relative importance of horizontal 
forces. The effect of joint flexibility on the ultimate strength 
reaches its maximum value in the range of 8 at the upper bound zone 
of practical interest, i.e. 0.05 S 8 S 0.20. An assessment of the 
load carrying capacities suggests that the joint classification ot 
Eurocode 3 is quite severe: values of C just above 5 are enough to 
get the difference in ultimate load within 10\, which represents an 
usually accepted "tolerance" for design approximation. 
A comparison between first and second order ultimate strength. 
points out the importance of the P - ~ effect. The results indicate 
(see Fig. 7) that the maximum decrease in the frame resistance is, 
in general, still associated with values of 8 between 0.1 and 0.2. 
Then the importance of geometrical effects decreases considerably, 
as lateral loading increases further. 

4. SIMPLIFIED DESIGN ANALYSIS 

4.1 Elastic critical Load 

Methods for the design approximation of the elastic 
ot sway frames were proposed by several researchers. The so-call 
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linear method, developed by Cosenza et al. (1988a), and the Horne 
method (1975) were considered in the study. critical loads 
determined through these methods were compared with the numerical 
results. 
The Horne method estimates the critical load from the maximum 
storey sway index computed via a linear elastic analysis under sale 
horizontal torces. This approach, meant for rigid frames, moderate
ly underestimates (up to 20l) the critical load of send-rigid 
tra1les with rather low values ot C, and tends to become rather 
accurate when the joint stiffness lies in the upper zone of the 
Eurocode semi-rigid range (for C - 25 the error is always lower 
than 11'). In a few cases only (R - 1. 6) Q cr ' is overestimated 
(which is on the unsafe side) for high values of " the error, 
however was never higher than 13\. 
The linear method computes Q cr , through an interpolation of the 
values tor the two limit conditlons ot , • 0 (pinned joints) and 
C - ~ (rigid joints): 

= ACa cr._ + a cr •o 
A( + 1 

(1 ) 

with A being a constant, which Cosenza et al. propose to compute as 
A • (2 + 3R) 112. By using this relation a very satisfactory 
estimate was obtained for single bay frames (A and C) for which 
maximum error was 5\. The relation proved less accurate for 
multibay frame B, for which underestimation of Qcr was as high as 
25t. Greater accuracy can be obtained it reference is made to the 
equi valent Grinter frame, and A is computed on the basis of a 
modified value od R, i.e. 

Roq = 

with 
and 

Maximum error is then reduced to 13\. 

4.2 Ultiaate carryiDg capacity 

Although second order analysis represents the only fully adequate 
design tool for sway frames, simplified approaches are certainly of 
interest, at least, in the preliminary design stages. 
Jaspart (1988) already investigated the applicability of the 
Merchant-Rankine approach to partially-restrained sway frames. Due 
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to the wider range of the parameters considered, a more general 
assessment of this approach' was undertaken in the framework of this 
study. The critical elastic loads Q cr e computed on the assumption 
of linear joints (section 4.1) were used in the Merchant-Rankine 
formula. 
A comparison with the "actual" values of a II reveals that the 
approach is conservative for rather low va~ues of the ratio 8 
between the horizontal and vertical loads, and becomes unconservat
ive as 8 increases (e.g. see figure 8 where the results of frame 
c are shown). Error ranges from 38\ on the conservative side to 
4:\ on the unsafe side, with the lower values associated to frame 
B. As expected, agreement was satisfactory only for frames, whose 
deformation at collapse is similar to the critical deflected shape: 
i.e. for values of 8 between 0.0125 and O.OS. For lower 8s 1 the 
frames failed generally for beam mechanism (Fig. 9a), whereas the 
panel mechanism (Fig. 9c) was associated with the collapse of 
frames with greater horizontal forces. This was confirmed by a 
Merchant-Rankine prediction based on a value of the "critical" 
load, obtained through a second order elastic analysis under solely 
vel·tical loads, but accounting for joint nonlinearity. The use of 
this elastic limit load significantly improved the approximation in 
cases with high horizontal torces; however, underestimation of the 
ultimate capacity for low values of 8 (which is the most important 
situation for practice) becomes still more remarkable. 
On the other hand, joint behaviour is quite different trom the 
ideal elastic-plastic model; the inelastic response of partially 
restrained frames is consequently different from the traditional 
assumptions of plastic analysis, to which the Merchant-Rankine 
approach refers. Jaspart (1988) suggested to modify the method by 
introducing a pseudo-plastic moment of the joint in the calculation 
of the first order collapse multiplier. This approach leads, in 
effect to a moderate improvement of the degree of accuracy, mainly 
tor trames, the mechanism ot collapse of which involves joint 
plastification, i.e. for rather high 8s t and Cat (Fig. 10). The 
approximation obtained is again satisfactory for moderate to medium 
8s', whilst the method tends to be rather conservative for frames 
subject predominantly to vertical loads and quite unconservative 
for frames subject to high lateral forces. 

Evaluation of the curves (au II/au I)e versus 8 permitted a 
tentative development of an alternative approach relating the 
ultimate resistance of a partially restrained frames to the first 
order plastic multiplier of the rigid frame (au t)~, the number n 
of storeys, the ratio 8, and the critical multipliers aer •e and 
acr •m through the following expression 

)~ «cr. C 
(ler ._ 

(2) 

where Cn is a factor depending on the number of storeys and on the 
parameter 8: 
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c, • v'nP + a .. 
tor 8 5 0. 10 

c, ' -t [(v'n + O.S)P - v'n - loa +1) tor 8 ~ 0. 10 

with a equal to the value of the ratio (Qu,I!QU.II)CIJ for 8 - O. 

Assuming for a the average value a - 1.05, equation 5 9i 
generally a conservative estimate of Qu JI also for high horizon 
loads. Underestimation of the collapse'load is of less than 20\ 
average for frames with rather flexible joints, and tends to bee 
lower than 10\ tor frames with C ~ 10. Only for trame ~ does 
formula significantly overestimate (up to 15\) the ultimate load. 
If the value of ocr C is estimated through t he linear method 
proposed formula permits approximation of the ultimate resisten 
of a partially restrained frame via analysis based on the tradl 
tional ideal models of pinned and rigid joint. The accuracy 
however somewhat reduced. 

4 . SUMMARY AND CONCLUSIONS 

The results of an extensive numerical study ot the joint flexibi ll 
ty influence on t he performance of steel sway frames have been 
summarily reported, and discussed as part of an assessment 
design criteria and simplified approaches. The main indicatio 
provided by the analyses of the frames in figure 1 are 
following: 
(1) Sensitivity of frame response to joint flexibility is high 

the range of rather flexible joints, and tends to decrease 
quite rapidly with increasing joint stiffness. The rate at 
which the performance approaches rigid trame behaviour depe 
on the parameter considered. If an approximation of 10' i. 
accepted in design, the lower bound of the rigid joint range 
fairly accurate as far as the determination of the elastic 
crit i cal load, and rather conservative with reference to the 
ultimate load capacity. 

(2) Serviceability checks should indeed be critically reviewed 
that a better consistency is achieved with respect to t he u 
of different analysis models . This would probably enlarge 
practical scope of use of partially restrained sway frames. 

(3) The critical load multiplier can be computed with satisfacto 
accuracy by means of the so-called linear method. The 
approximation may be further improved for multibay frame., 
reference is made to the equivalent Grinter frame. 

(4) The Merchant-Rankine approach is suitable for determining 
ultimate resistance when lateral loads are relatively smal l 
with respect to vertical loads (8 S O. 05). For greater va lu 
the method substantially overesti~ates Qu 11' 

(5) An approach seems possible which obtains ~he ultimate load 
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factor of a partially restrained frame by suitably reducing the 
plastic collapse load of a rigid frame (see equation (2)). 
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PREDICTION OF THE INFLUENCE OF CONNECTION BEHAVIOUR ON THE 
STRENGTH, DEFORMATIONS AND STABIUTY OF FRAMES, BY 
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Abstract 

In engineering practice. often the question arises what the inHuence is of the 
mechanical behaviour of the connections between the beams and the columns within a 
structural framework on the distribution of forces and moments, and the stability, 
deformations and displacements of such a framework. This paper presents the Eurocode·3 
classification (Eurocode, 1990), which is a design aid for determination of connecllOn 
behaviour with regard to the general mechanical behaviour of the structure. and an 
alternative method. These design aids can be used to predict whether the flexibility of 
a connection can be neglected or not with respect to the general mechanical behaViour of 
the structure, and may be of great help in the common structural designers practice 

1. INTRODUCTION 

In Eurocode 3, criteria are given for nominally pinned, semi·rigid and rigid beam·to· 
~umn connections, when the distribution of forces and moments in the structure is 
determined with either the elastic or the plastic theory. The structural proper1ies of 
beam·to·column connections, such as stiffness, strength and rotation capacity. should 
be in accordance with the assumptions made in the design of the 

.>.IJI 



structure. In figure 1 the structural properties of a beam·to-column connection is 
indicated quali1atively. 

F"'I.~ref'lQth 

U pI,b,Rd 

Partl&J.Stte"Vth 

M 

-------::-;..;-~-

8r.1I. ouoh ~ 
Figure 1: Structural properties of a beam·to-column connection presented in the 

moment·rotation diagram. 

The classification of beam·to-column connections provides the designer a quick an.w." 
to the question how a certain beam·to-column connection, of which the properties are 
characterized in the moment- rotation diagram, will behave in the structure. This 
behaviour can either be rigid or semi·rigid with respect to stiffness, full ·strength or 
partial·strength with respect to moment capacity and plastic or brittle with respect to 
rotation capacity. In the following sections the boundaries between the areas of 
behaviour of beam·to-columri connections are treated. The elaboration of the 
classification as presented in Eurocode 3 together with a classification for 
standardization of beam-to-column connections are given. 

2. BOUNDARIES 

The distribution of forces and moments in a structure is influenced by the flexibility 
of the connections in that structure. This also holds for the stability, the 
deformations and displacements. 

The question arises when the flexibility of beam·to-column connections may be 
neglected. In other words in what cases can the connection be assumed to be rigid 
when as a hinge. This depends on the stiffness ratio between the beam·to·column 



connection and the connected beams and columns. The structural behaviour will be 
analyzed by showing the relationship between the parameters c and p. The 
parameler c is the relative rotalion stiffness 

- J c = C. Ell 
I 

(1 ) 

in which c is the rotation stiffness of the beam-to-column connection and 

(2) 

is the flexural stillness of the beam. The parameter p is the ratio between the flexural 
stiffnesses of the beam and the column 

(3) 

in which 

(4) 

is the flexural stillness of the beam and 

(5) 

is the flexural stillness of the column. On the hand of a one bay one storey unbraced 
and similar braced frame the relationship between c and p can be determined. In 
figure 2 this frame is shown. 

This can be carried out at a constant ratio between the Euler buckling load of the 
frame with semi-figid connections end the Euler buckling load of the same frame but 
now with rigid connections. For this ratio the value 0.95 is chosen . 

. , 
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In figure 2 the relationship between c and p is shown for the un braced as well 
for the braced frame. The mathematical background of these relationships is given 
in (Meijer, t990). 

On the basis of the Merchant-Rankine formula 

F = ~F +~F -1 
cr pi E 

(6) 

for the determination of the carrying capacity of the unbraced frame it can be 
shown that the carrying capacity F will drop by not more then 5% in case 

cr 

F E(c) = 0,95 . F E(c = 00) 
40''-r---~~------~--~ 

30 unbraced frame 

20 

10 

braced frame 

o 0 2 4 6 6 

(7) 
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c 

10 

Figure 2: Relationship between c and p at a constant value for 

F -
Elc) 00% - 5% F _ .1 - 9 

E( c=oo) 
(8) 

Rgure 2 gives the relationship between the geometry of the frame and the ratio 
of flexural stiffnesses between the connection and the beam for those rotation 
stiffnesses of the connection which can be assumed to be perfectly rigid, because 
the flexibility of the connection causes a drop of the carrying capacity of the 
frame of not more than 5%. 
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3. CLASSIFICATION ACCORDING EUROCODE 3 

n the design of the frame must be verified against the requirements, all the 
geometrical data are known. These are the sections used as columns and beams together 
with the lay-out 01 the beam·to-column connections. From the lay-out of the connections 
the moment·rotation relationship can be determined on the basis of Annex J 01 Eurocode 
3. With that data the parameters c and p can be determined and via figure 2 it can be 
shown how much influence the connection stillness has on the distribution of lorces and 
moments and on the stability 01 the Irame. 

II the design has to be made yet not all the data is known and it is difficult to 
estimate belore hand what influence the connections will have on the behaviour of Ihe 
frame. In Eurocode a further simplification is given lor this classification to estimale 
the connection influence. 

By choosing a constant boundary value lor the parameter lactor e this parameter becomes 
independent 01 the parameter p. For braced Irames the boundary value is 
e & 8 and for unbraced frames this boundary value is e s 25. 
The lines 01 e • 8 and e • 25 are drawn in the graph 01 figure 2. In that figure il can 
be seen that the boundary value c = 8 covers the p:C. relationship lor braced frames 
completely. The boundary value c = 25 lor unbraced Irames covers the p:':.relallOn only 
~ p ;t. 1.4. For p < 1.4 the boundary value c = 25 is in principle unsafe. ThiS is nol 
really a problem because in (Bijlaard, 1991) has been shown Ihal at Ihe value of p = 0 .1 
the Euler buckling load based on c = 25 would not more Ihan 85% of Ihe Euler buckling 
load il the value lor c would be c = 00. For relative slender Irames it holds Ihal the 
carrying capacity 01 the Irame based on the Merchant·Rankine formula drops as follows: 

FE(e . 25) = FPI => 8% and 

F E(c • 25) = 2.F pi => 5,6% . 

(9) 

(10) 

Frames lor which holds that p < 0.1 are not very realistiC, so the value p • O. I can be 
used as a boundary. It can be concluded that c = 25 is a sufficiently safe boundary 
value lor the rotation stillness 01 bearn·to-column connections in unbraced frames in 
«der to consider them as rigid, provided that holds F IfF pi ;t. 1. Now, the boundaries for 



the stiffness are determined. 

As far as the moment capacity of beam-to-column connections is concerned the question 
of classification is more simple. If the moment capacity of the beam-to-column 
connection is equal to the plastiC capacity of the connected beam, the connection is 
considered as full - strength. If not, the connection is considered as partial-strength. 

On the basis of the boundary for the rotation stiffness and the boundary for the moment 
capacity a bi-linear moment·fotation characteristic is achieved. This bi-linear boundary 
is rather severe for classifying beam-te-column connections, when it is compared with 
the moment-rotation characteristic of a beam section. If the moment acting on a beam 
section exceeds the elastic moment capacity 

M = 0.85 M I e p 
(11 ) 

for an I-section, then plastification will occur and the stiffness will decrease. If 
residual stresses are taken into account plastification will start already at 

(1 2) 

So it is reasonable to cut off the bi-linear characteristic with a third branch. From 
tests it appeared that beam-to-column connections with end-plates have an elastic 
behaviour up to at least 2/3 of the moment capacity of the connection. Based on that , 
for full -strength connections it is required that the elastic behaviour is present up to 

at least 2/3 M I b 
p, eam 

Theoretically the plastic capacity of a beam section is reached at an infinitively large 
rotation of the plastiC hinge. In practice already a large percentage of the plastiC 
moment capacity is reached at a relative small rotation. In figure 3 the boundaries are 
shown for braced and unbraced frames as given in Eurocode 3. 
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In figure 3 both axes of the moment-rotation characteristics are normalized by dividing 
the moment by the plastic moment capacity of the beam, so: 

m= M / M 
pl ;beam 

and by dividing the rotation by a reference-rotation, so: 

- M(Mpl;beam' I beam 
• • ~ B ) 

beam 

(13) 

(14) 

A classificalion with respect to rotation capacity is not yet possible in case of 
unbraced frames. Only in cases where the moment capacity of the beam-to-column 
connection is larger than 

1.2 MpI;beam' (15) 

the rotation capacity need not be checked. The plastic hinge will always form in the 
beam section adjacent to the connection. In other cases the rotation capacity need be 
checked if redistribution of moments has been taken into account. For unbraced frames 
the required rotation capacity has to be calculated and checked against the rotation 
capacity which is available in the connection. For braced frames the required rotation 
capacity can be determined by looking at beam-mechanisms which will form. 

4. CLASSIFICATION FOR THE PURPOSE OF STANDARDIZATION 

An objection to the classification indicated in Eurocode is that judging the influence 
of the connection behaviour on the frame behaviour can only take place when the beam 
length is known. If only the lay-out of the connection is known, it can be desirable to 
classify the connection. This is Ihe case with standardization of connections, where the 
the beam section and the column section together with the lay-out of the connection 
itself is known, but not the structural surrounding of it. In establishing a 
classification frt for this purpose, use can be made of the knowledge that for rotled 
beam sections the span is approximately 20 times to 50 times the section height. In 



normalizing the rotation-axis of the moment-rotalion characteristic the rotation is 
divided by anolher reference rotation, namely: 

M Ib - h 
• • • 1( 0 : e~ml beam) 

beam 
(t6) 

In case of an unbraced frame a connection is classified as rigid if c > 25 and in case 
01 an umbraced frame a connection is classified as rigid if c > 8_ Assuming a beam 
length equat to 20 (braced) or 25 (unbraced) times the beam height, this leads to a 
classification like shown in figure 4: 
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If in > t .2 than the rotation capacity need not to be checked 
If in < 1.2 than the rotation capacity need to be checked 

Rgure 4: Boundaries for the classification with standardized beam-to- column 
connections 

5_INTERPRETATION FOR UNBRACED MULTI-STOREY FRAMES AND 
MULTI-BAY FRAMES 

In practice, multi -bay and multi-storey frames appear often. The question arises how to 
use the classification methods in the case of these frames. 



Figure 5 shows a two storey unbraced frame. In order to make a Euler buckling load 
calculation, a kinematic model of the frame Is given. It is assumed that the columns of 
the frame will have a point of contranexure somewhere between the first floor and the 
roof on distance: g.1 (where 0 < g < 1) and that this point of contraflexure will not 
move if the connection stiffness is taken into acount (Meijer, 1990). Funher it is 
assumed that the force F 2 will be also a fraction of the force F, so F 2- f.F (where 
o < f < 1). The stiffness orboth the beam on the first floor and the connections is 
represented with a rotational stiffness C, and the column is assumed to have stiffness 
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Figure 5: Two storey unbraced frame and irs kinematic model 

Numerical experiments to this kinematic model proved (Steenhuis, 1991) that the error 
due to the use of the classification based on the single·storey theory in this case 
causes a maximum drop in In the Euler buckling load for extreme values of f=g=1 like 
shown in figure 6. 

For lower values of f and g n appears that the error mosUy is 0% percent. Following 
the reasoning that the drop of the Euler buckling load is of moderate influence on the 
second order elasto-plastic failure load, it can be concluded that the classifications 
based on research at one-storey frames are also applicable for multi· storey frames 
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Fogure 6: Resulls of error-analyses at a two-storey frame if fzgz l for values of Q....J; 
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For braced frames, the classification based on research at single-storey frames can 
also be used for mu~i·storey frames. 

(Meijer, (990) proposed and tested in some practical situations a distribution of the 
connection stiffness equal to the relative stiffness of the joined beams. From his work, 
it can be concluded, that the classification-methods based upon single-bay reseach can 
be used for multi-bay frames as well. 

6. OTHER PROPERTIES 

The use of the proposed classification methods can lead toward connection design With a 
rigidity which cause a drop in second-order buckling load less then 5 percent of the 
second order bucking load with infinity rigid connections. Based upon this 
classification, (Meijer, (990) calculated some practical exampfes of frameworks and 
noliced, that the deformations of the frames (espeCially horizontal deformations) may be 
underestimated by more than 5 percent locally. However, it was found Ihat this was no 
problem, because the deformations were smaller than the maximum allowable 
deformations. 



7. CONCLUSIONS 

In order to classify connection in terms of both strength (full-strength, partial -
strength and nominally pinned) and stiffness (rigid, semi-rigid and nominally pinned), 
the Eurocode provides a classification method, which is regardless to the certain 
propenies like the length of columns and the number of storeys and bays. In addition to 
this method, an alternative classification which Is also regardless to the length of 
beams Is presented. 

References 

- Bijlaard F.S.K. el.al. - SG course about new codes EC-3 and TGB-Staal Qn Dutch) 
TNO BUilding and Construction research - March 1991 . 

- Eurocode 3 Editorial Group - Eurocode 3, Design of Steel Structures - Edited draft 
Issue 53 - November 1990 

- Meijer H.S. - Influence of the rotational stiffness of column-beam connecttons on the 
behaviour of braced and unbraced frames Qn DutCh) - Technical University Eindhoven 
August 1990 

- NNI - NEN 6772:1992 TGB 1992 Steel structures Connecllons (in Dutch) - March t99t 
- Steenhuis C.M. - Numerical calculations on a two storey frame - BI -91-050 - TNO 

Bulldmg and Construction research - March 1991. 



SEMI·RIGID CONNECTIONS IN LATTICE GIRDERS FORMED WITH 
HOLLOW STRUCTURAL SECTIONS. 

Gwynne Davies '. 

Abstract 

The seml·ngld nature 01 vanous types of structural hollow section JOints used In lattice 
girders are descnbed. and the effect of the 10lnt parameters on strength and stiffness 
indicated. Modelling IS seen to be more comphcated than for beam and column 
connections between two members. Some comparisons are made between gap and 
lap JOints In trusses 

1. INTRODUCTION 

Steel Structural Hollow Sections (SHS) are widely used in construction and are 
accepted as part of the family of structural steel sections. They are popufar In 
construction because of the" structuraf efficiency. particularly when loaded in 
compression. tension or torsion . and the" clean hnes which give architects and 
engineers freedom to feature the structure as part of the overall bUilding design. The 
predominant use of welding for making the connections between SHS retains the 
structural efficiency and clean hnes by maintaining member effectiveness. whilst 
dispensing with the need for gussets and other unsightly connection devices. The size 
of SHS used in buildings normally excludes the use at Internal st iffening Rectangular 
Hollow Sections (RHS) were Introduced to aVOid the expensive end prohhng reqUired 
when uSing C"cular Hollow Sections (CHS). making easier welding and also 
providing greater resistance to bending by SUitable choice and onenlallon ot the RHS 
These are largely used for on ·shore work or for topSide tabncatlon In off·shore 
structures. The use of welding however In no way guarantees thaI the members are 
effectively rllgldly connecled. Indeed the JOint usually behaves In a more flexible 
manner haVing semi-rigid properties for both rotat ional as well as axial behaViour. 

1 Reader in Sructural Engineering. Department 01 Civil Englneenng. UniverSity Park. 
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Both the strength and sliffness of these joints depend on the various geometric 
parameters. and the tvpe at ~oint. Lauice~ guders tunctlon best when the forces are 
predominantly axial . and the bending moment elfect is minimal - they then nearly 
conform to the Ideal pinned truss. Some secondary moments will however be set up 
due to the semi-rig id nature of these JOints. The normaJ approach to the design of 
tattlce frames is to ensure that member centre hnes are concurrent (noding) and then 
to calculate member axial forces, assum'"g p,"ned connections at all joints. However 
since the chords are themselves formed from one or two rolled lengths there is 
Justification for assuming that chord interconnections are rigid but that the branch 
connections to the chords (or to each other) will vary from pinned to rigid. In hollow 
section construction centreline noding may give rise to design and fabrication 
problems, lead,"g to less than optimum effiCiency and fabrication economy, and there 
are times when it is more important to ensure fabricat ion efficiency than to maintain 
centreline noding . Clearly there would be considerable analytical advanlage in 
ensuring jOints which were rigid axially, and either be rigid or have low rotational 
stiffness, so that standard computer programs could be used for analysis. 

2. PARTIAllY RI GID SHS CONNECTIONS 
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The difference in the stress distributions in the two plate connections shown in Fig .t for 
a full Width jOint, IS the baSIS for understand,"g the difference in behaviour between 
SHS and I type connections, whether for columns in bUilding Irames or chords In 
lattice girders. Whereas the st iffpoint is at the centre for the I section connection it is on 
the outside and adjacent to both the webs for the RHS. The configuration shown 
represents the position of greatest connection stiffness which can be achieved. It IS 
Important to note that a reduct ion ,n the re lative Width of the branch does not produce a 
slgnllicant change," stiffness of the J connection, but can bring about a major 
reductIOn in strength and stiffness In the case of the RHS s,"ce the connection is now 
made entirely through the relatively flex ible connecting chord wall. As the width ralio 
~= b, /bO decreases, so also do both the strength and the stiffness of the connection . 



This is illus1rated in Flg.2, where the Yield hne method of analysis has been used to 
examine the variation of the branch aXial yield load with the various parameters for a 
90 · joint according to Eq.1. 

Ny = 8mpo ( ~ " p + 2~ ) 
(1 "p> b, 

0·L---~·2'-~,T< ---j·6'-'-~~--~'~ 
~ = b, / bo 

\) 

Fig 2. Yield line models for T and X " RHS JOints. 

· ........ . {1 ) 

In the graph shown only the connecting wall Yield mechanism IS used, as it has been 
found that the alternative collapse mechanisms shown give higher values of Yield 
load. It has also been shown that the local deformation of the joint IS affected by the 
same jOint parameters, and that the aXial and rotational stlflnesses for a T joint as 
derived by a finite difference approach (Korol and Mansur,1 979) IS shown In Fig.3. 
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Fig.3. Axial and rotational stiffness for RHS Tee joint. (Korol and Mansur,1979) 



Yield Ime analysIs for moment connections can also be carned out , and typical resutts 
are shown In Fig.4, for top face deformatio'n only. For near fullwictth jomts a different 
model IS needed to account for chordwall slenderness. The sllffness of the joint is also 
evaluated In terms of the three parameters 
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Fig.4. Yield line model for T joint moment Fig.S. Near full-full wictth T jOint 

bolto, h, /b" and wlctth ratio b,lbo which are all seen to be impcrtanl. As the wictth ratio 
Increases so the stiffness increases significantly - Fig.4, particularly as the full wictth 
10lnt IS approached. When used for V,erendeel girders, there IS considerable merit in 
ensunng near rigid Joints by welding on the corner stiffeners shown in Fig.S. 

Rotation e 
Fig.6. Joints with membrane action. 

In some of the more slender walled chords, the connection has a reserve of strength 
due to membrane action in the connecting wall associated with large local deflection, 
especially for jomts With smaller width rallos, an example being shown in Fig.6. This 
has also been observed for branch axial loading, particularly in tension. For modest 
values of ~ thiS effect can readily be calculated from yield line analysis, and rigid 
plasllc membrane action. For jomts in axial compression, buckling or deformation of 
the chord Side walls will ensure that the enhanced strength will be less than that in 
tension. Although the T and X joints are not frequently used in lattice girder 
connections they do illustrate the essential elements of semi-rigid behaviour of joints 
In hollow sections. The design expression used for the strength of the K gap joints in 
RHS shown in Fig .7 has been derived from the empirical results of a significant 
programme of tests on isolated joints. Because of the increased options for 
geometrical layout offered by the rectangular section, particularly when member 
orientation is allowed for, the design recommendations have become rather more 
complicated , compared to those needed for circular or square sections. A very small 



gap can also introduce a very stiff point in the crotch, resu~ing in sudden rupture of the 
chord or tie wall , while an excessively large gap will allow large local deflections with 
corresponding Increased bending moments in the members, even If the centre tines 
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Fig. 7 Typical RHS jOints 

are noding. The bending moments set up are truly secondary moments and are not 
due to the absolute rigidity of the jomt, but rather associated with the various 
components of axial and flexural stiffnesses in what is really a multi semi-rigid joint 
Mhough a whole range of partially overlapping joints could be arranged to ensure 
centre line noding - as shown in Fig.7, they involve double cutting of at least one of 
each pair of branch members, thus introducing extra fabrication costs. It has frequently 
been recognised that there is merit in encouraging the use of fully overlapped joints, to 
take advantage of the greater axial stiffness of the connection resulting from the veoy 
small local deformations which have been observed in tests. There is of course the 
ensuing penalty of larger chord bendmg moments associated with joint eccentricity, 
but these have to be balanced against Improvements in performance, and Simpler joint 
design procedures. 

3. JOINTS IN TRUSSES, 

3.1 Elastic behaviour. 

Lattice girders are commonly analysed In practice assuming rigid joints, most 
commercial stiffness packages also incorporating the opportunity to provide pinned or 
semi rigid connections al the ends of the members. The nature of the connectIOn of 
members in gap joints however is not merely a matter of providing semi-rigid end 
connections, since there is interaction between more than two members. In order to 
understand this problem the fmite element method has been used (Coutie and 
Saidani, 1990) to derive the stiffness matrix of a typical RHS connection -shown 10 

Fig.B, in terms of the forces and deformations at each jomt extreme centreline and 
loading point. By imposing individual unit deformations at these points In turn a t2Xt2 
(or t 5Xt 5 if loading point Included) JOint stiffness matrix was obtained, which included 
the effect of size and torm ot the welds and local flex ibihties involved. The usual 
prismatic beam elements were then Interconnected through the above nodes. This has 



Fig.8. Elastic FE analysis of K joint in lattice girder (Coutie and Saidani, 1990) 

enabled the structure stiffness matrix for the whole truss to be derived and analysed for 
any of the common systems of loading. In this way the essentially semi· rigid nature of 
the joints have been automatically Incorporated into the elastic truss analysis. 

3.2 Non tinear behaviour. 

Comparisons between the behaviour of experimental tests on isolated RHS K gap 
)olnts with the non linear results obtained from FE analysis incorporating the effects of 
material and geometric nonlinearity have been made (Strommen, 1982) .Other 
Investigators (e.g Davies, 1990) have examined RHS cross jOints with inclined 
branches and carried out parametric studies. Three dimensional CHS cross joints 
under different loading conditions have also been examined (Paul, 1990). 
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Fig. 9. Non linear FE analysis of K joint in frame (Connelly et ai, 1990) 

All of these have helped to develop an understanding of the semi· rigid nature of SHS 
joint behaviour. Much information will be gleaned as a greater use is made of this 
approach, particularly in establishing parametric variation. Partitioning has been used 



to analyse the non- linear behaviour of a CHS gap joint within the context of an oil rig 
frame, but where the remainder of the structure remained elastic - see Fig .9. No 
serious attempt has been made to carry out an FE analysis of a structure where 
several of the joints and members interact nonlinearly. in view of the size of the 
problem. 

3_3 Olher modelling lechniques_ 

Fig . 10. Micro-bar joint models (Czechowski, 1984) 

Various joint assumptions have been considered such as, pinned, pinned bracing to 
continuous chords, rigid inter branch connections but pinned to chordface (as for fully 
overlapped joints) or completely rigid. It is of course necessarry to include axial as well 
as rotational stiffness assumptions. Some investigators (e.g CzeChowski, 1984) have 
used micro-bar joint models to incorporate various stiffnesses, as indicated in Fig.l0, 
for a gap joint, the basic stiffnesses being obtained from isolated jOint test resulls. CHS 
joints have also been examined on a similar basis (Ogowa et ai, 1987) 

3-4. Tesllng of Irusses 
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Fig .lt. Comparison of laNice girder deflecfions (Coutie, Davies et ai, 1990) 

A series of RHS lallice girders using both gap and lap joints have been tested to 
failure. Some, but not all have found that the results indicate that jOint strengths in 
trusses are well represented by the isolated jOint tests, but that girder deflections can 
in some cases exceed those calculated on the basis of the usual pinjointed 
assumptions. It can be shown that the method of measuring or calculating member 
forces in lattice girders can have an important bearing on the conclusions drawn. In 
carefully controlled tests it has been shown (Coutie et ai, 1990) that girders with 

-, 



noding jOints having low ~ 's and large gaps, can be both weaker and much more 
flexible than those fabricated with fully overlApped joints - even though the tatter have 
large eccentricities - Fig.1 1 . 

4. CONCLUSIONS 

The paper has indicated the particular nature 01 the semi-rigid joints used in lattice 
construction. Joint strengths have been largely assessed on the basis of isolated tests, 
supported by yield line. FE, and other methods of analysis. Axial and flexural 
stiffnesses from tests have likewise been compared with analytical methods. Both the 
axial and rotational semi-rigid nature of lattice girder jOints involving several members 
point to a more complex situation than that pertaining to beams and columns in 
traditional frames. Mhough good progress has been made it is not surprising that that 
there are still some divergencies between the joint modelling assumptions needed to 
get good agreement with tests, and those convenient for the design situation. Various 
aspects of analYSIS and deSign at serviceability and ultimate states will continue to be 
tackled in a piecemeal fashion with heavy reliance on empirical justification, until 
reliable, and parametrically based semi-rigid Joint charactenstics covenng the whole 
range are produced. 
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CYCWC BEHAVIOR OF FRAMES WITH SEMI-RIGID CONNECTIONS 

Abolhassan Astaneh-AsI' 

Marwan N. Nader' 

The main objective of the research project was to study realistic selsmic behavior of 
steel rigid, semi-rigid and flexible (simple) frames. A one story, one bay steel structure 
was constructed such that the connections can be changed. The structures with rigid, 
semi-rigid and flexible connections was subjected to various intens~ies 01 records 
obtained from the EI Centro, 1940, Taft, 1952 and Mexico C~ 1985 earthquakes. The 
studies indicated that the semi-rigid~ 01 the steel frames does not necessarily resutt In 
_ger lateral drift and more damage than rigid frames. 

I , INTRODUCTION 

1.1 Dynamic Characteristics 01 Seml-rlgld Frames 

Steel building structures are divided into two major categories 01 fully restrained (FR) 
or rigid and partially restrained (PR) or semi-rigid. In rigid structures, the dynamic 
response 01 the structure to base excitations is governed almost entirely by the 
strength, stillness, ductil~ and energy dissipation capabil~ 01 the members, whereas, 
in semi-rigid structures, dynamic response is significantly affected by not only the 
members but also by the strength, stillness and ductility 01 the connections. In 
add~, soil-structure interaction lor rigid and semi-rigid steel structures can be 
different with different effects on reducing or increasing the seismic response. 

The parameters that affect dynamic response of the semi-rigid steel structures are 
natural periods of vibration, mode shapes, damping, and dynamic characteristics 01 
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the ground motion. To investigate the significance of these parameters and to extract 
the effects of other parameters, a compatative experimental study was planned and 
undertaken (Nader and Astaneh, (989). The following sections summarize the 
research project and its findings. 

2. RESEARCH PROGRAM 

2.1 Objectives and Scope 

The main objectives of the research were; 

1. To conduct comparative S1udies of dynamic response of rigid, semi-rigid and 
flexible steel structures in terms of lateral drift and base shear response, 
2. To investigate hysteresis response of connections while they are part of the 
structure, and; 
3. To investigate the effects of connection non-linearities on the dynamic behavior of 
rigid, semi-rigid and flexible steel structures. 

2.2 Research Program 

The study consisted of subjecting a one story one bay steel structure with rigid, 
semi-rigid and flexible connections to a variety of base excitations using shaking table 
of the Earthquake engineering research Center of the University of Cal~ornia at 
Berkeley and studying the response of the structure. 

The structure that was used in experiments and three types of connections are shown 
In Figure 1. The structure consists of two similar and parallel frames in the North-South 
direction of the laboratory. The frames were connected by two spandrell beams in the 
East-West direction. In add~ion, to reduce torsional effects diagonal braces were 
added in the East-West direction. The connections used in the frames in the N-S 
direction were e~er rigid, semi-rigid or flexible connections. The bases of the 
columns in all tests were fixed to the shaJking table. 

The material of the structure was hot-rolled specified as A36 steel with a nominal yield 
stress of 36 ksi (2.48 Mpa) . Concrete blocks were attached to the structure at roof 
level to simulate the weight and to generate stresses in the beams and columns close 
to the stresses that would exist in an actual structure. The total weight of the structure 
was 27,423 pounds (122 kN). 

The test structure and connections were instrumented to measure accelerations, 
surface strains, absolute and relative displacements, rotations and forces at critical 
locations. Using the recorded data, moment-rotation, axialload-axial-displacement and 
shear force-shear displacement response of connections were calculated. Also, 
shear, axial load and bending moments in columns were established. 



3. BEHAVIOR OF CONNECTIONS 

3.1 Momenl-R01a1l0n Response 01 Connections 

Typical hysteresis moment-rotation response 01 connections in rigid and semi-rigid 
test structures are shown in Figure 2(a)_ The plots are lor Taft earthquake record with 
maximum peak acceleration 01 0.35g. The M-6 response 01 rigid connection was 
almost elastic and maximum rotations did not exceed 0.003 radians. However, 
maximum moment in rigid connection reached 251 kip-in (28.3 kN-m) The semi-rigid 
connections experienced maximum rotation 01 about 0.008 radian while moment was 
about 200 kip-in (22.5 kN-m) . In general, comparison 01 M-e response 01 connections 
indicated that semi-rigid connections developed less moment and more rotation than 
rigid connections but were quite ductile throughout the response. 

Under larger accelerations, semi-rigid connections still showed very high ductility 
without sudden loss 01 strength or stiffness. Figure 2(b) shows response of the 
semi-rigid structure to Taft and Mexico City earthquake records both scaled to 
maximum peak acceleration of 0.5g. The relatively large and sudden increase in 
strength at larger rotations is attributed to kinematic hardening and development of 
catenary lorces in angle legs In the connection. 

After completion 01 all tests of semi-rigid structures, no sign 01 brittle failure or local 
buckling was observed. Yielding primarily was in the legs 01 connection angles and 
was well distributed over the legs of angles. This is a desirable behavior since due to 
relatively un~orm distribution 01 yielding and lack of strain concentration, low cycle 
fatigue fracture is delayed and connection continues to yield, deform and diSSipate 
energy without fracturing. 

3_2 Axial Force-Axial Displacement Response 01 Connections 

Typical axial force-axial displacement response 01 connections in rigid and semi-rigid 
test structures are shown in Figure 3 lor Taft record scaled to 0.35g maximum peak 
acceleration. The hysteresis loops for rigid connections were symmetric with minor 
energy dissipation characteristics. However, the hysteresis loops lor axial lorce-axial 
displacement 01 semi-rigid connections were unsymmetric. The connection was flexible 
when puned and relatively rigid when pushed against the column. The phenomenon is 
very similar to the observed response of full scale connection tests in the laboratory 
(He and Astaneh, 1990). In these laboratory tests, ~ was observed that the axial cyclic 
loading can deteriorate the connection causing ~ failure under shear. The relatively 
low stiffness 01 semi-rigid connections in axial direction when pulled away from the 
support need more attention and study. tt may resutt In reduction of the force 
response and some increase in displacement response 01 the structure. More 
research is needed belore the total effect of the axial flexibility of semi-rigid 
connections on global dynamic response of the structure can be fully established. 



3.3 Shear Force-Shear Displacement Response of Connections 
• 

Typical shear force-shear displacement hysteresis responses of connections in rigid 
and semi·rigid test structures were similar. However, in semi-rigid connections, due to 
hole enlargements during cyclic loading and cyclic friction slips, the stiffness of 
connection in shear, Le. slope of the hysteresis loops was not as stable as for the rigid 
connections. 

4. DYNAMIC BEHAVIOR OF RIGID AND SEMI-RIGID STRUCTURES 

4.1 Introduction 

Dynamic response of rigid, semi-rigid and flexible test structures to base excitations 
was measured in terms of periods of vibration, cr~ical damping ratios, roof drift ratio 
and base shear developed in the frames during each test. Following is a summary of 
the experimental results. 

4.2 Period of Vibration and Damping Ratios 

The fundamental mode of vibration for test structures was lateral displacement of roof 
in N-S direction. The second mode was torsional mode of vibration resulting in roof 
rotating about a vertical axis. Table 1 shows values of critical damping ratios and 
fundamental period of vibration for three types of structures tested. The values are 
calculated using the free vibration tests that were conducted prior to each shaking 
table tests. To conduct a free vibration or 'tie· back' test, the roof beams were tightly 
secured to the floor of the laboratory using a steel cable. By abruptly cutting the cable 
and releasing elastic energy stored in the system, the free vibration tests were 
conducted. As table indicates, the period of vibration of semi-rigid and rigid structures 
was very close and was about 0.31 second. 

However, when the structures were subjected to base accelerations exceeding 0.35g, 
causing some inelastic activities, the period of vibration of semi-rigid structure was 
about 7/17 second while period of vibration of rigid structure was about 7/21 seconds 
indicating that period of vibration of semi-rigid structure was elongating more than that 
of rigid structure during inelastic phase of response. 

4.3 Base Shear and Lateral Drift Response 

Maximum values of base shear and lateral drifts that were recorded during the tests 
are given in Table 2 for flexible, semi-rigid and rigid test structures for various levels of 
earthquakes. Figure 4 shows the hysteresis loops of base shear and lateral drift for 
response to Taft earthquake w~h peak acceleration scaled to 0.3Sg. As Table 2 and 
Figure 4 indicate, base shear developed in semi-rigid structure was less than that of 
rigid structure but lateral drift for semi-rigid structure was not greater than the drift of 



rigid structure but lateral drift for semi-rigid structure was not greater than the drift of 
rigid structure. 

5. CONCLUSIONS 

The following conclusions could be reached by studying experimental data obtained 
from the tests and partially reported in previous sections. 

1. Semi-rigid steel structures may have the potential of performing satisfactorily 
during the medium and strong earthquakes. ij connections are ductile and optimum 
rigidity is present, low cycle fatigue fracture of the connection welds can be avoided 
by the use of bolted semi-rigid connections. 

2. Axial force-axial displacement cyclic response of semi-rigid connections should be 
incorporated in seismic design and analysis of steel semi-rigid structures. 

3. Semi-rigid steel structures are more flexible than the rigid structures. However, 
the extra flexibility of the semi-rigid frames does not necessarily resu~ In larger drifts in 
the semi-rigid structures during earthquakes. 
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FREE VIBRATION 

Damping Period or Vibrat.ion (sec) 
Sl.rue:1.ure 

(%) FFT Cydes/I.ime 

Flexible 1.87 0.44 O.H 

Semi-ri,id 0.50 0.33 0.31 

Fixed 0.&7 0.30 0.31 

Table 1. Damping and Fundamental Period of Vibration 

MAXIMUM VALUES OF BASE SHEAR AND LATERAL DRIFT 

Earthquake Flexible Semi-rigid Fixed 

SLruct.ure 
Si&naJ and 

Struct.ure Struct.ure 

Shear Drift Shear Drift Shear Drift 
Intensity 

(kip.) (in.) (kips) (in.) (kips) (in.) 

iE~C.nlro 0.15, 4.14 0.42 4.62 0.20 5.40 0.23 

iE~C.nlro 0.25, 8.10 1.09 11.76 0.56 IUS 0.61 

IE ... CeDtro O.3~, 10.00 2.08 18.81 1.15 18.12 0.82 

iT.r, 0.15, 5.35 0.61 g.14 0.55 16.82 0.60 

~.r, 0.35, g.52 1.57 20.00 1.41 25.88 1.22 

~.rl 0.50& 11.4g 2.00 24.28 2.35 N.C N.C 

~l.xico 0.35, g.22 1.45 21.2 2.00 N.C N.C 

~exjco 0.50& 12.26 2.05 22.26 2.30 N.C N.C 

N C - w.l w .. DOl conduclcd 

Table 2. Maximum Base Shear and Dril( Values 
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DYNAMIC TESTS OF SEMI-RIGID CONNECTIONS 

Richard Kohoutek ' 

Abstract 

Fabricated standard connections (80) , welded and bo~ed, will be tested. This reports 
on the initial test of (26) connections, about 200 kg each, tested at Vipac - Melbourne, 
where they were subjected to several dynamic tests including a dynamic force 
produced by a shaker. The resu~s of the experiment will form a basic data base of a 
performance of standard connections not presently available. With the theory already 
developed, the prediction of static forces, and the dynamic response of framed 
structures will be possible for an operating range of frequencies. 

Preamble 

In this workshop 2, the difference between a connection and a joint will be made. The 
jOint comprises the detailing of an assembly joining typically a beam and column. A 
connection includes some parts of a beam and column in add~ion to the joint. ~ is the 
connetion which is the subject of this research. Our interest is in the performance of the 
connection and the structure, rather than in the sizing of a bo~ or a weld. This is not to 
deny the effect of joint details, which may exert a large influence on the performance of 
the connection. This jOint influence will, of course, be included in the behaviour of the 
connection, together w~ the adjoining parts of the beam and column which are 
s.ubjected to local peaks of moments and shear foroes. 

Both the static and dynamic analyses recognise some variation from the complete 
rigid~, commonly expressed by a relationship between a moment M and a rotation of 
connection ~ = 6 + (" where (' is the rotation maintaining moment through a connection 
to other members (Kohoutek, 1985). The rotation 6 is a free flexing or rotational slack 
which reduces moment stiffness of the connection. The relationship is diagrammatically 
shown in Figure 1 together with some lim~s and examples. The horizontal axis 
represent the behaviour of an ideal hinge and the vertical axis a completely fixed 
connection. The real connections fall somewhere between those extreme values as 
shown in the Figure 1. 

'Senior Lecturer, Dept. of Civil and Mining Engineering, 
Univers~ of Wollongong, WoliongOQg 2500, AUSTRAUA 

2 AISC terminology is reversed (Australian Inst~ute of Steel Construction) 



Rigid (welded) 1-__ 

I 

Partially Restrained 

The connection behaviour has a major 
influence on the performance of a bar; 
be ~ a column, loaded predominantly 
by an axial force, or a beam, subjected 
mainly to bending moment and shear 
force. There is an intrinsic relationship 
between the static and dynamic 
behaviour of a bar, which allows 
findings of the dynamic behaviour to be 
utilized also in the static analysis; the 
relationship is utilized, but not 
discussed here, because of space 
limitations. The connection's perfor
mance influences natural frequencies, 

(End Plates) 

Flexible 
(cleats) 

FIGURE 1. Relationship between moment and rotation. 

the dynamic as well as static moment distribution in frames, static stability through 
effective length of bars and the critical loads, as shown in other paper in this volume. 

1. INTRODUCTION 

In this paper, the dynamiC behaviour of semi·rigid connections is investigated in the 
elastic range, based on the assumption of small deformations. The dynamic rigidity 
exhib~ed by a connection is related to that of a connection under static load where the 
stiffness may be approximated by the slope of the moment·rotation relationship. 

2. SELECTION OF CONNECTIONS 

Since the establishment of a data base of common connections is among the aims of 
this research project, ~ was necessary to select the connections which were commonly 
used in the design and fabrication of steel framed structures. A survey of Engineering 
Consu~ants (Kohoutek, 1988) was conducted in which the respondents were asked to 
select from forty different structural joints the most frequently used. This formed the 
basis for the selection of the twenty two bo~ed and four welded joints which were 
tested. 

The test connections were fabricated according to AISC Standardised Structural 
Connections using 250 UC 72.9 members and M20 bolts 8.8{TF. The fabricated 
standard connections are T·shaped ~ the horizontal member, the column in a 
structure, being 1.5 m long and the cantilever stub having a length of 1.2 m. The 
selected bo~ed connections include strong axis joints such as moment end plate, web 
side plate, angle cleat, angle seat, and flexible end plate joints ~ structural bo~ and 
two end plate jOints using prestressed bo~ . Weak axis joints such as web side plate 
and angle cleat joints to coped and non- coped beams were also tested. These latter 
connections were the subject of a further series of tests after modifications were made 
to the connections by welding two stiffener plates into the column section in line ~ the 
beam flanges, as may occur w~ an exterior column connection. 



3. TEST RIG 

The test bed. made for this project, consists of the plate 1.5 m square and 40 mm thick 
cast into a cube of concrete. The test pieces were supported at either end between a 
seml-<:ircular platen and a 50 mm diameter bar, and were restrained by using two 100 
mm channel sections joined by spacers and two holding·down botts. The restraining 
was to stop the test pieces from walking off the supports when they were excited. 

4. TESTING OF SEMI·RIGID CONNECTIONS 

A simple beam of 250 UC 72.9 section was used as calibration to determine boundary 
conditions created by clamping cross beams described above. The aim of the testing 
of the connection pieces was to evaluate the natural frequencies of vibration of the 
specimens, especially the frequency of the first bending mode. A range of different tests 
were conducted to determine the most reliable method. A Hewlett Packard 5423A 
two-channel FFT Spectrum Analyzer was used to measure the response time functions 
of the specimen. The sustained excitation was produced by a large and small shakers 
and the impulse load at various points on the test pieces was induced by impecting with 
a rubber mallet. 

Testing of the connections by forced vibration was carried out using a large 
electrodynamic shaker connected to the top of the cantilever by an extension bar and 
loed cell as in Figure 2. The shaker was programmed to provide a random signal with 
the band width tim~ed to a range which included the expected first cantilever bending 
mod9. 
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FIGURE 2 Schematic diagram of test setup for forced vibration . 
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5. FINITE ELEMENT ¥ODEL OF CONNECTION 

Testing of the connections under free vibration due to impact loading initially gave 
frequency spectra which were cluttered with many undlscemable modes of vibration of 
the test piece. 

A finite element formulation was 
undenaken to establish the 
approximate frequencies of the 
major vibrational modes of the 
test pieces so that these could 
be considered more closely 
rather than investigating various 
modes such as flange modes. 
The dynamic finite element 
analysis software package used 
was I·DEAS v 3.8. The 
formulation of the model was 
limited with respect to the joint I 

details that could be modened 
and the boundary conditions that 
could be imposed. Boundary 
conditions imposed on the beam 
ends were pinned restraints 
contrary to the semi·rigid 
connections that existed. 

FIGURE 3 Results of dynamic finite element formula6on. First can6iever torsional 
mode 165.69 Hz 

The finite element model enabled the identification of three major modes of vibration, 
one shown in Figure 3. The other modes as calcutated by the dynamic finite element 
analysis proved inconclusive and we could not use them in comparison with the initial 
test results. 

These results were used in the testing of the connections and enabled the positive 
Identification of the out-of·plane vibrations of the cantilever, which varied between 3 · 20 
Hz depending on the joint type, and the torsional vibrations of the cantilever, measured 
at approximately 155 Hz fO( the majority of connections. An earth loop was also 
consistentily measured, with a frequency peak existing at 50 Hz due to the 
instrumentation picking up the frequency of an electrical current. 

6. EVALUATION OF BOUNDARY CONDmONS 

In any anaIIysis the boundary conditions will affect the behaviour of the structure and in 
this case the rigidity of the restraining joints has affected the natural frequency of the 
test piece. Therefore, it was necessary to evaluate the support rigidity before the rigidity 
of the connections could be tested. 



The test procedure outlined the measurement of the natural frequency for the first 
bending mode of the beam in the test piece and !hus with a known natural frequency a 
mathematical model can be used to evaluate !he rigidity of the restraint. 

6.1 Modal Analysis 

The modal analysis of a 250 UC 72.9 calibrating beam of length 1.5 m was used to 
detenmine the first natural frequency and derive !he boundary cond~ions . An 
electrodynamic vibration exciter was used to provide an excitation force to the centre of 
!he beam as illustrated in Figure 4. Two accelerometers were used to measure the input 
force signal and the system response. being attached to the top of the shaker and to 
the beam respectively. The modal analysis required the second accelerometer to be 
moved to different positions on the beam at which the response time histories are 
measured. A Hewtett Packard 5423A two-channel Spectrum Analyzer was used to 
measure the input and response time functions to give the natural frequency and the 
mode shape of the vibrating beam. 
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FIGURE 4 Beam supponmg small shaker to carry out modal analysis for evaluation of 
boundary conditions. 

The mathematical model applied earlier in the case of the fabricated connections is 
used to evaluate the rigidity of the restraints. w~h the shaker mass being applied mid 
span. A plot of dynamic stiffness of the beam versus end restraint rigidity is shown in 
Figure 5. The model indicates that the restraint joint has a rigidity of 0.42, that is ~ has 
42 % of the rigidity of a fully rigid connection. This is substantially greater than a pinned 
joint. The torque applied in tightening the holding botts was shown to influence the 
measured frequencies to a minimal extent and in order to maintain consistency the 
applied torque was kept constant at 100 Nm on each batt. 

The evaluation of the boundary cond~ions as above was further verified by a modal 
analysis carried out on a connection set up in the rig. The analysis evaluated the 
second bending mode of the beam and the natural frequency. The model gives a 
restraint rigidity which corresponds qu~e closely to the value obtained. 
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FIGURE 5 Plot of dynamic stiffness versus end rigidity for a beam vibrating at its ffrst 
bending mode frequency. 

7. MODEL FOR TEST SPECIMENS 

3 

seml-rigd 
rigid JOInt" / (or. 

The measured natural frequency of vibration 
of the cantilever tor each connection and the 
boundary cond~ions were measured. A 
model for the the semi-rigidity of the 
beam-cantilever connection is relatively 
simple to formulate. The test pieces were 
analysed as shown In the follOwing Figure 6. • 
The members contributing to the test piece 
are represented by their centrelines and a 
rigid connection is employed to denote the 
continuity between members (0,1) and (1,2) 
because of a continuity of beam (0,2). Semi
rigid connections are used at the remaining 
ends to model the dynamic behaviour of the 
test piece. 

FIGURE 6 Adopted anaJytical model of test pieces 

8, RESULTS OF TESTS 

The three connections with moment end plate, web side plate and angle seat joints 
respectively were tested with the resuns given below. 

Dynamic connection rigidity was evaluated using the mathematical model of the 
connection, and were based on the boundary conditions of the restraining end 
connections having a dynamic rigidity of r = 0.42. 
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TABLE 1 Summary of measured frequencies and calculated dynamic rigidities. 

Connection 
. nation 

Rigidity r Type of connection 

84/1 98.83 0.59 Extended end plate 
8811 72.27 0.37 Web side plate 
Bl311 54.69 0.23 Web and seat angle 

The frequency response of the test specimens did not change with the variation in 
amplitude of forced vibration. For the range of amplitudes applied the dynamic 
response of lhe connections tested was independent of the type of excitation, namely 
whether it undergoes free or forced vibration for the range of applied loads. 

9. INFLUENCES OF CONNECTION RIGIDITY 

With the experimental evaluation of connection rigidity, variations in the frequency 
response of the test pieces were observed as listed in Table 1. As an example consider 
lhe difference between the extended moment end plate connection, 84/1, and the 
combined web and seat angle connection, B 13/1. A difference of 45 percent in the first 
natural frequency of the cantilever exists, and in terms of the connection semi-rigidity 
co-efficient the two joint types vary to a greater extent. 

We could also find changes in response frequency with the use of more belts in 
identical joints, suggesting that an increase in dynamic rigidity may be achievable with 
!he use of a greater number of belts for some joint types. ~ is postulated that an 
Increase in lhe number of be~s for a particular joint would serve to bring a greater ar~a 
01 lhe member in contact with the joint components and thereby increase the friction 
forces which exist. Furthermore, the increased space required would resu~ in a 
redistribution of ~ locations such that forces transferred from lhe beam to the column 
would also be redistributed over a larger portion of either member. For instance, the 
web side plate connection discussed herein used six belts and was found to have a 
substantially greater dynamic rigidity than an identical connection with three be~s and a 
shorter end plate. 

Another factor which increased a connection rigidity was the use of stiffeners. ~ is 
suggested that a judicious use of stiffeners in a be~ed connection could achieve the 
dynamic rigidity of a connection with a more detailed or costly jOint type. This is an area 
which would require further investigation before ciear relationships can be established. 

10. CONCLUSIONS 

A procedure for the experimental evaluation of dynamic rigidity in structural connections 
has been described in this paper. The understanding of some of the problems 
associated with this experiment makes possible to improve the procedure so that it will 
be applied to stnuctural steel connections of any type or size . 

. , 



The full scale testing of structural conn$Clions to evaluate dynamic rigidity was 
vindicated by the substantial variations observed in connection response. Major 
variations in dynamic stiffness were shown to exist, as demonstrated by the three 
conn$Clions included herein. The experimental resu~s for other conn$Clions tested 
indicated that the use of stiffener plates and the number of bolts used in the joint detail 
also significantly influence the dynamic behaviour of a connection, and could be used 
as a design parameter to achieve a desired coefficient of rigidity. 

Those design variations lead to the possibility of modifying connection behaviour to 
some chosen perlormance by an a~eration in joint details. This may be fru~1I for a 
structure which has connections with a low co-efficient of rigidity and suffers 
serviceability problems from vibrations induced by periodic loading, such as that due to 
mass imbalance in reciprocating motion of machinery. The dynamic stiffness of such a 
conn$Clion could be increased with the addition of stiffeners or the use of more bo~s in 
the joint so that structure response is moved from the vicinity of the resonance 
frequencies. The prediction of the type of a~erations required, for example stiffener 
thicknesses or the number of bo~, is an area open to further investigation a~hough the 
existence of a substantial database of connections will allow modifications of 
connections w~hout extensive testing. 

The experimental analysis of the test conn$Clions was mainly based on the conn$Clion 
behaviour subject to free vibrations. ~ was found that the behaviour of the conn$Clions 
was not affected by the magn~ude of applied load under forced vibrations. 

This investigation demonstrated that the variation in the dynamic rigidity of bo~ed joints 
is significant and dependent on the joint detailing which can be successfully measured. 
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INFLUENCE OF PANEL CONNECTING SYSTEM ON THE DYNAMIC 
RESPONSE OF STRUCTURES COMPOSED BY FRAMES 

AND COLLABORAT1NG CLADDINGS 

Federico M. Mazzolani' 

Vincenzo Piluso2 

Abstract 

The behaviour of trapezoidal sheet panels under monotonic and cyclic loads is herein 
Interpreted on the base of available experimental resuHs. 

It was observed that the types of connecting system, used In modern steel technology, 
playa fundamental role on the strength and ductility of corrugated sheet panels. 
Simplified analytical models for interpreting the cyclic behaViour of such panels under 
shear loading conditions are proposed. They are referred to two connecting systems 
which use rivets and welds for assembling Single sheets together. 

The Imponance of the connections on the seismic response of pin-jointed steel 
structures with braCing panels is also pointed out by means of dynamic analysles. 

1_INTRODUCTION 

The design method, so-called -stressed skin design-, was pnoposed forsteel structures 
dunng the seventies in the field of actiVity of ECCS. The maIO principle consisted In 
conSidering the capacity of claddings made of light gauge steel panels to contribute by 
means of a diaphragm action to Ihe behaviour of the structure as a whole. 

The degree of collaboration between cladding panels and the main structure can be 
assumed as a base to Identify structural behaViours as follows (Mazzola", and Sylos 
Lablnl, t 984) : 

a) the main structure IS designed to resist vertical and seismic loads, while the panels 
cooperation is taken Into account in the serviceability limh state only, when checking 
maximum sways and story drifts; 

1 Professor of Structural Engineering , University of Naples -Federico 11-, Piazza Ie v. 
TecchlO, Naples, Italy 

2 Research fellow, University of Naples -Federico 1\ -, Piazzale V. Tecchio, Naples , 
Italy .1.14 



b) the whole structure is designed so that panels and frames together have to resist 
vertical and seismic loads; 

c) the frame has the task to resist vertical loads only while horizontal forces due to 
earthquake or wind are supperted by cladding panels. 

As a consequence, the choice of connections should be done according to the given 
design critena. Referring to beam-to-column joints, case a) requires rigid connections 
and case b) can accept semi-rigid connections. As a bracing effect can be guaranteed 
by claddings, also pin-ended connections can be used in case c), which provides the 
maximum economy in reducing both structural weight and manufacturing and erecting 
cost. In sphe of these advantages, examples of structures like c) type are not yet 
available in seismic zones, probably due to lack of specific knowledge and experience. 

As a first contribution to this development, the problem of the seismic behaviour of 
pin-jointed structures with bracing panels has been examined as an economical 
structural solution for building in zones of low seismiCity. The impertant influence of the 
connecting system has been also peinted out for this application (Mazzolani and Piluso, 
1990), due to lhe fact that the lransfer of shear forces from the structure to the panels 
is guaranteed by means of differenl technological systems which use bons, nvets , 
screws or welds. 

From the resuns of the available literature (Sanpaolesi, 1984) il was observed thaI two 
limit behaviours are given by riveted and welded connections, while the use of other 
systems (bans, screws) prOVides intermediate behaviours. Forthis reason the analytical 
models, which are developed here, are referred to these limit cases. The influence of 
such limit models is evaluated in term of seismic respense of a pin-jointed structure 
with bracing panels. 

2. EXPERIMENTAL DATA 

2.1 Riveted and screwed panels 

The cladding panel is usually assembled by means of mechanical fasteners (bans. 
rivets or screws). 

The available test resuhs for these types of panels are mainly under monotonic loading 
conditions. The knowledge of the cyclic behaviour is required in order to take into 
account the stiffening effect of panels which is always present and influences the 
dynamic behaviour of structures. 

From the technical literature, the available data on the cyclic behaviour of riveted and 
screwed panels are given by the experimental program performed at the University of 
Pisa (Sanpaolesi. 1984). These data are used here as a base for the calibration of the 
analytical model. 

A single layer panel composed by four elementary sheets, which are assembled ~y 
means of nvets (MODEL 1 a), is shown in fig. t . The complete panel IS screwed to the 
upper and lower chords. The behaviour under monotonic shear loads is clea~y 
non-linear as it is shown by the shear force versus shear displacement curve given In 
fig .2a. The discontinuities afierthe maximum load are due to the collapse of some rivets 
which produces the disconnection of elementary sheets and therefore leads to the loss 
of the load carrying capacity of the panel. From the cyclical peint of view the hystereSiS 
loops are characterized by large slips of the connections. A reduction of the energy 
dissipation capacity during the cycles following the first one is evident in fig .2b. 



An Improvement of the ductility can be obtained by means of the substitution of the 
riveted connections with screwed connections (fig. 1 , MODEL 1 b). The corresponding 
experimental monotonic behaviour is shown in fig .3a, while in fig.3b lhe behaviour under 
cyclic loads is given. In this case an improvement of ductility is observed together with 
an increase of the energy dissipalion capacity. 

The comparison between these two cases (rivets and screws) confirms that the first 
case (rivets) leads to the worst behaviour and, therefore, can be assumed as a lower 
bound. 

2.2 Welded panels 

An important increase of strength and ductility with a strong reduction of slips can be 
obtained by using spot welds for the connections between elementary sheets and by 
InsertJng the complete panel into a perimetral frame (fig. 1 , MODEL 2). A further 
Improvement of strength and ductility could be obtained adopting continuous instead 
of spot welds. 

In case of panels composed by sheets connected by means of spot welds and inserted 
IntO a penmetral frame, the monotonic and cyclic behaviours have been investigated 
In the already mentioned experimental program (Sanpaolesi, t984). The shear force 
versus shear displacement curve under monotonic loading is given In fig .4a. The 
softening branch IS due to the local buckling of the panel which produces the collapse. 
The hysteresis loops under loads comparable with the collapse static load are given In 
flg.4b; a very appreciable improvement of the energy dissipation capacity can be 
observed In case of welding with respect to the previous cases of mechanical fasteners. 

3. ANALYTICAL MODELS 

3.1 Riveted and screwed panels 

Theabove expenmental resuhs have pointed out that the most important feature of the 
cyclic behaviour of riveted and screwed panels is represenled, in the shear forces 
versus shear displacement loops, by the presence of large slips due to the collapse of 
nvets or screws. 

The Simplified model proposed in fig .S (Mazzolani and Piluso, (990) has been 
developed in order to interpret the worst behavioural case, in which the energy 
dissipated during the reloading phase can be partially neglected, as it can be obtained 
in a safe Interpretation of the testing behaviour of modella (fig.2b) 

The increasing branch has been described by means of acurve of the Ramberg-Osgood 
type: 

v =!...+(!..)" 
K, B 

(I) 

where : 

v IS the shear displacement ; 



F is the shear force ; 

K. is the initial shear stiffness provided directly by the experimental curve. 

The parameters nand B characterizing the non-linearity 01 the loading phase can be 
obtained by imposing the passage of the theoretical curve through two given points 
(v"F,) and (Vh F,) of the experimental one. It resu~s : 

n = (2) 

B 
F, 

(3) , 
(v,-~J 

The unloading branch is linear and its slope is given by PI<., where also the coefficient 
p can be directly obtained from the experimenlal curve. The unloading phase is followed 
by a slip branch corresponding to the release of the total accumulated delormation until 
the reloading in opposite sense IS reached. ' 

It is clear that the proposed model overestimates, in loading phase , the energy 
dissipated by the cycles following the first one. This approximation IS compensated 
after the unloading phase by the passage through the slip branch up to the reloading 
phase, where the energy dissipaMn is neglected. 

We Introduce (fig.5) : 

v; and vi the values defining the current position of the unloading branch in the positive 
range ; 

v; and vi the analogous values for the unloading branch in the negative range. 

Both unloading branches can assume different positions as far as the number of cycles 
increases and therefore they can be defined as moving branches, whereas the 
Ramberg-Osgood curve represents a fixed branch. 

Referring to the case in which v is greater than zero, it can be observed that: 

- if v > v;, the point P(v,F) belongs to the fixed branch (loading) ; therefore equation (1) 
provides the current value of F and the position of the moving branch has to be updaled 
by means of the values: 

• F v =v--
2 pK. 

- if vi'; v,; v; , the poinl P(v,F) belongs to the moving branch (unloading) therefore : 

F = pK.(v - v;J 

and the values v; and vi must not be updated; 

(4) 

(5) 

(6) 

- finally if v ,; vi the point P(v,F) lies on the slip branch and therefore F- O, while the 

values of v; and vi must not be u(xjated. 



.'-IX 

In an analogous way the case v<O can be studied . .. 
An Important feature of the proposed analytical model consists on its easy codification. 
ThIS is desiderable in view of its implementation in a computer program for the dynamIC 
inelastiC analysis of structures braced with trapezoidal sheet panels connected to the 
main structure. 

3.2 Welded panels 

From the cyclic point of view, the shear force versus shear displacement constitutive 
relationship can De considered stable, provided that it exhibits the same behaviour as 
In monotonic test even if the number of cycles increases. On the other hand, the 
behaViour can be unstable when its stiffness decreases as the number of cycles 
Increases. 

With reference to the panels in which elementary sheets are assembled by means of 
spot welds, the simplified analytical model here presented (fig.6) neglects the slight slip 
phase of the loading branches of cycles foliowinQ the first one, while the unloading 
branch can be either "near or non-linear. In the speaficcasethe use of a linear unloading 
branch IS preferable because the corresponding approximation provides a reduction of 
energy dissipation compensating the overestimate corresponding to the loading branch. 

The loading curve can be represented by means of the following equations, which are 
still of Ramberg-Osgood type: 

(7) 

for F>O and: 

v=v·+f...-I~I· • K. B 
(8) 

for F<O. 

The numerical coefficients of equations (7) and (6) and of the one describing the 
unloading branch can be obtained by minimizing the difference between the energy 
diSSipation corresponding to the analytical model and the one corresponding to the 
actual hysteresis loops. as given in fig .4. 

Belog B(F', yO) the point at the highest shear displacement experienced in the loading 
range, the unloading curve in the positive range can be provided by the relation : 

F-F' 
v=--+v' 

pK. 

while the one corresponding to the negative range is given by : 

(9) 

_ F-r 
v=v+-- (10) 

pK. 

It IS Important to point out that the proposed hysteretic model represents a simplification 
and an adaptation to this problem of a more general model which has been originally 
proposed for the simulation of beam-to-column joint behaviour under cyclic loads (De 
Martino et al .. 1964) and presented at the workshop in Cachan (Mazzolani, 1967). 



The model in its original form allows to take into account either the slrppage phenomena 
In the loading branch or the non· linearity of the unloading branch. Furthermore, the 
anginal model also gives the possibility to introduce a stiffness degradation as the 
number of cycles Increases. 
In this case the assumed simplifications are justified in view of the application of the 
model In a computer program for the dynamic inelastic analysis of structures. 

4. APPLICATION OF THE PROPOSED MODELS 

4.1 Analyzed structure 

As a first application of the above models, a pin'jointed steel structure braced by means 
of trapezoidal sheet panels has been analyzed (fig.7). Its trasversal behaviour under 
seismic loads has been examined considering two cases: riveted panels and welded 
panels. The story weight is 1120 kN at each story. 

The given structure has been studied by means of a dynamiC Inelastic analysIs which 
has been performed using a ground molion generated starting from the elastic desllLn 
response spectrum given in the new proposal of the ita Iran seismic code (CNR·GNDT) 
for soil type 5" with a PGA (peak ground acceleration) equal to 0.15 g, 0.25 g and 0.35 
g for low, medium and high seismicity zones, respectively. 

This structural typology can be economically advantageous In particular in low seismicity 
zones, because it prOVides the maximum economy in cost. The convenience to use 
this typology In low seismicity zones has been analysed by considering riveted or 
screwed panels. These results have been compared with the most common structural 
type: the pin·jointed X·braced scheme (Mazzolani and Plluso, 1990). 

In the following section the main differences in the seismic response of pin'Jointed 
structures braced by means of riveted panels and welded panels are given. 

4.2 Results of dynamiC Inelastic analysis 

Dynamic inelastic analysies have been performed for the two cases of nveted and 
screwed panels by using the analytical models descnbed In 3. t and 3.2 respectively. 
The computations have been carried out uSing a scope·oriented computer program 
(Mazzola", and Plluso, t 990) in which bracing panels are introduced by means of an 
equivalent couple of diagonals. It has been assumed that these diagonals have a cyclic 
behaViour corresponding to the one provided by the proposed analytical models. 

The program allows to evaluate all time histories, such as the ones of nodal 
displacements, stress and strain of members and panels. 

For the three considered zones: 

zone 1 , low seismiCity 

zone 2, medium seismicity 

zone 3, high seismicity 



the maximum displacements (fig.8) and the maximum interstory dnfts (fig.9) are 
compared as significant behavioural paranteters. 

Two cases are considered tor the structure braced by panels (lig.7): 

a the panels are riveted 

b. the panels are welded 

The resuns of IIg.9 are very imponant in view of the control of the ductility demands tor 
the braCing panels. 

In fact . the reqUIred Interstory drifts must be compared with the available ductility of 
panels. which IS given by the experimental data (fig. 2. 3 and 4). From this comparison, 
we can conclude that riveted and screwed panels could be used in low seismicity zones 
only, while welded panels are strictly necessary in zones of higher seismiCIty. The above 
resun confirms how the connecting system plays a very Imponant role In view of the 
possIbility to use pln'jointed structures in seismic zones, provided that cladding panels 
made of corrugated sheets should guarantee sulliclent ductlhty as requested from their 
braCing function. 
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ANALYTICAL MODEUNG OF CYCUC BEHAVIOR OF BOLTED SEMI-RIGID 
CONNECTIONS 

Laszlo D.Jnaj 1 

Le-Wu t..u2 

Abslract 

An anaJyticaI model IS inlroduced to sJudy the cyclic behavior of bolted semHtgid 
connecbOnS The study concenlrates on the deformation of the comectJng elements and 
assemblages 01 !he connections by applying a 20 linite element model The cyclic plasUClly 
material behallior IS modeled by the extended Mroz model. Results of iHUSlra!lVe cycJic 
loading analysis of top-and·seat·angfe connection is presented. 

1. INTRODUCTION 

The Influence 01 connectlOl'1 flexibility on !he monotonic loading and cyclic beh8VlOl' of steel 
Iramed structures has been under research in recent years The purpose 01 studies on 
monotonIC beh8VlOl' is 10 obtain !he moment-rotation refabOnShip of the semi--rigid joinls, 
which IS the basic aspect 01 the design procedures, Studies on cyclic behallior investigate 
the hystereliC moment·rotatoo behallior and the capaboIity 01 the semi-ngid JOInt lor energy 
absorptoo Most 01 the research on cyclic beh8VlOl' are experimental investigation applying 
load reversal on the specimens ( e g. Astaneh et aI , 1989, AzIZInamini et aI ., I985, aatIfo et 
ai , 1969, Chasten et aI. 1989; 0IC0rs0 et ai, 1969). Some analytical models have been 
derIVed lor the prediction of cyclic characteristics of serTi-rigid joints based on the results of 
laboratory tests (e g OICorso et aI. 1962; Moncarz and Gerstfe 1981 ; Mazzofani 1986) The 
authors' 8II'T11S to model the cyclic behavior of bolted serTi·ngid connections based on the 
cyclic plasliClty characterIStics of material of JOInt assemblages, Such anatybcaI model can 
predICt the main features of hysteretic behallior and the effects of different structural 
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solutions on it. This paper shows the main characteristics of the proposed model and an 
applICation for the cyclic loading analysis of top-and·seat·angle connecbon 

2. MATHEMATICAL MODEL AND COMPUTATIONAL METHOD 

2.1 General Assumptions of the Model 

The moment·rotatlOn relationship of a structural steet joint· in general· influenced by (1) 
deformation of joint due to load introduction, (2) shear deformation of the web of cofumn 
(3) deformation of the connection (connecting elements). In this study only the third effect IS 
Investigated. 
It is assumed to have a so called 'primary elemenr of the connection which can represent 
liS Ioad-deformatlOn behavior This element (e.g. T·stub for end·plate connectIOn, bolted 
angle for top-and·seat·angle connection) is assumed to carry the load mainly by plane 
ooforrnabon. 

2.2 Features of Finite Element Model 

A 20 rnodeI is IIwoduced for a segment of the prmary element of the ComectlOn and for 
the bolt in II (Dunai and Lu, 1990; Knsnamurthy 1980) Bon pretenslonlng, bolt bending and 
bolt head deformatIOn effects are taken Into consideratIOn III the bon model Isopararnetnc 
plane stress elements are used for both angle/end· plate segments and for bolts In the FEM 
representation. 
For the handling of contact problem due to load reversal (separation/recontact) a SImple 
and effICient method is introduced (Dunai, Lu 1990). 
The material model of Mosaddad and Powell (1982) is adopted in this study This model 
extends the baSIC Mroz model to consider cyclic behavior of material, With combined 
isctropic and kinematIC hardening. The actual material properties are caiculaled from the 
virgin state (fost half cycte of 1oad1flQ) and fully cycled state of the material ThIs translbOn IS 
controlled by a weighting functIOn, based on accumufated plaStIC strain 
The effect of changes In geometry due to deformation IS also taken Into consideratIOn III the 
FEM rnodeI by a SImplified approach (geometrIC nonlinearity) 
An Incremental loading process IS applied for lhe solutIOn of the highly nonlinear problem 
(boundlary, material and geometric nonlinearity) arised from the mathemabCal model 

3. CYCUC LOADING ANALYSIS 

Cycbc IoadIflQ analysis was performed for an angle segment, and the resuns are used to 
predict the cyclic moment·rotatlOn relationship of a top-and·seat·angle ConnectIOn Angle 
segment was experimentally investigated for monotonic loading (LeWIn et al .. 1966). Figure 
1 shows the original and deformed conflgurabOn of the angle segment obtained from com· 
parative numerICal study. 



Figure 1 

Cyclic loading analysis was performed applying load reversal for the previous angle 
segment. Load-deformation relallOnShip for two and a half hysteretic loops can be seen " 
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BEHAVIOUR OF SEMI-RIGID CONNECTIONS AND IMPLEMENTATION 
IN FRAME DESIGN 

D A Nethercol' 

Abstract 

The results of recent research into the behaviour of non-sway steel frames 
provided wilh semi-rigid/partial strength joints is synthesised into a set of design 
proposals. These cover behaviour about the major and minor axes and recognise 
Ihe possibility of biaxial behaviour of Ihe columns. The results are presented as a 
set of relatively simple design steps. 

INTRODUCTION 

The design of steel frame structures has always entailed the making of certain 
assumptions concerning suitable approximations to their actual behaviour. The 
most important of these have traditionally been (Baker et ai, 1956): 

1. Sway frame or non-sway frame 
2. Pin Joints or rigid joints 

Once these choices have been made, the deSign process can follow a series of 
logical steps. 

Recently the second of these choices concerning the behaviour of Ihe joints has 
been expanded through consideration of a third, intermediate form of joint - seml
ngld. Thus modern design codes such as EC3 and the AISC LRFD now indude 
rules covering both the principles and (to a lesser extent) the application of semi
rigid design. These are the resull of studies from a wide variety of sources that 
have contributed greatly towards the development of a beHer understanding of the 
processes of end-restraint and momenl transfer. However, conversion of this 
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information Into comprehensive, yet readily understood, design rules has been less 
successful (Nethercot, 1989), close examination of the relevant code clauses 
suggesting that the ·ordinary engineer" would find considerable difficulty in their 
actual implementation, This is understandable given the complexity of the subject ; 
translation of the basic research information into straightforward design procedures 
is arguably a more challenging task than the production of the original results. 

This paper will present the basis for a complete design treatment, Citing the 
background supporting evidence wherever possible, for a limited class of structure . 
By restricting the application, it is possible to give adequate attention to all the 
detailed aspects of the subject, thereby avoiding the overwhelming complexity 
inherent in trying to apply the principles to all forms of construction. 

Connection Behaviour 

The basis for any treatment of semi-rigid joint action Is the moment-rotation (M-~) 
characteristic of the connections. This has been weil researched from the point of 
physical testing, numerical analysis and simple behavioural/predictive methods 
(Nethercot and Zandonini, 1989). Inevitably soma gaps In appreciation of the 
behaviour of particular joint types remain but sufficient data are now available for 
the general prinCiples to have been firmly established. Thus it is clear that all 
normal forms of steelwork joint have some degree of rotational stiffness (semi-rigid) 
and moment capacity (partial strength) . Moreover, the relationship between 
moment and rotation is generally non-linear, depending in a complex fashion on 
the exact joint details and with reductions In slope (stiffness) as the maximum 
capacity is approached. From all the available data the key performance indicators 
may be established as: 

ii 
iii 

Moment capacity - Me Controls the form of the bending moment 

Rotationai stiffness - Iq 

Rotation capacity - Qu 

distribution at collapse 

Influences deflections at working load. 
Controls the scope for moment redistribution and 
thus for employing a mechanism type approach to 
determining collapse loads. 

Applying these concepts to the simple illustrative example of a beam attached at 
e~her end to rigid columns by similar semi-rigid connections of Figure 1 permits the 
principal effects on member behaviour listed above to be identified. 

Each quantity is discussed in the draft EC3 with simplified quantitative procedures 
being given for certain arrangements. Alternatively, reference may be made to 
more specialist literature (Nethercot and Zandonini, 1989) . 

. , 



Frame Behaviour 

For non-sway frames two basic design premises are possible: 

Strong column, weak beam 
ii Weak column, strong beam 

In the former failure is assumed to be triggered by collapse of the beams, the 
columns being capable of supplying some degree of restraint ; in the latter the 
stronger beams are assumed to be capable of supplying restraint to the columns as 
they initiate failure by buckling. Figure 2 illustrates for a simple portal frame the 
basic ideas. When considering the collapse of columns, it is necessary, if the full 
three-dimensional aspect of the problem is to be recognized, to consider behaviour 
about the a) strong axis and b) weak axis. 

Combining these two factors suggests thai the most logical approach for frames 
conSisting of conventional I and H sections is to link I to a and ii to b. Thus in the 
strong -aXis direction the columns are assumed to assist the beams but for 
behaviour about the weak axis end-restraint from the beams is assumed to be 
available to help resist column failure. ThiS idea goes back to the original work on 
plastiC deSign for rigid jointed frames (Baker et ai , 1956), for which the parallel 
would be the so·called Px Ey approach , signifying plastic design of the major axis 
beams and elastic design of the minor axis beams. Such an approach forms the 
baSIS for the JOIOt Committee method (Institution of Structural EnglOeers and 
Welding Institute, 1971) and for its subsequent development IOtO the variable 
stiffness technique (Wood, 1974). If semi-rigid joinls are employed, the same baSIC 
philosophy is present i.e. major axis beams which are assumed to transfer most of 
the moment caused by the floor loading are designed as economically as possible , 
whilst minor axis beams are designed somewhat less economically but, more 
ImpoMntly, provide significant restraint as a means of enhancing column strength . 
Such an approach is likely to lead to the best balance in terms of resist 109 the 
applied loading in the most economical way. 

Design of Major Axis Beams 

Assuming that the end connections possess sufficient ductility, these beams may 
be deSigned for strength using a quasi-plastic approach as illustrated in Figure 2, 
With the net moment at mid-span MB given by 

MB = wL2/8 - MJ (1 ) 

MJ 
wL2 

(2) or since • x12 
in which x fraction of full (elastiC) fixity 

Thus MB 
wL2 
24 (3 - 2x) (3) 



in practice the designer is free to select a suitable figure for x based on the 
preferred type of connection and thus the anticipated level of moment capacity, 
Since the joints are assumed to reach MJ before a plastic hinge forms at the mid
span cross-section of the beam, this member will not need to be restricted to those 
cross-sections capable of participating in plastic-hinge action I.e, its geometrical 
proportions need only meet the limits necessary for the anainment of the plastic 
moment capacity of the cross-section, 

MJ < i¥ 
... < if 
1M. :!&. 
L' <""" l' 

Figure 1 Behaviour of Beam with Semi-rig id/Partial Strength Connections 
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Figure 2 Types of Non-Sway Frame 



At serviceability it is assumed that the joints are still functioning on the initial, 
relatively steep part of the M-* characteristic. This assumes that this initial stiffness 
(or the designer's estimate of ~) will be available for approximately 70% of the M-Q 
characteristic (assuming a load factor on collapse of the order of t .5) . The effect of 
the end restraint may be likened to that of a spring restraint and, strictly speaking , 
deflection calculations should be made on this basis. However, a safe (and 
sufficiently accurate) estimate of the mid-span deflection may be obtained by 
assuming the ratio of joint moment to mid-span moment to be the same at 
serviceability as it is at collapse 

This gives-

Os = 
....L wL4 _ MsL2 
384 EI 8EI (4) 

In which Ms 
wL2 [ MJ ] (5) = 12 wL2J8- MJ 

or Os 
wL4 [I2g~' ] (6) EI 

The second term In Eq. 4 is the deflection due to the jOint moment at the 
serviceability condition Ms, expressed as the ratio of joint moment at collapse M.J to 
mid-span moment at collapse Me times the elastic support moment assuming fixed 
ends of wL2/ t 2. 

It should be borne in mind that design at the serviceability condition is essentially a 
requirement to ensure that deflections do not exceed a given limit. Great precision 
is thus not required; the simplest calculation that produces an acceptable 
dellectlon is all that is necessary. However, an improved estimate of dellections, 
making bener allowance for the combined restraining effects of the end connection 
and the column i.e. allowing for column flexibility , has recently been devised 
(Gibbons, t 99t). This has been worked out in a very general way and consists 
essentially of modifying the beam deflections calculated on the basis of rigid joints 
so as to allow for the additional component due to joint flexibility. The principle will 
readily be appreaated from the basic expresssion : 

%;d + (1-11) (dpon - %;d) (7) 

in which Osr, 5rigod and Spin are the deflections of the beam in the semi-rigid frame, 

fully ngld frame and assuming simple supports respectively and 11 defines the 
degree of full fixity under elastic conditions provided by the actual joint 
arrangement ; It may adopt values between zero for pinned ends and t .O for fixed 
joints. Spin and Sng;d may be calculated by any convenient method. 



Column Design 

Steel column design under a combination of compression and applied end 
moments is normally undertaken by satislying interaction lormulae. All steel design 
codes contain suitable equations. Thus a first approach to the inclusion 01 semi
rigid joint effects in column design would be to attempt to assess the end moments 
for which the columns should be designed. Figure 3 illustrates the major axis 
moments acting at the point of failure on the major axis beams. Since the beam to 
column connections are assumed to have developed their full moment capacity, 
the end-moment will remain fixed at the value MJ irrespective of the degree of end 
rotation that has taken place. This is, of course, a consequence of assuming that 
the joint M-~ characteristic has a sufficiently long plateau (rotation capacity) for the 
beam collapse Il\echanism to form. The end moment transferred to the column, 
assuming columns of equal stiffness above and below the joint, becomes: 

Me = 

Me = 

0.5 (MJ + wLdl4) for an external column (8) 

0.5 (MJL + MJR) + 0.5 (wtLtdl4 - w2L2di4) for an internal 
column with an unbalanced arrangement of beams/loads (9) 

in which MJR, MJL are the joint moments on either side of the external column 
Wt ,W2 and Lt, L2 are the load and span of the beams on either side of the joint. 
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Agure 3 Structural Actions for Column DeSign 



Since the connection has reached the plateau on its M-$ curve, its effective 
stiffness will be zero and thus no restraint about the major axis of the column will be 
possible from the beam/connection combination; the appropriate effective length 
for strong-axiS buckfing Is therefore the full clear span. 

In practice open section columns are much more prone to failure by bucfkfing about 
the weak axis, possibly combined with some degree of torsion. Indeed, use of the 
conventional interaction formula approach with known end moments shows that it 
IS normally necessary to have more restrictive support conditions about the minor 
axis if failure under either major axis bending or biaxial bending is to be anything 
other than in the weak axis direction. For restrained columns the situation Is more 
complex as the beamJjoint combination both provides some degree of restraint and 
controls the transfer of moments. As indicated in the previous paragraph, if the 
connection reaches its moment capacity, then its behaviour is analagous to that of 
a plastic hinge with both the moment transfer and restraining effects adopting a 
known value. However, it has already been proposed that both the beams and the 
connections to the minor axis of the column be designed only up to a load level at 
whi~h significant restraint is still present. Considerable work is still being 
undertaken on this aspect of the problem (Gibbons, 1991); as a resu~ of material 
produced to date, the following procedure would appear to be reasonable. 

Sophisticated numerical analyses for a variety of cases, covering much of the 
practical range, have indicated that the beneficial effects of end restraint - even 
with relatively flex ible, low moment capacity connections such as double web 
cleats - will almost always outweigh the deleterious effects of applied minor axis 
moments (Gibbons et ai , t99t). This suggests a particularly simple approach in 
which for minor axis buckling the columns are designed as restrained but 
subjected to axial load only. Thus in this particular case neither the major axis nor 
the minor axis moments need be considered in the design; indeed no attempt 
need be made to try to calculate the minor axis moments. This proposal is, of 
course, directly analagous to the variable stiffness method of column design as 
proposed (Wood, t 974) for columns in rigid jointed frames In which the minor axis 
beams are assumed to remain elastic up to collapse. 

Indeed some attempts (Shea, 1989) at adapting Wood's approach have been 
made but further work is necessary to refine its ability to reflect certain key factors in 
order to make it sufficiently sensitive to the additional effects introduced by the 
presence of partial strength/semi-rigid connections. Thus for the present the simple 
approach of decoupling the 3-dimensional problem into its components and: 

t . deSigning for major axis buckfing using the axial load and end moments of 
Fig. 3 with Lex - L 

2. designing for minor axis buckling under axial load only with Ley calculated 
as indicated below 

IS recommended. This separation of behaviour about the two axes and an 
(implied) neglect of twisting follows directly from observations of the absence of 
twisting as a cause (rather than as a consequence) of failure in both full-scale tests 



(Gibbons et ai, t 990) and in numerical analyses (Wang and Nethercot, t 988) of 
subassemblage behaviour. 

Determination of Ley requires that the stiffness of the minor axis beam/connection 
combination be estimated using the suggestion (Galambos, t 982): 

K (t 0) 

in which KB is the stiffness of the beam (fll) 

Since minor-axis joints are assumed to remain on the initial, steep part of the M-$ 
curve, all connections may be assumed to contribute i.e. it is not necessary to 
restrict consideration of the restraining effect to the unloading connections 
(Bjorhovde, t 984) . Using the chart form of presentation of EC3 Annex E given as 
Fig. 4 requires restraint factors ", and"2 for either end to be calculated from : 

", = Kc + KBI + KII + K1 2 (11 ) 

= 
Kc + K2 

(12) 

and Kc,K"K2,Kl1 ,K'2,K2"K22 are defined in Figure 5. 

In practice since beam stiffnesses K'2 etc will normally be much greater than 
column stiffness Kc, the effect of the KJ modification of Eq. 10 to KB on the eventual 
Le value will ohen be very small. 

-_.-'. 
Figure 4 Effective Column Length Ratio Lell - Non-sway Case 
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Figure 5 Member Stiffnesses used to Determine Column Effective Length 

CONCLUSIONS 

The essential features have been given of a method for the design of non-sway 
frames that recognises the presence of semi-rigid/partial strength Joints. It is based 
on considerations of the true 3-dimensional behaviour of the main components, 
simplified as a result of careful appraisal of a large body of research data. 
Although certain details remain to be more fully worked out, the approach is 
believed to be competetive with traditional methods in terms of design effort, to 
properly recognise the essential features of the real behaviour, to provide the 
designer with considerable freedom of choice and to lead to economies in material 
use. 
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DESIGN ANALYSIS OF SEMI-RIGID FRAMES WITH LRFD 

W. F. Chen' 

Abstract 

The approach IS based primarily on the moment magnifICation factor method (B I. B, 
factors in the AISC-LRFD Specification). While the B, and B, factors are applicable 
only to frames with rigid jOints. modifications are made here to extend these factors to 
accommodate the effect of flexible jOints. The modifications include the use of two 
desIQn connection stlffnesses and the use of alignment charts for determining the 
effective length factor of the elastically-restrained columns. 

The design moment of the member is then determined by the usual LRFD approach 
and the beam-column interaction equation is used for the design of the members. The 
implementation of this simplified method on personal computer is demonstrated. 
NumerICal examples are also given. 

1. INTRODUCTION 

A Simplified procedure for the analysis of unbraced flexible frames was introduced 
recently by Barakat and Chen (1990). The procedure is largely based on the 
philosophy of the s<>-<:alled B I and B, amplification factor method recommended by the 
AISClLRFD Specification (1986). While the amplification factor method IS developed 
for elastIC rigid frames. the simplified analysis procedure suggests a number of 
modifications to accommodate the presence of flexible connections. These include: 
two linearized moment-rotation relationships (expressed by R,. and R,,) for modeling 
the connection behavior and a modified relative stiffness factor (G') for determining the 

I Pror(~sor and Head or Structural EngulCCnng, SchoOl of Ciyll En,lneenn,. Purdue Um\ersIIY. West 
lA(.ye\lc. IN 47907. 
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effective length of elastically-restrained columns. The modified initial sbffness (RkO) is 
used for Implementation in the first-order analysis of the nonsway frame configuration 
which produces M", moments. The secant stiffness Rkb is used for Implementallon In 
the first-order analysis of the sway frame which yields Mit moments. The deslSn 
moment of a member IS then determined by the equation 

(1) 

Herein, the highlights of this analysis procedure is presented. The Implementation of 
the simplified analysis procedure on personal computers is demonstrated Numerical 
examples are also discussed. 

2. MOMENT-ROTATION CURVES AND CONNECT10N PARAMETERS 

The Idealized connection models are developed on the basis of connection M-e, 
curves which, in turn, are formulated on either experimental or analyllcal baSIS (Kishi 
and Chen, 1986, 1990, Chen and Kishi, 1989). For practical Implementations, the 
power model by Kishi and Chen (1990) is used here for the development of the 
simplified linear connection models (R,o and Rkb) ' As a good representallve of the 
semi-rigid type of connections, the top- and seat-angle with double web-angle connec
tion is used In the numerical examples. 

2.1 Determination of R,. 
Two connection parameters are required for the determination of R, •. They are the InI
tial connection stiffness Rio and the ultimate moment capacity M, of the connection. If 
an experimental connection moment-rotation curve IS available, R" and M, can be 
obtained graphICally. In heu of an experimental M-e, curve, R ... and M, for some 
selected types of connections can be evaluated analytically uSing the procedure diS
cussed by Kishi and Chen (1990). 

With Rio, M, and a connection model, RkO IS determined graphically as depicted In Fig. 
1. Note that R,o is the secant stiffness corresponding to a rotalion of e •. e. IS obtained 
as the intersection of the initial stiffness Rio and the ultimate connection moment M, . 
R,o is recommended instead of R" as a representative connection stiffness for calcu
lating Mo, because it was felt that R" was too high a value to be used for analysis 
recognizing that the connection stiffness degrades as the moment in the connection 
increases. 



The secant stiffness R .. determined by the. above procedure is used in a first-order 
frame analysIs to obtain Mot. 

2.2 Detenmination 01 R •• 

At advanced stages of loading, the connecllon sustains increaSing rotations and con
sequently exhlblts declining stiffness values. For sway frames, the connection IS 
presumed to undergo noticeable deformation when the effect of lateral loads is added 
to that of gravity loads. In regard to the AISC moment magnification (B ,.B2 ) method, 
this situalion may be viewed as the phase in which M" is determined. The design con
necllon stiffness to be used in this phase should therefore be less than that used for 
determining Mot . Barakat and Chen (1990) proposed a stiffness value of R •• for the 
sway analysis. The determination of R.. is shown schematically in Fig. 2. In the 
figure, curve t represents the deformation due to column rotallon, curve 2 represents 
the deformallon due to connection flexibility, and curve 3 IS the so-called beam line. 

"r-r-r---------------------, " , e ...... c .. ... 
I ·C_I_ .... ... 
J . ...... ~_ ... 
4 • c:.- • c_~ ......... 

"0 - ... -... -...... -.- ---. --_;;;--~- __ _ 

80 8, 

• .~ 

Fig. 1. Determination of ~O Fig. 2 . Deterain.cion of ~b 

Curve 4 in Fig. 2 represents the combined effect of column rotation and connection 
deformation. Compatibility of rotational deformation at a joint will be satisfied at the 
Intersection of the beam line (curve 3) and curve 4 (point A in the figure). However, for 
design purposes, it is reasonable to assume that the effect 01 column rotation is negli
gible compared to that of connection deformation. Consequently, curve 2 rather than 
curve 4 IS recommended for determining Rk •. From Fig. 2 it can be seen that R,. is 
obtained as the secant stiffness corresponding to a rotallon defined by the Intersection 
at curve 2 and curve 3 (point B in the figure) . 



3. DETERMINATION OF K FACTOR FOR COLUMN DESIGN 

The column effective length factor K is obtained from the alignment charts in the usual 
manner using the modifications for elastically-restrained beam ends as described in 
the thesis by Barakat (1988). 

The design procedure is summarized as follows. 

1. Determine R .. and Rkb according to Sections 2.1 and 2.2, respectively. 

2. Perform a first-order analysis incorporating the connection stiffness RkO for M Ol' 

3. Perform another first-order analysis incorporating the connection stiffness Rkb for 
Mit· 

4. Determine the G factors. 

5. Modify the G factors determined in Step 4 using the procedure described by 
Barakat (1988) to account for the effect of connection flexibility. 

6. Determine K using the alignment charts (AISC nomographs). 

7. Evaluate B, and B2 according to AISCIlRFD equations. 

8. Obtain the design moment using Eq. (1). 

9. Use the beam-eolumn interaction equation to design the member. 

4. NUMERIC EVALUATIONS 

The same frame configurations and connections described by Goto and Chen (1987) 
were used here in a numerical study aimed at illustrating the proposed method of 
analysis and rationalizing its approach using the four semi-rigid connections shown in 
Fig. 3. In this study, exact second-order and linear first-order analysis were conducted 
using the computer program FLFRM (Goto and Chen, 1986). Exact analysis which 
accounts for second-order effects was conducted with the aclual nonlinear M-e, curve 
of the connection. As mentioned earlier, the first-order analysis was conducted 
according to the loading arrangement associated with B, and B2 method and imple
menting connection stiffness R .. or Rkb as applicable. A number of combinations of 
connections and frames are utilized to illustrate the versat ility of the proposed method. 
The results of analysis are presented in a tabulated form . It is worth mentioning that 
the related tables include not only the maximum column moment of each floor, but all 
moments that control the design of all columns in those floors where different member 
sizes are used. 

., 



Table 1 shows momenl values of cOlul1Jn members (Me,,,,) for two of the five frames 
determined by exact second-order analysis using connection 111-16, as well as moment 
values (M.) determined by the simplified analysis procedure. It can be seen that the 
simplified procedure offers very good predictions for the design column moments in 
these frames. Table 2 contains the normalized (by exact solution, i.e. M"",) column 
moments in Frame FA-5. As can be seen, all four connections (111-11,111-14,111-16 and 
111-17) were used in the analysis. It is evident from these tables that the predictions of 
the design column moments by the propcsed method of analysis are very good and 
generally conservative for most members. The unconservative moment values (all of 
which happened to occur in top floor columns) are considered to be within the allow
able tolerance in engineering practice (less than 5%). In addition, these values 
represent, in most cases, better estimates than those obtained by the conventional 
rigid frame analysis as will be shown later. 

Table 1. Moment Values Determined by Propcsed (M.) and 
Exact (M"",) Analyses, (Connection 111-16 is Used, Fig. 3). 

Frame Code M. Mcuc:t Mu/Mc'uct 
FA-3 Col. 2 -308 -302 1.03 

Col. 5 -420 -369 1.137 
4-8ay 

2-Story Col. 7 -128 -133 0.968 
Col. 10 -341 -337 1.009 

FA-5 Col. 2 -501 -484 1.035 
Col. 3 -603 -505 1.196 

2-8ay 
2-Story Col. 5 -225 -210 1.071 

Col. 6 -339 -354 0.959 

'Column numbering sequence: from first floor to top floor, and from left to right in each 
floor. 

The selection of a different, and at the same time, softer connection stiffness (i.e. R,.) 
as oppcsed to the initial stiffness (RIu ) was based on parametric calculations which 
showed that the performance of RkO is more adequate for the simplified method of 
analysis. A sample of data suppcrting this suggestion is presented in Table 3 which 
was generated with the implementation of connection 111-17. The table shows the 
results of the exact (second-order with real connection curve) and simplified methods 
of analYSIS. The simplified analysis was conducted with two different combinations of 
the Idealized connection stiffnesses: The first combination used R" and Rkb in a first
order analysis to determining MOl and M", respectively. The second combination used 
RkO and Rlb in a similar analysis. 
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Table 2 Design Moments M" in FR-5 Normalized by Exact Solution M"". 
(Two-Bay-Two-Story Frame) 

Connection Used Normalized Design Moment 
(Fig. 3) 

Col. 2 Col. 3 Col. 5 Col. 6 
Connection 111-t 1 0.993 t.209 1.063 0.950 
Connection 111-14 1.107 1.187 1.073 0.952 
Connection 111-16 1.035 1.196 1.071 0.959 
Connection 111-t 7 1.084 1.053 1.1 12 0.966 

~ can be seen that the design moment M. determined by using RkO for the calculation 
of M". are closer to the exact solution than those obtained by using R ... This can be 
explained by examining the values of MOl which are computed by Implemenling these 
stiffness values. As compared to RkO. the higher stiffness Rk• causes larger momenls 
to be allocated at beam ends which are. consequently. transferred to column ends. ills 
evident that the modified initial stiffness RkO is a more adequate and reasonable choice 
for the simplified analysis as opposed to the in~ial stiffness R" . 

Table 3. Analysis Results for Moments M .. and Mil Using Combinations 
of R" and RkO with Rkb for Linear Models of Connection 111-17 (Fig. 3). 

Analysis With AnalYSIS With 
Frame Column R" & Rkb RkO & Rkb Exact 
Code No. AnalYSIS 

M .. M,. M. Mol Mil M. 
FR-3 2 42 251 317 29 251 307 284 

5 239 177 434 236 177 432 424 
4-Bay 
2-Slory 7 56 92 150 42 92 137 133 

10 311 53 365 306 53 361 377 
FR-5 2 00 424 462 00 424 468 431 

3 268 311 606 271 311 613 583 
2-Bay 

2-510ry 5 00 201 208 00 201 210 188 
6 231 112 348 236 112 353 366 

5. FRAME ANALYSIS ON PERSONAL COMPUTERS 

One of the main objectives of Ihe simphfied analysis procedure was to establish a 



simple and practical analysis procedurE! for the design of steel frames with semi-rigid 
connections. Herein, aHempt is made to provide for even more efficient implementa
lions of flexible frame analysis. The use of personal computers for the analysis and 
deSign process is scugh!. For the problem at hand (B I and B, concept of analYSIS), the 
number of variables, quantities and operations involved is qurte large and their determ~ 
nation is a timEH:onsuming process. To this end, the above procedure has been imple
mented In a spreadsheet program to facilitate the design. Details of this development 
are given elsewhere (Barakat, 1988). 
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Fig. 3. Experimental Connection Curves (Ki.hi and Chen, 1986) . 
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6. DRIFT OF SEMI-R1GID FRAMES 

As a resu~ of the flexibility of the connections. sem~rigid frames tend to deflect qUite 
significantly (Gerstle and Ackroyd, 1990) under Ihe action of lateral loads. Studies 
have shown that most flexibly~onnected frames designed on the basis of slrenglh 
violate the drift requirement for serviceability. Consequently. " is paramounl thai calcu
lations for drift be performed to ensure Ihal excessive lateral deflection will nol occur. If 
the amount of drift exceeds the intended tolerance limit. the lateral stiffness of the 
frame must be increased. 

A spreadsheet application for approximate drift calculations was proposed by Ackroyd 
(1990) for semi-rigid frames. In lieu of a computer program, the following prediction for
mulas (Cronembold and Ackroyd, 1986; Gerstle and Ackroyd. 1990) for dnft can be 
used for a preliminary analysis. 

For top and seal angles 

t;. w 
H ~ 90 + 16O(BIH) 

(2) 

For flange plales 

t;. w 
H = 130 + 16O(B/H) 

(3) 

In the above formulas, t;. is the lateral deflection at the top slory of the seml-ngld frame, 
H is the overall height of the frame, B is lhe overall width of the frame, and W IS lhe 
lateral load intensity (in kipstft of vertical height). 

7. SUMMARY AND CONCLUSIONS 

The design of semi-rigid frames is Intrinsically more complex than the des'9n of ngld 
frames because of the difflCu~y and uncertainty in predicting the moment-rotation 
behavior of the connections. Fortunately, studies by Goto and Chen (1987) , Wu (1988) 
and others have demonstrated that some errors in predICting the response of the con
nections will not noticeably affect the overall behavior of the sem~rigid frame. Further
more, studies reported by Gerstle and Ackroyd (1990) have demonslrated Ihat, for 
practical purposes, connections can be regarded as rigid and the frame can be 
designed as a rigid framer if the limit 

., 
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EI • 
RO~ <0.05 

(4) 

IS satisfied. In Eq. (4), El, is the flexural rigidity of the girder, L IS the girder length and 
Ro IS the connection stiffness. 

If a second-order analysis program is available which can take into consideration con
nection flexibility, it should be used for design. In lieu of such a program, simplified 
design methods which are based On simplified behavioral models for connections (Wu 
and Chen, 1990) and for semi-rigid frame action can be used. Several of these 
Simplified methods have been proposed in recent years. Herein, a simplified method 
based on the 1986 AISCILRFD procedure for rigid frames has been extended to the 
design of semi-rigid frames. 

The proposed Simplified analysis procedure for unbraced fleXible frames uses a 
number of assumptions In its formulation. In this paper, numerical examples are used 
to illustrate the applicability of the analysis procedure as a whole. It has been shown 
that the performance of the idealized connection models (R .. and ROb) as utilized in the 
analYSIS procedure is very good. It can be concluded that the analysis of flexible 
frames by B I and B, concept is feasible if proper modifications are undertaken. 

The implementation of frame analysis on personal computers can best be made in a 
spreadsheet format. Based on our personal experience, the spreadsheet format has 
been found very efficient for such type of design problems. 

It IS Important to note that the LRFD method, as all other methods, is strength based, 
which means that the deSign is based on strength, not serviceability. Since excessive 
frame drift is often a problem for semi-rigid frames, due consideration must be given to 
check the resulting design for serviceability requirements and proper measures must 
be taken to limit the drift of sem~rigid frames. 
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PRACTICAL DESIGN ALLOWING FOR SEMI·RIGID CONNECTIONS 

Ronald Cunningham' 

Colin Taylor' 

Abstract 

The convenience of assuming 'pinned' or 'rigid' connections has blunted interest 
in their real behaviour because of mathematically complex solutions. However 
cheap computing power, new codes and more information have awakened fresh 
interest. The effects of joints on real structures is discussed . USing fixity factors 
and modified moment distribution the analysis need not be difficult. Even without 
full connection data. valuable qualitative conclusions of practical value are 
obtained. 

1. INTRODUCTION 

Semi-rigid connections can have benefits in steelwork design. It appears that 
sufficient information will soon be available to allow practical designers to use this 
method INethercot, 1985; 8ijlaard et ai , 1988) . 

The apparent difficulties in analysis are reduced by using the concept of fixity 
factors. They allow the designer to examine behaviour in fundamental terms and 
provide a ' feel' for the practical effects of varying key parameters . 

'Cunningham Associates 

'The Steel Construction Institute 



381 

2. CONNECTION CHARACTERISTICS 

2.1 Basic behaviour 

Characteristics of a beam-to-column connection can be obtained by means of 
testing (figure 11. For a given moment a corresponding rotation is obtained for the 
beam plus the connection. By subtracting the elastic rotation of the beam. the 
applied moment can be ploned against the rotation of the connection. This is 
referred to as the M-¢ curve. 

Figure 2 indicates typical M-q> curves for various connections. Behaviour is 
generally non-linear. An initial stiff phase is followed by a phase of much reduced 
stiffness. In ductile connections. such as flush end plates or unstiHened extended 
end plates. a plateau is reached with large rotations at virtually constant moment. 

The extended end plate is the stiffest. The flush end plate. although less stiff than 
the extended endplate, is 'well-behaved'. with a very smooth and long plast ic 
plateau. Flange cleats and header plate connections, though semi-rigid to some 
extent, are best regarded as nominally pinned, as moment capacity is limited. 

2.2 Representation for elastic analysis 

Many proposals for analysis have been presented (Jones et al.. 1983) which call 
for close approximation of the M-¢> curve. However it will be argued later that all 
that is required for practical design is a simplified linear representation. Figure 3 
indicates a number of different linear representations. The first is a simple linear 
approximation which is in effect an average of the behaviour up to yield. The 
second is a closer approximation in that two stiffness ranges are used up to this 
yield value. This will give a more accurate representation of the serviceability 
behaviour, but the ultimate limit state analysiS will be little changed . Thus unless 
deflections are likely to be critical, the simple linear solution is the one to use. 
Three or more straight lines can be used, as shown in the third solution, but this 
is generally found to be unnecessary . 

3. FRAME ANALYSIS 

3.1 The fixity factor 

The fixity factor is the most important concept to be discussed in this paper. It is 
a powerful indicator of connection behaviour (Cunningham. 1990). 



.. 
The fix ity factor Q defines the stiffness of a connection relative to the anached 
beam. The stiffness of the connection is represented by a spring of stiffness 51' 
The fixity factor is the ratio of the rotation of the end of the beam due to a unit 
end moment. divided by the rotation of the beam plus the connection for the same 
moment (figure 41 . With a true pin connection the value of Q is O. For a fully fixed 
connection there is no rotation of the spring and a becomes 1. This range of 
values from 0 to 1 is important in giving the practical designer a feel for the 
degree of fixity of a connection. The value of a indicates how the behaviour of the 
structure will be affected by the connection. bener than the absolute value of 5,. 
The device of fixity factors allows us to examine frameworks in concept without 
the immediate need for detailed connection design data . 

Figure 5 shows a typical variat ion of S. against Q. This diagram demonstates that 
when Si is large, significant changes in S. produce only minor changes in Q . It also 
indicates that a rigid connection would require infinite stiffness, $0 by definition no 
connection is truly rigid . Nevertheless quite large reductions in stiffness from full 
fix ity can be seen to have little effect on the structure, because only a minor 
change in a results from a large change in~. Conversely, at the lower end, even 
small increases in 5i produce appreciable increases in Q. As even a ' nominally 
pinned' connection w ill always have some sti ffness, this can lead to restraint 
moments of significant benefit to a structure . 

It is because a is relatively insensitive to 5 j that only an approximate M·~ curve is 
required, as the analysis is directly affected by Q. This partly explains why 
structures behave well in practice. due to the enhancing effect of simple 
connections and the fact that 'rigid ' connections do not have to be fully rigid. 

3 .2 Unbraced frames 

The effect of sway on structures with semi· rigid connections is fundamentally 
important (Souroknikov, 1949; Disque, 19641. The basic effect of sway is to 
reduce the moment at a connection from the value initially reached under gravity 
load . due to the connection ' stretching' as it yields on the leeward side under the 
act ion of wind . This reduction in end restra int moment is referred to as wind 
shake·down. In an un braced frame the full restraint moments developed from the 
semHigid gravity analysis cannot be used in the design of the beam. 

3.3 Moment distribution 

Moment distribution, suitably modif ied to take account of semi-rigid behaviour, is 
a powerful tool in the analysis of semi.rigid structures . Tables 1. 2 and 3 
summarise results obtained during development of the method (Cunningham, 
1987(. The use of the fixity factor within moment distribution leads to great 



simplification of the analysis. The modified moment distribution method. in which 
the connections are treated as part of a modified beam. directly parallels that for 
fully rigid connections. see figure 6. This method can be used without 
modification for structures of any degree of fixity. Even plastic analysis is easily 
incorporated as the relevant factors are merely modified to suit a connection with 
zero stiffness for the relevant load phase. 

3 .4 Other methods of analysis 

Other standard methods of analysis can similarly be modified to take account of 
a. Moment distribution was selected for illustration because it is a hand method. 
A general solution for non-uniform members with semi-rigid connections. using the 
stiffness method. has been provided (Cunningham. 1987). 

4 . EFFECTS ON STRUCTURES 

4.1 Sleeved purfins 

The most elementary semi-rigid structure is a sleeved purlin . which Is in fact a 
semi-continuous beam. Figure 7 shows typical M-q, curves for a sleeve 
connection, based on tests for a purlin manufacturer (Cunningham, 19831. The 
sleeve behaviour is non-linear but can be well modelled using a bi-linear 
representation of the test results. Full scale test results correlated well with 
predictions obtained using this model. 

4.2 Single storey portal frames 

With this form of construction it is normally assumed that the base is pinned and 
the beam·to·column connection at the knee is fully rigid . In practice the base w ill 
have some stiffness, but the knee connection will not be fully rigid . 

In practice the knee fixity factor is unlikely to exceed 0.8 , because of the shear 
deformation of the connection and the bending of the end plate and of the column 
flange. The practical fixity factor of a base may be 0.1 to 0 .3. but the moment 
due to gravity loading an rae ted to such a connection is Quite small. 

However the main significance of semi-rigid connections at the base is the 
reduction of eaves deflections produced by even a nominal 'pinned' base with four 
bolts and a reasonable thickness of baseplate. 



4.3 Braced multi-storey frames 

In a braced multi-storey frame of simple construction. with nominally pinned 
connections. the floor beam connections will actually have some restraint. A close 
examination of the actual connections may show that the structure can resist 
higher loads, or enable the beam sizes to be reduced. It may also be found that 
apparently excessive beam deflections may not actually arise when the end 
restraint is considered . 

However the effects on external columns should also be considered. Because the 
beam moment Is applied on one side only. there may be larger moments In these 
columns than anticipated. 

4 .4 Unbraced low-rise multi-storey frames 

Low-rise un braced frames can be designed for gravity loads on the basis of simple 
construction with portalisation to resist wind sway effects . This is referred to as 
the 'Wind Connection Method' (Anderson et ai, 19911. The connections are 
loaded to only a limited extent by the wind moments, for the reasons given in 3.2, 
except in high-rise buildings where this method would not be appropriate. Thus 
the connections are not greatly increased over those for a simple framework 
w ithout wind moments . 

5. CONCLUSIONS 

5.1 Analysis 

Anomalies can arise from design approaches in which structural analysis is based 
on joints which are assumed to be either fully rigid or truly pinned . For greater 
consistency they should be designed using stiffness criteria as well as strength. 
Unfortunately, this information is difficult to obtain. 

However gross assumptions on the above basis have led to structures which 
appear to be reliable, perhaps for the wrong reasons . 

A bener approach might be to take a nominal connection fixity factor for a 'pin' 
between 0 . 1 and 0 .3 and for a ' rigid' connection between 0.7 and 0.9 and to 
design for the resulting moments . These gross assumptions are undoubtedly closer 
to real behaviour than assuming pinned and fixed connections. 



5.2 Un braced frame. 

The effects at wind shake-down on the connections should be considered in 
frames subject to sway . 

5.3 Modified moment distribution 

Moment distribution has been developed to a point where semi-rigid structures can 
be readily analysed by hand (see figure 6) or by computer. The necessary 
information is summarised in tables 1. 2 and 3. 

5.4 Fixity factors 

The concept of the f ix ity factor a is important in simplifying the analysis and giving 
the designer a 'feel' for the behaviour of semi-rigid structures . 

5.S Moment rotation curve 

There is no need for extreme accuracy when modelling the stiffness curve. as the 
fixity factor is relatively insensitive to stiffness variations . 

The simplest model is a single linear representation and in many situat ions this will 
be quite adequate . However, there are some situations where a bi-linear approach 
will be required and this will mean an analysis of the structure in stages . 

5.6 Detail design 

A designer can influence the behaviour of a steel structure by simply paying 
attention to the detail design of connections. Designers should always consider 
whether connections need to be stiffened or should be given a condition closer to 
a pin. Some knowledge of the semi-rigid behaviour of the framework can assist 
in making these decisions even if only approximate stiffness values are available. 
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THE EFFECT OF CONNECTION FLEXIBILITY ON PORTAL FRAME BEHAVIOUR 

Timothy C H Liu 1 

linden J Morris2 

Abstract 

A recent research project investigated the design and behaviour of portal (gable) 
frames . The project involved the tesl ing of full -scale frames and the development 
of a sophisticated finite element program. This program was able to simulate the 
premature failure that had occurred in one of the tast frames This ability to pred ict 
the struclural response of a ponal frame, including modes of failure, has allowed 
a number of supplementary studies to be made. One of these studies examined 
the eHeet of different stiffening arrangements in the column web on the eaves 
connection flexibility and the overall performance of portal frames . It is 
demonstra ted by computer simulations that the applicalion of current design 
guidance would have prevented premature fa ilure . 

1. INTRODUCTION 

The only major application of simple plastic method to the design of steel 
structures has been to portal frame construction . To the practising engineer. the 
advanlages of plastic design over elasl ic melhods was that il provided a direct 
method for proportioning the member sizes and there was generally an immediate 
saving in material cost. However, in order to minimise transportation costs. 
panicularly with respect to shipping volume for overseas projects, the site 
connections had to be deliberately located at member intersections (at the eaves 
and apex), which coincided wilh the positions of maximum moment. Also, to 
eliminate any connector plates from projecting beyond the member, end· plate 
connections were used. Initially, in order for the end·plate connections to achieve 
their design moment capacities. short haunches were introduced . These virtually 
doubled the depth of the connections, thereby increasing the lever arms for the 
tension bolts and hence improving the moment capacity of the connection . The 
portal frame fabricators soon realised that. if the length of the eaves haunches was 
increased, this resulted in the rafter sizes being reduced at the expense of larger 
column sections and achieved a more cost·effective structure . This meant that the 

1 lecturer. Oep,rtment of Engineering . University 01 Manchester. Manchester M13 9PL. Engllnd 
, Reid.,. Dep.ltmetlt of Englneeflng. Univ"slty of Manchest.,. MancheS1 ef M13 9PL, England 
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eaves connections had to resist evtVl larger moments than would have been the 
case of a frame with a uniform member size . 

Basically. the connections at both the eaves and apex positions are required to 
effect continuity between the connected members. i.e. column/haunched rafter. 
or rafter/rafter, whilst transferring large moments and relatively small vertical shear 
loads. This continuity between members is essential. if the portal frame is to 
develop the plastic collapse mechanism, for which the frame would have been 
designed, I.e . the portal is designed as a rig id frame, with the plastic hinges 
assumed to form away from the connections. Therefore. though those parts of the 
members local to the connections are basically elastic. some plasticity will occur 
in the connected members because of local high stresses. but not sufficient to 
cause undue distress if current design guidance is employed . A design method for 
end-plate connections was proposed by the senior author over a decade ago (Horne 
and Morris 19811 and is now used extensively throughout the construction 
Industry, particularly for portal frame connections (Morris and Plum 19881. It has 
to be emphasised that this limit state method allows the engineer to proportion the 
connection details. so that the required moment capacity can be achieved w ithout 
distress . And as such, the method should not be regarded as a realistic 
behavioural model - that is not its function. 

In portal frame construction. the strength and stiffness of the frame is not 
enhanced by the effect of concrete floors or walls present in multi-storey 
construction, though the thin gauge cladding affords some stressed-skin action 
against sway deflections. That is. th is construction is one of a few examples of 
a pure structure. ConseQuentally. if there is any weakness In the design of a portal 
frame. then premature failure will occur. due to this inherent lack of reserve 01 
strength/stiffness. It is essential that the practising engineer is aware of the 
influence of design decisions can have on the performance of the portal frame. e.g. 
effect of ignoring well established design guidance. 

Apart from member stability, a major consideration is the design of moment 
connections . The practising engineer has never been concerned about the effect 
of connection flexibility on the performance of the portal frame, and the question 
that needs to be answered - should he 7 Therefore, this paper will concentrate on 
the effect of stiffening of an external column member on the flex ibil ity of the eaves 
connection and then its global significance on the overall frame behaviour. Also, 
as virtuallv all portal frames in the United Kingdom are designed assuming a base 
fixity of zero, then actual moment capacity of these nominal pinned bases will also 
examined in terms of frame behaviour. 

2. REALISTIC MODELLING OF STRUCTURAL BEHAVIOUR 

2.1 General 

There is need to examine the significance of connection flexibility both in local and 
global contexts. In the past. most research has been undertaken on the localised 



behaviour of connections, though more recently (under the guise of semi· rigid 
design) the effect of connection flexibility on the structural response of a structure 
is now earnestly being investigated . There are two main ways of modelling 
structural behaviour, either by testing (physical modelling) or by simulation using 
mathematical methods (theoretical modelling). First, the recent testing of a portal 
frame afforded an opportunity of comparing the experimental evidence of fa ilure 
within an eaves connection with finite element modelling . Second, a study was 
made of the structural effect of different stiffening arrangements for the columm 
member on the flexibility of eaves connections and overall behaviour of a typical 
frame, as used in the UK construction industry. 

2.2 Physical Modelling 

The connection and frame details used in this particular study are based on those 
of the test frame described by Davies et ai, 1990, and are reproduced in Fig 1 (a) ; 
note the use of backing plates . 

t!XII '" e,l 

(b) (c) 

" 

(a) 
(d ) (e) 

Fig 1 Details of stiffening arrangements 

The frame had been designed by industry to fail by a plastic collapse mechanism, 
but preliminary calculations by the research team, based on current design 
recommendations, clearly indicated the need for stiffening (both compression and 
shear) in the eaves connection zone. Nevertheless, it was decided to test the 
frame as supplied as failure (by whatever mode) would be In the context of frame 
behaviour, which is certainly not the case with individual connection tests. The 
frame was loaded in a three·dimensional test assembly, and the predictable 
premature failure occurred in the column head region . That is, the column web 
started to yield in the compression zone, with the web and flange eventually 
buckling, whilst the central portion of the column web yielded under the action of 
the shearing action induced by the large applied moment, thereby allowing a shear 
hinge to develop. A secondary mode of failure occurred, i.e. lateral-torsional 
buckling of the column member, as a result of the primary fa ilure modes. Some 
of the resulting test evidence is reproduced in Fig 2(a) (photograph of failed colUmn 
head) and the applied load-vertical apex deflection of the test frame in Fig 3 (curve 
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tes"; the actual rotation capacity for the eaves connection zone was not measured 
for this test frame. 

2.3 Theoretical Modelling 

The theoretical simulations detailed in this paper have been produced by finite 
element modelling techniques . This became possible. due to the successful 
development at Manchester University of a powerful. sophisticated fin ito element 
program, lliu. 1988). partly in conjunction with a major research project 
Investigating the design and behaviour of portal frames IDavies at al. 19901. and 
partly through subsequent improvements. This program allows the elastic and 
inelastic structural responses ot a portal frame to be predicted up to failure and 
beyond. and has the capability of simulating any mode of structural failure. The 
simulations are undertaken in the context of modelling a portal frame (including the 
bOlted connections) as part of a building. with the gravity loading being applied via 
the purlins and not in-plane of the portal frame, unlike other research work on pane 
frame behaviour. The initial verification of the model was established by 
comparison of the predicted theoretical behaviour with published experimental 
evidence; differences of only a few percent were Obtained. Confidence in the 
theoretical model was further justified by the excellent simulations of the behaviour 
of three full-scale frames which had been tested to failure. one of which is 
described in detail in reference (Davies et al. 1990), 

Each frame was discretised using iso-parametric elements. and in those regions 
where potential modes of failure were deemed to occur. then the mesh was refined 
locally. The physical dimensions. the measured geometric and material 
imperfections of the test frames were modelled. including the -nominal- pinned 
bases and holding down bolts . The iterative analysis program was continued until 
a stage had been reached. at which it was clear that the frame had started to 
unload. Examination of the computer results for the first frame (12m span) 
showed that the predicted modes of failure were identical to those experienced by 
the test frames. see section 2.2. 

Fig 2 Experimental and simulated modes of failur. of test frame 
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The simulated distortions of the column head (lncludfng the eaves connection) are 
reproduced in Fig 2(bl and clearly 
demonstrate the remarkable similarity 
between the failure modes of the physical 
(Fig 2(all and simulated models. The 
theoretical characteristic for the vertical 
apex deflection is ploned in Fig 3 (curve 
AI and shows good correlation with the 
measured test evidence; note that the 
same curve A Is reproduced in Fig 5. The 
theoretical load·rotation curve is given in 
Fig 4 (curve AI. As the result of the 
good correlation between the overall 
physical and simulated behaviour for this 
connection, this rotation curve (A) has 
been taken as being representative of the 
non-existent test data, and Is used as the 
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datum for comparisons . Fig 3 Test frame deflections 

3. DIFFERENT COLUMN WEB STIFFENING 

3.1 Details of stiffening arrangements 

The ability to reproduce the physical behaviour of a portal frame and predict its 
mode of failure by means of computer modelling. allowed the authors to assess the 
influence of stiffening on the behaviour of the column member and the 
corresponding flexibility of the eaves connection. in the context of overall 
performance of the ponal frame. Therefore. the details of the test connection 
zone, as given in Fig 1 (a), were modified to effect different degrees of column web 
stiffening; the details of the stiffening arrangements are. 

B. as test. plus compression and tension stiffeners (horizontal I. 
C. as test. plus compression and diagonal shear stiffeners . 
D. as test. plus Morris shear stiffeners. 
E. like Fig Hcl . haunched rafter welded direct to column member. 

3 .2 Theoretical simulation 

Fig l(bl; 
Fig I (cl ; 
Fig l(dl; 
Fig I (el . 

Computer analyses were undenaken in order to compare different types of column 
web stiffening (8 . E). The resulting simulated structural responses of each 
stiffened eaves connection are shown in Fig 4 (frame capaCity-connection rotation) 
and Fig 5 (frame capacity·apex deflectionl . Both sets of curves allow direct 
comparison of the different arrangements. from which the influence of an individual 
stiffening system on the connection flexibility and frame performance can be 
deduced. Also. from the analyses . the areas of plasticity that had occurred w ithin 
the connection at maximum load le,vel. can readily be assessed; Fig 6 shows the 
theoretical yielded zones for the connections A and D. 



.W6 

The proportions of the eaves connections and the range of universal beam sections 
employed in ponal frame construction, usually means that horizontal web stiffeners 
are necessary for the column, opposite to the inclined compression flange of the 
haunch. The addition of these web stiffeners to the original model, see Fig 1, 
prevented web crushing and flange distortion in the compression zone. However. 
as would be expected, these stiffeners had no significant influence on the shear 
yielding in the column web, with connection B failing from shear web buckling. 

With reference to the stiffening used in connection C, (Fig 1 (cll, some designers 
advocate that the diagonal shear stiffener should be in compression las shown) 
rather than tension (cf Fig 1(dl, but as the simulation for C revealed, the diagonal 
stiffener eventually failed by buckling along its free out stand edge, even though the 
stiffener plate was thicker than would have normally been used in practice. This 
meant for this panicular portal frame that the deSign capacity of the frame was not 
aChieved. The effect of including the Morris stiffeners 0 was to enhance the 
moment capacity of the connection and delayed the onset of significant shear 
deformation. Also, the column flange deformation in the tension zone was reduced 
due to the restraint from the horizontal projection of the Morris stiffeners. It was 
also decided to compare the rigidity of a fully fillet welded connection (end-plate 
not Included I with that of the equivalent bolted connection (CI. There was no 
marked difference, the former also failed by the buckling of the diagonal stiffener. 

4. CONNECTION FLEXIBILITY AND FRAME BEHAVIOUR 

Fig 4 shows the effect of the different stiffening systems on the connection 
flexibility. as indicated by the amount of rotation that takes place in the connection 
zone . The change in rotation for each connection has been defined as that which 
occurred between the horizontal plane corresponding to the position of the 
horizontal web stiffeners and a vertical plane located 0/2 from, and parallel to, the 
end·plate. These theoretical rotations include. therefore. the individual components 
of rotation arising from shear action, column flange and end-plate distonions, bolt 
•• tension and yielding in haunched rafter web. 

The simulated model of the test frame 
(curve AI Shows that limited connection 
rotation occurred, due to the lack of 
adequate stiffening in the column head, 
caused by the multi-mode failure of the 
connection. There was a relative rapid 
unloading, which resulted in a loss of 
about 20% in load carrying capacity of 
the frame . The simple addition of the 
compression stiffeners improved the 
rotation characteristic of the connection 
B, panly due to the utilisation of the 
post·shear yield strength of the column 
web. This allowed the frame to achieve 
a higher load capacity, though still 
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Fig 4 Simulated connection rotation, 
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falling short of its design capacity by about 10%. The stiffening arrangements C, 
o and E provided the necessary shear yield resistance, thereby delaying the 
formation of 8 shear hinge. However, it can be seen from Fig 4, that the frames 
with the stiffening arrangements C and E failed to achieve the design adequacy 
level by some 5%. As already stated, examination of these simulated connections 
revealed signs of buckling In the diagonal compression stiffeners. Also, it is 
interesting to note that there is virtually no difference In behaviour between these 
two arrangements, despite that the connection ICI is bolted using M16, grade B.8 
bolts and the connection lEI is welded. Only the stiffening arrangement of 
connection 0 allowed the frame to achieve Its design capacity following the 
development of a plastic collapse mechanism. Also, the fabrication cost of this 
connection is lower compared with that of either connection C or E. 

The vertical apex deflection is sensitive 
to the frame stiffness and the formation 
at plastic hinges, and is a useful indicator 
of the frame's performance when subject 
to increasing load. Therefore, the plots 
of theoretical load-apex deflection curves 
for all the simulated connections IA-EI, 
given in Fig 5, are indicative of the effect 
of the connection flexibility on frame 
behaviour. In addition, the results of a 
simple elastic-plastic analysis of the 
portal frame are shown, which indicates 
the history of plastic hinge formation, 
leading to the collapse mechanism. This 
analysis takes into account the partial 
fixity 115%1 of the "nominal" pinned 
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Fig 5 Simulated frame deflections 

bases. as measured during the frame test , and also predicted by the finite element 
model for the frame. The latter simulation revealed that the magnitude of the base 
fixity at the steel/concrete connection was sensitive to the baseplate thickness, i.e. 
an increase of 1 mm in thickness resulted in almost 60% increase in fixity . with the 
consequental effect on the frame stiffness and behaviour. This fixity was also 
shown to be sensitive to the sile of the holding bolts . 

The load-deflection characteristics in Fig 5 show a similar pattern of behaviour to 
that of the connection rotations. see Fig 4 . Inadequate stiffening of the eaves 
connection clearly produces a Shortfall in the design capacity of the frame . 

5. YIELDED ZONES IN CONNECT10N 

The frame had been pre-coated with a brittle lacquer, which cracked when subject 
to plastic strains; the photograph in Fig 11al depicts the various areas where 
yielding had occurred in the connection region at the point when the test was 
terminated. The shear yielding in the column web is clearly viSible, as well as the 
buckled web/flange in the compression region, on the level with the inclined 
haunch flange. The advantage of theoretical simulations is that the yielded zones 



can readily be defined. To illustrate !)lis capability, the yielded zones for the eaves 
connections A and 0 are given in Fig 6. 
Inspection of connection A shows the 
complete yielding of the column web 
within the connection zone, which 
mirrors the test evidence, see Fig 1 (a) . 
The plastic tensile strains in the outer 
column flange extend above the 
corresponding position of the horizontal 
web stiffeners in connection D. In the 
laner connection zone , the shear yield 
is contained within the web bounded by 
the stiHeners and the inner column 
flange. The yielded region above the 
short horizontal projection of the Morris 
stiffeners arose due to the high tension 
loaning from the bolts In that region . 

A o 

Fig 6 Yielded zones in connection 

The diagonal stiffeners channel the tension down to the outer flange; note that the 
plastic tonsile strains in this region do not spread above the horizontal stiffeners. 
There is more plasticity in the column below the haunch for the frame 0 , as it is 
carrying 20% more load capacity. 

6. CONCLUSIONS 

In the context of eaves connections for portal frames. the conventional philosophy 
with respect to unrestrained connection rotation does not apply, as the frame 
design requires limited rotat ion at the eaves connection . This is necessary. in order 
that the assumed plastic collapse mechanism can develop at, or above, the 
ultimate design capacity of the frame . In the context of plastic design, the 
requirement for adequate rotat ion is w ith respect to the designated hinge positions. 
Inadequate stiffening at eaves connections can result in a reduction in the load 
carrying capacity of a ponal frame. 
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ANALYSIS OF FRAMES FOR STABILITY 

Richard Kohoutek ' 

Abstract 

This paper is concerned with the global dynamic and static behaviour of steel structures 
considering semi-rigid connections. Oue to the relationship between static stability and 
natural frequencies, the dynamic stability and static stability can be analysed using the 
deformation method. The same method can be used to determine a distribution of 
forces for both, the static and dynamic load. 

1, INTRODUCTION 

In Australia, the Australian Institute of Steel Construction produced "Standardized 
Structural Connections" which was first published in 1978, second ed~ion 1981 , and 
third ed~ion 1 985. The sustained interest in the connections was verified by the "Survey 
of Research Needs for Metal Structures" reported by (Pham and Mansell, 1985), which 
was conducted during 1 983. The first two research topics in the Survey with the highest 
ratings were: total structure behaviour (67) and connection behaviour (49) out of the 
total 344. The third was service performance (36) and the fourth fatigue (28) followed by 
dynamiC behaviour (21). The interest in semi-rigid connections is clearly shared by 
other countries as indicated by published papers and, notably, two recent monographs 
(Bjorhovde, 1988; Chen 1987). 

There is an intrinsic relationship, defined by a partial differential equation for a bar 
(Kohoutek, 1990), between the static and dynamic behaviour of a bar, which allows 
findings of the dynamic behaviour to be utilized also in the static analysis. However, this 
presentation concentrates on the dynamic component of the system of ordinary 
differential equations replacing the partial differential equation (Kohoutek, 1990). 

First, a simple structure, in an extreme lim~ of a fixed/fixed beam, the variation in a 
bending moment and an effective length due to changes in the performance of the 
connections will be shown. The results of static and dynamic analyses is given below. 
Using the same method, expansion to analyses of frames can be made readily. 

'Senior Lecturer, Dept. of Civil and MiMing Engineering, 
University of Wollongong, Wollongong 2500, AUSTRALIA 
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2. PROBLEM FORMULATION 
' . 

2.1 Behaviour of Connection 

In this workshop'. the difference between a connection and a joint will be made. The 
joint comprises the detailing of an assembly. such as welds and bons. The connection 

comprises some part of a beam and a column of an assembly'. 

Both static and dynamic analyses recognise some variation from complete rigidity. 
commonly expressed by a relationship between a moment M and a rotation of 
connection ~ = 6 + <". where <" is the rotation maintaining moment through a connection 
to other members (Kohoutek, 1985). The rotation 6 is a free flexing or rotational slack 
which reduces moment stiffness of the connection. 

2.2 Behaviour of Beam 

The analysis follows in principle (Firt. 1974), which assumes a completely rigid "core" of 
a connection and a semi·rigid joint (a semi·rigld hinge) of a bar to the core. The whole 
semi·rigid performance is attributed to the connection, though ~ is clear that the highly 
stressed part of a beam is also contributing to the semi·rigidity of an assembly. 

The dynamic deformation method. assuming completely rigid connections Of hinges, 
(sometimes called the slope deflection method in ~ static version) used for analysis in 
this study has been described elsewhere (Kohoutek. 1985. 1985. Kolousek. 1973). The 
method is typically used for dynamic analysis of frames for classical resonance and 
forced vibrations. 

The partial differential equation for a transverse vibration. with an axial force N(t) is 

a'w(K,t) a'w(K,t) a'w(K,t) 
EI -- ± N(t) -- + m -- = O. (1) 

a.' a.' at' 
Equation (1) can be replaced by a system of ordinary differential equations, identifiable 
w~h static stability, free vibrations and parametric resonance (Kohoutek, 1990). The 
complete solution of free vibration is 

v(K) = C,exp(k",) + C, exp(k,x) + C, exp(k,x) + C.exp(k.x) (2) 
or. 

v(K) = A cos (1Ix1l) + B sin (1Ix1l) + C exp (·IIxIf) + 0 exp ('A(I - x)/f) (3) 

where A,B,C.O are constants, and A = I {mO'IEf)°". where m is mass per un~ length; 0 
is ex~ation frequency. EI. flexural stiffness, and I length of a beam. 

, AISC terminology is reversed (Australian Insmute of Steel Construction) 

, for further discussion see Preamble in Dynamic Tests of Semi-Rigid Connections. in 
this volume. 
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The homogeneous differential equation (1) 
IS valid for a beam of constant mass m 
and constant flexural stiffness EI. Tha 
beam may have any kind of supports. The 
beam geometrical relationships are shown 
in Figure 1. 
Systems composed of several beams will 
lead to evaluation of 4n constants, where 
n IS the number of bars. 

V jl 
FIGURE 1 Deformations and forces on 3 Dar with semi-rigid connections. 

This is, in principle, the same as the deformation method (slope deflection) for static 
frame analysis. While in the static method the stiffness is a constant related to a 
support condition, span and EI, in a dynamic analysis the stiffness is also related to 
frequency and changes with a change in frequency. 

The main advantage of this method is that h can provide all the information necessary 
for design purposes, whilst still being relatively comprehensive and easy to apply to 
both static and dynamic problems. Other advantages include the fact that (for 
dynamics) h uses a continuous model to describe the structure. Consequently, the 
dynamic modelling should be inherently better than the lumped mass approach, _ an 
advarttage of utilising the knowledge of slope deflection method in engineering. 

2.3 Solution of Differential Equation 

The complete solution of equation (1) for free vibration is (3) . The boundary condhions 
applied for semi-rigid connection on each end of a beam, are (x = 0, x = I), v(O) ~ 0 
v(l) =0: 

-(I-r'l )v"(O) + r ll v'(O) = 0 (l-rll )v"(/) + r ll v'(I) = 0 (4) 

where the factor of rigidhy r, r'l ;< r ll in general, is zero for a hinge or a unh for complete 
fixhy. 
The nontrivial solutions in the form of (3) which satisly the boundary condhions (4), lead 

to the expression for the eigenvalues (natural frequencies): 

o = 2 A 2 (EI A (I (r 'l (-(2 r ll sin A + cos A) + 2 r ll cos A + sin A) + (-rll + exp(-2A) (I'll 

+ r 'l (1 - 2 rll))) cos A) + (2 (EI A (1 - (r 'l + r ll (1 + exp(-A) r'l) + exp(-2A)) + r 'l r ll + 

exp(-2A) (r'l + r ll)) - exp(-2A) r 'l I rll) + exp(-2A) I (I" l + r ll)) sin A) + I r ll (I" l I (

(I +exp(-2A)) cos A + 2 exp(A)) + EI A sin A))/I' (5) 

with all parameters defined. From Figure 1 the relationship between ~'I and ('I ' for 

rotations, is 

~'I = 6; + {"I , and ~II = 61 + {'II' (6) 



and subsequently 
EI 

M il = - - r ll <"II, and 
I 

Hence, from (6) and (7), 

IMII 
~II = 61--, and 

EI r ll 
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•. EI 
M il = - - r ll <"II 

1 

IMII 
~11-61--' 

E/ r ll 

(7) 

(8) 

where r ll and r ll are oonstants representing the semi-rigidity of a oonnection for the 
particular bar/oonnection assembly. 

The common view, and the one adopted here, is that only the moment is primarily 
affected, while the shear force is carried through the connection. Equation (8) IutIy 
describes this class of a semi-rigid oonnection. 

10m 

3. DYNAMIC ANALYSIS 

The structure can be modelled as a beam 
with two semi-rigid oonnections at the end 
supports 1 and j . The ana/ytical model allows 
an arbitrary value for semi-rigidity to be 
entered where the ooelficient of rigidity r(ij) 
is in the range of 0 for a hinge to 1.0 for a 
oomplete fixity. 

FIGuRE 2. Beam with semi-rigid connections. 

ij the frequency of the oscillation coincides w~h the natural frequency of a beam, 
resonance will occur and large ampl~udes of vibrations can be expected on the real 
structure. Consequently, serviceability problems or, in time, fatigue can be expected 
because of the large forces generated by the beam's inertia. Therefore, the analySis of 
the beam to determine such frequency, which is related to the physical properties, is of 
interest. 

Analysing the beam with the assumption of uniformly distributed mass and of flexural 
stmness produces the results given in Table 1. Numerical solutions of (5) are in the first 
column for the natural frequency. As can be seen from Table 1, the connection 
parameter r makes a substantial variation of several design parameters, such as critical 
load due to the effective length and the first natural frequency. 

The second column of the first natural frequencies includes the effect of shear 
deformations and rotary inertia on the flexural deformations of the beam. Within each 
section, where the cross section parameter is constant, the type of connection at the 
ends maikes some tuning of a desired property possible. A designer can influence the 
selection of su~able natural frequency, effective length, or critical load by choice of 
su~able oonnections at the ends together with other traditional design parameters such 
as the cross section and the material of the beam. 



TABLE 1. VariaUon o( natural (requencies and effective lengths related to sUppOl! 
conditions. The actual length (or this calculation is assumed to be 10 m. 
Overall Sectional Natural frequency in Hz Effective Support end 
dimensions properties Inclusion of deformations length conditions 
mm No shear With shear m Fixed - 1.0 

400x640 A = 74,000 mm' 46.46 44.43 5.0 Fixed/fixed 

I. = 4946 x 10"mm' 37.29 28.03 7.2 r=0.75/0.75 
581 kg/m r. = 258.5 mm 28.89 23.64 8.5 r=0.5/0.5 

I, = 748.6 x 1O"mm' 24.40 21 .52 9.4 r s O.25/0.25 
r, = 100.6mm 20.47 20.26 10.0 Hinge/hinge 

The static and dynamic characteristics r of some standard connections are being 
evaluated experimentally, with some resui1s for the first batch of connections reported in 
this volume. 

3.1 Static· Special Case of Dynamic 

P-1.0 or P-1.0 sin 9 I 

fli jl rlj j)~ 

= = 

The example investigated in this section will 
use the sectional properties and span of the 
example above. The beam is loaded by a 
single point load as shown in Figure 3. All 
values are relative to the same beam with 
fixedlfixed ends for the static load P - 1.0 in 
Table 1. 

FIGUF,,: 3. Loading 01 beam with seml·rigid connections. 

Because this analysis does not include damping, the ratios are only indicative of an 
increase in the bending moment, however, a damping can be included in this model. 

The beam above will be analysed for static and dynamiC loading of the same amplitude 
of the load P = 1.0, loaded around the x-axis of the cross section. The ratio of dynamic 
moment over static moment at the midspan for different frequencies and various 
support conditions is shown in Table 2. 

The frequency of the load will gradually increase from e = 10 Hz, which stands for a 
quasi·static load, to higher frequencies with large variation in the moment under the 
load. The quasi·static character is shown by virtually no change in the first column for 
10 Hz in Table 2. When the first column is considered, the moment should increase 
from 1.00 to 2.00 between fixed/lixed beam and simply supported beam, or more 
precisely from PI/8 to PI/4. The large numbers in some parts of Table 2 are due to the 
frequency of the load being close to the natural frequency of the beam, as can be 
verified by comparison with Table 1 . 

. , 
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TABLE 2. Variation of the dynamic moment / static moment under the load, dependant 
on the load frequency and support cOnditions. The actual length for this calculation i4 
assumed to be 10 m. The first column for each frequency does NOT include the 
influence of shear deformations and rotary inertia, where the second column includ84 
those influences. Factors are only indicative of an order of amplitude because no 
damping was considered. 

Load frequency Support end 
conditions 

10 Hz 20Hz 30 Hz 40Hz so Hz Fixed = 1.0 

1.04 1.04 1.16 1.17 1.49 1.57 2.98 3.94 4.05 2.25 Fixedlfixed 
1.32 1.35 1.56 1.84 2.79 8.16 5.40 1.20 0.74 0.25 r=0.75/0.75 
1.65 1.69 2.36 3.11 152. 3.17 1.02 0.46 0.24 4.11 r =0.5/0.5 
2.04 2.08 4.51 6.64 2.27 1.44 0.42 0.26 4.25 3.76 r =0.25/0.25 
2.51 2.52 34.27 64.39 1.03 0.97 0.19 0.17 6.64 7.91 Hinge/hinge 

3.2 Frame Analysis 

The dynamic deformation method (Kohoutek, 1965,) can be used to assemble a 
stiffness matrix of a frame structure. The principal aim Is the same as that of the slope 
deflection method, to achieve an equilibrium in each connection of a slructure. 
However, the elements of a matrix are functions of load frequency. The stability of such 
a system (eigenvalues) , natural frequencies for the load considered here, can be found 

'r, 'r, 

'r, 2 

'r, o 3 

' r, 

'r, 

by evaluating only properties of a stiffness 
matrix; it is independent of load. The structure 
considered is shown In Figure 4, where each 
semi-rigid connection can attain values from r 
= 0 (hinge) to r = 1.0 (fixed). The limit cases 
are a mechanism and a fully fixed frame. The 
fully fixed frame will be investigate first, by 
evaluating the frequencies which provide 
non-Irivial solution of the malrix (eigenvalues). 
The plot, which contains roots and asymptote is 
shown in Figure 5. 

FIGURE 4. A simple frame with semi-rigid connections 

A Similar calculation was also performed for some variation in some semi-rigid 
connections, with resu~s summarised in Table 3. 

Comparing variations in the natural frequencies (stability problem) shows considerable 
move of frequencies. When one considers the resu~ of the dynamic tests elsewhere in 
this volume, this could be used successfully as a design parameter to achieve a desired 
frequency, or by a modification of some connections on the existing frame to move a 
resonant frequency at will. 

-
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TABLE 3. Variation or the first natural frequency (Hz), due to change in connections. 

Variation in connections of the beam Columns 
2rl and 2r2 lr2 'r2 

1.0 1.0 0.75 0.75 0.50.5 0.25 0.25 Fixed = 1.0 

46.07 45.37 40.06 34.80 Fixed/fixed 
42.09 41 .55 38.78 34.25 r=0.75 /0.75 
38.62 38.28 33.83 r=0.5 /0.5 
35.68 35.52 35.38 33.49 r=0.25 /0.25 
33.22 33.22 33.22 33.22 Hinge/hinge 

A similar process can be employed to evaluate static stability. The variation is in new 
formulae, which include the factors of semi-rigid connections. The resu~ing stiffness 
matrix is constant, as for standard rigid connections, but parameter dependent. As for 
rigid joints, the roots of this stiffness matrix are critical loads of the structure under 
investigation. 

The third stabiity problem of the partial differential equation (1), parametric resonance, 
can be also solved (Kohoutek, 1986), including the influence of semi-rigid connections. 

4. CONCLUSIONS 

A method is presented for analyses of frames with semi-rigid connections. The dynamic 
deformation method used for the analysis is su~able for free or forced vibrations. The 
method incorporates all influences such as semi-rigidity, axial force, rotary inertia and 
shear force deformations into one expression ~h improved numerical stability 
desirable for computer modelling. 

The boundary cond~ions play an important role in all dynamic analyses. The correct 
estimation of the boundary cond~ions significantly influences the determinations of the 
static critical load (Segal and Barnuch 1980, Sweet et aI1977) , natural frequencies (Firt 
1974, Kohoutek 1985), and dynamic stability (Kohoutek 1984). 

Generalized boundary conditions, such as those applying at a connection in the frame, 
win have a major influence on all the critical design parameters above. The derivation of 
modified frequency functions for linear semi-rigid connections perm~ the dynamic 
deformation method to be used in the investigation of dynamic stability problems, as 
well as in static stability and natural frequencies, which are only special cases of 
dynamic stability. 
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An Inelastic Analysis and Design System for Steel Frames with 
Partially Restrained Connections 

Gregory G. Deierlein 1 

ABSTRACT 

This paper describes a method for modeling semi·rigid beam·column connections in the 
design of steel framed structures. The proposed method has been implemented in a 
workslation·based computer program. CU·STAND, which has been developed in related 
research at Cornell University on inelastic analysis and design of two· and three·dimen· 
slonal steel structures. An example is presented to investigate the sensitivity of limit state 
behavior in a low rise frame with PR connections. Included is discussion of two connec· 
tion classification schemes recently proposed for steel structures. 

BACKGROUND 

While the inelastic behavior of structures with semi· rigid connections has long been 
recognized by engineers, convenient methods for nonlinear analysis and design which 
find Widespread use have yet to be developed. The resu~ has been reluctance by engi· 
neers to design structures with panially restrained (semi· rigid or Type III) connections. 
EVidence that this IS changing is the development of design specifications with greater 
emphasis on connection effects and Inelastic design methods. For example, detailed 
prOVisions for connection design and modeling in the latesl draft version of Eurocode No. 
3: DeSign of Steel Structures (ECCS 1990), represent perhaps the most comprehensive 
effon yet to address connection behavior in a design specification. Included in EC3 are 
speCIfic quantitative guidelines for classifying connections as rigid or semi·rigid based on 
the moment·rotation response of the connections. 

The success of effons to include connection effects in design will depend in large pan on 
the development of reliable and practical computer·aided analysis methods for practicing 
eng,neers. This paper is a repon of one effon to address this need. 

CONNECTION MODEL 

In thiS work, the Inelastic connection behavior is modeled through zero-length rotaliOnaf 
springs to account for nonlinear moment·rotation behavior of the connection about the 
major· and minor· bending axis of the connected member. As described below, for design 
purposes the model is calibrated to existing experimental data. 

Moment·Rotatlon. The nonlinear moment·rotation (M·') response is given by the 
follOWing equation which is based on the previous work by Richard and Abbott (1975) 
and Chen and Kishi (1989): 

1 ASSistant Professor, Ccrnell University, Ithaca, NY, 14853, USA. 
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The parameters, K., Kp' and Mo' are related to the beha"ior as shown in Fig I , and n 
controls the transition between K. and K . To allow for unloading and moderate load 
re"ersals associated with nonproportionaFloading and inelastic force red,stnbut,on, the 
follOWing extension to Eq. 1 was proposed by Hsieh (1990) : 

II - II • (2) 

Calibration to Existing Data. For use in design, standardized values of the parameters 
in Eqs. 1 and 2 were determined. Further explanation of the procedure used IS gi"en 
by Hsieh (1990) and Shen (1990); • 
here, In Figs. 28-<:, the process IS 
illustrated for the case of top- and 
seat-angle with double web angle 
(TSAW) connections. First, Eq. 1 IS 
cuNe-fit to expenmental data and a 
companson of typical resuns IS shown 
If1 Fig. 2a. The expenmental values 
used in thiS work are taken from data 
preViously collected by Goverdhan 
(1983) and assembled in a computer-
ized database by Kishi and Chen 
(1986). Next, the CUNes from Fig. 2a 
are normalized by Ihe "alue of 
moment at 0.02 radian, resulting in 
the set of CUNes shown in Fig. 2b. 
The choice of moment to normalize 
the data IS somewhat arbitrary, but 
was chosen on the basis that: (I) ~ 
resulted In a convenient consolidation 
of CUNes as shown in Fig. 2b, and (2) 
for many connection types the moment 
at 0.02 radian correspcnds fairly well 
to the nominal connection strength. 
Finally, us,ng the set of CUNes from 

" 
"0 

• 
" 

"0 

Figure I. Moment-Rotation Model for 
Connections. 

Fig. 2b, mean and upper/lower bound CUNes were determined and are shown In Fig 
2c. The upper and lower bound CUNes represent a deVIation from the mean CUNe of two 
standard deviations which statistically encompasses roughly 95% of the expected 
responses. The parameters for the normalized CUNes In Fig. 2c are 9,"en In Table 1 
The same procedure was followed for several other connection types (e.g. end plate, top
and seat-angle, etc.) and based on these an additional CUNe representing the average 
of all types was determined. ThiS is termed the AVERAGE CUNeo Parameters for thiS 
CUNe are also given in Table I. 
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Figure 2. Calibration of Model Parameters for TSAW Connections. 
(a) Curve Fit to Experimental Data, (b) Normalization by Men' 
(e) Mean, Upper, and Lower Bound Curves. 
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Table 1. Normalized Connection Response Parameters 

Curves Ke Kp "0 n 

I U er 4 6 4. 
TSAW I Mean 266 .4 

Lower 132 1 
AVERAGE 20 4. 1. .4 

COMPUTER IMPLEMENTATION 

The connection model was implemented In an eXisting program, CU-STANO, for the 
inelastic analysis and design of two- and three-dimensional steel structures which Includes 
the ability to accurately model the geometric and material nonlinear response of steel 
framed structures. Geometric nonlinear behavior is included through an updated 
Lagrangian procedure Including element geometric stiffness matrices. Material nonlinear
Ities are handled through a concentrated plasticity yield surface to model the elastic-per
fectly plastiC response of cross sections under axial loads and biaxial bending; thiS IS In 
addition to the inelastic connection response. Further details regarding CU-STAND and 
the connection implementation are described by Hsieh, el.al. (1989, 1990). 

EXAMPLE CASE STUDY 

The two story frame shown In Fig. 3 was design using the AISC-LRFD SpecIfication 
(1986) for the loads shown. Member forces were calculated uSing a 2nd-order analysIs 
which took d"ect account of nonlinear geometric and connection response. All members 
were assumed to be braced against out-of-plana displacements. 

The beam-column connections were modeled as TSAW connections where the connec
tion behaVior was defined by the AVERAGE curve parameters listed previously In Table 
1. Note that the AVERAGE curve is in fact very similar to the mean curve for TSAW con
nections (Fig. 2c). The connection strength, Men' which is used to scale the normalized 
momenHotation response in the analysis was taKen as 0.4 times the plastiC moment of 
the connected beams, Mp. 

To invesligate the limit state response and sensitivity to the connection model parameters, 
several inelastic analyses were conducted. Except where noted, proportional loading was 
used and the inelastic limit points were detected within CU-STAND by formation of 

Figure 3. Two Story Planar Frame. 
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negatIVe terms on the diagonal of the reduceg global stiffness matrIX. For assessing limit 
state behavior. the plastic member cross·sectlon strengths were factored by the AISC
LRFO resistance factors for tension. compression. and bending (.=0.9. 0.85. and 0.9. 
respectively). This results in a yield surface based on the "design" rather than "nominar 
member capaCities. 

Inelastic Response. The inelastic strength limit state was investigated for factored loads 
under combined gravity loads (1.20 + 1 6l.o ... + 051.,0011 and combined gravity and wind 
loads (1 20 + 05L + 1 3W). The moment diagrams and hinge locations for the two loading 
cases are shown In Figs. 4a&b. Under gravity loads the first hinges formed in the beams 
at loads between 1.05 and 1.07 of the full factored load. The inelastic limit point was 
reached at an applied load ratio of 1,33 times the factored load, The wind load 
combination did not control the strength design. and as indicated in Fig. 4b. the first hinge 
formed at 1.49 times the factored load and the limit point was reached at a load ratio of 
1.64 

Connectlpn ClasSificatlpn and Rotations. The peak rotations under the two loading com
blnabons are shown In Fig. 5. In this figure, the connection moment and rotation IS nor
malized following the convention used in EC3, Superimposed on the moment-rotallon 
curve In Fig. 5 are lines corresponding to connection classification guidelines proposed 
In EC3 and by Blorhovde et.a!. (1990) for unbraced frames, The region to lhe left of each 
line corresponds to connections classified as rig id and to the right as semi-rigid It IS 
worth notIng that the EC3 classification for ·rigld- connections seems qUite restrictIVe 
and as reported by Anderson (1990) excludes most details which are not fully welded 
moment connections With column sllffeners. The classification proposed by Blorhovde 
IS based on a value of 'p using a fixed beam length related to the section depth (Ie .• • 
= 15d1Mp/ EI) In Fig. 5. the Bjorhovde values are plotted based on the span/ depth ratlg 
(=14,3) of the floor beam, As evident from Fig 5. the connections in this example are 
clearly semi-rigid according to either Eurocode 3 or Blorhovde, 

Peak connection rotations under gravity and gravity plus Wind loading are Indicated In Fig. 
S and are compared to the minimum limit for required connection ductilty proposed by 
Blorhovde et. 81. (shown by the descending dashed I.ne), Rotations are shown for ser
v,ce loads (100 + 1 OL and 1,00 + 02L + lOW) and for full factored and inelastic limit paint 
loads, Under service and full factored loading and prior to any hinge formations. the 
maximum connection rotations are relatively modest (;,5.0.22; ',5.,009 radian), At the hmrt 
po,nt under graVity loading. the calculated peak connection rotations exceeded 0.100 
rad 'an which are far In excess of the minimum ductility proposed by BJorhovde and the 
limits of most reported test data. One way to account for this In the analYSIS is to simply 
hm.t the connection rotations to a speCified value based on the minimum ductlhty . For 
example. the applied load ratio corresponding to the point where peak connection rota
tions exceeded the minimum ductility specrtied by Biorhovde (',5.0.030 radian for thiS 
frame) was 1.18 which IS 11% less than the inelastiC limit point of 1,33 Under the Wind 
load combination the peak rotations at the limit point were roughly 0.040 radian, In thiS 
case. the limrt pOint would only be reduced about 1% (from 1,64 to 1 62) to meet the 
ductlhty reqUIrement. 

SenSitIVIty Analyses. Results of several analyses to investigate sensitivity of the response 
to assumed connection parameters are summarized in Tables 2 and 3, Case 1 is the 
baSIC case reported above where the AVERAGE connection curve IS used and Men = 04 
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M , Cases 2 and 3 (TSAW-Upper and TSI\W-Lower with Me S 0.4 Mj are used to 
Cd'mpare differences due to the shape of the response curve (see Fig. 21:). Cases 4 and 
5 (AVERAGE curve with Men S 0.3 Mp and 0.5 M , respectively) are used to compare 
the effect of connection strength. Finally, in case ~ rigid connectoons are assumed. By 
comparing the appl.ed load ratios (Table 2) between cases 1, 2, and 3, rt IS apparent 
that variations In the shape of the connection curve have a small effect on the calculated 
strength. All of the load ratios for these cases are wrthin.B% of the AVERAGE case. 
As eVident from the roof drifts reported in Table 3, the deflection response IS more sensi
tive to the curve shape, but even here the differences are within .10% of those for the 
AVERAGE case. 

VariatiOns In connection strength have a greater effect on the response, but percentage 
Wise the overall effect is less than the change in connection strengths. Comparing cases 
1, 4, and 5, the differences in connection strengths are .25% and the resuning inelastic 
limit points are Within .B% and drifts Within .23% of the AVERAGE case. The compar
ison between cases 1, 4. and 5 also indicates that there is a consistent increase in the 
overall Inelastic limit point with increasing connection strength. Finally, a comparison of 
cases 1 and 6, indicates that by neglecting the connection flexibility, the inelastic lim~ 
point for the controlling gravity load case IS overestimated 17% and the roof drifts are 
underestimated by up to 40%. 

Nonoroportlonal Loading. To check whether proportional loading results in the most 
cnt,cal evaluation of the limit states, several analyses were made for case 1 under nonpra
portlonai and reverse loading. Using the service load combination per Table 3, the dead 
and live loads were applied and held constant after which the Wind load was applied 
Under th,s sequence the wind drift was approximately 15% less than under the 

Table 2. Comparison of Applied Load Ratios. 

Loading Criteria "p "Rigid 
'p 

1 2D +- 1. 6L~r:-:+-Oo.-:. 5;;:",=-tL::li~:::Hj~L:b~rl=:tibj~art2i~:r~ st: Hin • . 08 
mit Point .44 

1 20 ... O. 5L ... 1. 3\01 Li 
st Hln~e 49 ,5: 1 4 .4 
mit Point • • . 90 

Table 3. COmparison of Roof Drifts (inches). 

Connect on Mode 
AVE TSAW (.4"p) AVE Rigid 

Loading 4"p Upper Lower . J"p .5"p 

c. .49 o 5' 10.64 
Factored • .4 

Point 
o + ~~+§~"a£s.~r~V~i 0+ L+ W'Fu 
o + . SL ... 1.J Li tiL t 
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proportional loading case. Moreover, upon subsequent cycling of the wind load Ihe struc
ture reached an elasbc shakedown state after the 2nd cycle and subsequent elast c Wind 
drifts were 30% less than in the proportional loading case. 

To evaluate the Inelasbc limit point under nonproportlonal loading, the factored gravity 
plus wind load combination was used. First, the factored gravity loads (I 20 • OSL) were 
applied up to a load ratio of 1.64 which corresponds to the limit pOint under proportional 
loading. Next, the factored wind load (1.3W) was Increased until the limit point was 
reached at a load ratio of 1.73 which is 5% over the proportional loading value 

SUMMARY AND CONCLUSIONS 

To address the growing desire to include nonlinear connection effects explicilly In anal
ysis and design, a method has been proposed where s'andardized curves are used to 
model moment-rotation response. Included is a proposed AVERAGE curve for use In 
design. While thiS curve may be less precise than more complicated models, the results 
of a limited sensitivity study indicate that, compared to the effect of other assumptions 
made In design, the accuracy of the overall response IS not significantly affected. Also 
indicated IS the potential need for impOSing limits on the maximum connection rota110ns 
permitted for inelastic analysis/design methods. Finally, the results substantiate trends 
which have been reported prevIously: (1) that Increasing connection strength Increases 
the load at the InelastiC limrt point, and (2) for deSign purposes, proportional loading gives 
a conservative prediction of both strength and serviceability limit states 
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ECONOMY OF SEMI-RIGIO FRAME OESIGN 

Reidar Bjorhovde' 

Andre Colson' 

Abstract 

The paper presents a study of the economical Impact of utilizing semi· rigid concepts 
In the design and fabrication of steel frames. To make the comparisons complete, the 
evaluations include data for structures using fleXible, semi-rigid and rigid connections. 
Two typical frames have been examined: one an unbraced. three story, two bay 
structure with ngid and semi-rigid joints; the other a braced, four story, four bay frame 
flexible, semi-rigid and rigid connections. Cost evaluations were provided by French 
and American fabricators. The results indicate that the cost benefits may be 
substantial for low-rise, unbraced frames; the findings are mixed for braced systems. 
Albeit a study of limited scope. the potential benefits indicate that a systematic and 
detailed study need to be undertaken, to gage the practical impact. 

1. INTROOUCTION 

Semi-rigid deSign has been recognized as a structural engineering concept for a long 
time. although deSign codes have not offered many guidelines in the way of speCific 
cr itena or other requirements. In principle. the "types of construction" that formed 
the backbone of American steel design specifications for the past 40 years and more 
IAISe . 1961. 1986). established a range of structural response that was uniquely tied 
to the kinds of connections that were used to attach the structural members to each 
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other'. Thus. Type 1 referred to rigid frame or moment resistant construction. Type 
2 was simple or pinned framing. and Type 3 was identified as semi.rigld. With the 
advent of LRFO. it was recognized that most. if not all connections offered a measure 
of stiffness and moment capacity, and the designations were changed to Type FR (= 
Fully Restrained) and Type PR (= Partially Restrained). FR IS Identical to Type 1; PR 
combines Types 2 and 3. 

The old American specifications gave explicit rules for the design of structures 
classified as Types 1 and 2. Type 3 was allowed. but it was left entirely to the 
designer to demonstrate why and how a part icular detail would respond in a fashion 
less than rigid , but with a certain moment capacity. The situation is essenti311y 
unchanged regarding the use of Types FR and PR under the LRFO rules . 

The European situation has been somewhat different, primarily because It IS not until 
relatively recently that a common design document has appeared . It is not known 
whether any earlier. individual national codes provided cnteria for semi-rigid design . 
However, with the advent of Eurocode 3 IEC 3) (European Community. 1990). 
although still in draft form. It is clear that the aim of the European Community is to 
offer a uniform basis for structural design in the member countries . 

As it stands. EC 3 gives what is currently the most expliCit critena anywhere In the 
world, for the design of frames with semi·rigid connections . Thus, recommendations 
are provided for frame analysis approaches and connection modeling. using certain 
classifications and simplifications that are meant to make the procedure somewhat 
more palatable to the design profession. This notwithstanding, the general reaction 
on the part of engineers has been one of reserve, or, in other words. negative . 

In the United States. for a number of years structures have been designed on the 
basis of the concepts of "Type 2 construction with wind moment connections". 
where the connections are assumed to behave as pins under gravity load. but offering 
stiffness and moment capacity under lateral load (Disque, 1964, 1975) . For example, 
many of the high-rise buildings that were constructed in New York City in the 1960's 
and 70's were designed in this fashion. Effectively semi·rigid , the framing members 
and the connections were nevertheless dealt with as simple. Thus. although the code 
framework for semi· rigid design has been available. in actual fact It has nO[ been taken 
Into account per S8 . 

Finally, one of the key obstacles to the acceptance of semi· rigid criteria has been the 
lack of practical design tools available to the profession . Semi-rigid design is much too 
complicated for manual procedures. but the rapid development of computer hardware 

, The first AISC SpeCification was issued In 1923. This, and all subsequent, 
editions was based on allowable stress design IASD) prinCiples . The first American 
limit states code for steel was the 1986 version. ASD and LRFD are both currently 
accepted as design philosophies in the US. 



and software has brought the techniquElclose to practical realization. Thus. computer 
programs are now available or under development, in Europe as well as North 
Amenca. that can be used by designers. Certain American firms are actually 
performing designs that are in agreement with the general criteria of the code 
(loannides. 1988; Lindsey. 1988). Obviously. this is done to provide more economical 
structures. which IS the bottom line control factor . 

2. SCOPE OF STUDY 

ThiS paper will provide examples of designs of typical frames. using the range of 
connection representations that are acceptable. and to assess realistic fabrication 
costs . Although necessarily limited in scope. the intent is to demonstrate that it can 
be financ ially advantageous to utilize semi-rigid concepts for many structures . 

Two types of structures have been analyzed. as follows: 

(1) An unbraced. three story . two bay frame 

(2) A braced, four story, four bay frame 

The structural analyses were performed with the computer program PEP-Micro (Gall!a 
and Bureau. 1990). which Incorporates inelastic member behavior. structural and 
member second order effects. and non-linear connection response . The connection 
properties are input either in the form of an algebraic equation or as digitized data, 
Including test results . For the frames of this study. the major parameters of the 
moment-rotation curves for the connections using web and flange angles were 
established using the mathematical model of Kishi et al. (1988) . The braced frame 
was further analyzed through an optimization scheme (Colson and FI~jou, 1989). 

The loads were set to be representative of French and American practice and codes, 
as were the frame dimensions. Eurocode 3 and the AISC LRFD Specification were 
used to sIZe the members and the connections for the resulting designs. The cost 
figures that are presented are relat ive only. and reflect averages of the data provided 
by the two French and the two American companies . It is understood that regional 
differences may be Important for connection configuration preferences and labor 
costs . However. the r.e.!.al!:ie. numbers are stili of significance . 

3. UN BRACED FRAME 

3 .1 Description of Structure 

Due to the response characteristics of semi-rigid connections. it is felt at this time that 



their use ought to be limited to relatively low-rise structures that are subjected to 
static lateral loads. This is due to the potential problems of drift, which may be 
problematic in frames using more flexible connections, especially as the number of 
sto"es becomes large. A study by Ackroyd (19871 recommends I,m,t,ng the use of 
semi-rigid concepts to frames 10 stories and less . Although it may be structurally 
feasible to maintain the drift within reasonable limits. the economies of such frames 
may be unacceptable. However, only a detailed examination of a range of frames and 
framing systems can offer a rational assessment of the relationship between 
connection characteristics and frame serviceability. 

Finally, the questions of cyclic loadong and the response of the connections, especially 
regarding cumulative plasticity, energy absorption. and the potential for low-cycle 
fatigue, have not been addressed in systematic fashion . A recent Investigation by 
Nader and Astaneh (1991 I. however, offers significant input on the seismiC response 
of semi-rigid connections . The results appear to indicate favorable behavior. and 
clearly point out that the energy-absorbing characterist ics of such jOints may offer 
potential advantages for structures in seismic regions. 

The unbraced frame that was analyzed is shown in Fig. 1, with beam spans and story 
heights in meters . The structure is braced at each siorv In the directIon perpendIcular 
to the plane of the frame; the distance between adjacent frames IS 6 meters 120 feet . 
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Figure 1 Unbraced Frame Used in Design Example 

Plastic analysis was used for the structure, with the following gravity and wind loads 

Dead load: 
Live load: 

9 kNlm (0.62 klft! 
13.25 kNlm (0.91 klftl 



Wind loads (see Fi9. 1 I: F, - 3.93 kN (0.88 klpsl 
F, = F, = 7.87 kN (1.77 kipsl 

The analysis was based on a column out-ot-plumb of h/200, where h is the story 
height. For out-at-plane buckling of the columns. the system length of 3.75 meters 
(12.3 feetl was set equal to the buckling length (i.e. K = 1.01. 

Serviceability limits were imposed for beam deflections (live load onlyl and story drift, 
as follows: 

Story drift: 
Beam deflection: 

h/400 (28.1 mm = 1.1 inl 
1/360 (27.7 mm = 1.1 inl 

The relevant criteria of Euroeode 3 and the AISC lRFD Specification were satisfied for 
aU structural alternatives . 

3 .2 Results for Unbraced Frame with Rigid Connections 

All connections were assumed to be perfectly rigid. Recognizing current practice. It 

was decided to use end-plate moment connections with pre-tensioned bolts . Further, 
the column web was stiffened, at the level of the beam flanges. and a diagonal 
stiffener was also utilized . The latter is required under Euroeode 3: it is rarely used 
In structures of this kind in the United States, where doubler plates are more common. 
For the end·plate connections in question, furthermore, design by LRFD showed that 
neither diagonal stiffener nor doubler plates were needed . However, It was decided 
to retain the diagonal stiffener for the design by both codes, to obtain a more realistiC 
compafison of the fabrication costs. Some details of the moment connection afe 
shown in Fig . 2. In addition, the final end plate thickness was 30 mm (approximatelv 
1·3 /16 inchl, and the connection needed 10 20 mm (3/4 inchl A 325 bolts (European 
deSignation 8.81 . The column base connections were treated as fully fixed, uSing a 
sufficiently thick base plate and four anchor bolts. 

The result ing column and beam sizes were , using American and European standardized 
shapes : 

All columns: W8x40 or HEB 200 

All beams: W16x45 or IPE 400 

The frame elements that governed the design were the Interior column at the first 
floor level and the second story of the exterior (windward side) column. A plastic 
hinge formed in the adjacent beam for each ultimate limit state . 

At the serviceability limit loads, the maximum story drift was 9 .5 mm (3 /8 inch). or 
about one third of the allowable value. The maximum beam deflection was 11 . 2 mm 



(approximately 7/,6 inch), or roughly 40 percent of the allowable. 

Symmetric 
lor the inner 
columns IPE 400 

W 16x45 

HEB 200 ; W 8x40 

Figure 2 Rigid Connection Used for Unbraced Frame 

3 .3 Resuits for Unbraced Frame with Semi-Rigid Connections 

Figure 3 shows the beam· to-column connection that was chosen . Us ing top and seat 
angles, along with a double web angle. this is 8 typical semi-rig id connection for 
frames . The moment-rotation relationship was established in accordance w ith the 
approach of Kishi et al. (Kishi et aI., 1988). The flange angles were L' 20x' 20x12 
(L5x5x1 /2) with 22 mm (7 /B inch) A325 or 8.B high strength baits, and the web 
angles were L80xBOxB (L3-1 /2x3-1/2x3 /B) with 20 mm 13/4 inch) bolts . The bolts 
were not pretensioned . 

The column base connections were basically the same as those used in the rigid frame 
example of Section 3.2, although they were assigned an initial stiffness of 20,000 
kNm/rad (14,760 k-ft/rad) , to reflect an average flexibility as determined in physical 
tests (Penserini, 1991). 

The design of the frame aimed at retaining the same sizes of beams and columns as 
was used for the rigid frame . It is read ily underslood that th is would be the outcome 
it the frame were governed fully by ultimate limit states. and If structural second order 
effects were inconsequential. The results showed that W14x3B (lPE 360) beams 
could be used, in contrast to the W16x45 (lPE 400) of the preceding example. 
However. it was decided to use the same beam sizes as in the rigid fra me, to focus 
strictly on the economic impact of using less demanding connections . 

The members that governed the frame design were the same as those of the rig id 
case, namely, the interior column at the first floor level, and the windward second 
slory column. The number of plastic hinges was unchanged, as a direct conseQuence 
of the extensive redistribution of the bending moments in the more flex ible semi-rigid 



frame. This also explains why the smaller beam sile could have been used. 

At the serviceability limit state the maximum story drift (top floor) was , 6 .8 mm 
(0.66 in). or approximately 60 percent of the allowable. The maximum beam 
deflection was IS.3 mm (0.72 in). or about 66 percent of the deflection limit. 

L 120x120x12 ; 5x5x1/2 I Bolts M22 ; 7/S" 

HEB 200 
W Sx40 

IPE 400 
W 16x45 

L SOxSOxS ; 3 1I2x3 1/2x3lS 
Bolts M 20 ; 314" 

Figure 3 Semi-Rigid Connection Used in Unbraced Frame 

3.4 Cost Comparison of Rigid and Semi·Rigid Frames 

To evaluate the relative cost figures, it was decided to set the value of the rigid frame 
alternative as 100. The members and connection details of this case adhered to the 
reqUirements of Eurocode 3, and also to the LRFO Specification solution (although, as 
noted ear/ier, the use of a diagonal stiffener is not necessary under US criteria). 

The relative costs of the semi-rigid frame example were S2 In France and 80 In the 
United States. Since the beam and column sizes were purposely chosen to be the 
same for both, the better economies of the semi-rigid frame can be attributed to the 
less costly connections. Finally, all strength and serviceability requirements were met. 

4 . BRACED FRAME 

4 .1 Description of Structure 

The design was performed using a computer program that OPtimizes members and 



connections in semi-rig id frames. For a given geometry (beam spans. distances 
between adjacent beams) and set of loads, the program sizes the columns through a 
simple member force analysis procedure . The beam design is based on eQualiZing the 
pOSitive and negative moments . Once the member sizes are known, the ang.es for 
the beam-to-column connect ions are chosen, taking into account bolt diameters and 
placement . Finally, the lengths of the angles are selected such that the connectIon 
stiffness and moment capacity are in agreement with those reqUIred bV the beam 
optimization solution . That is, the beam span moment should be as close to the 
suppon moment as poss ible . 

The braced frame that was utilized in th is part of the study is illustrated in Fig. 4. The 
uniformly distributed gravity dead load and live load were both 15 kN/m 11.03 k ft), 
giving a total factored gravity load of 42 .75 kN/m 12.93 klft) . Serviceability was set 
as a beam deflection limitation of Ispan)/300. equal to 20 mm 10.75 inch). The 
structure was analyzed elastically, that is, using the maximum factored moment in a 
member to select a suitable section modulus. 

Inner current beam 

35 

35 

3.5 

35 

6.0 6.0 6.0 60 

Figure 4 Braced Frame Used in DeSign Example 

Three frame designs with different connections were prepared, as follows: 

(1) Double web angle connections, which makes the frame Simply 
connected (Type PR or 2). In current US practice Single plate shear tabs 
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are often used as connections)n this kind of construction. 

(2) End'plate moment connections. which makes the frame rigid (Type FR 
or 1). Although this is not normally done for braced frames. with the 
possible exception of cases where the story height needs to be 
minimized. the example was included to provide a solution that would be 
the upper bound for the semi· rigid case. 

13) Top-and-seat angle and double web angle connections. which makes the 
frame semi-rigid IType PR or 3) . 

The column sizes were dictated by the gravity loads, and were the same for all three 
frame designs. It was found that the shapes W8x58 or HE8 240 would be the most 
economical solution . The lateral loads were taken by the bracing system. which was 
identical for all three frames. 

4.2 Results for Braced Frame with Simple Connections 

The maximum beam moment is that of a simply supported beam. equal to ql'/8. where 
Q is the uniformly distributed load and I is the span . The final beam sizes were 
W14x38 or IPE 360. w ith web angles L120x120x12IL5x5x1 /2) and 24 mm (1 Inch) 
non·pretensloned high-strength bolts IA325 or 8 .8) . The design is shown in Fig . 5. 

4 .3 Results for Braced Frame with Rigid Connections 

The maximum beam moment is that of an elastic. fixed-end beam. equal to QI"12 . 
This solution requ ired a Wl 2x30 or IPE 300 beam. along with a 15 mm 15/8 inch) end 
plate and 24 mm 11 Inch) pretensioned quenched and tempered high-strength bolts 
IASTM A490. which is comparable to the European designation 10.9). Deta ils are 
shown In Fig . 6. It is again emphasized that this design example does not represent 
common practice; it IS included only to provide a fully rigid comparison to the semi
rigid alternative. 

4 .4 Results for Braced Frame with Semi· Rigid Connections 

The maximum beam moment is ql'l l 6. The resulting design utilIZes a Wl Ox26 or IPE 
270 beam. with top and seat angles L 1 50xl 50x 1 5 IL6x6x5/81 and web angles 
L120x 1 20x 12 IL5x5x 1 12) . The bolts are 24 mm 11 inch) A325 or 8 .8 non
pretensioned high-strength bolts . A slightly lighter beam could have been used. but 
It was decided that this was a marginal call. The Wl0x26 (lPE 2701 was therefore 
reta ined . The solution is illustrated in Fig. 7. 
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Figure 5 Braced Frame 8eam with Simple Connections 

4.5 Cost Comparison of the Three Braced Frame Solutions 

Only the connection details and the beam sizes varied from example to example . 
Using the simply connected frame as the base, since this is representative of current 
practice for braced frames. its cost was assigned the value 100. The US and French 
relative cost data for the rigid and semi· rigid alternatives were found as: 

lal Case 2: Rigid Connections: France: 120 
US: 115 

Ibl Case 3: Semi-Rigid Connections: France: 96 
US 105 
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Figure 7 Braced Frame Beam with Semi· Rigid Connections 



5. SUMMARY AND CONCLUSIONS 

As a somewhat surprising solution. it was found that the un braced frame benefited 
clearly from taking advantage of semi-rigid concepts. Although the member sizes did 
not change. significant savings were obtained by using less expensive connections 
Drifts and deflections were larger for the semi-rigid solution. but still well within the 
limitations set for adequate performance. 

For the braced frame. on the other hand, the cost picture IS mixed. Comparing cases 
1 (Simple) and 3 (semi-rigid). it is evident that although smaller beams could be used 
for case 3, the more expensive connections effectively negate the benefit. It is 
possible that more clear-cut benefits can be gained from other framing systems and 
connection details, but this must be examined as part of a larger project . 

Cost benefIts of 20 percent for [he unbraced frames indicate that It would be 
Important to undertake a detailed. systematic investigation of a range of frame and 
connection types, along With cost evaluations for different geographiC locales. 
Further, it would offer benefits that are not being accounted for In current practice. 
This will especially be the case for moment frames with a large number of bays . In 
any case, such a study should be performed by a practicing engineer, as opposed to 
a university researcher. 

As indicated in the introduction, the purpose of this study was not to arrive at 
speci fic, precise cost figures for a range of framing systems. Rather, relative 
performance criteria were Intended to establish the potential of semi·ngld concepts . 
Current US and European design codes allow for the use of such design procedures; 
the actual implementation has been hampered by the lack of analysis and design tools . 
Such are now becoming readily available, and practical utilization IS therefore a matter 
of technology transfer and further code recognition . 
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TEMPORARY FLEXIBLE CONNECTIONS 

IN THE CONSTRUCTION PROCESS 

ENRIQUE MARTINEZ-ROMERO' 

Abstract 

The design case of a 3Q-story building in Mexico City, which Incorporated temporary 
fleXIble connections in the construction process, to attain an economical, safe and time 
effective excavabon system of rts five underground parking levels . IS described herein. 

The behaVIor of the flexible strut-beam connections to the bare steel core of composite 
columns, is anallzed by a three- dimenSional fin~e-element computer program, and Its 
results are summarized in thiS paper. 

DESCRIPTION OF THE BUILDING'S FRAMING 

A composrte steel-concrete structural system was developed for thiS building , such that 
the bare steel framing could be used first during the excavation process of its 
five-underground parking levels, to resist the earth pressures, and later on to Integrate 
the floor system. The same construction system With slight changes, was employed from 
the street level up to the 25th (roof) level. Both framlngs conSiSted of a modified verSIOn 
of the stub-glider system, as will be explained later. 

The construction process started at street level, by dniling 1.2Om In diameter, and about 
2O.0m deep holes on the ground at every column locatIOn. The bottom of the hole . which 
was suppossed to be about 1.SOm under the lowest part of the bUilding's foundabon, 
received once ~ was clean from loose material, an unreinforced concrete slab about 
20cm thick. (Fig.1) 

, Consu~lng Structural Engineer. Professor of Steel Structures at the Facu~ of 
Engineenng National Autonomus University of Mexico. , 
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ught steel columns formed by two W 12 x 40 sections JOined In parallel,were introduced 
until the bottom of each dnll, and after being properly plumbed and aligned, were 
encased at the bottom In about I .SOm of plain concrete. Holes were then re- filled with 
the same excavallon malenal up 10 ground level, and the column box filled up with 
concrete slurry at Its entlfe length. (Figs. 2 and 3). 
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Such steel columns were Intended to serve during the excavation process as the 
connecting po,nts of the orthogonal struts at every underground level, which 
transmmltted the earth pressures acting on a poured·downwards concrete wall , from 
one Side to the oPPOsite one, and after the completion of the excavation and finishing of 
the penmetrical concrete wall and building's foundation, as the core of the building's 
composite columns. (Figs. 4 to 7) 
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Struts consisted of two standard channels 12 x 25, wrth ~s backs separated precisely the 
column's width, so as to connect to the columns by its SideS With simple fillet field 
weldments. The struts In one direction incorporated some W 12 x 40 ' stubs' and were to 
support W 12 x 40 continous floor beams, spaced approximately 2m. The ones on the 
perpendicular directions were to support only the floor slab directly 

The floor slab consisted on Scm of concrete poured on top of the high nbs of a OL-gg 
Robertson metal deck; and integ-ates to the floor beams and ' stub' girders by means of 
some C3 x 5 shear connectors, 10cm long, field welded through the steel deck to the 
top-flanges of the channels strut-beams and floor beams. 300 kg/cm2 (4267 psi) 
concrete strength was used for the slab. 



The floor so structured presents a modified version of the so- called 'Stub-Girder' 
construction system (Colaco, 1972), arid features end-stubs and naturally, two-channel 
floor girders instead of the standard W sections. (Rg. 8). 

SECTION A-A SECTION /3-/3 

It IS noteworth that the end-stubs will be formed of reinforced concrete in the space left 
between the two channels, and should be poured monol~hically w~h the concrete column 
encasement of the steel column. (Fig. 9). 

~.J!)'''':'I ~.40 
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Thus, the beam-to-column connection, flexible on ~s nature during the construction 
process, will be at a later stage, totally encased in reinforced concrete in order to assure 
a rigid-joint structural behavior, required both for strength and stiffness of the building. 



The following paragraphs describe in detail the simple construction of the JOint, rts 
analysIs and design, as well as rts predicted behavior. 

BEAM-TO-COLUMN JOINT DURING CONSTRUCTION 

As explained before, the main purpose of the connection studied ahead, was to Simplify 
the construction process, of the building particularly during the excavation, Since os 
depth (almost 20m), onglnated severe earth pressures againstthe retaining walls. which 
could be either temporary or permanent. The cost and feasibility of several construction 
systems for the excavation were studied for this building. All of them resulted exoeslvely 
expensive as compared wrth the one selected, particularly because of both,the reduced 
place for construction and Importantly, because of the addilional risk of adjacent tall 
buildings, founded above the bottom of the excavation. 

The 10lnt was the simplest poSSible way of connecting the strut- beams to the steel 
column; i.e., by field fillet weldments between the channels and the column's flanges. 

The struts were designed to carry the compression load from the retaining walls, together 
With the vertical (transversal) load given by the floor beams and construction load only. 
This was the deSign load for ~s temporary cond~ion . 

The intersection of the struts in orthogonal directions was greatly Simplified by offsetting 
one strut above the other, being the ones at a lower level, parallel to the column's 
flanges, where the length of weld is larger and easier to make. Thus, the upper strut 
passes continuously by the column's sides (parallel to the column's webs) , on top 01 the 
lower strut, and IS attached to the column's flange-tips by a vertlcallillet weld only. 

Addlbonally, the upper struts deliver some part of rts vertical load through dlfect contact 
between the honzontal channel's flanges, the amount of such a load being dlfficu~ to 
evaluate, since rt depends on the relative stiffness of the parts in contact as well as on 
the weldments rigidity 

This 10lnt was modeled for ~s study by a three-dimensional finite element mathematical 
model, and analised by the SAP90 program (Wilson, et ai, 1989). Figure 10 shows the 
computer produced plot of the jOint analised. The weldments between the channels and 
between the column and the channels are shown in darker line; those welds not Visible 
are indicated in dotted darker line. 
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Shell elements were used to represent all parts of the model, even the weldments 
themselves This modeltng element worked mostly as a three-dImensional plate, and the 
4·node element formulation IS a combination of membrane and plate bending behavior, 
Including two·way out·of·plane plate rotational stiffness compenents and a translationaf 
stiffness compenent In the direction normal to the plane of the element (Taylor, 1985; 
Batoz, 1982) 

Proper restrains were assigned to some of the joints, at the top and bottom of the 
column. Similarly, restrains at both the ends of the struts and the vertical loading peints 
were duly consIdered inasmuch as to represent in a realistic mode the joint behavior. 

The model was analtzed for four loading combinations which incorporated the full axial 
compression of the strut as well as the axial compression on the column, originated by 
the earth pressures and weight of the framing (five levels), respectively. Additionafly 
vertcalloadlng was applted transversally to the struts, to represent the construction load. 
The load combinations Included symmetrical and non·symmetrical loading. The 
magnitude of the loads used herein, were taken from a ETABS (Hablbulah, 1989) 
three· dimensional analysis of the complete building, during the construction stage. 
(Martinez· Romero E., 1990). 

Since the fleXible JOint defined above was not designed, to resist as such any other 
transversal load different than the self weight of the framing previously conSidered, (and 
the thrusts delivered by the retaining wall, of course) , a different model of the jaint, 
partially embeded on the encasement of concrete, was used to revise its working 
conditions under the weight of the slab and full live load. Such a model is not included 
here due to limitations of this paper. 
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RESULTS 

Resu~s from the analysis performed on the model described above, show dramatJC811y 
realistic resu~s which can be easily interpreted w~h the assistance of the graphic 
postprocessor SAPLOT (Habibulah, 1989), which by different colors and Intesrtles 
depicts the state of stresses in the various elements of the model. Figure 11 shows the 
computer plot of principal axial stresses SMA)( on the elements, due to one of the 
loading combinations. 
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The values of the stresses were compared w~h the allowable stresses, (AISe, 1989) 
Further, the stresses on the 'Weld· elements' were also revtsed according to the same 
specifications and found them within permissible values. 

An interesting opbon of the graphic postprocessor permitted to suppress all the shel ' 
elements except for those representing the fillet welds. Thus the same colored Intensrty 
plots were studied to analize the stress distribution on each weldment. 

CONCLUSIONS 

Resu~s from the analyses performed demonstrate an adequate structural behaVIOr of the 
flexible beam·to-column connection described herein. Importantly, close observabons of 
the construction process indicated a very convenient and easy way to connect steel 
framing with this twofold purpose of serving to resist soil pressures and in a later stage, 
as floor beams. 



The steel framing weight accomplished "ias 66.6 kg/m2 {13.6 P.S F.}, which can be 
rated as qUite low, considering the height and slenderness of the bUilding, as well as the 
fact of being bui~ on a highly seismic zone. 

The building construction, as it is up to date {April 1991}, shows up excellent construction 
speed and concreting sequence. The topping up of its 30th floor IS expected to be 
reached next June. 

Another remark to be made on this construction system is that by going five levels 
underground, rt was possible to reach the hard soil and thus to reclasify the seismic 
loading of the building to a less demanding zoning, according to the Mexico City Building 
Code of 1987. 
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Introduction 

A COST COMPARISON OF SOME METHODS 
FOR DESIGN OF BRACING CONNECTIONS 

W.A. Thornton t 

Bracing connections constitute an area in which there has been much 
disagreement concerning a proper method for design. Since about 198t. AISC has 

funded research at the University of Arizona (Richard, 1986) and, since t985, NBS 
(Gross and Cheok, 1988, now the National Institute of Standards and Technology) has 

been involved in physical testing of three approximately full scale vertICal bracing 

connection specimens. 

The above work has not yet been distilled into a consistent method of deSign 01 

connections of this type. For many years, designers have fallen back on elastic beam 

models to analyze gussets and their connections. This is still a viable approach (Kulak 

et al 1987, Blodgen, 1966). However, a simpler approach is to use eqUilibrium mode,s 

for the gusset , beam, and column and to require that yield not be exceeded globally on 
any gusset edge or section, and also on any section in the column or beam. "we 
achieve this, then the Lower Bound Theorem of Umit Analysis Indicates that we Will 
have achieved a safe design. This approach was promulgated In a paper by the 
author (Thornton, 1984), and forms the basis of the "AISC Method" (AISC, t984) . 

There are many possible equilibrium models, three of the simplest of which are 

presented here. 

Equi librium Models 

Model I , This is the most common and simplest of all equilibrium models The force 

distribution on the gusset, beam, and column are shown in Fig . 1. As With all 
equilibrium models, this model guarantees that the gusset , beam, and column are In 

equilibrium under the brace load P. "the work point coincides with the gravity axes of 

the members, equilibrium is achieved with no connection induced couples in the 

beam, column , or brace. Modell has been referred to as the "KISS" method, or, 

sarcastically, "keep it simple, stupidl". 

1 Chief Engineer, Gives Steel Company, Roswell , Georgia USA 



Model 2. This model is a direct extension of the model adopted by AISC (AISC. 

1984) to bracing connections to column flanges. The force distributions for the gusset. 

beam. and column are shown in Figs. 2 and 3 and as for Model t . these force 

distributions guarantee that the gusset , beam, and column are in eqUilibrium under the 
brace load P. If the work point coincides with the member gravity axes, equilibrium IS 

achieved with no connection induced couples in the beam, column , or brace. Model 2 
IS a litt le more complex for calculations than Model t, but, as will be shown , it yields 

cheaper designs. Model 2 will be referred to as the AISC method. 

Model 3. This model is the result of the autho(s search for an equi librium model for 

bracing connections which achieves equilibrium for all components of the connection 

with linear forces only, i.e., no couples. It is the most efficient (yields cheapest 
designs) of the three models presented here but is the most complex in terms of 

calculations required. Note that this is not a serious problem because when 

programmed for a PC, the computational aspect of this model (and of the other two) IS 
of little moment. 

The force distributions for the gusset. beam. and column are given in Figs. 4 and 

5. As for Models t and 2. it can be shown by elementary calculations that these force 

distributions satisfy equilibrium for the gusset, beam, and column, and if the work pOint 

IS at member gravity axes, with no connection induced couples anywhere. 

The beam shear R in Figs. 4 and 5 is shown applied to the beam to column 
connection. If the shear is large, it may be desirable to distribute it to the gusset to 

column connect ion as well. In this case, the gusset serves as a haunch and the gusset 
to beam forces must be adjusted to effect the desired distribution of R. 

Example: 

ConSider the example given in Fig. 6. The column IS a Wt 4x605, the beam a 

Wt8xt06 and the brace a W12x65 with 450K at a bevel of 9916 vertical to 12 

horizontal, e = tan . 1( 1219916) = 51.45°. This connection was completely designed for 
each of the three models discussed above using the connection deSign pnnClples 

given in (Thornton , 1984 and Gross and Cheok. 1988). Figs. 7, 8, and 9 give the 

completed designs for Models 1,2, and 3 respectively. Table 1 gives costs for the 
designs in Figs. 7, 8, and 9 determined by a fabricato(s estimating department. 

Table t shows what is visually apparent when Figs, 7, 8, and 9 are compared, i,e , that 

Model 3 gives the most economic design, and Model I , the "KISS" Method, gives a 



441 

design which coslS (approximalely) 28-30% more. 

Tabl. 1. Cost Comparisons 

Model 

1 

2 

3 

W14x605 Column 
Cost(l) Cost Relative to 

U.S.$ Model 3, 010 

840 

746 

658 

128 

113 

100 

W18x119 Column 

Cost(1) Cost Relallve to 

U.S.$ Model 3, 010 

732 
638 

562 

130 
114 

100 

(1) Cost includes material of gusset, clip angles, gusset to column and beam to 

column , bolts, and labor for welding and dri lling. 

Table 1 includes a lighter column section , a W18x119, to assess the effect of 

drilling the heavy flange of the WI 4x60S. It should be noted that the total costs as 

delermined here could be widely different if estimated by other fabncators , but the 

costs given should be useful as a rough indicator of relat ive costs. 

Summary 

Three eqUilibrium models have been presented here. Of these models, 2 and 3 
are superior to the very simple Model l in terms of cost. Of the three models, Model 3 
produces gusset edge force orientations closest to those indicated by the extensive 

analytical work done at the University of Arizona (Richard , 1986), which prOVides 

further confidence in its use. 
The three equilibrium models presented here, which provide internal force 

distributions between the beam, column , and gusset, eschew empirical factors 01 any 

kind. Models 1, 2, and 3 achieve their lorce distributions With absolutely no connection 
induced couples required in lhe beam, column, and brace when the WOrking point IS 
the gravity axis intersection 01 these three members. Since no empiricism is ,"volved. 
these models are applicable , with engineering judgment and intUition , to a Wide 

variety 01 similar connections. 
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Semi-Rigid Lightweight Steel Frame SKKLKTON 

FrantiAex Wald 

The paper is aimed at showing an application of the semi
rield ~teel frame in Czechoslovakia. The constructional system 
is baeed on co ld fo rmed beame and columns. as well as eemi-riaid 
joints /!lind co lumn bases. The test results of joints and column 
bBs~s are included. 

1. STRUCl'URAL SYSTlIH 

The steel frame system SKELETON was designed for lishtwe ight 
single-story buildings used as shopping centers. offices and 
schools. On Fig . 1. we can see the desian of a shoppi ng mall ( 
Bilek ~t ~l .. 1990 ) . 

Fia . t. Frame System SKELETON. shopping mall (Bilek at al . . 1990) 

Assistant Professor. Czech Technical University. Thakurova 7. 
166~9 PraQue 6. Czec hoslovakia 
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The structural modulus is ranee between 3.0 and 5 4 m and 
the construction heieht between 3.0 ~nd 3.9 m. The roof 1e de
aianed as flat or wi th inclination 30~. The col umns are made of 
sQuare hollow sections. lOOxlOOx3.5 mm 1n elze. The beams are de
silned as cold formed double C the height from 120 to 240 mm. 
sheet 4 mm . The .ioints are calculated with preloaded bolts H12. 

2. FRAKK DESIGN 

The zstructure was designed accordin, to the CZf!'choslov8r.: 
standard {CSN 731401/1986). The frame was calculated to S8tlSfy 
the sway r igidity undtor a eervice load. The eemi-rilid ,ioint~ and 
column bases were taken into account. The flret order elastlc 
model with the secant stiffnees of .ioints I JASPART and HAQUUI. 
1990) was used for the calculation. The second ord~ r elaetlc 
calculation (EUROOOuE 3. 1989) includina the nonline r jOlnt 
behavior as a power model was used to check the ultimate llmit 
state requirements , Waldo 1990 ). The local stability of thln 
tubes limited the design. The stability check throuah the second 
o rder calculation with the ~nitial stiffness of Joints wae found 
1n a aood aer eement with the method based on a modifl~d moment ot 
inertia for beams (BARACAT and CHEN. 1990). 

110.1'110.4 tat. 

)e 240. 

1112 r.tact.d 

11.1 .. W. 
1) 

Fia .2. Beem-to-Col umn Joints 
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3. JO INTS 

The Joints are designed with 8 mm connectlOn plate and pre
loaded high etrength bolte .H 12 tfyb=500HPa). Fia .2 .. The contac t 
surface wae cleaned by wire brushinl without any bisetenin._ The 
eemi-ri_id ~havior of joints wae predicted from the polynomial 
expr~eel0n ( FRYE and MORRIS. 1983l. interaction influence tASTA
NEH. 1990) and experiments (KISHI and CHEN. 1989) . The major 
det8il~ were tested in Unlversity Lab. Fig.3. The external beam
to column joints were loaded on a cruciform testing stand. Fia· 4 . .... 

..... 
• 0.00 

..... 
E ' • • GO 

Z 
r 4.UO 

~ 

.: tLH 

C 
Ct ,,,00 
E o ... 
~ ... ... .... 

' .DO ..... 

l.--" 
7 1/ 

-'" ./ 

" 
~ 

~X 

\ . .... 

...-~ 
)..- ...... 

-- I-'-

.rI 
/1' --V 

0.044) ..... . .... 0, '0() 

Rol ollo n . Rod 

F1a.3. Moment-Rotation Diagram; D Internal Col~ . • External Col
umn. - 8eam-Line 

Ii 
I 

I 

Fig.4. A Cruciform Teet Setup for a n External Beam-to-Column 
Joints 
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4 _ CO!a1ll BASKS 

The column bases we r e designed with a simple base plate 
300x300x2Smm without a stiffener. Fia . S . The base bolts. 18 mm. 
are anchored to a conc rete block with steel pluas <Kotevni Tech
nika Praha Comp. ). The plugs were fixed through prestressina of 
wedge-shaped rings into a base concrete block. The stiffness was 
predicted from the exponential model (HKLCHERS. 1987) and experl 
ment s (PICARD at al .. 1987). The experiments were c arried out to 
c hec k the minimum thickness of the base plate. Fia.d. The test 
showed arest sensitivity of the plua slip on the Quality ot con-
crete. 

f 
100. tCIOI.4 tub. 
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5. CONCW SION 

The use of the lightweight constructional system SKELETON Ie 
Ilmited on one side by the mobile house cell systems developed 
ior similar purposes and on the opposite side by classical hot
r olled steel structures. This system seems to be competitive for 
a number of different types of low buildings through a proper 
complex d~tailina. including semi-rigid des ian. as well as 
erection advantages and speed owing to small weight. 
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CURRENT RESEARCH NEEDS 

FOR 

CONNECTIONS IN STEEL STRUCTURES 



INTRODUCTORY COMMENTS 

The research and development need subjects that are given in the following were 
determined from the technical papers that were presented and the extensive 
discussions that took place during the workshop. The listing represents the essence 
of the work of the Research Reporters . Although no detailed explanatory notes are 
provided with each topic, it is felt that the subjects give a realist ic reflection of the 
work that needs to be done. 

The research tOPICS are listed in the order of the technical sessions of the workshop. 
and are not prioritized in any way . Several of the topics are very broad in scope; 
these may enta il a number of actual projects. 

RESEARCH AND DEVELOPMENT NEEDS 

1. Bolts 

la) Tension·shear interaction for slip-cntical jOints, With respect to bolt 
preload 

(b) Long joint strength reductions : Effects of bolt diameter and grade of 
steel 

(c) Quality assurance of bolt materials and their installation , With respect to 
fitness for purpose 

(d) Applications of snug-tight bolts in shear connections and end -plate 
moment connections 

(e) Field monitoring of actual bolt preloads for various installation methods 

2, W elds and l ocal Strength Design Considerations 

Is} Recognition of actual fillet weld strength for design. particularly for 
transversely loaded welds 



4~5 

(b) Strength of fillet welds with undermatched electrodes 

(el Shear lag effects in welded connections 

(d) Cyclic loads on welded connections in construction with tubular 
members 

3. Predesigned and Special Connections 

(a) Initial stiffness of simple shear connections for serviceability checks 

(b) Internal force and stress distribution in connections at service and 
ultimate limit states 

Ie) Design of semi· rig id connections. including seismic considerations 

4. Composite Connections 

(a) Rotation capacity demands and capabilities of connections in semi-rigid 
composite construction 

(b) Moment redistribution criteria for semi-rigid compos ite construction 

Ie) Improved modeling of force transfer in composite connections using 
profile shapes 

(d) Rotation capacity of beam web in negative moment regions, particularly 
considering the effects of compressive areas 

(e) Further stud ies of classification schemes for beam-to-column 
connections 

(f) Further studies of moment-rotation characteristics of composite 
connections 

(g) Effects of residual stress and strain-hardening in composite connect ions 
under cyclic loads 

5. Semi-Rigid Connections 

(al Reliability of semi-rig id connections, including representat ive parameters 
of variation for each connection type. and how to incorporate variabifity 
into design approaches and codes 
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, 
Ib) Further studies on the behavior and strength of the tension zone of end

plate and top- and seat angle connections 

6. Available Connection Software 

(a) Applications of expert systems concepts to the full range of connection 
behavior and design 

7. Global Behavior of Semi-Rigid Connections 

lal Reliable methods of definition of moment-rotation curves for design 
applications 

Ib) Use of design vs . actual moment-rotation curves for various types of 
frames. considering serviceability and ultimate limit states 

Ie) Practical methods of connection classification, considering stiffness, 
strength and ductility, for a range of frame types 

Id ) Effects of joint geometry on strength and stiffness of tubular 
constructions 

Ie) Improved finite element modeling of connect ions. includ ing hysteretic 
behavior of bolts 

If) Experimental and analytical models for structure-cladding interaction. 
Including fastening systems and experimental verification of theoretical 
models 

Ig) Range of applicability of simple methods of frame stability 

(h) Damping effects of cladd ing during seismic events 

8 . Examples of Frame Design 

(a) Methods of calculating service load deflections that take stiffness of 
collateral elements into account 

(bJ Modification of connections to alter dynamic characteristics 
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9. Economy of Design 

(a) Develop compendium of relative costs of different types of connections 

(b) Cost comparisons of hot-rolled and cold-formed beams and columns in 
actual structural applications 

(c) Design of gusset plates for compression 
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