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FOREWORD 

This book is the Proceedings of the Third Internatiollal Workshop on Connections in Stul 
Structurts: Bthaviour. Strtngth and Dtsign. held at the HOlel Villa Madruzzo in Trento. Italy. 
during the period 29-31 May. 1995, under the au pices of the Department of truc!ural 
MechanIcs and Design Automation of the University of Trento. The FIrst International 
Workshop was held at Ecole ormaIe Superieure de eachan. in Cachan. France. 25-27 May, 
1987, and its Proceedings was published by Elsevier Applied Science Publishers in 1988. The 
Second International Workshop was held at the Westin William Penn Hotel in Pittsburgh. 
Pennsylvania, USA. during the period 10- I 2 April. 1991, under the auspice of the 
Department of Civil Engineering of the University of Pittsburgh. The Proceedings was 
published by the American Institute of Steel Construction in 1992. 

The workshop organizers wish to express their sincere thanks to the organizations thaI made 
the workshop possible through co-sponsor support and other assistance. Thus. the keen interest 
of the American Institute of Steel Construction and the Commission of European 
Communities. through the COST C I project. directed by Professor Andre Colson. and the 
European Convention for Constructional Steelwork, is much appreciated. 

The Department of Structural Mechanics and Design Automation of the University of Trento 
was the official host of the workshop, through its Head. Professor Riccardo Zandonini. 
Exten ive logi tical and other support was provided by the department, in particular through 
the work of Mrs. Rosanna Verones and research associate Claudio Bernuzzi. 

A number of the workshop participants served as technical session chainnen and reporters. 
In particular, the efforts of Messrs. Donald W. White, Purdue University; David Anderson, 
University of Warwick; and Jean Pierre Jaspart. University of Liege. who accepted the 
demanding assignments as Research Reporters for the workshop. are acknowledged. 



xiii 

The suppon and technical contributions of the participants. without which the workshop 
would not have been possible. are sincerely acknowledged and appreciated. It is hoped thaI 
the kind of international cooperation that has been facilitated by the First. Second and Third 
International Workshops will continue to enhance research and development efforts in steel 
structures worldwide. 

Trento. Italy 

August. 1995 

Reidar Bjorhovde Andre Colson Riccardo Zandonini 
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The success of the First and Second International Workshops on 
Connections in Steel Structures provided the impetus for the Third, The 
first was held in 1987; this event was conceived by Messrs , Bjorhovde, 
Brozzetti and Colson, and following the invitation of 40 internationally 
recognized research and design experts in the area of steel structures and 
connections, 37 individuals accepted the challenge to present state-of-the-

" 

xv 
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art reports on this important specialty of the structural engineering 
profession. Representing 15 countries, these researchers and their 
colleagues presented a total of 41 papers, co-authored by 76 individual 
authors. The Proceedings of the 1987 workshop, which was held in 
eachan, near Paris, France, document the technical papers as well as the 
discussions and the research needs that presented themselves at the time. 

The second workshop was held in Pittsburgh, Pennsylvania, USA, in 1991. 
Using the same type of attendance by invitation only format, 60 
internationally recognized research, design and fabricated steel 
construction experts accepted the challenge to present state-of-the-art 
reports . Representing 19 countries, these researchers and their colleagues 
presented a total of 60 papers, authored or co-authored by 81 individuals. 
A number of the papers were the result of true international cooperation, 
with authors coming from different countries. The Proceedings of the 1991 
workshop document the technical papers as well as the discussions and 
the research needs that presented themselves at the time. 

Preparing for the third workshop, it was decided to retain the format of 
attendance by invitation only. The original rationale was that restricted 
participation would allow for the most advanced topics to be considered, 
without the need to bring everyone to a common base of knowledge, so to 
speak. In other words, by gathering expert only, it was felt that it would be 
possible to move the farthest and fastest in the assessments of ongoing 
research, developments, and research needs. The first and second 
workshops proved this format to be an unqualified success, so much so 
that since then, a number of restricted attendance workshops have been 
held, dealing with many and diverse subject areas. 

A total of 53 internationally recognized experts were invited to part i cipate 
in the third workshop, and 51 accepted the challenge, representing 18 
countries. 52 papers with 92 authors and co-authors were submitted; 
these represent the primary contents of this book. 

In the initial planning of the workshop program, some of the subject areas 
addressed in 1987 and 1991 obviously had such broad interest that it 
would be important to consider what further progress had been made. 
Thus, sessions on connection modeling, cyclic response and frame 
behaviour were selected. Similarly, subjects in the general area of semi­
rigid connections continue to be important. Much work over the past 4 
years has been dedicated to the development of design code criteria and 
practical implementation; a total of four sessions were organized to 
address such issues. Finally, research on connections for composite 
construction has continued in several centers around the world; one of the 
workshop sessions dealt with these topic. 
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As was done for the first and second workshops, Research Reporters 
monitored all technical sessions for suggestions for needed research and 
development. The topics that were identified are presented in the last 
section of th is book; they indicate the state-of-the-art as well as the 
broader outlook on the future of steel construction, conside ri ng 
connections as key elements . 

" 
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FINITE ELEMENT MODELING OF PARTIALLY RESTRAINED 
BEAM-TO-GIRDER CONNECTIONS 

Clinton O. Rex' 

W. Samuel Easterling' 

Abstract 

In recent years the design of steel framed composite floor systems has been controlled more 
often by serviceability cnteria than by strength. It has been suggested that a partially 
continuous composite floor system would improve serviceability limit states; and that. partially 
restrained beam-to-girder connections are the key to such a floor system (Rex and Easterling 
1994). A research project aimed at developing design methods and criteria for partially 
restrained beam-to-girder connections and partially continuous floor systems is currently '" 
progress at Virginia Poly1echnic Institute and State University (VPI) . This paper focuses on a 
finite element modeling technique that is being used to predict the moment-rotation behavior of 
various beam-to-girder connections. This method relies heavily on the behaVior models of 
various connection sub-elements (bolts. welds. etc ... ). These connection sub-element models 
are also discussed. 

1. INTRODUCTION 

In many cases concrete floor systems are chosen over steel framed composite floor systems In 
design situations where the overall floor depth is limited. Shallow concrete floor systems can 
be designed to meet both strength and serviceability design criteria while still remaining 
economical. Shallow steel framed composite floor systems can meet strength design critena 
8Ild remain economical thanks to advancements in composite beam design and the availability 
of low cost high strength steel. However. in many cases these systems are unable to meet 
lefViceability design criteria while still remaining economical 

One possible method to improve both the strength and serviceability design aspects of a steel 
framed composite floor system is to design the system as partially continuous . The key to 
designing a partially continuous floor system lies in the design and analysis of the beam-to­
girder connections. A research project investigating the design and analysis of partially 

I V,. Doctoral Fellow in the Charles E. Via. Jr. Department of Civil Engineering. Virginia 
Polytechnic Institute and State University. Blacksburg. VA. USA 

I Associate Professor in the Charles E. Via. Jr. Department of Civil Engineering. Virginia 
Polytechnic Institute and State University. Blacksburg. VA. USA 
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restrained steel and composite beam-to-girder ,connections is currently In progress at Virginia 
Polytechnic and State University (VPI). 

To date, four full scale composite beam-to-girder connections have been constructed and 
tested to fa ilure (Rex and Easterling 1994). These four connections are shown schematically 
In Fig 1 Connection #1 is a standard single plate shear connection which IS commonly used 
In the United States To enhance the moment resistance of beam-to-girder connections, both 
before and after concrete hardens, it was believed that the details of the connections would 
have to be changed from typical. currently used, details. Connections #2 through #4 represent 
varying degrees of departure from the typical connections. The results of the tests showed 
that these simple connections could develop significant rotational restraint and thus justified 
additional development. 

CONNECTION HI 

WZ4lSS 

CONNECTION HJ 

= 
CONNECTION HZ 

":'1:"= __ WI8140 

WZ4lSS 

CONNECTION jj4 

'"?" Dc-> I =' '= 
_ WI8140 

Figure 1 Partially Restrained Composite Beam-To-Girder Connections Tested 

An analytical technique to model the moment-rotation behavior of the connections IS needed 
10 develop design methods and recommendations for partially restrained beam-to-glfder 
connections Currently, non-linear finite element analYSIS is being used. 

2. FINITE ELEMENT MODELING 

Finite element analysis IS currently being used to model the partially restrained beam-to-girder 
connections Certain Simplifications have been adopted so that the finite element models do 
not become exceSSively complex. First, the three dimensional connection behavior is reduced 
to a two dimensional problem by ignoring out-of-plane effects. This is a common assumption 
made in most research involving connections. Second, the two dimensional problem IS then 
further simplified by using only one dimensional fin ite elements placed in two dimensional 
space The elements used are beam, truss, and non-linear spring elements. Beam elements 
are used to represent the beam and rigid links. Truss elements are used to represent 
re inforCing steel, concrete, and steel plates. Non-linear springs are used to represent shear 
studs, bolts, and welds. Schematics of the finite element models of Connections #1 through 
#4 are shown In Fig. 2. 
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Connection # I Connection #2 
c""'7,'l 

s.o.I Shur Stud Spnnp I r RtuUGn:l"I Sloel , S'-St ......... 

I.J 
l- n .... 
~ 

f-.RI"d LI 

_ 8oIl1 Spnnp 

'L, 

..... 
h-U-J.- Weld Spr". 

Sleel Pb* 

-r 

ConnecllOn #4 
Shc:,t St lold Spnnp 

Bum 

Figure 2 Finite Element Models Of Partially Restrained Beam-To-Girder Connections 

Clearly these models have many assumptions and simplifications incorporated into them 
AsIde from ignoring out of plane effects (such as shear lag in the slab and instabilities in the 
tteef) many in plane effects have been ignored as well. First, the flexural contribution of the 
concrete slab to the overall rotational resistance of the connection is considered negligible 
Second, it is assumed that the composite deck remains in contact with the top flange of the 
bum at all times (Le. no slab uplift). Third, shear deformations of the beam are ignored and 
the beam is assumed to remain elastic. Finally, the vertical shear strength of the connection IS 

_med sufficient to ensure that a shear strength fa ilure at the connection does not occur and 
twt vertical shear deformation at the connection is small. These assumptions are justified as 
fallows. 

• Ignoring shear lag in composite slab: The results of the tests so far showed that within a 
6O-in. design strip that shear lag was not significant. 

• Ignoring instabilities in the steel: Connection #1 failed as a result of distortional buckling of 
the secbon; but, subsequent connections and connections that are currently being 
developed all have some restraint on the bottom flange (such as a seat angle) and 
buckling of this type has been eliminated. Connection #4 ultimately fa iled in web cnppllng 
Connections similar to Connection #4 are no longer being considered In general, proper 
connection design details will ensure that instabili ties do not occur. 

• ignoring flexural contribution of slab: The center of rotation for the connections tested to 
date wa s near or below the centerline of the bare steel beam. This places the reinforced 
composite slab in almost pure tension. As a result, the axial stiffness of the slab IS far 
more dominant than the flexural stiffness of the slab when considering the overall 
connection behavior. 

• Neglecting slab uplift: Because the composite slab is attached to the steel beam with 
welded headed shear studs the slab cannot separate from the beam without first fa iling 
one of the shear studs. This will typically only occur after significant rotational 
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deformations have occurred and the connection is near failure. The abihly to predict the 
behavior of Ihe connection beyond failure is not of current interesl 

• Ignoring shear deformations of beam: The beams in partially conllnuous composite fioor 
systems are going to be long and shallow. This is a situation in which shear deforma~ons 
are known to have little effect 

• Assuming beam remains elastic: Currenliy It IS believed Ihat the beam-to-girder connecbon 
WIll be detailed such that the connection moment capaCIty will be less than Ihe elastiC 
moment capacity of Ihe beam. 

• Assuming connection has sufficient shear strength: Proper design guidelines will ensure 
Ihat a shear strenglh failure does not occur prior to a moment strength failure In Ihe 
connection. 

• Assuming vertical deformation at the connection is negligible: Proper design of Ihe 
connection to ensure proper shear strenglh should also ensure relatively small vertical 
deformations 

Despite the fact that the connections tested to date violated some of the above assumpilons, 
analytical and expenmental results generally compared very favorably, as indicated in Fig 3, 
WIth Ihree notable exceptions 

1000 
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Figure 3 Finite Element Model Results Vs, Test Data 

First, Ihe analytical slllfness for the non-composite connection behavior of Connection #1 is 
not as sllff as Ihat measured during testing The authors are currenliy not sure of Ihe reason 
for Ihls deViation . Possible reasons include bad load measurement for Ihis stage of the 
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",,"clicilll loading and stiffening effects of materials not accounted for in the model such as 
IIDps, steel decking and reinforcing steel In the wet concrete. Because later steel 

I~:::'S were much stiffer than Connection #1 these stiffening effects were probably less 
This is more fully discussed by Rex (1994). Second, the model response was 

stJffer than the measured response In the latter stages of the test on Connection #1 
is because Connection #1 failed as a result of distortional buckling of the section Once 

buckling began the connection response softened Because nothing In the model currently 
.INIIlIs such a response it would be expected that the two behaviors would diverge at thiS 

The third notable difference is the non-composite connection behavior of Connection 
The model behavior was much stiffer than the measured behavior. It IS currently believed 
some of this difference may be a result of the method used to measure the expenmental 

It is believed the accuracy of measurement was insufficient to measure the very 
rotations associated with this rather stiff steel connection. 

lUder should note that both the data and the models have two stages of behavior. These 
Iip ... ent the two stages of connection loading associated with construction loads (loading 

before the compOSite slab hardens) and subsequent imposed loading (loading that 
after the composite slab has hardened). The ability to deSign and analyze the 

._cticln for both stages of behavior is very important. 

important assumption in the finite element modeling is that we have the ability to 
the behavior of the fundamental elements of the connection (bolts, welds, etc .. ) 

fundamental elements are referred to as ·sub-elements·. The term ·elements· has 
reserved for connection parts that are combinations of the sub-elements such as a seat 
connection and a reinforced composite slab Clearly the ability to predict the behavior of 

connection as a whole is directly linked to the ability to predict the behavior of the 
a_cUeln sub-elements. So the question arises, how well can we predict the behavior of the 

E '.Iou,s connection sub-elements? 

3. SUB-ELEMENT MODELS 

I~ .:=::;::~ sub-elements are essentially the materials and fasteners used In any non­
IE or composite connection. This section summarizes current models used to predict 

""I,a,,;or of sub-elements and points out where some of these may need additional 

::::~~,~~n before being used in general modeling of partially restrained beam-to-girder 
Schematics of the load-deformation behavior and the stress-strain behavior 

E1~lIP')rated into the finite element models are presented in Fig. 4. 

JJluly, the ability to predict the strength of a connection sub-element is the first problem to 
Then, based on the predicted strength, a method to predict the load-deformation or 

__ "III'lIin behavior is developed. For brevity, the focus of the following paragraphs is on 
;,:::~:~.'Of predicting the load-deformation or stress-strain behavior of the connection sub-
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Figure 4 Behavior Of Connection Sub-Elements Used In Finite Element Models 

3.1 Bolts 

The 1994 Load and Resistance Factor Design (LRFD) Manual (Manual of 1994) uses the 
following equation to predict the load-deformation behavior of high strength bolts. 

R = R...(I-e· ... r Eq(1} 

Where· 
6 = Total deformation of fastener and bearing deformation of the connected material (in) 
!' = 10 
k= 0 55 
Ro' = Uilimate shear strength of a single fastener 
e = Base of natural logarithm 

The form of the equation was originally developed by Fisher (1965), while the values of the 
coeffiCIents were determined by Crawford and Kulak (1971) based on six single bolt shear 
tests. The bolts In these shear tests were fully tensioned A325 3/4-in. bolts placed in double 
shear and the test specimen was loaded in compression. 

Despite the fact that the coefficients of Eq 1 are based on only six tests, the equation is used 
to predict the bolt load-deformation behavior in the eccentrically loaded connection design aids 
,n the LRFD Manual (Manual of 1994). This is done without regard to bolt diameter, whether 
the bolt is in single or double shear, whether the elements being bolted together are In 
compression or tension , whether the failure mode of the bolt is shear of the bolt or bearing 
tearout of the plate, and other parameters that could be associated with this type of element. 

To better determine the load-to-deformation behavior of bolted plates in single shear, Richard, 
et al (1960) conducted a series of 126 bolt tests. These tests consisted of fully tensioned 
single bolts being placed in single shear and the plates were loaded in tension. Thirty different 
combinallons of plate thicknesses, plate strengths, bolt diameters, edge distances, and bolt 
strengths were studied Three typical failure modes were observed in the elemental tests, 
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shear failure of the bolt, beanng failure of the plate, transverse tension tearing of the plates. 
Unear regression analyses were performed to determine coefficients for an equation that could 
be used for additional analytical modeling. This equation is referred to as the Richard Formula 
and the coefficients determined from the regression analysis are 1<,., Ro, and n. The equation 
is given by: 

R = 

Where: ,,= Total bolt and plate deformation 
K, = K - I<,. 

t I 
K = 2E --=.L.:L = initial stiffness of the response 

t, + t1 
t" t, = Plate thickness of the two attached plates 
E = Modulus of elasticity for the attached plates 
I<,. = Plastic stiffness of the response 
R. = The Y-axis Intercept of the plastic response 
n = Curve fitting parameter 

Eq (2) 

These coefficients were determined on a case by case basis and a general method of 
predicting the load-deformation behavior of bolts in single shear was never developed. 

tt is currently believed that the load-deformation behavior of bolts in single shear has a 
significant impact on the moment-rotation behavior of partially restrained beam-to-girder 
connections. To better understand this behavior, a series of single bolt tests is currently being 
conducted at VPI. However, the results of Richard's tests were used in the connection finite 
element models previously discussed. 

3.2 Fillet Welds 

The 1993 LRFD SpeCification (Load and 1993) uses the following equation to predict the load­
deformation behavior of fillet welds. 

P 
- = ICp) 
P. 

Where: 
P, = Strength of weld loaded at angle e 
f(P) = [p{1 .9-0.9 p)J03 
P = 61,,-
" = Deformation of the weld element in direction of loading 
6, = O.209{9+2)"" d = Deformation at ultimate load of fillet weld 
d = Leg size of fillet weld 

Eq (3) 

This equation was developed by Lesik and Kennedy (1990) based on the research by Miazga 
end Kennedy (1989). It is currently believed that this equation predicts the load-deformation 
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behavior of fillet welds with sufficient accurat)' for finite element modeling of the partially 
restrained beam·ta-girder connections. Consequently, this model was used in the connection 
finite element models previously discussed. 

3.3 Shear Studs 

Rounded headed shear studs are currently the most common shear connector used in 
composite beams. Two of the most commonly used analytical models to predict the load· 
deformation behaVior of these shear connectors are. 

Q -
Where· 
Q = Load on shear stud 

-1 16 ]'" I -e 

Q ... = Ultimate strength of shear stud 
6 = Deformabon (in ) 

Eq (4) 

Eq (5) 

Eq 4 and Eq 5 were developed by Buttry (1965) and by Ollgaard, et al (1971) respectively for 
continuously loaded shear studs in solid slabs. It is uncertain at this time whether either of 
these equations have sufficient accuracy for use in finite element modeling of parually 
restrained connections. A large data base of push·out tests conducted at VPI (Sublett, et al 
1992; Lyons, et al 1994) is currently being reviewed to evaluate the load·deformation behavior 
for rounded headed shear studs in steel deck. Eq 4 was used to estimate the load· 
deformation behavior of shear studs in the finite element models of the partially restrained 
beam·ta-girder connections discussed previously. 

3.4 Mild and Reinforcing Steel 

Partially restrained connections should have sufficient rotational ductility to allow proper 
moment redistnbution in partially continuous composite floor systems. It is therefore desirable 
In most Instances to design the connection so that Yielding of the steel connection elements 
occurs prior to any sudden strength or instability failures. To assure that yielding does occur 
before a sudden fa ilure. it is necessary to consider actual (or at least average) Yield stress 
rather than the minimum specified yield stress. 

Recent mill surveys of rolled beams showed that the mean yield stress of A36 (minimum 
specified Yield stress of 36 ksi) steel is approximately 48 ksi (AISC 1994). Mill test data of 
standard deformed reinforcing steel reviewed by Mirza and MacGregor (1979) showed that the 
mean Yield stress of grade 60 bars (minimum speCified yield stress of 60 ksi) was 71 ksi. 

In addition to conSidering more accurate estimates of the steel yield stress, reasonable 
estimates of the full stress·strain behavior are believed to be necessary. This is based on the 
fact that reinforcing steel starts into the strain hardening region very soon after yield and that 
the ductility of the connection at failure may be limited by the available ductility of both 
reinforcing and mild steel. Methods of estimating the stress· strain behavior based on the yield 
stress are currently being considered. Measured stress· strain behavior from coupon tests was 
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used in the finite elemenl modeling of the partially restrained beam-to-girder connections 
clscussed previously 

3_5 Concrete Behavior 

Most efforts to model compoSite partially restrained connections to date have typically Ignored 
lInsion behavior of the concrete. Review of the moment-rotation behavior of Connection #3 In 
F"1g . 3 shows that including the tension behavior of the concrete provides a better estimate of 
Ihe connection behavior up to the point where the moment In the connec~on IS near the 
ultimate capacity of the connection In this latter region the tension sllffenlng model used for 
post concrete cracking behavior appears to slightly over predict the connecllon stiffness. A 
two stage model of concrete tension behavior given by Collins and Mitchell (1991) was used in 
the finite element models of the beam-to-girder connections discussed previously. 

4. CONCLUSION 

Partially restrained steel and composite beam-to-glrder connections are currently being 
investigated. A simplified finite element analysis technique has been shown to model the 
moment-rotation behaVior of these connections with reasonable accuracy This technique 
~s heavily on the ability to deterrmne and analytically represent the behaVior of the 
fundamental connection elements (connection sub-elements). ReView of current methods to 
pradict the sub-element behavior shows that there is a need to further develop some of these 
IIIIIhods before they can be used for general modeling of connections. Future investigations 
.. concentrate on the behavior of the connection sub-elements. This behavior will then be 
used to further investigate partially restrained beam-to-girder connections so that proper 
design procedures and recommendations can be developed 
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INFLUENCE OF SLIP OF 1lIE SHEAR 
CONNEcnON ON COMPOSITE JOINT BEllA V10UR 

Jean-Mane Ariben 

taults on nush end plate composite joints with different degrees of shear connection are reponed and r ..... 11Od with regard to modelling aspects. A numerical simulation using an original finite clement IS then 
which iUusuates the important influence of interface slip eveD when the shear connection is full . 
attempt of simplified analyucal procedure is proposed to detennioe the moment-rotation curve of a 

1i"~lte jOinl laking account of the interface slip expticiLly. 

I - INTRODUCTION 

~II .'II:a>gnoze<l in a 101 of sllxhes (for elUUDple, see !he synthesis [ID lhal interface slip belween concrete slab 
may affect substantially the behaviour of a composite Joint ; intuitively. this slip effect will be 

t
:~:~~w=be~n the composite beam adjacent to the joint is in partial shear interaction. Moreover. for a 

of double-SIded beam-I<>-column joinl with approximate symmetrical loading. !he interface slip 
to the joint rotauon as tbe most important component. Unfonunatcly, it seems that no full­

eiasoo-plastic analySIs is yel available to determine simply an equivalenl translational spring reproducing 
slip componenl with good accuracy near the su:elwor1c joint. To our knowledge. !he rllSl elaborate 

approoch on this lopic was developed by JOHNSON and LAW [2J ; they evaluated the elastic stiffness of a 
a.po6ite joinl al !he end of a cantilever. using the elastic panial interaction Iheory developed by 
NEWMARK el a1[3J and neglCCllng !he tensile resistana: of concrete. BUI !hese authors did not provide any 
p:raJ procedure (or the detennination of the moment-rotation curve of a composite joint., so that the scope of 
"1pflIOOCh IS relauvely lunited. 
II a more realnl paper [4l ANDERSON and NAJAFI assumed thaI the slip at !he joinl depends initially on !he 
-.est shear connector to the column ; under increasing load. this alone connector provides resistaDtt to slip 
.. it becomes plastic - Adchbooal loadiog is theo assumed to be reslStcd by the next shear connector 
tilnning elastically. and so fonh. Sucb an assumption does nOl appear well comprebensive in SO far as any 
c:ak:uIalIoo (by using a numerical model for eumple) demonstrates clearly that the end slip at any stage i.s the 
~I of all the deformations along a significanl length of oomposite beam interfaa:. 
Abo. TSOIEMMERNEGG el aI [SJ point ""I !he need to consider interface slip in the design of composite 
jniIIIs. alfuming lhal !he stiffness of !he associated translational spnng " can be obtained from !he sysl<III 
coIcuIation" (item 4.2.3.1. of [S] ; bul no practical procedure is given by these authors to do thlll. 
IIIbc present paper. some basic ideas are presented briefly. which may be: useful to make progress in the 
_I problem. Fus~ conclUSions are deduced from teslS carried OUI on Rennes [6.7). only considering !he 
c.e ofbeam-lO-COlumn joints with bolted flush end plates (because of the limited content of the paper). 

Professor. Struaures Laboratory. Instirul National des Scieoa:s Appliqutes O.N.S.A.). 
11. avenue de BUltes de Coesmes. 3S043 Rennes - FRANCE 

II 
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Then, numencaJ sunUlaUODS usmg an onglnal [mile element are performed for jOints bavlDl SUDIlat' 
cbaraclerlsUCS as the teSted ones ; In addJuon. these jOU1ts are slIDulalOd wilen bema subject to ()(ber condlUOO 
of worlong and ioadlng !han Ibe experimenUll ones. Finally, a simplif...s anaIyucal procedure IS proposed 10 
detetmmc WIth good accuracy the full-range momcnHOOlUon cu.rve of I composite Jo.Dl 10 which the rotauon 
component due to hp cannOt be neglected. 

2 - CONCLUSIONS FROM TESTS 

Refenmce IS made bere to particular teslS called A2, CI, C2 and C3 wblcb are exuacled from a research 
programm already presented in papers (6. 7]. As 8 reminder. the specimen were l1l8Jor axis joints and a 
symmeU'1cal cructfonn arrangement with twO cantilevers was used to test them, as shown in figure t . 

.. . (.' . . -. ", ... -

[TI] LOAO ( [Ll 

~ TRANSOUC[R 
o STRAIN 

Figure J - A"QIlgt~11I 0/ SPtcimtflS and inslfWntnlaliotL 

Common cbaraaensucs to the tested specimens were: 
- beam : IPE 360, and column : lIES 200 m steel grade 5235 ; 
- bolted nuslt end plate (grade S235) with : 

• dunensions: 15 mm thick, 200 mm wide, 400 mm deep ; 
. 3 rows of H.S. boilS of 18 mm diameter and grade 10.9 ; 

welded transverse stiffenen in the compression zone of the column web, perfectly aligned with the 
corresponding beam i1ange ; 
- composite slab wHh ribs transverse to the sleel beam and dimensions: 120 mm deep overall, l()(x) mID wide ; 
- relOforcement coo isung ooly of oae layer of reban of bigb ductility and &rade ssm (Iocaled 88 mm above 
Ibe upper i1ange of the steel beam) ; 
- conere .. of strength class 00. 

Other ~ucs pecuhar 10 each specimen an: collected in table I (Iymbol N is the number of sbear 
cocmectOrS lR each canulever). 
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Table J 

Full 
(N- 12) 

13 

~8mm 

"a. ...... moments were cakul.alcd a( the column face. resulting from the JackJng forces. Rouuon were 
• ___ from Ibe venical displacements measured through Ibe centroId of Ibe column aoss·secuon ; Ibe pan 

IDlIexunJ beading or Ibe composu" beam was subtracled from ibIS displacement to determine Ibe specIfIC 
or d>e connecuon alooc. The so-obcruned moment·lOOl"on curve for Ibe composu" JOlnlS Al. CI. C2 

C3 are ,Iven m fig~ 2 ; Ul fact. these ClIrICS are envelope cutVe5 resulting from se .. eral succ:c:lSIve 
IaIdiop and unloadlO,' so that lbey show • rulistic rocationaJ Miffnes 10 Ibe serviceability domain due to 

:"._ .... aack:ang of the concrete near the column flange. In compariSon with the above-mentioned curves.. II 
liven In figure 2 the momenH'otalJon curve of the bate Sleelwor1c JOint. deduced from a reference test 

"'''', slab) called AI. 

MlkN ./I) 

lOG 

2" 

100 

,~------~~------~=-------~~---'.01' 0.020 00)0 

"lib ",ganltO Ibe rotation capOCtly of Ibe joints. Ibe failun: mode was fl8Ctu'" of tension boIlS for test AI . 
bctun: of rcbar> for tests Al and C I. and fracw", of shear conneQor for te ts C2 and C3. 
A& I(khuonal InstrumenWlOO. a 10' of strain gauge measure on all the rehars allowed to invcsogate the 
dillnbution of axial forces in reinforcement at different composite aoss-sea.ions near the oolumn (figure I), 
1IIe lIWll conclUSIon an: : 
6) All ",ban wllbin Ibe lOta1 wldlb of Ibe slab panicipale approxUDalely equally in n:siMina tenSIon. ThIS 
....... 1IicG tends to prove that Ibe effective widtb of slab 10 bogglOg moment "'gion is at least equal to Ibe 
....... dlslallCC between POints of zero bending mornen~ 10 splle of Ibe semi-a>ntiou0U5 effect produced by 
doe composile JOIOl 
(u) The vana"on of Ibe lOta1 tensIle force in Ibe ",ban close to Ibe jotnt venus loading is aITecled by Ibe 
....... of sbear connection. as shown in figun: 3. Degrees of sbear connection gn:aler !ban unity (see IeSts A1. 
CllOd possibly C2) cause greater force in Ibe ",ban at intermediale tag .. of loading ; but Ibe final force In 

lite rcbars is Independent of the precise degree of connection becltuse their plastic resistance can be reached. 
On !be contrary. fo< paruaJ sbear connec"on (see test Cl). Ibe plasuc n:sistance of Ibe ",ban canno< be 
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developed. Moreover. Uldependently of lhe degree elf coonedlon. alilhe curves silow a sudden change of slope 
at low loadmg due to concrete aackmg whose nature appears mucb more severe than in contiDUOUS beams. 

F, 
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Figure J . TOlaluflsile/orce il'll/te rtbars Figure 4 · CofUriburion o/the stetiworkjoifU. 

(UI) Fa< lhe coocemed ItStS, lhe moment-rotation response of lhe sltelwon: pan of composite jOlOt resembles 

closely ihal of lhe bare steel joinL Using value picked up 011 lhe available curves (M - <I» and (F, - M) Ul 

• figures 2 and 3. conesponding values of lhe moment M. of lhe _Iwon: pan can be calculated [rom lhe 

n.\auOllslup : 

wben. d r IS Ibe lever ann belWeen Ibe layer of rebatt and lhe mid·lllickness of lhe compresslOll flange. 10 

figure 4. lhe so-caIculated values M; (<I» are compared wilb lhe curve Ma (,) of reference leSt AI 

(wllbout slab) ; !.bere are to rather good agreement with the curve, which tends to oonfum the incnnslc 
behaviour of lhe _Iwon: pan. 
All explanauoo of this experimental result may be the roUowing : 

(I) 

• for the bare SLeet joint (see figure S-a), assuming the boh-row number i subject \0 \.be internal force Fi and 
lhe ceo"" of compression of lIIe end plate located atlhe IDJd-lblclmesss of lhe compression flange. lhe moment 
M a applied to lhe joint IS equal to : 

n 
M. = 1 Fi Yi 

i=1 

wben. Y i 15 lhe lever ann of lhe boh-row Dumber i. 

(2) 

• Fa< lhe associated composite joint (see fiaure S.b). assuming lhe same joint rocation <I> and lhe same 
o 

POSition of lhe compres ion and lhe rocation ceo,"" as pre';ously. lhe value of moment M. applied to lhe 

_Iwon: pan depends on lhe POUlt of end plate wbere it is consida-ed. Fa< example. II lhe IOUIUOD ceo ... 
(R.C.) of lhe comPOSite Join~ Ibis value is : 
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• n 
M. = r F. y. + Fr e 

i=1 

IS 

(3) 

.. me ecceotncilY between the: rotation centre and the compresSion centre. When e IS mall, which can 
••• lIIIlly assumed for Joints with transverse stiffeners in the column web. relationshIp (3) giVes then the 

• : M. = M • . Wbeo the c:ccenuicilY is not negligIble and may depend on the level of loading. It is worth 
____ the cootribution of the su:elwork pan to the moment of the composite joint can be evaluated agam 

-.e pnnaplc of the • component method » of Annex J in Eurocode 3. 

I 

k 

Figurt 5.0' Intemal/orees in Ihe bart 
"lel jaiN. 

3 - UMERlCAL SIMULA 110101 

J.1 .morical proced ..... 

I 

"t-
~/' 

Figure S.b ./numaJ/orcls in 
lhe compoSltt JOinJ. 

AIUJIERT et .. (8J bave formulated. finite element for composite beams taking account of interface slip and 
scmi-conunuous mcadoo at one of the element ends ; seml~unui(y may be due to occurence of 

I~ ~~!:~'n,~ or 10 fastening of the element 10 • semi.rigidJoint Uplift being neglected, only four degr<eS of 
at eacb end of the composite beam element (axial and uansverse displacements for steel part 

::=~~:~~ for slab. and common rotation), as shown in figure 6-a. To lIDUlate interaction with a 
joint. the axnposile beam element is fasLCoed to an intermediate sprin, element of zero length 

'kI1odiI'1 tbrec components (see figure 6-b) : 
• Ol • roIat1OIIII spring With variable stiffness kcp 10 control the sum (M. + M b) of the intemal moments 

IfIIbed 10 the steel beatn and the concrete slab ; 
fIi) • rranslaaooaJ pring with variable stiffn... k b 10 conuol the axial forte in the slab ; 

(Jii) • ",.d tru element in front of the lOCation centre of the composite joint (see fi,ure Sob) ; the node of 
"adjacent steel beam element being uanslated from the centroid of the steel section 10 the position of the 

.-I0oI centre, it IS easy 10 wisfy the kinematic condition: u rl = O. 
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AI any level of I""""'g. an IlQaUve procedure.mUSl be inlrOdu<ed 10 delmlllDC Ibc uoImown valUC5 of 
(I- I) (I-I) 

wITnesses kcp and k b . AI i...""OIl number I based on known values kcp and kb • Ibc calculau:d 

_"on of Ibc )OIDI : 

y 

----- -

Vlb) 
- .. _ U I 

V, .. . . '" , r i "i ) ¢j <»,Q Via) 
L ,,-- -- Via) 

I 15tH' profl', I 

--'-node i • node f Discretization 

Flgurt 6.a - COmpoSlit btamfinitt tltrMfU Figurt 6.b - IlIltrmtdiaJt spring 
tltmenl 

leads 10 !<Cufy Ibc rooalional 5liffncss so lilal re""'onsrup (3) for momenl-roIlIUOIl behavlOW" of Ibc SIccIwort< 

pan I saostied 01 best : IocIlCC 0 new value k~) . Morcova". kb may be adopIed ben: as Ibc usual axIal 

"ffness of Ibc , lab clemen I (essentially Ibe reban) filling up Ibe .pace defined by Ibc column mid-<lcplb. 

3.2 Imulatlon 

A numcncal lIDuiauoo bas beeD performed on canuJever tests Cl- .C2· andC3· relatively sunilar (0 the 
obove-prcsenu:d ~IS CI. 0 and 0. con idering Ibc same global arraogemenl as in figure I and Ibc mcasun:d 
propcnocs of Ibc IDlIImaIs : 

o forSlr\lCWr1llslCCl: fy z 310N / mm1 • f. - 435N / mm' ; 

o for CODa ... : fd< = 30 N I nun' ; 
- (orremforctngsu:cl: fry=Z:S40 I mm1 . tN-O.os. 

BUIIbc following simplified assumptions bave been adopIed 10 make Ibc funbcr inleflRlation 
easlCf : 

o Ibe strcss-suain diagram of reinforcing slCCl is elastic-perfectly plastic. and Ibc ~osile resislaR"" 
of concrete is neglected. 
o The force-stip curve of Ibe sbears connecton (cold-formed angles) consislS of two brnncbes : a 
ronl brancb starting from Ibc origin wilb a consoanlSlopc equal 10 kc = 70 kN I mm: a second 

brnnch. wblcb is borizonlal. corn: ponds 10 Ibc sbear resiSl8J1Ce of. connector. PR = 30 kN. and 

IS lomiu:d 10 Ibc ultimale slip capacily Su = 7 mm. 

o The sbear connecun an: spaced uniformly . 
• The nxation centre of the comPOSite joiots is located aI tbe mid-thickness of the compression 
nan,e (e = 0). 

In consequence of Ibc above assumptions for Ibc sbear coone<:lOn wbich an: clearly ductile aa:onIin& 10 
Eurocade 4 19~ Ibc degree of sbear connccuon N I N, can be specified witboul ambiauilY. namely 1.34 for 
case Cl'. 0.95 fo, case 0 ' and 0.63 for case C3°. 



M 
IkN .• 1 

Influence of Slip on Composite Joint Behaviour 

:J 
------

ANAlyTIC ..... CALCULAtiON 

~01O ~ 20 

i 

· i 

,4 A 
~ 111'111' tm_, 

-::._-_.- . 
• 

, .--

<p Irdl 

F'IYTt 7 - OlIves 0/ momeN, shp and txunsion of rtbars vtrSUS rotation/or joilll CI·. 

M N;'2 .1\_, -,.,. P 
C 2" CONNECTION 

lIeN. ., ,. , 
1*;0.951 Q 

__ ° o ... 

300 .. ' 
-- '" A 

Imml Iml 

• 
• 

,00 

, 
0 

<I> I rdl 

0.0'0 0.020 
FigIAre 8 - CwrvtS o/momeNt sl.p and ultnsion D/rt-bars versus rotQ/;on/or joinJ C2 •. 

M p 

0.010 O. 20 

<I> I rdl 

/), 

(lftll) 

• 
• 

Figurt 9 - CurvtS of momtnJ, sUp and tXlensio" oj rebars vtrlUS rOlaJionJor joinJ C3-. 

17 



18 J-M. Arillert 

As resultS of Ihc numerical slIDuiatioo, figures 7, a and 9 corresponding resp<cUvely 10 JointS CI '. 0' and 
C3' show Ihc moment-1OCaUOIl curves M(<I» 1lI cootiouous hoe and also Ihc curves .(<1» and 6(<1» wbete 

S I Ihc cootnbu"oo of end slip 10 Ihc joint roca"oo and 6 lbat due lO .. ten ion of Ihc rebars. 
Even (Of I Nr • 1.34. the contribution of sljp lO the rotaoon IS signif.cant. t'em.aJ.nmg about 3311t when Ihe 
rocauoo caplclty IS ~ due 10 fracture of Ihc reb81'S. Fo< penial shear coooection, even for 
N I N, = 0 .95, lbe cootribution of slip becomes predominant at any SlIge of loading ; in lbis case. Ihc 
rocauoo capaaty I sysletDa"caIly Ihc consequence of fracture of Ihc shear coooecun. 
The: prevtOUS conclu toDS shoukS be considered reahstlc. comparing the ideal joints CI·, C2- and C3- With the 
IeSted ones CI, 0 and C3 ; tbere is a close similotrity be.ween Ihcit failure modes and maio properues of 
curves M(<I» , as InllJai rocatiooal stiffness. ultimate resi taoce momen. and roca"on capacity. In parucular, It 

IS recommended w. Ihc cracked section should be used 10 evaluate Ihc initial rocatiooal stiffness of a 
oomp05IlC Jomt lD bogging moment region. 

J.J Simulilion of other arrangemenm 

In Ihc preVIOUS lDlUlatioo, Ihc shear coooeclOf'S were Ideally assumed 10 be spaced uniformly along Ihc 
cao"lever lenglb. Another SIIDUlation bas been performed keeping Ihc same number N of shear COOneclOf'S but 
spacing Ihcm differently; so. Ihc densi.y of conneclOn in Ihc four ribs of _I sheering by Ihc side of Ihc JOIn. 
bas been adopced .woce that In Ihc odIer ribs. Fo< all Ihc JOllltS CI', 0' and C3', it bas been observed w. 
thiS new arrangemenl bas negligible influence 00 the momenHotauon curves, wbich may be explamed by the 
blgbly-ducule behavlOUl of Ihc shear CODoeClOf'S. 
In addition. to mvesugate possible cbffereoces of behaviour wben the joim.5 are included in a beam of butld,n~ 
a compo lte beam of 10 meue span bas been considered. introducing sucx:essively tbejoiDLS Cl·, C2- and C3 
a. boob ends (any roca"oo of Ihc end supportS being restnuoed. bu. tnmsIatiooaI displacemen. allowed). The 
spacing of shear COOoeclOf'S bas been kept Ihc same as in ~grapb 3.2, leading 10 a lOCal number of 
COorlCClOrs equal to 110.76 and SO in the beams with jointS Cl . C2. and 0 · respectively. The beam have 
been subject 10 Uniformly dostributed loading wbicb is more signifocao. for buildings tban cooceolt8ted loads. 
Comparisons of behaVIour of Ihc jointS in tile beruns and lbe cantilevers are shown in figures 10, I I and 12. 
Fo< blgh degree of shear conoectioo (see figure 10 dealing wilb C1'l. Ihc M(<I» response i vinlJaily 

unchanged. a1lbougb Ihc end slip is sligbtly higber OWIDg 10 occurence of • steep gradien. of Ihc slIP 
doSlnbu"oo a100glhc 1lI1Crface very close 10 Ihc JOID' ; moreover, Ihc rocatioo capacity of Ihc J0in.tS sllgbtly 
Increased on consequence of lbe corresponding reduction of extension of Ihc reb81'S. 
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Figure 10 - Behaviour of joinJ CI' in a /Ham 
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1k same observation is valid again for Ihc M( <1» response of Ihc joint C2" (see figure II). althougb Ihc end 

lip and the extension of the rebar's change in reverse order. For low degree of shear connection (sec: figure 12 
WIIg with C3"). even a more favourable M(<I» curve is observed in the beam; Ihc reason of thIS increase 

~ resistance moment is the higber force F r in the rebars which is supplied by redistribution of the 

brcftudjnaJ shear force from the ends of the connection towards the middle. 
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Figure 12· Behaviour ojjoinl CJ·;n a beam 

....,., II seems possible \0 conclude thatlhc cantilever IjITlIlIgernent with a triangular distribution of bending 
-.eac. is suitable to cbatactcrize the moment-roc.ation curves of composite joints; aenerally. the so-obtained 
c,wva are accurate enough for practice and on safe side. Moreover. it 1S recommended to adopt the cantilever 
.. equJI \0 15% of the beam span. 



20 J-M . Aribert 

4 - SIMPLIFIED ANl\L YfICAL PROCEDURE 

For the type of composite JOlm considered up 10 now with ductile shear connectors. a simplified analyucaJ 
procedure IS proposed hereafter to evaluate the momenH'otation curve. The apphcauon of thiS procedure IS 
Illustrated m figures 7. 8 and 9 by the Lri · lmear curves OABD which appear In very good agreement With the 
numenca1 curves. POints A. B and 0 can be delenmned as follows : 
(i) .£w.nLA : It corresponds to me first Yleldmg of the shear connecUon. Assummg cracked composite C'OSS­

secuons and foundmg upon the elasuc mteracuon theory (31 four equauons are used which concern : 
• the end slap al Lbe JOint : 

a [ M 
S=k; (I+ClJlt 

• me tensile force in the rebars at the JOint : 

F = Mesh ,ffit 
r (I+ClJl 

• the rotation of the jOint (here assummg : e = 0) : 

• and me mOille", app~ed 10 IDe )01111 (see equauon (I» : 

(4) 

(S) 

(6) 

(7) 

In lhese equauons, t IS the cantilever span. d is me diStance between the rebars and the centroid of the sleel 

section, k c and a arc respecuvely the stiffness and the spacing of the shear connectors. and : 

where Ea and Er are tbe moduli of elasucllY of structural steel and relnforcmg steel. Ia IS the second 

moment of area of the steel secuon. and A r is the effecuve area of the rebar's. In addluon. for elasUc 

behaviour of the rebars. the extension II 15 given by : 

(8) 

where hc IS the column depth. 

The unknown coeffiCient C for a given value of s may be calculated by means of a shan iter8Uve procedure, 
for example In lhe following order : 

M EG .(4) ) C EG.(S) ) F r --=Eq",.(!.:.6)!.-"':;.::OOC-'(8:.!.)-+) <l> --=.Eq,,-,(-<.7)-+) M. 

The fina) resullS for me elastic Iimil slip s(A) = 042 mm are collected in table 2. 
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C F(A) <I>(A) M(A} 
TEST [ ] 

[~] [nI] [!<N. m] 

CI' -2600 187300 I. 27x 10- 3 110 
C2' -4145 155480 1.21x10-3 95 
c3" .()()9() 124105 1.16 x 10-3 80 

Tablt 2 

(li) fsllnL..Ii : It corresponds to the stage of maximum interaction forte between the rebars and the steel beam. 
So: 

(B) 
F, =A r fry when I Nf > 1 (9) 

(1 0) 

wbcre PR IS the shear reSistance of a connector. Moreover, me end shp is magnified OWlRg to the elasto­

plastic behaVIour of tbe shear connecuon. PracticaJly it may be assumed : 

(II) 

Equations (6), (8) and (7) are valid again. 

(lu) fn1D.1...D. : As a prehmlnary. the poiO( C corresponding to the rotauon capacity <%> a of the bare steel jomt 

IS determined (the moment M (C) is given immediately by equation (7) . Then, point C is replaced by POlOt 
D on Lbc: Straight hne Be If fracture occurs in the rebars or in the shear conoection before reachmg 
rotauon <l> a . The ro18tion associated with point 0 may be caJculaled on the safe side by : 

I f > 1 (12) 

with Au =Eru .t , (ulumrueextenSlonoftberebars) 

I f < 1 (13) 

.,bere 50 is tbe slip capacity of tbe shear connectors. 

5 - CONCLUSIO 

The present investigatioo based on observations from tests and numerica.l simulations is a help to analyse 
beuc:r the contribution of int.c:rface slip to lhc rotation of composite joints which appears relatively important 
even for full shear connections. The arrangement of cantilever to charaCterize the moment-rotation curve of 
me joints has been demonstrated significant for practical design. ConSidering ductile sbear connectors and 
double-sided composite joints with symmeuical loading, a simplified analytical approach bas been proposed to 
evaluate the moment-rotation bebaviour in the shape of a ui-llnear curve. It is likely that this approach ",uld 
be generalued WIthout greal difficulty to other tYpes of jOlOts, for example single-sided joints by addlng tbe 
rocatioo component due to tbe shear of web pane~ also joints with unstiffened ",Iurnn web by taking account 
of tbe v&nable position of tbe rotation centre of joints (use of the eccenuicity e in equations (6) and (7) , and 
possibly cleated Joints (assumlOg no slip in bolt boles). 
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THE SE OF A ROLLED WIDE-FLA GE A A BRIDGE SUPPORT BEARING 

Joseph MAles Jr ' 

Joseph A. Yura' 

Abstract 

The design of the connection between an integral steel cap girder and a concrete pier in a bridge 
structure requires careful attention to detail. The bearings will be subject not only to venical dead 
and live loads but also to imposed displacements, such as rotation caused by alternate span vehicle 
loading and horizontal translation caused by temperature-induced expansion and contraction of the 
superstructure Though a bearing can be designed fairly easily to resist venical loads, complex 
designs and details are often required to accommodate the imposed displacements A simple and 
cost-effective detail has been developed; in place of a machined rocker bearing, a rolled wide-flange 
section is used. The research presented herein describes the results of tests penaining to the use of 
tbe roUed wide-flange section as a bridge suppon bearing 

I. lNTRODUcnO 

1.1 Probltm Stattmtnt 

Rocker bearings have been used as pan of the connection between a concrete pier and a steel cap 
girder supponing continuous steel bridge girders Figure I is a photo of a typical connection and a 

'Design Engineer, Walter P. Moore and Associates, Inc, 201 East Kennedy Blvd , Suite 300, 
Tampa, Florida, 33602, USA 

'Warren S. Bellows Centennial Professor in Civil Engineering, The University of Texas at 
Austin, Otpanmtnt of Civil Engineering, Austin, Texas, 78712, USA 
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schematic drawing is shown in Figure 2. Twin bearings at each concrete pier are designed to resist 
moments," the transverse direction caused by eccentric truck traffic, as shown in Figure 3 In the 
longitudinal direction (the direction parallel to traffic flow) the rocker bearing combined with long 
anchor bolts are designed to produce an ideal pin suppon so that the continuous longitudinal bridge 
girders are not restrained at the pier The main reason for the free rotation concept is to avoid fatigue 
in the steel cap girder details caused by alternate span loading. This connection, which is essentially 
a fixed suppon in the transverse direction and a pinned suppon in the longitudinal direction, is fairly 
complex and costly A research project was undenaken to determine experimentally the static 
strength, the fatigue strength, and the stiffness of the connection in both the transverse and 
longitudinal directions The primary objective of the research was to develop a simpler and more 
cost-effective connection The new detail that was developed uses a wide-flange section as a bearing 
in place of the machined rocker. This paper presents the results of the phase of the research 
concerned with the use of a wide-flange section as a bearing suppon 

-
• 

• 

~.-

+ 
Figure 2 Connection with Rocker 

Bearing 

" .. :.~ 
~. ; if 

Figure 1 Connect ion Between Integral Steel Cap Gi rder Figure 3 Vertica l Loads on Bearings 
and Concrete Pier 
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1.2 Longitudinal Direction Behavior 

The bearing must suppon the compressive 
load associated with the bridge live and dead 
loads In the longitudinal direction, the cap 
girder is subject to rotation caused by the 
longitudinal girders. If the connection 
restrains the rotation, moments and forces 

25 
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will be produced in the cap girder, the 
connections, and in the pier The resisting Figure 4 
moment is proponional to the rotational 

Horizontal Displacement of Bearing 

stiIIhess of the connection. The center of rotation of a cap girder that is free to rotate is about the 
neutnI axis of the longitudinal girders. Since the bearings are located near the bollom flange of the 
cap girder and are not coincident with the center of rotation, a horizontal displacement is produced 
II the bearings This is shown in Figure 4 Additional horizontal displacement will be produced by 
the expansion and contraction of the superstructure caused by temperature changes 

\.3 Replacement of Rocker with Rolled Wide-Flange Section 

A comparison of the connection using the 
rocker bearing and the connection with the 
wide-flange bearing is shown in Figure 5. The 
wide-flange section is simpler and less 
expensive than the machined rocker bearing 
and it provides a positive connection between 
the steel cap girder and the concrete pier cap, 
eliminating the need for the anchor bolts 
Though the wide-flange section does not 
IIIow free rotation, the web should be less stiff c:r O\llllC)( · '~Il(: 

with respeclto horizontal translation than the Figure 5 
rocker bearing. The tests on the wide-flange 
sections were used to determine compressive 

Comparison of Existing Connection and 
ew ConnKtion, Longitudinal Direction 

strength and out-of-plane stiffness and fatigue strength and led to the development of a design 
procedure 

2_ COMPRESSIVE STRENGTH OF WIDE-FLANGE SECTION 

U Teet Program aDd Test Setup 
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Three sizes of wide-flange sections were selected as bearing specimens for the compression tests 
The sizes were a representative sample of the standard sections classified as the W 12 and W 14 
column sections in the A1SC Manual of Steel Construction (A1SC, 1989) The sizes tested were 
WI2X87, WI2XI52, and W12X230 (W31 0X310X129, 226, 342). The material used was A572 
Grade 50, Yield strength F, = 50 ksi (345 MPa) The primary variable for the compression tests was 
the slenderness ratio of the web. The slenderness ratio of the web was defined as the height 
of the web between the flanges, h, divided by the radius of gyration of the web, r. The range of the 
slenderness ratio for the WI2 and WI4 sections varies from 14 to 80 for web thicknesses between 
o 5 in (I3 mm) and 2 in. (51 mm). Nine tests were conducted; the average measured values of 
the web thicknesses were 0.51 in. (13 .0 mm) for the WI2X87 specimens, 0.89 in. (22.6 mm) forthe 
WI2XI52 specimens, and 1.30 in. (33 .0 mm) for the W12X230 specimens. The slenderness ratios 
of the test specimens varied from 28 to 71 . An additional variable was considered, the length 
of the bearing. Two lengths of bearings were tested, 24 in. (607 mm) and 36 in (914 mm), 
to determine whether the length of the bearing had any effect on the buckling stress Replicate 
specimens were tested for each category. The length effect was examined using the WI2X87 
bearings 

A schematic of the test setup is shown in 
Figure 6 The bottom platform supponed a 
half section of a concrete pier cap and the top 
platform supponed a 2 million pound (8900 
kN) capacity hydraulic ram. A steel bearing 
plate transferred the compression load from 
the test specimen into the pier cap section. It 
was assumed in the original design of the 
loading frame that the test specimens would 
fail in the fixed-fixed buckling model; in this 
failure mode, the top and bottom flanges are 
restrained from both rotating and translating. 
The frame, however, lacked sufficient stiffness 
to prevent lateral sway of the top flange of the 
test specimen. The instrumentation used on 
the specimens consisted of strain gages, linear 
potentiometers, and servo inclinometers 
Whitewash was applied to each specimen to 
accentuate the yield lines. 

2.2 Compressive Strength of Bearing 
Web 

The results of the bearing compression tests 

Figure 6 Sthematic of Test Frame 
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are shown in Figure 7 as a plot of the non- Figure 7 
~ • IOVno ~t£f' 

Non-Dimensionaliud Buc.kJing Stress vs. 
Slenderness Parameter 
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dimensionalized buckling stress vs the slenderness parameter, an effective length factor of I is used 
The critical buckling stress, F ~ is defined as the maximum static load divided by the area of the web 
All of the specimens failed in the sway mode A graph showing the non-dimensional axial stress vs 
the top flange lateral deflection for the W 12X230 specimens is shown in Figure 8 The fadure loads 
of the specimens in each group are repeatable and the 
length of the specimen, which was varied in the WI2X87 
group, had no effect on the results All of the specimens 
buckled in the inelastic range and strain hardening occurred 
in the W 12X I 52 and the W 12X230 groups A photo of a 
failed specimen is shown in Figure 9 
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Figure 8 on-Dimensionalized Alial Stress "s. Lateral 
Denection, W12X230 Specimens 

Fil\ure 9 W12X230 Specimen 
P = 1800 Kips (8000 kN) 

The bearing web will not be subject to axial loading only, the horizontal forces due to temperature 
change and live load rotation will produce bending in the web The design of members for combined 
bendi ng and axial loading is governed by an interaction equation The AASHTO allowable stress 
design specification (AASHTO, 1992) requires the check of two interaction equations, one of which 
governs for failure due to instability and one which governs for yield failure The high compres 1\ e 
loads in bridge bearings will necessitate the use of wide-flange sections with thick ", ebs and 
correspondingly low slenderness ratios The test result s showed that for webs with low slenderness 
ratios, buckling occurred in the strain hardening range Therefo re, it seems reasonable to base the 
design on yielding To ensure that yielding will always cont rol the design, the slenderness ratio of 
the wide-flange will be limited such that general yield failure will occur prio r to buckling failure If 
the allowable compressive stress is 0 472F, (a safety factor of2 12 is used) and the effective length 
factor of the web is set to one, the limiting slenderness ratio becomes 

h ~ - , 1.22 -
, F, 

(I ) 

where E is the modulus of elasticity IfF, = 50 ksi (J 45 MPa) the maximum slenderness ratio IS 29 
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Since r = t l / 12 for a rectangular section, the limiting slenderness ratio can be converted to a 
minimum thickness limit. If the allowable bending stress is set to 0.55F, the interaction equation to 
be used for the design of the bearing web is 

f. f. 
- - -. -- <1 
0.472 Fy O.SSF, 

t :I: 2.85" rF, . fir 

2.3 Behavior of Bearing Flange 

The compressive loads in steel bridge bearings 
are typically transferred to the concrete pier 
through bearing plates, which are designed 

,,---­o. 
O. 
01 

based on the assumption of uniform stress 
distribution in the concrete. This assumption is I 0 4 

- 0 3 

t oe o. 

valid only if the bearing plate is flexurally very 02 

(2) 

stiff in relation to the concrete; this is typically 
not the case and the result is a very conservative 
design. The flange of the rolled wide-flange 

0 ' 
o~-----~~------

section acts as a bearing plate to distribute the 
concentrated web load to either another bearing 

Figurt 10 
plate or directly to the concrete. The load in the 
web is a point load applied to the center of the 
flange and since the flange is not infinitely stiff it 

2 3 • • 
IUtio of End Denection to Center 
Denedion vs. ~ I 

will bend, in a manner similar to a beam on an elastic foundation. Figure 10 shows the ratio of the 
end deflection of the plate to the center of the plate vs. the quantity P I, where P is a measure of the 
modulus of reaction of the concrete to the flexural stiffness of the beam (or plate) and I is the length 
of the plate. The graph shows that as the beam becomes less flexurally stiff, i.e. the length increases, 
the stress distribution in lhe concrete becomes less uniform. At a certain length the ends of the plate 
begin resisting tension; since a bearing plate is not designed to resist tension, a portion of the plate 
becomes ineffective. This behavior was confirmed during the compression tests through the use of 
strain gages placed on the bearing plate. The stress in the plate as calculated based on a uniform 
stress distribution was many times larger than the recorded stress. The tests also showed that the 
concrete bearing stress can reach several times its allowable value (for the tests, 0.6 f,) with no signs 
of distress. A design procedure was developed for determining the required thickness for the bearing 
plate based on a modelling of the bearing plate as a beam on an elastic foundation . 

3.0 T-OF-PLANE FA TIGUE STRENGTH OF WIDE-FLANGE SECTIO S 

3.1 Test Variables 
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The bridge bearings will be subject to out-of­
plane distonion due to horizontal movements 
and rotations The primary horizontal 
movement is due to contraction and expansion 
caused by temperature changes This 
movement, however, is not considered likely to 
cause fatigue damage Fatigue damage is 
caused by the movements and forces produced 
by the cyclic live loading of truck traffic, which Figure II Loution of Muimum Stres, 
produces a horizontal displacement, as well as 
I rotation, at the bearing location (shown in 

29 

Figure 4) The maximum stress in the bearing occurs at the intersection of the web and the flange, 
as shown in Figure 11 RoUed structural shapes have an approximate parabolic fillet transition from 
the web to the flange. Stress risers will be present in this transitional area, the magnitude of which 
wiD depend on the geometry of the transition. A sharper transition will produce a larger stress riser 
Fatigue cracks may develop at these stress riser locations. The edges of the f,llet are defined by two 
dimc:nsions, k-t,and k,-t./2 There is not much variation in these dimensions for the W12 and WI4 
sections The fatigue specimens comprised the same three sizes that were tested in the compression 
testS The objective of the fatigue tests was to determine if a wide-flange section, when subject to 
c;yclic out-of-plane shear distortion, would exhibit a fatigue tife consistent with an AASHTO category 
A detail The category A detail encompasses details described as 'Plain material, Base metal with 
.oDed or cleaned surfaces'. The allowable stress range is 24 ksi (165 MPa) for an infinite life rating 
Since a category A fatigue detail rarely controls the design of a bridge detail, a classification of the 
wide-flange section as such would simplity the design procedure by eliminating the requirement of 
checking for fatigue. Given that the allowable stress range for a category A detail for infinite life is 
24 ksi (165 MPa), the fatigue specimens were tested at stress ranges above this value, 30 ksi , 40 ksi, 
and 50 ksi (207, 276 and 345 MPa) 

3.2 Ttlt Program 

The test frame, shown in Figure 12, was 
designed to simulate the horizontal 
displacement caused by the longitudinal 
girder rotation. The individual test 
specimens were 12 in (305 mm) wide 
In most cases, two specimens were 
tested simultaneously, located 
symmetrically above and below the load 
application point The top flange of the 
upper specimen and the bottom flange 
of the lower specimen were bolted to 
the test frame and were restrained from 
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Figure 12 Schematic of Fatigue Te.t Setup 
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rotation and displacement. The bonom flange of the upper specimen and the top flange of the lower 
specimen were bolted together, but separated by a I in. (25 mm) thick loading plate. The loading 
plate was attached to a hydraulic ram that applied a constant amplitude sinusoidal load. The two 
specimens were free to translate, but not to rotate, at the load application point. Some tests were also 
conducted with only one specimen in the lower position. These tests were necessary to produce a 40 
ksi (276 MPa) stress range in the W12X230 (W31 0X310X342) specimens and in the single specimen 
tests a rotation as well as a horizontal displacement was produced. 

Strain gages were used to measure the stress ranges at the anticipated peak tensile stress locations, 
assumed as the point of tangency of the web and the fillet, or the dimension k from the bottom flange. 
The constant amplitude, sinusoidal cyclic load was applied by means of a closed-loop hydraulic 
system. A load controller was used to define the mean load and the tensile load range. The minimum 
load was set to produce a minimum stress of approximately +4 ksi (28 MPa) for the fiUets in tension. 
The load frequency varied from 3.0 Hz to 4.5 Hz and the number of cycles was recorded by a 
counter. Limits were placed on the load so that the system would tum off if a limit was exceeded. 
A fatigue crack typically activated the limit mechanism. If no fatigue crack occurred at 2 million 
cycles, the specimens were loaded to a 4 million cycle limit. If no fatigue crack occurred at the 4 
million cycle limit , the stress range was increased and loading continued at this higher stress range 
until a failure occurred. 

3.3 Test Results 

The results of the fatigue tests are shown in Figure 13 as a log-log plot of the stress range vs. the 
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number of cycles to failure. One data point represents the results ITom each group of fillets The data 
points for the fillets that did not fail are accompanied by an arrow. Superimposed on the graph is the 
equation for the category A detail In all cases, the experimental data points lie above the category 
A boundary. The data points for the tests in which only one specimen was tested are indicated by an 
'. The results do not seem to be influenced by the test configuration. In all cases, the crack initiated 
at some point within the center two-thirds of the web There was usually more than one crack 
initiation site and typically more than one crack plane. The cracks usually occurred just above or just 
below the anticipated cracking plane (at distance k ITom the outer surface of the flange) and the crack 
propagated as an ellipse. In some cases the crack was visually observed before the loading system 
shut down. The specimens typically went through a few 
hundred thousand cycles from the time the crack was 
observed to the time it propagated through most of the 
thickness of the web or to the edge of the specimen The 
fatigue life of a cracked specimen was taken either as the 
cycle count at the time the crack was visually observed or 
the last observed cycle count before the system shut down 
(this was usually the case if the specimen failed during the 
night) There is not much apparent difference in the 
performances of the different sections, though the WI2X87 
(W31 OX31 OX 129) sections had longer fatigue lives for 
higher stress ranges than the other two sections This may 
be because the size of the fillet, which has dimensions (k l -

1./2, k-tcl that are larger than the web thickness, provides a 
smoother transition from the web to the flange and 
therefore has a smaller stress concentration. Experimental 
thermoelastic stress analyses, conducted during the fatigue 
testing, showed no obvious stress concentrations in the 
fillets of any of the specimens. It should also be noted that 
all of the WI2X87 (W310X310X129) and WI2XI52 
(W31 0X31 0X226) specimens that failed had a peak stress 
above the yield stress. A photo ofa cracked specimen is figure 14 fatigue Crack in WI2XI52 
shown in Figure 14 Specimen 

4. CONCLUS IONS 

The research presented in this paper showed that a rolled wide-flange section can be used as a bridge 
support bearing. A simple interaction equation is used to design the bearing for static strength and 
the fatigue tests showed that a rolled wide-flange can be classified as a category A detail when subject 
to out-of-plane shear distortion. Also described in a qualitative manner was the behavior of the flange 
as it acts as a bearing plate to distribute the web load to the concrete The flange acts more as a beam 
on an elastic foundation than as a rigid plate The primary advantages of the wide-flange section 
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compared with the rocker detail are its simplicity and cost-effectiveness. 
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PREDICTION METHOD FOR MOMENT - ROTATION BEHAVIOUR 
OF COMPOSITE BEAM TO STEEL COLUMN CONNECTION 

Ping Ren ' 

Michel Crisinel' 

Abstract 

The moment-rotat ion relationship 01 a composite connection is the end product of a 
complex interaction between the composite beam and the steel column, through the 
steelwork connection and the reinforced-concrete slab. 

Based on numerical analysis and experimental study, simplified calculation methods 
to predict rotat ional stiffness and moment resistance of composite connections have 
been developed. The simplified spring model includes the steelwork connection, the 
horizontal shear connection and the reinforced-concrete slab. Applications of the 
proposed prediction methods validated using the test results are the following : 

1. Calculation of the moment redistribution for composi te frames, considering the 
part ial-strength end connections and using the predicted moment resistance. 

2. Calculation of the beam deflections in composi te frames, considering the semi­
rigidity of end connections and using the predicted rotational stiffness. 

1. INTRODUCTtON 

Joints in composite structures comprise the following load transfer components 
(Figure 1): 

steel beam and column via the steelwork connection (endplate, cleats , bolts, etc.) 

reinforced-concrete slab and decking (if used). 

At present it is customary in structural frame design, to simplify actual beam and 
column connections and assume that they behave as ideally fu lly rigid or pinned. The 
ideally pinned connection implies that no moment will be transmitted between the 

'Dr, Commercial lntertech, Oiekirch-Luxembourg (Iormer Ph. O. Student at ICOM EPFL) 
' SectIOn Manager, ICOM-Steel Structures, SWISS Federal Institute 01 Technology (EPFL), Lausanne 
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beam and the column, and the fully ngld cOl)nectlon Implies that no relative rotation 
will occur between the beam and the column. Although, it is recognised that even 
pinned connections possess some ability to resist moment, and rigid connections 
also have some flexibili ty, these two Ideal assumptions are rarely encountered In real 
structures. 

In this study, connection types have been limited to the double web cleat and the 
flush end plate connections. These two types of connections are typical pinned and 
semi-rigid connections, they are also the most common connections used in 
SWitzerland (Figure 1). 

II II 
T--T ::-T -:: -r -r 
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a) b) 

Figure 1 - Composite jOlOts with tYPical steelwork connections 

The performance of frames being strongly influenced by the behaviour of the 
connections, there are advantages to consider their semi-rigid behaviour in the 
deSign, which can lead to more economical structures and to a more reasonable 
estimation of the structure strength. 

Composite connections can achieve significant stiffness and strength being prOVided 
by the longitudinal reinforcement placed continuously in the slab. According to the 
european prestandard for composite steel-concrete structures (Eurocode 4, 1992), 
seml-ngld composite connections are allowed. However, no application rules are 
given for the calculation of moment resistance, rotational stiffness or rotation capacity 
of composite semi-rigid connections. In addition no application rules are given for 
analysis of frames with such connections, existing methods are not sufficiently 
developed to be included in this code and the prediction of moment-rotation 
charactenstlcs for composite connections is not well established. 

The main problems eXisting when modelling the composite connection behaviour are 
the steelwork connection under bending moment and axial compression, the slip 
between the slab and the steel beam, the reinforced-concrete slab under tension, the 
interaction between the reinforcing bar and the concrete, the interaction of slab With 
column, etc. 

Based on above conSideration, the objectives of the study carried out at ICOM-EPFL 
(Ren, 1995) were as followS: 
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To develop a numerical model which can analyse the non-linear composite jOint 
behaviour, taking Into account the flexibilities governing the composite 10lnt 
characteristics. 

To conduct experimental Investigation of bare steel connections and compoSIte 
connections for supporting the proposed numerical model. 

To identify the relative importance of the parameters affecting the composite 
connection behaviour. 

To develop simplified methods to predict the key values required for the design of 
composite connections. 

The present contribution emphases especially the development of this simplified 
prediction method. 

2. THEORETICAL AND EXPERIMENTAL INVESTIGATIONS 

A numerical model to analyse the non-linear composite joint behaviour including all 
the flexibilities governing the characteristics of this type of joint has been developed 
((Ren & Crisinel , 1994, Ren, 1995). By incorporating this numerical model Into an 
existing composite beam analysis program COMPCAL (Ren & Crisinel, 1992), a new 
program COJOINT has been developed to simulate the semi-rigid behaviour of 
composite joints. The program COJOINT has been verified with 14 tests of 
specimens having a wide range of member geometries, types of steelwork 
connections, degrees of shear interaction and ratios of reinforcement. The 
comparisons demonstrated a very good moment-rotation agreement between the 
tests and the numerical simulations. The relative importance of the parameters 
affecting the composite jOint behaviour has been identified by a parametric study with 
the use of the program COJOINT. 

Two series of tests have been conducted (Ren & Crlsinel, 1994). The first series 
(bare steel beam-to-column connection tests) involving 11 individual specimens was 
initially carried-out to assess the interaction between bending and normal forces as 
well as the contribution of the steelwork connection to the composite connection 
behaviour. The second series (three composite jOint tests) was then performed in 
order to understand the influence of the slab on the steel connection behaviour with 
respect to the amount of reinforcement used in the slab and different types of 
steelwork connections. 
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3. MOMENT-ROTATION RELATIONSHIP 

For the analysis of structures, the characteristics of composite connection moment­
rotation curves should be known. For design purposes, the characteristic curve is 
divided by a safety factor. For simplification, this design curve is often replaced by a 
tn-linear diagram as shown in Figure 2. The three properties needed for the design 
are: 

the moment resistance, Mej (calculated plastic moment of the composite 
connection), 

the rotational stiffness, Sj (secant stiffness of moment-rotation curves which 
corresponds to the elastic bending moment of the 'cracked' composite connection 
cross-section) . It is assumed that, at this moment, the concrete is cracked, the 
reinforcement is in the elastic state and the steelwork is in the elastic state (rigid 
connections) or in the elasto-plastic state (flexible connections). 

the rotation capacity au (defined here as the rotation achieved before the 
resistance moment falls below its plastic value Mej as shown in Figure 2). 

M 

~------------------~---e 
o 

Figure 2 - Main properties for moment-rotation curve 

The proposed prediction method is based on a mechanical model, and the key 
elements of the composite connection are simulated by a spring system. The 
important parameters which influence the moment-rotation behaviour of a composite 
joint and partial shear interaction can be included in this method . 

Figure 3a shows a composite connection with an applied moment M. In the 
connection cross-section, this moment is represented by two component moment 
Mslab and Meonn. plus a couple of forces Fs and Fe. The following simplifications are 
made : 

The moment Mslab taken by the slab is ignored. 

The tensile force Fs is acting in the reinforcement. 
The compressive force Fe and the bending moment Meonn. are acting at the 
neutral axis of the steelwork connection. 
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The equilibrium of the system is written as follows : 

M = Fs . z + Moonn. 

Fs = Fe 

37 

(1 ) 

(2) 

z distance between the neutral axis of steelwork connection and the axis of 
the reinforcement. 

At initial elastic state, it is assumed that the compression centre of the steelwork 
connection is located at the bottom flange of the steel beam for the flush end plate 
connection (Figure 3b), and at the lower bolt row level for the double web cleat 
connection. This further assumption can be expressed as follows : 

Moonn. = Fe . e (3) 

e distance between the neutral axis of the steelwork connection and the 
compression centre (bottom flange of the steel beam in case of flush end 
plate connection) . 

Substituting the Equations (2) and (3) into (1), this one can be written in the following 
form : 

M = Fs . z + Fe . e = Fs(Ys + Ye) (4) 

Ys distance between the axis of the reinforcement and the interface 
Ye distance between the bottom flange of the beam and the interface 

u. 
~M'lab I 

7J. F• ---- _ F. F.-
Y. 

z F, 

+ Fe 
~ M 

Ye 
~ M 

e 
M eann 

- Fe 

steelwock connecuon 

a) b) c) 

Figure 3 Simplified spring mechanism for a composite joint 

For modelling the deformation of this composite connection, a spring system shown 
in Figure 3c is used. A tension spring is used to simulate the behaviour of the 
reinforced-concrete slab in tension. A compression spring is used to simulate that of 
the steelwork connection in compression. A horizontal shear spring is used to 
simulate the behaviour of shear interaction between the concrete slab and the steel 
beam. This shear interaction is provided by the shear connectors of the composite 
beam. It is equal to the transferring force between the slab and the steel beam. 
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If there IS no Interface slip between' the slab and the steel beam (full shear 
Interaction), the spring stiffness of the shear Interaction should be equal to Infinity. If 
there IS no shear Interaction between the slab and the steel beam, the spring 
sllffness should be equal to zero. Each component has its proper eqUilibrium 
condition. 

Each spring can be assumed to be elastic or elastic-plastic. In Figure 3c, ks IS the 
tension stiffness of the reinforced-concrete slab, ke is the compression stiffness of 
the steelwork connection, and ky is the stiffness of the shear connectors. 6u is the 
Interface slip between the slab and the steel beam. After deformation, the cross­
sections of the reinforced-concrete slab and the steel beam are assumed to remain 
In plane with the same rotation. 

From the Figure 3c, the Interface slip between the slab and the steel beam can be 
written as : 

6u = - Ue - Us+ 9(Ye + Ys) (5) 

us' ue and 6 u are, respectively, the deformation of the springs representing the 
reinforced-concrete slab, the steelwork connection and the horizontal shear 
Interaction. They can be written in the following form : 

Us 
Fs 

=-

1 

ks 

Ue 
Fe (6) = -
ke 
Fy 

6u =-
k y 

F y IS the shear interaction force transferred from the reinforced-concrete slab to the 
steelwork connection. 

Substituting Equation (6) into Equation (5), and considering the equilibrium condition 
of forces Fy = Fs = Fe, the following relation can be obtained: 

Fy Fe Fs 
- = -- - - + 9 (Ye + Ys) 
ky ke ks 

) (7) 
1 1 1 

Fs (- + - + - ) = 9 (Yc + Ys) 
ky ke ks 

Replacing the above Equation into Equation (4), the moment is calculated as 
follows: 

2 
M = (Ye + Ys) 

111 
-+ - + ­
k y ks kc 

9 (8) 
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This can be expressed in the form of rotational stiffness as follows: 

M 
SJ = - = a 

(Yc + Ys)2 
111 

- + - + ­
kv ks kc 

19 

(9) 

If the springs represent the elastic ' uncracked' behaviour of the connection cross ­
section, the Inilial stiffness SJ,lort can be defined (Figure 2). 

If the springs represent the plastic ' cracked' behaviour of the connection cross­
section at moment resistance Mp' the rotation capaci ty au at the ultimate limit state 
can be determined. 

If the springs are assumed to represent an elasto-plastic behaviour, for a given 
design moment, the rotational stiffness SJ at serviceability limit state can be 
determined. 

4. PREDICTION OF ROTATIONAL STIFFNESS 
AT SERVICEABILITY LIMITE STATE 

From Equation (9), calculation of the rotational stiffness of the composite connection 
can be converted to determine the stiffnesses of the tension spring of the reinforced­
concrete slab, the compression spring of the steelwork connection and the shear 
interaction spring of the connectors. Knowledge obtained from experimental results 
on bare steel connections and from numerical calculation results of the Intemal force­
deformation relations is required. 

Stiffness of reinforced-concrele slab 

The stiffness of the slab is given by : 

ks = Es As 
L 

Es modulus of elasticity of the reinforcement (mesh and reinforcing bars) 
As section area of the reinforcement 

(10) 

L length of the slab element with the extension us. L is calculated using the 
following formula, which consider the effect of cracking of the concrete (see 
Ren, 1995) : 

L = 2 11 I, = 2 11 (60 + 1.3 k . s) (11 ) 

11 coefficient depending on the cohesive characteristic between the 
rein forcement and the concrete, nOrm"ally approximated as 0.35 

I, length of transmission of the cohesive force between steel bar and concrete 
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k coefficlenl equal 10 1.0 in tM case of pure tension and 0.5 in the case of 
simple bending (slab is the case) 

s spacing distance between the reinforcement (mesh and reinforcing bars) 

Stiffness of shear connectors between slab and steel beam 

The load-slip behaviour is determined using "push-out" tests of connectors. The 
typical load-slip behaviour of welded shear connectors is shown In Figure 4. 

1.0 

06 

0+--+--+----+----+--- slip Imm I 
o O.S 2 3 

Figure 4 - Typical load-slip behaviour of welded stud shear connectors 

It IS assumed that at the serviceability limit state, when Ihe corresponding shear 
Interaction force is 0.6 the ultimate shear force, the slip at the interface IS 
approximately equal to 0.5 mm for welded shear connector, see Figure 4 (Buche Ii & 
erisinel , 1983). The stiffness of the shear interaction is then expressed as follows : 

If V, = Fs < I: PAd , representing a full shear interaction, then 

k
y 

= 0.6 Fs 
6u 

If V I = Fs ~ I: PRd representing partial shear interaction, then 

k
y 

= 0.6 I: PRd 
6u 

(12) 

(13) 

I: PRd resistance of the sum of the shear connectors placed over the composite 
beam length of hogging moment 

F s tension resistance of the reinforced-concrete slab 
00 Interface slip at serviceability limit state (taken here as 0 .5 mm for welded 

shear connectors, see Figure 4) 
V I total longitudinal shear force 
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Axial stiffness of steelwork connection 

The simplified elastic stiffness equations for these connections are proposed as 
follows : 

For double web cleat connection, 

ke = Ea A I 
L 

Ea modulus of elasticity of structural steel 
AI lateral beanng area of the beam web (A I = n twb d) 
L length of the connection element ( L = hcl2) 
n row number of bolts 
too thickness of the beam web 
d bolt diameter 
he height of the column cross-section 

(14) 

For flush end plate connection, the stiffness IS taken as the smaller of the following 
two values: 

k - Ea Awe k _ E _-,,-a-,A-,,!ab c - or c-
L L 

(15) 

Awe = bell t lVe I (16) 

beH = {2 (tp + t 'e) + tlb} 2 

Aw effective compression area of the column web 
Aab cross section area of the steel beam 
baH effective length of the column web 
ttl thickness of the beam flange 
It thickness of the column flange 
lp thickness of end plate 
lwc thickness of the column web 

For double web cleat connections, the steelwork connection may reach the plastic 
stage at the serviceabili ty state. The proposed sliftness in the plastic stage is as 
follows: 

, Ea A I 
k =--e L 

(17) 

, 
Ea strain- hardening modulus of structural steel taken as 0.06 Ea 
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Rotational stiffness of compos ite C:onnections 

Applying the above three kinds of individual stiffness calculation methods to Equation 
(9), the predicted rotational stiffness of composite connections can be calculated 
Some problems particular to different types of connection should be noted : 

For the JOint With a double web cleat connection, and at serviceability limit states, 
the steelwork connection is probably Yielded and the beam does not touch the 
column. The plastic compression stiffness of the steelwork connection should also 
be calculated. The rotational stiffness of the composite connection can be 
recalculated from Equation (9) , substituting the elastic stiffness of steelwork 
connection by the plastic stiffness from Equation (17). 

For the joint with a flush end plate connection, the location of centroid of 
compression y c can be considered at the lower flange level of steel beam. For the 
JOint With a double web cleat connection , Yc can be considered at the lower bolt 
row level. The location of centroid of tension can be considered at the same level 
as the reinforcement. 

5. PREDICTION OF MOMENT RESISTANCE 

The proposed method is based on an existing one (Xiao et ai, 1992), but has been 
modified for the calculation of the compressive capacity of the steelwork connection, 
and extended to double web cleat connections. 

Flush end plate connection 

The moment resistance calculation, in the case of a flush end plate connection, IS 

based on the failure mode being controlled by the tension resistance of the 
reinforcement, Ft s. It IS assumed that full shear interaction IS provided between the 
slab and the steel beam. The tension resistance of bolt row, Ft t, is determined as 
described In Annex J of Eurocode 3 [6) . The available compression resistance at the 
compressive zone of the steelwork connection, Fcc, is determined by the Critical 
section of the beam flange or the effective column web. This approach is illustrated in 
Figure Sa. 

• - ' 
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a) b) 
Figure 5 • PlastIc analysis of moment resIstance of composite joints with 

(a) flush end plate connection and (b) double web cleat connection 
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The moment resistance of a composite connection. Mel' IS predicted uSing the 
following equations: 

(a) If FI .• IF cc ~ 1 : 

F~s - Fcc 
x = --"=--'= 

t wb fVb 

x tlb zs-(Ft,S - Fcc )( + ~) 
2 2 

(b) If Ft,S / Fcc < 1 and Ft.s + Ft.t - Fcc ~ 0 : 

x = _F.:::t,S:....+---'F~:::.t ~-_F cc::. 
twb . fVb 

MCJ = Ft.s Zs + Fl t 
x tlb 

Zc - (Ft,S + Flt - Fcc) ( + - ) 
2 2 

Ft,S tension resistance of the reinforcement 

(18) 

(19) 

(20) 

(21 ) 

(22) 

Fcc compression resistance at the compressive zone of the steelwork 
connection taken as the smaller of the following two values: 

Fe.we = fye twe be« 1 
Fe,lb = bIb tlb fVb 

tension resistance of the bolts. as given In Annex J of Eurocode 3 
yield strength of reinforcement steel 
yield strength of beam steel 
yield strength of column steel 

(23) 

effective width of the column web in compression. as given in Annex J of 
Eurocode 3 

Other symbols are given in Figure Sa. 

Double web cleat connection 

A similar procedure as that of flush end plate connections is adopted for the 
prediction of the moment resistance of the double web cleat composite connections. 
Figure 5b represents the tension and compression resistances In the composite 
connection section. It is assumed that the centre of compression is located at the 
lower row of bolts. Ft., is the tension resistance in tRe higher row of bolts and F e.2 is 
the compression resistance of the lower row of bolts. The bearing resistance of bolts 
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on the beam web, the shear and tension resistances of bolts are determined 
according to Eurocode 3. 

The moment resistance of a composite connection Mel is predicted using the 
following equations: 

(a) If F~s / Fe,2 ~ 1: 

x = Ft,s - Fe,2 
twb . fyb 

(b) If F~s / Fe,2 < 1 : 

F~s + F~t - Fe2 x = ' 
twb . fyb 

MCJ = F~s . Zs + F~t . Ze - (F~ + Ft,t - Fe,2 ) (~) 

6. ROTATION CAPACITY 

(24) 

(25) 

(26) 

(27) 

Equation (8) gives the relationship of the moment-rotation of a composite connection. 
It can be written in the following form : 

1 1 1 
- + -+-

e = kv ks ke M 
(Yc + Ys )2 

(28) 

For a given moment, the corresponding rotation can be determined. At ultimate limit 
states, the moment resistance of the composi te connection can be calculated as 
described above. If it is assumed that the reinforced-concrete slab is at the plastic 
cracked state, the stiffness of the slab can be calculated from Equation (10). The 
shear connectors can be assumed to have reached its maximum slip, the 
corresponding stiffness of the shear connectors can be calculated from Equations 
(12) or (13). The steelwork connection is not the critical factor for causing failure of 
the composite connection , its stiffness can still be calculated from Equation (14) . 
After calculating the three stiffnesses and the moment resistance of the composite 
connection, the rotation capacity may be determined from Equation (28) . 
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7. COMPARISON OF PREDICTION WITH TEST RESULTS 

A typtcal comparison between predicted and tested M-e relationship is shown In 

Figure 6. The numerical calculation result is also shown In this figure. 

The comparison of the moment-rotation curves obtained by the prediction method 
and the tests has been made using 12 experimental specimens. A generally good 
agreement has been found between the predicted behaviour and the test results. 
The predicted rotat ional stiffness does usually correspond to moments equal to 0.5 to 
0.7 times the maximal moment. Therefore, this predicted rotational stiffness can be 
regarded as the stiffness of composi te connections at the serviceability limit state. 
The predicted moment resistance can be regarded as the maximum moment of the 
composite connections at the ultimate limit state. 
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Figure 6 - Comparison for test No.1 (specimen CP01) 

8. CONCLUSIONS 

Having conducted a numerical analysis and an experimental study, simplified 
calculation methods have been developed for the design of composite connections to 
predict the rotational stiffness at the serviceability limit state and the moment 
resistance at the ultimate limit state. The prediction methods have been validated 
using test results . These methods can be used for the following practical design 
applications : 

For the ultimate limit state, calculating the moment redistribution for composite 
frames, considering the partial-strength end connections , using the predicted 
moment reStstance. 
For the serviceability limit state, calculating the dElflections of beams in composite 
frames, considering the semi-rigid end connections, using the predicted rotational 
stiffness. 
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PERFOR~lANCE OF MIXED CON 'ECTION LNDER OM81 'ED LOAD 

Yasuhiro Ohtam' 

Yuhshl FukumolO" 

Hunlo Tsuji' 

Ab'tract 

Steel·concrete mixed conneClton is studied. The t) pe of connection is endplate t) pe. The 
connection is propo ed for Joinllng steel member . To c1anfy the performance of the 
connCCllon. series of experiments are carried out Through the experimental ohsen ollon. 
capab,l ity are exammed 

I. 1 TROD CTION 

On site wor~. bolted joint i usually u ed for connecting steel members of structures. Since 
the manu facturing tolerance allowed to the bolted joint i. the same in spite of '7e of the 
structure. dIfficulty may ari e \\ hen large structure are built up or erected on site . It must be 
of great intere t to develop a method of connection which allows larger tolerance In the field 
work ,,,,thout any degradation of performance compared with the bolted jOint 

Adaption of steel·concrete mixed type joint may be one of the sol utions to the abo\e ,ssue. 
The basic concept of the joint is an usage of reinforced concrete instead of bolts for the 
connection. Since concrete can take any shape by nature. fairly larger tolerance allowed on 
site \\ ork is pos ible. The connection can be designed so a, to have smooth transmission of 
forces from one member to the other. and to have cenoin capacity required. In addition. 
sufficient ductility may 31 0 be expected if the mutual re'traint due to the interaction of steel 
and concrete mmerials is effectively used. 
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Fig.2 Beom-Io-Beom Joinl Specimen, 

Tobie I Pommele" 

Categoly Ite. Notations used In na.e of spec i lIIen 

I Type of beam C Co pos i te bea. 
5 : Steel bea-

Wain bea 
Nu ber of 1 : Single beam 
beams 3 : Three beams 

I Type of 1 : Inside (t lush) 
arrangement 2 : Outside (extended ) 

Connect ion of steel 3 : Equally both side (extended ) 
profile bars ( Fig .3) 4 : Not equally both side (extended) 

Width of RC W : Widened 
segment None : Same as frange width 

Type of M : Bend i n~ oment 
load i ng Q : Shear oad 

Loadin9 N : Thrust 
condi t Ion 

Direction or P : Positive moment direction 
procedure N Negat i ve ooment direction 

C : Cyel ic loading 

Stress Tens i le R : Rebars in slab 
distribution elements None : Stee I bars 
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In thi, ,tud}.the mIXed connection which consiqs of steel endplates and a reinforced concrete 
,egmenl i propo'ed for lhe Jomt of steel meml>ers. Smc<: Ihe performance of the connection 
lffecl' on lhe beh" lour a> well as the «rength of the whole struclure. the study I< dedicated 
to clanf) lhe performance of lhe conneclion. To this end. e<penmental sl udy as well as 
anal~ IIcal ,Iud} were carried out. In Ihis paper. some resuhs and findings Ihrough the series 
of expenmenh will be reported. 

Herem. "med connecllon of beam-to-beamjoinls arc mainly Ireated. Therefore. «perimenls 
were earned on beam t) pe pecimens. in which the connecllon are subjected to pure bending 
or bending and shear combined loads A mixed type conneCllon can also be found in a h}brid 
frame »Iem>. m which. for instance. concrete column and leel beams are connecled. Since 
Ihe resuh obtamed herem mal not be specific but fundamental. Ihose can al 0 be ullhzed for 
the C\alU3lion of the (ructure 10 \\ hlch mixed connection arc u~d in beam·lo-column JOints . 

2. EXI'ERL\ IE:"T ON ENDPLATE TYPE ~IIXED CO:-l 'ECflON 

2.1 cries of pecimcns 

Fig. I ,how, the chemallc, lew of Ihe steel-concrete mIXed I) pe connection lreatcd m tills 
'IUlI~ Thc t~ pe of connccllon used was so-called cndplate type. A steel end plate wa welded 
at the end of a steel beam. Ihen the reinforced concrele was placed. The expel;ment were 
carried out on beam type specimens. As shown in Fig.2. Ihe mixed Iype of conneclion was 
,,,cd In Ihe >e,cral beam-to-beam joint specimens. where sing le or multiple nllmber of steel 
or composlle beam were longitudinally connecled by reinforced concrete segment. Since 
re,ultant> must be transmllled through the connection from one side of beam to Ihe olher. 
,ullable amount of remforclllg steels and headed stud anchors were placed in the conneclion. 

Fifteen pecllnens were prepared and tested. Paramelers con Idered were. as how n in Table 
I. t) pe of beam. number of beams. t) pe of end plate. arrangement of teel bars. ize of 
connection. loadmg condition. etc. Senes of the specimens are Ii ted with combination of 
parameter> m Table :! . Among these parameter. the arrangement of steel bars is related" ith 
Ihe t~ pe of end plate as shown m Fig.3. For nush endplate t) pe. leel bars can be placed only 
m"de Ihe nange (T}pe-I). For e<tended endplate type. Ihree types of arrangement arc used: 
>teci bars are placed onl) outSide the nanges in Type-:!. steel bars arc placed equall) both 
"de or Ihe flange m T~ pe-3. and sleel bars are placed nOl equally both ide of the nanges 
in T)pe--l The arrangement of sleel bars is also relnted wllh Ihe type of beam and wllh Ihe 
lon<\ing eondllion If compo lie beams are used. no leel har is placed m Ihe endplme in Ihe 
.Iab Side. but placed 111 Ihe olher side. For Ihe specimen ubJected to only one side loading. 
no ,teel bar IS placed in compression side. 111 these cases. Iype of the arrangement is reren'ed 
10 the ide w here bar. are placed. 

2.2 E'perimental Results 

The >ene- of the e'penment were carried in c,eral tcps . The pcclmens can be catcgonzed 
to li'e group, as follo"s. (Fig.-l) 

I) ingle composile beam specimen under bending and shear comhined loads . (8 spes.) 
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Table 2 Series of Specimens 

No Speci en Bea.o Connect i on Load I rig Stress 
Tvoe No. Stee I bars Width Type Direct. Tensile 

I SI - H M+N )C Steel I Tvoe- I M,N Cyel ic 
2 SI -2-(M+N)C Steel I Tvoe-2 M, N Cyel ie 
3 SI -3- (M+N)C Steel I Type-3 M,N Cyel ie 
4 SI -4'- (M)P Steel I Type-4 .ide M Positive 
5 SI -4'- (M+Q)P Steel I Type-4 "de M,Q Positive 
6 SJ-4'- (M+Q)P Steel 3 Type-4 'ide M,Q Positive 
7 CH - (M)P COl pas i te I Type- I M Positive 
8 CH - (M+Q)P Co. pas i te I Type- I M,O Positive 
9 CH' -(M)P Co.aosi te I Type- I "de M Positive 

10 CH. - (M)NR Cooaosi te I Tvoe- I "de M Nogat ive Slab bar 
11 CH' - (M+O)P Cooaosi te I Tvoe- I . ide M,O Positive 
12 CI - 1I- (M+O)NR Co.aos i te I Tvoe- I "de M,O Noaatlve Slab bar 
13 CI -4'-(M)P Co.aos i te I Tvoe-4 ' ide M Positive 
14 CI -4'- (M)NR Co.aosite I Tvoe-4 ' ide M Noaat i ve Slab bar 
IS C3-4- (M+Q)NR COlaosi te 3 Tvoe-4 M,Q Neoat ive Slab bar 

Type- I 
; Flush endplare type , : 

, i Steel bars are placed only inside the nanges ; 

I I ~ 
Type-2 

Steel bars are placed only outside the nanges 

~ 
i , 

f;7 

U 
Type-3 

, 1 Steel bars are placed equally bolh 

: side of Ihe nange. 

i Type-4 
...... ell t " 'V- Steel burs are placed not equally bolh 

side of the nanges 

Fig.3 A=ngement of Steel Bars 
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~)~lultlple composlle beam specimens uMer bendoog and shear combIned loads . (I pe.) 
J)Single beam pecimen under thrust and bendoog comhooed load. (3 spes.) 
4)SIOgle beam pecimens under bending and shear comhooed load. (2 pc .) 
5)\lultlple beam specimen under bendoog and shear combined load (I spe.) 

Detao>. of each test procedure can be found other place. hereIn only a bnef summaI') " 
dra\\n Except for the specImen group 3). most of all specImens \\ere tested under pure 
bending or bend 109 and shear combined loads . All of the . peclmen were tested under cla,tlC 
load 109 first. then loaded to the failure . In table 1. pea~ load at faolure of each specImen are 
Iosted. FaIlure mode of each specinlen is also listed in the table. The failure of this t>pe of 
struCtures may fall into three categorics. that IS. a) failure of the heam due to yielding or 
buckioog of nange. b) fai lure of the reinforced concrete segment due to yielding of steel ba". 
cru h or hear failure of concrete, and c) failure of the endplale due to yielding. Peak loath 
"ere e IImated uSIng the material test data. and Ii ted 10 Table 3 for com pari on. The peak 
loads were cal ulated assuming thai capaclly of the reInforced concrete segment can be 
e.llmated by the trength formula for reinforced concrete beam. From the compari on \\lIh 
e\penmenlal dala. good agreement are oblalOed for a single beam specImen if fnolure occur 
In concrete segment 

Tbere eXlq Slgnoficant relat"e rotallon between endplates \\ hen nush endplates are used The 
relame rOlallon mu I be due 10 Ihe behaVIour of Ihe endplate. concrete. and steel 00" . From 
the expenmental ob ervation. it is found thai initiol rotatIonal stiffness depend on the 
magnllude of Ihe aXIal forces. The gap bel\\eCn an endplale and concrele egment i maInly 
due to the local deformation of the endplate . ThIS gap cause discontinuous rotation. and 
somellmes make significant innuence 10 Ihe strucluffil behaviour. 

3. m lE RDIARK 

Steel -concrete nmed Iype of connection W", lOve. lIgated Thffiugh lhe series of expenmental 
studIes. perfom13nce of the connection " as examooed It i confirmed that trength 
requtrement can be fulfilled . Sooce liS behaviour is some"hal semirigId. appropriate lrealmenl 
of the connecllon \\ III be a subject. 
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No. Specl.en 

I SI I (M' N)C 

2 SI -2 (W+N)C 

3 51 3 (W' N)C 

4 51 4W (W)P 

5 SI 4W (M+Q) P 

6 53-4W (M+Q) P 

7 CI I (M)P 

8 CI -I-( W+Q)P 

9 CH ' - (M)P 
\0 CH . (M)NR 

\I CH' -(M+Q) P 

12 CH' -( M+Q) NR 

13 CI -4' (M)P 

14 CI -4W-( M)NR 

IS C3 4 (M'Q)NR 
- -- - ----- --

Table 3 Comparison of Test Resuhs and Calculared Values 

Cacu lated Test Resuls Co.parison of 
Values (Peak Loads) Peak Loads 

- r_ Fa i lure lIOde 
Wcu Qcu Wp Qp Wp/Wcu Qp/ Qcu 

(If.) (t f) (Ito) ( tI ) 

12 10 .5 0 .89 Yield of endplate -
13 12 .8 0 .97 Crush of concrete - - - . 
19 18 .0 0 .93 Crush of concrete 

15 13 .1 0 .88 Crush of concrete 

15 15 .0 \.00 Crush of concrete 

- 29 -23.9 0 .80 Yield of steel bars 

53 37 .5 0 .71 Yield of endplate 

53 32 37 .7 32 .8 0 .71 \.03 Shear fai lure of concrete segoent 

68 66 .8 0.98 Crush of slab concrete 

- 22 - 26 .8 \,21 Local buckling of flange 

68 61 72 .5 63 .0 \.06 \.03 Diagonal crack and crush of concrete 

-40 62 -41 .4 -36 .0 \.04 0 .58 Yield of steel bars 

26 28 .9 \.10 Crush of slab concrete 

-40 -40 .0 \.00 Crush of concrete 
I- - - -

69 53 .7 0 .78 Failure of slab i 
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Experimental behaviour of Semi -Rigid connections in Frames 

F Benussi' 

D A Nethercot2 

R Zandonini ' 

Abstract 

Records of tests on composite frames and subassemblages have been examined and 
cIIta extracted on the performance of the composite connections. These results are 
~ compared and contrasted with the behavIOur of Similar types of connections as 
observed In Isolated connection tests . Reasons for differences In connec"C'~ 
behaviour for the two types of testing envllonment are presented and discussed 

1. Introduction 

During the past twenty years more than 150 tests have been performed w orldWide 
on composite connections (Nethercot and Zandonlnl, 1994) . The results have formed 
the basis for methods to predict the key measures of JOint performance of ' moment 
capacity M" rotational stiffness K and rotation capacity <1>" . In parallel w ith these 
ItUdles, methods have been developed for the analysIs and design of composite 
flames that recognize the true semi-rigid and 'or partial strength character of vll tually 
1ft practical forms of beam to column connection . 
To date, however, little opportunity has existed to validate the theoretical work on 
flames against SUitable expellmental studies. In addillon, It has genera ll y been 
ICCepted that the performance of composite JOintS tested In Isola lion IS representa tive 
01 the behaviour of Similar JOints, when functioning as part of a complete struc ture 
Although thiS second point has been largely substanllated In the case of bare stee 
construction (DaVison et aI., 1987), certain "peculialilles" have been observed In th 
records of full frame tests e.g. the influence of column web fleXibility on the 
IIIIoadlng stiffness for minor aXIs connections noted by Gibbons, Kilby and Nethercot 
(1995) . 
Only a very limited amount of data eXists on the performance of composite 

'Associate Profe sor. Dept ofCi,il Engineering, Unh ersity ofTneste. It al) 

' Professor. Dept of Ci\i1 Engineenug. Uni" r it) of otl ingham. nited Kmgdom 
'Professor, Dept of truclural Mechanics. Unh ersity ofTreOlo. Ital) 
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connections when tested as part of a more extensive arrangement. Leon (1987) has 
reported some tests on subassemblages In which sway of the columns was possible, 
while Jarrett (1993) has tested a series of non-sway sub-frames. Such IS the extent 
and compleXity of the problem though, that many Important issues were not covered 
by this work. 

The authors have for several years been engaged in research into the behaViour of 
composite connections, with the aim of extending the recent advances in appreciation 
of the true role of connections in bare steel construction into the area of composite 
frames. Several series of connections tests have been completed in Nottingham, 
Trento and Trieste, some numerical modelling of connections has been undertaken In 
these centres and methods have been developed for the analysis and design 01 
composite frames. 
Therefore It was natural, when planning the most recent phases of this work to see 
whether some aspects could be conducted in collaboration. When configuring a 
comprehensive study at Notthingam, involving jOint, subassemblage and frame tests, 
plus associated theoretical work, it became clear that undertaking the subassemblage 
testing In partnership with the Trento and Trieste teams provided an attractive way 
of enhanCing the overall value of the project . In addition, the Italian group would then 
be able to Input the large frame tests that were to be conducted at BRE as part of the 
Nottingham study. The resulting arrangements saw the subassemblage testing 
conducted In Trieste, with advice on the deSign of the test specimens and the 
instrumentation to be used being provided from Nottingham. 

ThiS paper deSCribes the planning of the Trieste tests and presents some of the 
preliminary findings. It also gives a very brief indication of the range of results that 
have been obtained from the BRE frame tests . 

2 . Subassemblage Tests 

The geometrical configuration and loading of the two subassemblages deSigned as 
part of the experimental study to be conducted in Trieste are Illustrated in figure 1 
Beam spans, member sizes and connection detailing were selected in order to satisfy 
the prime reqUirement of consistency among the different activities of the general 
research proJect: i.e. to achieve conditions as close as possible to the frames and 
limited frames tested at BRE, with reference also to the main features of the expected 
response, within the restraints imposed by the testing rig and by the use of Europeans 
sections. The subassemblages differ only for the overall configuration: frame SCS 
consists of two equal bays of 5m span, while frame UCS has unequal spans of 3,5m 
and 7m span respectively . Both frames are statically indetermined systems; joints are 
the weaker component and tests were hence expected to prOVide useful data on the 
redistribution capabilities In composite semi-continuous beams as allowed by IOlnt 

inelastiC response . The remarkably asymmetrical configuration of the latter frame 
should enable further Investigation of the contribution of the web panel shear 
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deformation to the overall joint behaviour . 
The extension of the slab beyond the external columns ensures a sufficient anchorage 
of the longitudinal rebars in accordance to Eurocode 2 (1994); additional tflmming 
bars were used to allow for the formation of a more advantageous slab to column 
force transfer mechanism . 
The key components of the frame response were monitored during the test, and data 
were logged for an extensive evaluation of the main features of the behaViour ; 
Instrumentation comprised of 42 inductive transducers, 156 stram gauges and 7 
inclinometers arranged as shown in figure 2. The rotation of the joints was both 
measured by inclinometers and determined via displacement transducers (L VDTs B 
In fig .2). The determination of the pattern of moment, and of its evolution dUflng the 
loading process is made possible by the strain measurements at different beam and 
column locations. Strain gauges also enable detection of possible yielding In the 
members (rebars and steel sections) and in the column web panel. Finally, 
measurement of the deflection at seven locations and of the rotation at two cross 
sections permits appraisal of the evolution of the beam responses with particular 
reference to the beam curvature in the positive and negative regions of moments. 
Presently, the symmetrical frame (SCS) has been tested, and a first evaluation of the 
m ults has been attempted. Preliminary findings are here briefly reported . 
Loads were applied in subsequent steps and, at each step, were increased after the 
epeclmen deformations fully stabilized. The loading history comprised of several 

cycles with unloading to the zero load condition in order to get a more 
r""" Ullijll understanding of the structural behaviour. 
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column web Yielding In compressIOn. The anchorage detailing with (rimming bars as 
suggested by Davison (1990) confirmed a more than satisfactory behaviour. Finally, 
earlier cracking of the nodal zones Indicated a remarkable influence of the slab 
shrinkage. When testing the second subframe, the rebars deformations will hence be 
monitored Since the concrete pouring in order to have a quantitative appraisal of the 
shrinkage effect. 

3. Frame Tests 

Full details of (he test frames, instrumentation and method of testing have been 
reponed elsewhere (Li et aI., 1995a). Essentially the arrangement comprised of the 
pal! of 2-span, 2-storey frames illustrated in Fig. 6 . Loading could be applied 
Independently to primary and/or secondary beams, as well as to selected columns. 
Measurements were made of beam deflections, connection rotations and by means 
of comprehensive strain measurements, of the pattern of moments within the frame 
at all load levels . For the measurement of connection rotations a combination of 26 
"hanging dumb-bell" devices (Moore et aI. , 1993) and 26 electronic levels was used 
to mOnitor the B Internal connections - at which 3 separate devices were reqUired· 
and the 20 external connections - at which 2 Inclinometers were sufficient. 
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The two frames were tested separately and in both cases it was observed that -
although attainment of the maximum applied load was governed by a particular event 
- large vertical deflection of beam 1 accompanied by flange buckling adjacent to 
connection 2 for frame A, Fig . 7, and failure of beam B due to local crushing of the 
concrete slab outside the column at connection 16 for frame B, Fig. 8 - several 
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components were near the limit of t~elr capacity. It was therefore possible to make 
direct comparisons between the performance of key components as observed In other 
isolated tests or as predicted by calculation and the performance in the full frame 
environment (LI et aI., 1995b) . 
Figure 9 compares the distribution of moments in frame A at failure with thai 
predicted by an elastic analysIs that assumes rigid connections and uses then crack 
beam section properties throughout. It is clear that whilst the flush end plate torm ot 
bea." to column connection shown In Fig . 10 did not provide sufficient momeOi 
capacity to match the requirements of full contlnUltY,nor did the frame behave as f 

the beams were simply supported. Clearly the actual structure functioned In I 

semi rigid and partial strength fashion . 

Ie) Ie l momen t d1fter-am and ri &ld 

C'onn~ lion moment di.cram 

Fig. 9 
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Fig. 10 

Detailed compaflsons of the moment-rotation characteristics obtained from sever 
JOints in the two frames with the results of Isolated connection tests on eqUivalent 
arra'1gements (Li et al.,1995c; Li et aI. , 1995d) are given as Fig. 11 and 12 Thes 
show performance In the frame tests to be generally Infeflor, with a range 0 

behaviours being obtained. Several reasons may be advanced for thiS : 

For the external column connections, the column rotations prevented developmen 
f the ful' connection moment capacities. 

(11) The high shear forces at the connections In the frame will have led \0 somewha 
smaller connection moment capacities In the trame as demonstrated by the analyse 
by LI et al. (1995c). 

III) The inevitable unbalanced loading In the frame test may have contflbuted to th 
smaller connec tion moment capaCities, With the unexpected tWisting force on t 
composite beams causing the connection regions In the frames to exhibit premalUr 
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4 . Conclusions 

local buckling on one side 
of the beam bottom 
flange. Th.s kind of behav· 
.our was not observed .n 
the .solated JOint tests (LI 
et ai., 1995dl. 

(iv) The lower connection 
stiffness from the frame 
test could have been 
caused by some degree of 
overestimation of the con 
nectlon rotations, Since It 
was Impossible to measure 
the column rotations at the 
centre of the JOints as was 
done for the Isolated JOint 
tests. As the connection 
rotation was obtained by 
taking the difference be· 
tween beam end rotation 
and column rotation, the 
connection rotation may 
have been overestimated 
end the connection stiff 
ness underestimated In the 
frame test. 

Two recent senes of full-scale tests on composite frames and composite sub­
assembJages have been used as the basIs for an examination of the performance of 
composite connections when tested In a frame environment. Thus information on the 
semi-rigid and partial strength nature of the connection has been extracted from the 
full test histories. These have permitted direct comparisons to be drawn between the 
performance of connections when tested in Isolation and wher. functioning as part of 
a complete structure. Reasons for these differences have been proposed. In the case 
of the composite frame tests the observed connection behaviour was generally 
inferior to that seen in the related connection tests, pnnclpally because additional 
loading came onto the connections as a result of the full frame action. 
Finally, the subassemblage test confirmed the the joint rotation capacity IS suffiCiently 
high to ensure the plastic collapse of the beam to be achieved. 
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CONNECTION BETWEEN STEEL BEAMS AND CONCRETE FILLED 

R.H.S. BASED ON THE STUD TECHNIQUE (THREADED STUD). 

Didier Vandegans I 

Jose Janss ' 

Abstract 

This paper shows that the component method, described in Annex J of Eurocode 3 
can be applied In the case of studded joints, by using different existing models 
Numerical simulations make it possible to determine the deformation of the bended 
face of the section, where the studs are fixed. Therefore the curves of behaviour of 
Ihese joints can be drawn and compared with the experimental curves. 

1. INTRODUCTION 

The concrete-filled R.H.S. technique (Rectangular Hollow Section) has many 
advantages in the building domain. The bearing load, the stiffness of Joints between 
beams and the column and the fire stabil ity are increased, the floor space requ ired 
is smaller, the aesthetic IS improved, the maintenance is easier, and in comparison 
with concrete column, no shuttering is needed. 

The stiffness of joints with steel beams or mixed steel-concrete beams, and their 
resistance to bending moment are relatively high. The exploitation of these 
characteristics during the frame analysis will reduce costs or will result in a 
significant saving of materials. 

In order to calculate the resistance of different joint elements, certain codes or 
models are developed. However, no model exists to determine the deformability of 
the face of the hollow section while it is in bending 

I Engineer. CRIF Steel Construction Depanment. 6 Qual Bannmg 4000 Liege, Belgium 
1 Engineer, Head ofCRIF Steel Construction Department. Ibidem 
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The aim of this paper IS to show that, \\11th the rules given In Annex J of Eurocode 3, 
based on the component method, with different design models and with numerical 
Simulations It IS possible to determine the characteristics of the behaviour curve of 
JOints between a I-beam and a concrete filled R H S. 

2. THE STUD TECHNIQUE. 

The presence of concrete within the hollow section make It Impossible to fix a 
connection element with bolts on the face of this section. The stud technique is 
useful to solve this problem This technique consists In welding with the help of a 
special gun, a threaded stud on the face of the section on which the connection IS to 
be realised The other elements of the connection are fixed at the studs with nuts, 
as done for classical bolts. The studs are then subjected to traction and shearing, as 
for usual JOints The studs to be used are threaded studs with reduced base. So, the 
welds have approximately the same diameter as the threaded part. 

3. TEST PROGRAM. 

Eight tests have been effected In the laboratory The aim was to have 4 different 
JOint configurations. Two tests with the same characteristics have been effected for 
each configuration. These tests are as follows (see figure 1) 

Test n" 1 
Test n" 2 
Test n" 3 
Test n" 4 

Figure 1 

web cleated jOint; 
extended end-plate Joint; 
flush end-plate joint; 
flange cleated joint. 

.­-

.. ~ - -I 

Figura 2 
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The comparison belween the experimental curves and the field In which the JOints 
can be considered as rigid or pinned shows that JOint number 1. with web cleats. has 
the same characteristics as a periect pin (see figure 2) Then. let's go on with the 
other JOints 

4. METHOD OF CALCULATION USED. 

4.1. Annex J of ECl method. 

For the design of the JOint. the approach described In Annex J of Eurocode 3 IS 
used This IS based on the component method. which considers a joint not as a Unit 
but as a set of Individual components each with ItS own strength and stiffness 
Annex J allows to calculate the characteristics of the folloWing components 

end-plate In bending. 
flange cleats In bending. 
flange of the beam in compression. 
web of the beam In tension. 
flange of the beam in bearing. 
bolts In shearing. 
studs In tension 

4.2 Navaux model. 

An earlier research made by NAVAUX In CRIF In Belgium has established some 
design rules for the resistance of the face of the rectangular hollow section These 
rules cover the following modes of failure 

shearing of the face of the section 

N",.,. :s 0.95 n d t */1 mo 

lamelar pull out 
ui ""'"X :S 0.95 '- 4- fyt /1 mo 

(1 ) 

(2) 

i}1 IS the Yield strength of the hollow section. t IS the thickness of the face. d is the 

nominal diameter of the studs and r mo the partial safety factor. 
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4.3 Gomez model. 

In order to calculate the resistance of the bended face of the R H S. the so called 
Gomez Model" IS used Gomez has studied the weak axes beam to column JOints 

and has deduced a model to design the web of the column A part of this model 
predicts a local failure of the web of the column due to the bolts In tension He 
substitutes the plastic mechanism of the web by an equivalent rectangle of b x c 
dimensions as shown on figure 3. 

0) rr----+-----,-, .. r,-----j.-----,-, 

I I '-- ..,----..J 

•• .., <4N" 

ov) Lb 
cD 

_~fII .... _....: ~_ .. ~ 

Figure 3 local mechanism for bolted connection: 
I) Yield line pattern 
II) section view 
iii) Yield line pattern for equivalent rectangle b x c 
IV) mean diameter of the bolt head ( or nut ) 

The local resistance of the web IS : 

Fiocal = Mpl .ex. k 
In which Mpl IS the plastic moment of the web 

t 2 
\.Ip/ =-1. f.,., 

4 . 

ex = _ 1_ (1t~1- b/l .2C/l-) 
1- b l 

(3) 

(4) 

(5) 

------ - -_._-
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k = {
1 

0.7 - 0 6 (b - c) L 

If(b -clj L :o! O,5 

If (b -c) j L s O,5 

The validity range of this model IS as follows 

{
b/ L < 0,8 

0.7 h/ (L b)s 10 
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(6) 

(7) 

Extending this model to the bended face of the rectangular hol low section leads to 
good results when only one row of two studs IS present However, the model IS not 
applicable as It IS for JOints with more than one row of studs because global plastlcal 
mechanisms can modify the diagram of plastlficat lon 

4.4 Numerical simulations. 

So far, no model eXists to deduce the deformabili ty of the bended face of the hollow 
section Numerical simulations have been done wllh a program of non-linear finite 
elements. In order to find a numerical value of the deformation 

5. HYPOTHESES. 

DUring the calcu lation the fo llowing elements have been considered 

The presence of concrete stiffens the sheared part of the connection very 
strongly and Increase the compression zone resistance of the JOint considerably 
Because of lack of Information, It IS not possible to calculate with a high degree 
of precIsion the resistance to shearing and compression and the corresponding 
deformations But It IS obvIous that the resistances which would have been found 
are largely higher than those of the other components , and In addition, the 
deformabJilty of these zones IS extremely low 

2, Lateral faces of the section are submitted to traction forces, acting on a defined 
length corresponding of the length of the efforts diffusion The value of this 
length of diffUSion cannot be determined with a high degree of precIsion 
However, let's consider that the "web" of the RH S IS largely over-dimensioned 
In comparison with Its equivalent In a I-beam The reason IS that, In this case. the 
faces of the section have the same thickness, as opposed to the difference In 
thickness between the flanges and the web of an I-beam In addition, adherence 
may occur between the lateral faces and the-concrete Therefore, thiS source of 
deformation IS supposed to be negligible 
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3 When pulled out by the stud, the' 
face of the section come out of Its 
plane The angles of the 
rectangular section are rigid and 
thus while the section IS empty, 
the deformation of one face IS 
followed by a deformation of the 
other lateral faces, as shown on 
the figure 4 

Figure 4 

The presence of concrete within the hollow section prevents these lateral faces 
from deforming and therefore diminishes the deformation of the face connected to 
the studs when they are submitted to traction This fact stiffens this component, 
and therefore, dUring the numerical simulations, the face of the section is 
modellsed by means of a Infinitely long plate, Imbedded on 2 faces and subjected 
to two "concentrated" forces The reason why a numerical simulation has to be 
done IS that, to our knowledge, no analytical solutions are available. 

6. RESULTS OF THE CALCULATION. 

Without giving all the details, the results of the stiffness and resistance calculation 
are given In table 1, as well as the corresponding mode of failure. 

MRd M UP· Failure mode SCilc 
u jl 

On kN m) (in kN m) I fin kN mldeo) 
Test n' 2 375 67.1 Face of the section 7897 
Test n' 3 16.5 3315 " 34 85 
Test n' 4 17.7 25.5 Cleat 3723 

Table n' 1 

Figure 5 shows the experimental curves and their eqUivalent given by calculation, 
follOWing the rules given in Annex J of Eurocode 3 These figures show that the 
component method can be extended to this sort of connection without any 
difficulties 

Few remarks can be expressed 

As already said, the Gomez model cannot be applied as it IS for extended end­
plate JOints New development should be done in this direction 
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2 The view of the curves shows that the calculation of the Initial sllffness 
correspond with the expenmentallon 3D simulations have confirm the 
hypothesIs n' 2 which says that the deformation of the laterat faces of the 
section can be neglectable 

3 The expenmental results bnng out the development of membrane efforts In the 
bended face of the section Because of the Importance of these membrane 
efforts the ratio between Initial stiffness SJI and secant stiffness SJs , and 

between the elastic moment, Me and the design moment resistance ~d' as 
defined In Annex J of Eurocode 3, should be modified, for this sort of connecllon 

.­, .­• 

, 

, 

- -- I ---I --"L-_ __ ~~ 
, 

I) Test n" 2 Extended end plate 

-, 

\ / 
1 -----

'-r 

III) Test n"4 Flange cleats 

II) Test n"3 Flush end plate 

Figure 5 Expenmental and calculated curves 

I :=~ '--
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The formulas given In Annex J are as foilows 

E. z· 
7"1 

I'L , k, 

where E = the Young modulus; 
z = the lever arm of the external forces, 
k, = the stiffness of the Individual components, 
I' = the stiffness ratio. 

and v " 2,7 for welded and bolted end-plate jOints, 
=:: 3,1 for flange cleated joints 

(8) 

(9) 

For the determination of the secant stiffness 5 IS , M I,Sd equals M I,Rd and thus 

(10) 

(11 ) 

Companng the value of 5,s (calculated according to Annex J and deriving from the 

value of the Imtlal stiffness 5" deduced from the calculation and numerical 

simulations) and the measurements on the experimental curve, leads to the 
follOWing results 

)1 SEC) Sup. 
/ np. )S )S )1 )s 

tin k N.mld ~n kN.mldeg) (,n kN mldeg) 

Test n'2 7 8.97 26.43 .- -
Test n'3 3 4.85 11 ,66 14.36 2.43 
Test n'4 3 7.23 10,59 16,80 2.21 

Table n' 2 

In a first approximation and in order to Simplify, it's possible to give the following 
ratio 

M. = Mrld/3 
SJs = SJ,/~ with 1';: 2,3 

(12) 
(13) 
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The figure 6 shows the calculated curves derived from these values ObVIously, 
further tests should be carned out In order to confirm th iS observation and to give a 
more accurate value for the suggestion 
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Figure 6 
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7, CONCLUSIONS, 

The stud technique makes it easy to build a connection between a I-beam and a 
R. H. S. column filled with concrete. Reliable design models exist to determine a 
design value of the joint with one row of studs in tension. In the case of more than 
one row of studs, the adaptation of the Gomez model will produce a complete model 
for the design resistance. 

The component method described in Annex J of Eurocode 3 can be extended to thiS 
sort of connection, without any difficulties, what is of great interest. However, small 
changes should be made in the assembly procedure of the different components. 

The concrete within the hollow section reduces the deformation of the faces and 
consequently of the joint. 

The only component for which the deformation cannot be derived analytically is the 
bended face of the section. Numerical simulations have shown that it is possible to 
find the initial stiffness of the joint with a good degree of precision, by neglecting the 
deformations of the lateral faces of the rectangular section. 
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DESIGN OF BOLTED CONNECTIONS WITH INJECTION BOLTS 

A.M. (Nol) Gresnigt" 

J.W.B. (Jan) Stark21 

Abstract 

In)ecllon bolts are bolts In which the cavity produced by the clearance between the 
bolt and the wall of the hole is completely filled up With a two component resin . 
Injection bolts may be used in shear connections where slip is not allowed as an 
lIternative for fitted bolts and for high strength friction grip bolts. Injection bolts are a 
reliable and relative ly cheap fastener for repair and strengtheningof existing structures. 
Also in new structures Injection bolts are successfully applied. In the paper examples 
of successful applications are presented. Also the design rules and the method of 
Installation are shortly discussed. 

Filling of the clearance 
of an Injection bolt is 
carried out through a 
small hole in the head 
of the bolt. After Injec­
tion and full curing of 
the resin. the connec­
tion IS slip resistant. 
Shear load is trans­
"rred through bearing 
IIld shear of the bolt. 

1. INTRODUCTION 

Figure 1: Injection bolt in a double lap jOint . 

1) Senior lecturer Steel Structures. Faculty of Civil Engineerong. Delft University of Technolo­
gy. The Netherlands. 

21 Professor Steel Structures. Faculty of CiVil Engineering. Delft University of Technology. and 
Deputy Director TNO Building and Construction Research. Rijswijk. The Netherlands. 
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Injection bolts can be manufactured from normal standard structural bolts. The bolts 
and washers are adapted to enable the injection of the resin . 
Design rules and rules for execution of injection bolts are laid down In recent ECCS 
recommendations (ECCS. 1994) and In the draft European rules for execution of Steel 
structures (prENV 1090-1. 1995) . Section 4 gives details. Research carried out in the 
Stevln Laboratory of the Delft UniverSity of Technology and experience In practice fOt 
more than 25 years are the baSIS of these deSign rules and rules for execution. 

2 . ADVANTAGES AND COSTS OF INJECTION BOLTS 

2 .1 Advantages 

Compared to other mechanical fasteners. Injection bolts have several advant· 
ages . A distinction is made between the application in eXisting structures and in new 
structures . It IS pointed out that in many cases the advantages apply both for repaw 
and strengthening of existing structures. as well as for new struCtures . 

Repair and strengthening of existing structures 
Solution for connections with a low slip factor. The slip factor for riveted plates is 
usually very low. The application of new rivets IS Virtually impossible because of the 
lack of equipment and skilled labour. Injection bolts have proven to be a good 
solution for the repair of riveted structures (e.g. old railway bridges) . 
Another possibili ty are fitted bolts. However. as Indicated before. fitted bolts are 
expenSive compared to injection bolts . Injection bolts may be Installed in standard 
holes: 2 to 3 mm bigger than the nominal bolt diameter. 
Good design resistance in bearing. Assuming a reasonable ratio between the 
thickness of the plates and the diameter of the bolts. the design reSistance In 

beanng IS usually qUite sufficient to replace faulty rivets . 
No internal corrosion. Since the resin completely fills the cavity . Internal corroSion 
IS avoided (also important for new structures). 

Application in new structures 
No slip in case of overload. In connections w ith high strength fnction grip bolts. slip 
due to overload is possible . With injection bolts . sudden slip IS not possible . 
Good design resistance in bearing. Assuming a reasonable ratio between the thick· 
ness of the plates and the diameter of the bolts. the design resistance in bearing is 
of the same magnitude as the slip resistance of high strength friction gnp bolts. 
Compact connections. If the desired load transfer per bolt is very high (e.g. because 
the available space for bolts in the connection is small) . preloaded injection bolts 
may offer the solution . As the design resistance of a preloaded injection bolt is the 
sum of its slip resistance and the bearing resistance of the resin. the number of bolts 
in a connect ion will be lower. 
No special requirements for the contact surfaces and no control/ed tightening. For 
high strength fnctlon grip bolts special requ"ements are necessary for the contact 
surfaces to achieve a satisfactory slip factor . If corrosion prevention IS necessary. 
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the paint to be used has to guarantee the desired slip factor. With non-preloaded 
injection bolts, slip can be avoided without any special preparation of the contact 
surfaces. Also the pOSSibility to avoid the necessary calibration and tightening 
procedures for HSFG bolts may be an Incentive to apply non-preloaded injection 
bolts . 

2.2 Costs 

Because of the costs, injection bolts should only be applied where the advantages 
justify to do so. The costs of injection bolts consist of: 
e. The purchase of the bolts themselves (standard 10.9 or B.B bolts); 
b. The preparation of the bolts and washers (drilling a hole in the bolts head and 

preparing the special washers, see section 5.1); 
C. The resin, the preparation of the resin and the injection (section 5.2 and 5.3); 
d. The holes must be dry during injection (weather conditions, shelter from rain) ; 
e. Dismantling is not easy, unless special arrangements are made in advance, e.g. the 

application of a special separation liquid to prevent bonding of the resin to the bolt 
and the walls of the hole. 

In The Netherlands Injection bolts and washers are ava ilable from stock (bolt suppliers). 
ready for use. However, adapting standard bolts and washers can also easily be carried 
out In the workshop . 
Because the injection eqUipment IS cheap and the amount of resin per bolt IS limited, 
the material costs for Injection are low. The labour costs for injection per bolt, depend 
on: 
e. The total number of bolts to be injected; 
b. The number of bolts per connection ; 
c. The accessibility of the bolts ; 
d. The size and length of the bolts . 

Roughly, the labour time for injection varies between 1 and 2 minutes per bolt . When 
Injection bolts are used , the number of bolts in a connection will be less, thereby 
reducing the costs for holes and bolts. Further , the possibility of larger hole clearances 
may faCilitate erection and consequently also reduce costs . 

3 . EXAMPLES OF SUCCESSFUL APPLICATIONS 

3.1 Replacement of faulty rivets 

Since 1970 it has been standard practice in The Netherlands to repair old railway 
bridges and road bridges w ith injection bolts . Also the Hoogovens blast furnace works 
end other companies use injection bolts for repair of their crane girders . 
At present in Germany (Aachen University). studies are in progress to repair old bridges 
fl the eastern part with injection bolts. A German translation is made of the ECCS 
,.c;ommendations (ECCS, 1994). 
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Figure 2 : Riveted bridges in Rotterdam, where injection bolts were used to replace 
faulty rivets . 

3 .2 Bridge in Cura~o 

DUring erection of this bridge (1967), it collapsed because of the rupture of high 
strength anchoring bars, see figures 3 and 4 . 
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Figure 3: Bridge in Cura~ao. 

Figure 4: Sketch of the bridge in Cura~ao dUring construction with the steel plates In 

the anchoring system. 
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It appeared that the workmen had positioned these high strength bars in the concrete 
anchoring block by tack welding them to the concrete reinforcing bars . Brittle fracture 
dUring erection of the main span was the result . When the bridge was rebuilt, instead 
of the anchoring bars steel plates were used. The total thickness was 140 mm 
(25+30+30+30+25 mm). 
Fitted bolts M29 x 180 were specified for the connections. Displacements had to be 
prevented at all times. However, during installation of these bolts, mistakes in the 
position of the bolt holes were revealed. Reaming would be very costly and time 
consuming. So it was decided to apply injection bolts M27 x 180. The injection of 
1500 bolts took only 6 days . After completion of the bridge, the anchor plates were 
removed and several bolts were checked. It was found that all the cavities due to the 
bolt clearances were completely filled . 

3.3 Windmill 

During starting and stopping, the connection between the gearbox and the base plate 
which connects it to the windmill, has to transmit high forces . These forces caused slip 
when the bolted connection was made w ith high strength friction grip bolts M39. After 
some time the bolts became loose. This problem was solved by installing injection 
bolts . It should be noted that in this type of application dismantling may be necessary 
at some time. 

3.4 New bridges 

For the Dutch railways it is standard practice to use preloaded Injection bolts in their 
new bridges. Advantages are the resistance against shock loading, the fatigue 
resistance and the resistance against internal corrosion . The compactness of the 
connections is also an important factor . In addition, (preloaded) injection bolts are 
frequently used for new road bridges. 

3.5 New crane girders 

Due to frequent load reversals (tension-to-compression) and occasional overloading 
(shock loads). preloaded bolts may become loose. In such cases, Hoogovens blast 
furnace works and other companies with heavy crane traHic use preloaded injection 
bolts . 

3.6 New storm surge barrier 

In the new storm surge barrier in the waterway between Rotterdam and the North Sea, 
a great number of M80, M72, M64 and M56 preloaded 8 .8 injection bolts are used for 
the connections in the main hinge (diameter 10 meters) and in the connection between 
the hinge and the arms. The total thickness of the main plate package is 340 mm. 
The main reasons for the choice for preloaded injection bolts were the assurance that 
slip and internal COrrosion were completely ruled out and furthermore the increase in 
the design resistance per bolt, compared to traditional high strength friction grip bolts . 
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Figure 5 : Artists Impression of the new storm surge barner called: "Maeslant kerlng" 
The width of the waterway IS 360 meters; the height of the wall IS 22 
meters , and the length of the arms IS 237 meters. 

3 .7 New stadium for AJAX Amsterdam 

In the new football stadium for AJAX Amsterdam, Injecllon bolts are applied for the 
steel structure of the movable roof. This roof IS normally open, but It can be closed If 
weather conditions are bad. The main reason for this application is the reqUirement that 
under no circumstances any deformations In the connections are allowed . 

4 . DESIGN RULES 

4 .1 Bearing resistance of the resin 

Since reSins are susceptible to creep deformation if the bearing stress IS too high, the 
bearing stress has to be kept within certain limits. Several resins were tested . The best 
resin appeared to be the two component resin" Arald,t", manufactured by C,ba-Ge,gy 
ISW 404 With hardener HY 404). Some years ago, C,ba Geigy changed the recipe of 
the hardener, because the HY 404 hardener appeared toxic . The new hardener IS 
called: HY 2404. Creep tests have demonstrated that a safe design value for the 
bearing stress IS: fb;resin ; 130 N/mm2. This means that in case of bolts with standard 
nominal hole clearances (e.g. for bolts M12 - M24: 2 mmJ. the maximum creep at a 
bearing stress of 130 N/mm2, is less than 0.3 mm. ThiS IS the same limit as IS used 
in rivets and HSFG connections. Short duration higher bearing stresses virtually have 
no Influence on the creep behavIour. The ECCS recommendations and prENV 1090 
give rules for the determination of the deSign bearing stress In case other reSinS are selected. 
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4.2 Design rules for static loading 

As already Indicated before. Injection bolts may be non-pre loaded (load transfer through 
bearing and shear of the bolt) and also preloaded (load transfer through bearing and 
shear of the bolt and through friction between the connected plates) . The ECCS 
recommendations give design rules for both types of shear connections. 

Bearing + shear 
No pre-loading or special provisions for contact surfaces are reqUired . The design 
ultimate shear load shall not exceed the design shear resistance of the bolt . nor the 
design bearing resistance of the resin. The design bearing resistance of the resin per 
Injection bolt can be calculated as follows (ECCS. 1994): 

Serviceability limit state: 

Fb,Rd .serres,n 
1.0 ks d t P fb.re .. n 

YMsser 
(1 ) 

Ultimate limit state: 

1.2 ks d t P fbres,n 
Fb_Rd .ult resIn · ------­

YMsult 
(2) 

where : 
p 
YMs.ser 
YM • . ul! 
k. 

m 

Remarks : 

E factor depending on the thickness ratio of the plates. 
= , .0. 
= 1.0 . 
= 1.0 for holes with standard nominal clearances as specified in 7.5.2 

(1) of Eurocode 3 : Part 1.1. 
= 1.0 - m . 0.10 for holes With greater clearances than the above 

standard nominal clearance. 
- the extra clearance above the standard nominal clearance (In mm) . In 

the case of short slotted holes not longer than specified in 7.5 .2 (9) of 
Eurocode 3: Part 1.1. m = 0 .5 times the difference between the 
length and the width of the hole . 

8. The bearing resistance of the resin fb.r ... n is the long duration bearing resistance 
where the displacement due to creep is not greater than 0 .3 mm. 

b. As short duration loads have only limited influence on the displacement due to 
creep. it is reasonable to use a higher value for the design bearing resistance at 
ultimate limit state. 

c. Because sudden collapse of the structure due to failure of the resin cannot occur. It 
IS recommended to take YMs .•• r = YMs ult = 1.0. 

d. No test results are available for long slotted holes, so no ks value is given for such 
holes. 
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Design example: 

F 

Figure 6 : Injection bolt in a double lap joint. Bolts M20. grade 10.9 . Steel S355 (FeE 
355. Fe 510). Holes 22 mm (standard nominal clearance). 

Bearing resistance of the resin 
Serviceabil ity limit state: 

2 12 2 15 P • _ (1 +-) • _ (1 +_ ) • 1.17 
3 t, 3 20 

Fb Ad •• r.re.,n· 1.0 '1 .0 '20 ·20 · 1.17 · 130 . 61 kN 

Ult imate limit state: 
Fb.Ad.ul1reson • 1.2 . 1.0 · 20 · 20 . 1.17 . 130 • 73 kN 

Shearresistanceof the bolt (Eurocode3, '992), shear plane passes through the shank 
of the bolt) 

0.5 fub A. 
F v. Rd • 

YMb 

0.5 · 1000 · 314 • 126kN 

For 2 planes : F • . Ad • 2 . 126 • 252 kN 

Bearing + shear and friction 
Preloaded high strength injection bolts with controlled tightening in conformity with 
(prENV 1090-1. 1995) shall be used . The design ultimate shear load shall not exceed 
the design shear resistance of the bolt. nor the design bearing resistance of the steel 
plates (calculated for a connection w ithout resin ). 

Serviceability limit state: Only those load cases according to 2.3.4 of (Eurocode 3. 
1992) where resistance to slip is required, shall be considered. The design 
serviceabili ty shear load shall not exceed the sum of the design slip resistance of the 
connection and the design bearing resistance of the resin. 
Ultimate limit state: The design ultimate shear load shall not exceed the design slip 
resistance of the connection plus the design bearing resistance of the resin. 

Remarks : 
a. The above requirements follow the classification in 6.5 of Eurocode 3. part 1.1. 
b. Because in the ultimate limit state. the design slip resistance of the connection plus 
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the design bearing reSistance of the resin can exceed the design shear resistance of 
the bolt, the design shear resistance of the bolt shall also be checked . 

c. In the case of relatively long bolts (diameter of the bolts small compared to the 
thickness of the plates) , the bending deformation of the bolt may cause a very 
uneven bearing stress distribution. These uneven bearing stresses will result In 
add itional creep deformation. The design rules for the bearing resistance of the resin 
in the EGGS recommendation are only valid for bolts w ith l id ~ 3 (I = total 
thickness of the plates; d = diameter of the bolt). For longer bolts, only the bearing 
resistance for I = 3 d may be taken into account. For more details, see (Gresnlgt, 
1994), where also attention is paid to the combination of preload, shear and 
bending moment in the bolt. It is shown that w ith the design rules in the EGGS 
recommendations, yielding of the bolt material will not occur and consequently no 
loss of preload w ill happen . 

d. In the design examples in (EGGS, 1994). it is demonstrated that in case of 
preloaded Injection bolts , the bearing resistance of Injection bolts gives considerable 
extra strength compared to tradit ional HSFG bolts. 

4.3 Design rules for fatigue loading 

Non-preloaded injection bolts 
Non-preloaded connections with injection bolts are comparable to the situation in old 
riveted structures (Virtually no load transfer by fr iction) . In fatigue tests never any 
damage of the resin was detected . Failure always occurred in the connected plates or 
in the bolts. Since short duration high bearing stresses do not cause noticeable creep, 
occasional overloading does not need to be taken into account. For more details, see 
the EGGS recommendations (EGGS, 1994) or Eurocode 3, part 2 on Bridge Design 
(Eurocode 3, draft ENV 1993-2, 1994) . 

Preloaded injection bolts 
Since load transfer through fr iction is stiffer than load transfer through bearing 
(compared to the stiffness of steel, the resin has a relat ively low modulus of elasticity ). 
the fa tigue load is considered to be taken by the friction. In this case, the bearing 
resistance can be utilized for the static part of the load transfer . 
Design examples for non-preloaded and for preloaded injection bolts can be found In 
the EGGS recommendations . 

5 . INSTALLATION 

5.1 Preparation of the bolts and washers 

Guidelines for installation are given in the EGGS recommendations and in prENV 1090-
1. In the head of the bolt, a small hole is drilled . Under the head, a hardened washer 
is placed w here the Inner diameter is at least 0.5 mm larger than the diameter of the 
bolt, and w here the inner side is machined to guarantee easy passage and distribution 
of the resin . Under the nut, a ring with a groove is mounted to let the air escape . 
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Figure 7: Preparation of (al the bolt head , (bl the washer under the head and (cl the 
washer under the nut. 

5.2 Equipment 

The equipment can be either a 
hand driven or an air dnven injec­
lion pistol , as frequently used in 
the bUi lding Industry , see figure 8 . 
Particularly for longer bolts or 
where large quantities of bolts to 
be Inlected consecutively, air 
driven equ ipment is recom­
mended . 

5.3 Injection and curing 

Figure 8: Air driven injection PistOl. 

VISCOSity , pot hfe and cUring time depend on the temperature . If the temperature IS too 
low, preheating of the resin may be necessary to obtain sufficient viscosity . If the 
temperature is too high , the resin may flow out after the injection has stopped . Simple 
modell ing clay may be used to avoid th is. The Araldlt as mentioned before , has a pot 
life at 20·e between 15 and 20 minutes, and a cUring time at 20·e of about 24 
hours to obtain full bearing resistance . If shorter cUring times are reqUITed, heating of 
the connection to e.g. 50·e will speed up curing time to about 4 hours . This may be 
Important In the repair of riveted railway bridges . 

5 .4 Quality control 

GUidelines for quality control are given in (ECeS , 19941. Checks may compTise 
conformity, bolt installation , bolt tightening, the absence of water In the cavities and 
the cUring lime . To demonstrate that the installation procedure and equipment IS able 
to fi ll the clearance completely, an assembly of perspex plates can be Inlected . 
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6 . CONCLUSIONS 

The main conclusions are : 
e. Based on extensive research and long duration experience In practice, inJection bOlts 

have proven to be a reliable and relatively cheap means for repair and strengthening 
of eXisting structures. 

b. Injection bolts behave almost the same as fitted bolts. However, they are much 
cheaper, especially In thick plate packages, where reaming of the holes may be very 
expensive 

c. Preloaded Injection bolts have a greater design reSistance than traditiona l HSFG 
bolts . Therefore the application of preloaded injection bolts reduces the number of 
bolts and enables more compact connections. 

d. In some appl ications, injection may be applied to secure that sudden sl ip In case of 
overload ing IS absolutely ruled out. 

e. It is expected that the design rules and gUidelines for execut ion as laid down In the 
recently published ECCS recommendations and In (prENV 1090-1,1995) w ill be an 
Important he lp for the application of injection bolts In other countries . 
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WELDED CO ECTIO NS IN THIN COLD-FORMED RECTANGULAR 
HOLLOW SECTIONS 

Xiao-Ling Zhao' 
Gregory Hancock' 

Abstract 

Tbe paper describes welded connection tests which were performed on C450LO Rectangu­
lar Hollow Sections. The thickness of the RHS sections varied from 1.6 mm to 3.0 mm. Butt 
... Ids, transverse fillet welds and longitudinal fillet welds were tested. The test configuration 
.... the same as that used by the authors in a previous research project on welds in 350LO 
RHS members. The test results are compared with existing Australian and American design 
brmulae. The test results are also compared with the proposed design rules for welds in 
RHS members derived from the previous research project on C350LO RHS members. The 
rdiability analysis method is used to calibrate the existing and proposed design rules. 

1. INTRODUCTIO 

Cold-Formed Square and Rectangular Hollow Sections (SHS and RHS) with a th, kness 
less tban 3 mm are manufactured and used in struelures in Australia (Tubemakers. 1994). 
TheUmit states Australian Standard AS4100-1990 (SAA, J 990) only applies to steel which is 
3 mm or thicker. Tubular sections less than 3 mm thick cannot be designed to this standard 
but must be designed to the Australian Cold-Formed Steel Structures Standard AS153 19 
(SAA , 1988), which is a permissible stress code. The memher design rules in AS4100 1990 
bave been found to be appropriate for sections, including C450LO RHS, less than 3 mm thick 
by tbe research summarised in Zhao and Hancock (1991, 1992a, 1992b). However, the design 
rules for welded connections less than 3 mm thick may be inappropriate. The thickness lim­
n. for the design of welded connections in various standards vary from 3.0 mm to 4.6 mm. 
The design rules for welded connections in AS1538-198 are the same as those in the AISI 
Specification (A ISI, 1986), which were based on testing performed by PekCiz and McGuire 
(1981 ) on sheet steel. Similar research on welded sheet steel was also performed by tark 
and Soetens (19 0), which has been adopted in Eurocode 3-Part 1.3 (1992). Since they were 
derived for sheet steel, these design rules may be inappropriate when applied to RHS sections. 

I Letturt:r , lHpartmtnt of Civil En&ineering, Monash liniverslty, Cla.yton, VIC 3168. Aunraha 
2SBP Steel Pror~r of Steel Struc.tures. School of Civil and ~hning Engineering, University of Sydney, 

SSW 700\1, Aue"aJi. 
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Tests have been performed on welds in C350LO RHS members and proposed design rules 
have been gh'en for butt welds. transverse fillet welds and longitudinal fillet welds (Zhao and 
Hancock. 1993a.1993b,1994a). However, the proposed design rules may be inappropriatt 
to C450LO RHS members which have higher material strength and have different statistical 
data of material and fabrication. The purpose of this paper is to verify whether the proposed 
design rules are applicable to C450LO RHS members. The 450 refers to the nominal yield 
stress of 450 ~IPa and the LO refers to the impact properties at O' C as specified in AS1l63-
1991 (SAA, 1991a). 

Section I ~ominal ~leasured A (lVla (1"'0 (1.,10 0''''0 
:\umber (D x B x t) (D x B x t) (mm' ) (MPa) (MPa) ( ~[Pa) (MPa) 

( 1) (2) (3) ( 4) (5) (6) (7) (8) 
D1 75 x 75 x 3.0 75.20 x 75.20 x 2.95 830 397 492 491 529 
D2 75 X 75 x 2.5 75.20 x 75.15 x 2.46 700 425 493 452 506 
D3 50 x 50 x 3.0 50.15 x 50.15 x 2.95 535 456 518 498 543 
D4 50 x 50 x 2.5 50.10 x 50.25 x 2.46 4.14 3 3 459 473 511 
D5 50 x 50 x 2.0 50.20 x 50.15 x 1.95 366 386 4i2 484 527 
D6 1 50 x 50 x 1.6 50.30 x 50.15 x 1.59 303 3 6 487 466 524 
D7 75 x 50 x 3.0 75.20 x 50.10 x 2.95 682 4,,8 495 501 544 
D8 75 x 50 x 2.5 75.25 x 50.05 x 2.46 5i7 466 521 511 567 
D9 i5 x 50 x 2.0 75.20 x 50.50 x 1.94 463 432 488 486 527 

~lEAN I - - - 421 492 485 531 
COV I - - - 0.0761 0.0375 0.0360 0.0327 

Table 1: Cross-Section Dimensions and Material Properties 

In this paper. welded connection test s were performed on cold-formed RHS sections of 
Grade C450LO. The thickness of the sections tested ranged from 1.6 mm to 3.0 mm. Butt 
welds, transverse fillet welds and longitudinal fillet welds were tested . The test configuration 
was t he same as that used by the aut hors in the previous research project on welds in C35010 
RHS members. The test results are compared with existing Australian and American design 
formulae. The test results are also compared with the proposed design rules for welds in 
RHS members given by Zhao and Hancock (1994a». The reliability index (.8) is ch eked for 
t he design rules using FOS~I (First Order Second ~loment) mean value method (Ellingwood 
et al (1980)). 

2_ MATERIAL PROPERTIES AND WELDING PROCEDURES 

The cold-formed SHS and RHS sections used in the tests were supplied by Tubemaken 
of Australia Limited. These sections were manufactured by a unique cold forming proce!! 
which included in-line galvanising. They were similar to those described in earlier column 
and beam tests (Zhao and Hancock , 1992a, 1992b). The nominal and measured section sizes 
of RHS selected are presented in Table 1. 
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It was found by Zhao and Hancock (1992a. 1992b.l992c) that a variation of yield stre s 
existed around C450LO RH sections. Variation in stre S around the RH sections was 
lIudied by taking tensile coupons from the adjacent face (i.e .. a face adjacent to the face 
CIlIItaining the seam) and the opposite face (i.e., a face opposite the face containing the 

). The 0.2 percent proof stress was used for the yield stress of all coupons. The test 
",ults are summarised in Table 1. It can be found from Table I that the yield stress (C1,,,) 
and tensile strength (C1,,, ) of the opposite faces are 15 percent and 7.9 percent higher on 
.",age than tho e of the adjacent faces (C1, ••• C1, •• ) as a result of the forming process. The 
measured tensile strength (X.) of the weld metal is 527.6 ~IPa. 

Th. welding procedures used in this project were prequalified according to Section ! of 
Ihe Australian Standard A 1554.1- 1991 (SAA, 199Ib), which is similar to Section 5 of A\\' 
01.1-92 (AWS. 1992). The prequalification of all the welding procedures was reported in 
detail in Zhao and Hancock (1994b). 

3. TESTS OF BUTT WELDS 

S.l Tests of Butt Welds 

Butt weld tests are called Type B in this paper. The test configuration of butt welds 
"as tbe same as that used by Zhao and Hancock (1993a, 1994a). A butt weld connection 
is ,bown in Figure I(a). The dimensions C, and C, are about three times the dimension D 
ouch that the effect of the fillet weld in the end conn ction on the butt weld may be ignored . 
The weld length 2D was chosen to ensure that the end connection part is stronger than 
the RHS section. The 20 mm thick plate is connected to a pin·ended connection . The load 
is applied through the pin-ended connection. All the tests were carried out in a 2000 k:\ 
capacity DARTEC servo-controlled testing machine. The test procedures were the same as 
those reported in Zhao and Hancock (1993a). 

The dominant failure mode found in the tests was tube failure in the heat affected zone. 
The failure mode was different from that observed in the tests of C350LO RHS members . 
... her. tube tearing along the seam of the section was ob erved. r-.'o significant necking of 
RHS sections occurred at the failure cross-section, whereas significant necking of RHS sec­
Uons was observed in the tests of C350LO RHS members. This may be because C450LO RHS 
sections are stronger but less ductile than C350LO RH5 sections. 

3.2 Design of Butt Welds 

It was proposed by Zhao and Hancock (1993a) that the complete penetration butt weld 
of C350LO tubes may be designed in accordance with the tension member rule in AISI-
1991 (A I51 , 1991) with a capacity (resistance) factor of 0.95 or the tension member rule 
in AS41OQ-1990 witb a capacity (resistance) factor of 0.90. For AISI-199I. the tension 
member rule is based on yielding of the parent metal (F.A). For A54100-1990, tbe tension 
member rule is governed by the lesser of F.A and 0.85F,A. Tbe tensile yield stress and 
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Figure I: Welded Connections (a) Butt Welds, (b) Transverse Fillet Welds 

tensile strength of the opposite face have been used in tbe calculations. Tbis is more COIl' 

sen'ati"e than using values for the adjacent faces for the purpose of establishing design rules. 

The statistical parameters of resistance and load used in the reliability analyses were 
reported in detail in Zhao and Hancock (1994b). A target reliability index of P. = 2.5 is rec· 
ommended for cold-formed members by the American Iron and Steel Institute (A ISI, 1990) 
when u ing the FOS~I method . It was found by Zhao and Hancock (1994b) that the valu .. 
of reliability index for the A1Sl-1991 design model and the AS4100-1990 design model ... 
generally higher than the tOIget value of 2.5 given in AISI (1990), although the values for 
AI 1- 1991 fall below 2.5 at low and high bD':L. ratios. Consideration should be given to 
including a tension rule based on F. rather than F. in the A1S1 specification. 

4. TRANSVERSE FILLET WELDS 

4. 1 Tests of Transverse Fillet Welds 

Transverse fillet weld tests are called Type T P in this paper. The length of the fillet 
welds in Type TP was chosen to be short enough so that weld failure occurred in the tests. 
The test configuration of the fillet weld test specimens were the same as those of the butt 
welded connection except for the tested region which is shown in Figure l(b). The load WII 

applied through the same pin-ended connections used in the Type B tests. The me .... ured 
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yield stress of the 10 mm plate is 376 MPa and the measured tensile strength is 502 MPa. Ali 
he tests were carried out in a 2000 kN capacity DARTEC servo-controlled testing macbine. 

Tbe test procedures were similar to those for Type B test • . 

Tbe actual weld lengtbs and weld sizes (leg lengtbs) were measured. Tbe measured leg 
Iengtbs were found to be oversized. The consistent oversize of weld leg lengtb is in agreement 
witb tbe trend in variation in weld size found in previous international test seri (Pham 
and Bennetts, 19 3, Zhao and Hancock, 1993a). The dominant failure mode in the Type 
TP tests was weld failure in shear across the tbroat, which was the same as that observed 
In the tests of transverse fillet welds in C350LO RHS members. 

4.2 Design of 'fransverse F illet W elds 

4.2.1 D esign rules based on weld m etal str ength 

The design model for transverse fillet welds in AS4100- 1990 i. based on shear capacity of 
weld metal (0 .6X.aL) with a capacity (resistance) factor of O. O. It was found by Zhao and 
Hancock (1993a, 1994a) that tbe AS4100-1990 design rule was conservative for transverse 
fillet welds in C350LO RHS members. A proposed design formula {0.6X.aL[0.75 + 0.5{t/ a}]) 
was given by Zbao and Hancock (1993a, 1994a) for transverse fillet welds, whicb was a func­
tion of tbe ratio of tube thickness (t) to tbe weld throat thickness (a). The proposed formula 
gives a higher design strength than that given by AS4100-1990. The design strength of 
transverse fillet welds in the American Institute of Steel Construction Specification bas now 
been increased from 0.6X.aL in AISC (1986) to 1.5 x 0.6X.aL in AISC (1993) with the same 
capacity (resistance) factor of 0.75. The reliability index (13) versus b:!;L curves are plotted 
in Figure 2{a) . It can be seen that tbe values of reliability index for AS4100-1990 and the 
proposed design rule by Zbao and Hancock (1993a) are mucb bigher than tbe target value 
of 3.5 for cold-formed connections specified in AISI (1990). Tbe prediction. of AISC- I993 
also produce adequate values of reliability index. 

4.2.2 D esign rules based on parent metal strength 

Wben tbe tbickness of the parent metal is less than or equal to 3.81 mm, tbe design rules 
for transverse fillet weld. in AISI-19 9 (AISI, 1989) and AISI- 1991 are based on ultimate 
strength of the parent metal. When the thickness of tbe parent metal is greater than 3. 1 
mm, the strength of the weld metal .hould be checked . The design rule in ASI53 198 is 
the same as tbat in AISI-19 9 with a cut off value of 3.0 mm. It was proposed by Zbao and 
Hancock (1993a) tbat tbe tbickness limits (3.81 mm for tbe AISI specification and 3.0 mm 
for the Au.tralian Standard ASI538-1988) above which the weld strengtb must be checked 
.bould be reduced to 2.5 mm. Comparisons of the current test resul ts and tbe AISI spec­
ification (Zhaoland Hancock, 1994) confirmed the proposal that the weld metal strength 
.hould be checked wben tube thickness is greater than or equal to 2.5 mm. A proposed de­
.ign formula (F.tL[1.70 - t/a]) was given by Zhao and Hancock (1993&) for transverse fillet 
..-elds, wbich was a function of the ratio of tube thickness (t) to the weld throat thickness (a). 
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Figure 2: Reliability Index Versus b:!':L. for Transverse Fillet Weld. (a) Design Modell 
based on Weld Metal Strength, (b) Design Models based on Parent Metal Strength 

The reliability index (13) versus b:!':L. curves are plotted in Figure 2(b) . It is interesti", 
to note that although AISI- 1991 produces adequate values of reliability index, the predic· 
tions of AISI- 1989 (working stress code) produce an inadequate factor of safety when tube 
thickness is greater than or equal to 2.5 mm. This is due to the low capacity (resistance) 
factor of 0.60 used in AISI- 1991. The values of reliability index for the proposed rule givetl 
by Zhao and Hancock (1 993a) are higher than the target value of 3.5 given in AISI (1990) . 

5. LONGITUDI AL FILLET WELDS . : 
~ 

5.1 Tests of Longitudinal F illet Welds 

One end of the specimen was welded to a 20 mm plate which was connected to a p.n· 
ended connection . This is the same as that used in the butt weld tests and transverse fillet 
weld tests. The other end (the region under test) was also the same except that a 10 mm 
plate w&s used and the weld length was shorter. 

Four types of tests on the longitudinal fillet welds in C350LO RHS members were d~ 
scribed in Zhao and Hancock (1993b, 1994a), where the tube thickness, the weld lengta, 
the end return welds around the end of the 10 mm plate and the orientation of the RHS 
section were the main parameters varied. It was found by Zhao and Hancock (1993b, 19940) 
that the weld capacity of specimens with end ieturns was about 9 to 14 percent higher t hOll 
that of specimens without end return welds. It was proposed that end returns should be 
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considered as a requirement in design as specified in AI C-1993, AWS 01.1 -1992 (AWS 
(1992)) and Eurocode 3 Part 1.1 (1992). Therefore only specimens with end return welds 
"-ere tested in the current project. It was also found by Zhao and Hancock (1993b, 1994a) 
that the weld capacity of specimens with welds applied in the opposite face was about to 
10 percent higher than that of specimens with welds applied in the adjacent faces . Therefore 
only specimens with welds applied in the adjacent faces (weaker case) were tested in the 
current project. These longitudinal fillet weld tests are called Type EY. For each section 
size, two different lengths of weld were applied. The weld length was chosen to be not long 
enough to fail the whole RHS cross-section. 

The failure mode observed in test Type EY was tube failure in the heat affected zone 
adjacent to the end return weld . This failure model was the same as that observed in the 
tests of longitudinal fillet welds (Type EY) in C350LO RHS members. 

5_2 Design of Longitudinal Fillet Weld. 

5_2_1 Design rules based on weld metal strength 

The design models for longitudinal fillet welds with or without end returns in AS410o-
1990 and AISC- 1993 with end returns are based on shear capacity of weld metal (0.6X.aL ) 
with capacity (resistance) factors of 0.80 and 0.75 respectively. The reliability index (P) ver­
sus D~;L. curves are plotted in Figure 3{a). It can be seen that the values of the reliability 
index for AS4100-1990 are higher than the target value of 3.5 for cold-formed connections 
specified in AISI (1990) when D.D;!. > 0.10. The values of reliability index for AISC- 1993 
are higher than those for AS410o-1990 because of the lower capacity (resistance) factor of 
0.75 used. 

5_2.2 Design rules based on parent metal strength 

The design models for longitudinal fillet welds in AISI- 19 9, AS1S38- 19 and AISI-
1991 are based on the ultimate strength of the parent metal with a consideration of the 
effect of the weld length, which was derived by Pekoz and McGuire (19 1). The reduction 
factor (I - OO:L_) derived by Pekiiz and McGuire (1981 ) was not confirmed by the tests of 
longitudinal fiUet welds in C3S0LO RHS members as described in Zhao and Hancock (1993b). 
It was found by Zhao and Hancock (1994) that the reduction factor was not confirmed by the 
current tests on C4S0LO RHS members. A proposed design formula (0.7SF.tL ) was given 
by Zhao and Hancock (1993b, 1994a) for longitudinal fillet welds. A capacity factor of 0.72 
was proposed by Zhao and Hancock (1993b, 1994a) for the design of longitudinal fillet welds 
with end returns in C3S0LO RHS members. The reliability index (P) versus 0.0.."1;. curves 
are plotted in Figure 3(b). It can be seen that the capacity factor of 0.72 seems too high 
for the design of longitudinal fillet welds with end returns in C4S0LO RHS members. The 
values of reliability index hased on a capacity factor of 0.64 seem to be satisfactory, although 
a lower value may be necessary for welds without end returns. The capacity factor of 0.64 
is higher than that of 0.55 used in AISH991. 
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Figure 3: Reliability Index Versus D::'':L. for Longitudinal Fillet Welds (a) Design Modell 
based on Weld Metal Strength, (b) Design Models based on Parent Metal Strength 

6. CONCLUSIONS 

• Complete penetration butt welds in C450LO members were tested under a static tensiOG 
load. The dominant failure model was tube failure in the heat affected zone with & 

lower ductility observed than for tests on C350LO members. It can be concluded that 
the complete penetration hutt weld may be designed in accordance with the ten ioa 
member rule in AISI-1991 with a capacity (resistance) factor of 0.95 or tension member 
rule in AS4100- 1990 with a capacity (resistance) factor of 0.90. It is suggested that 
the AISI- 1991 specification include a rule hased on F. to increase reliability for high 
strength steel sections. 

• Transverse fillet welds (Type TP) in C450LO members were tested under a static tensioll 
load. The dominant failure mode in the Type TP tests was found to be weld shear 
across the throat . The predictions in AS4100- 1990 were found conservative for design 
of transverse fillet welds. The proposed design model by Zhao and Hancock (1993&) 
based on weld metal strength and the AISC-1993 specification produced adequate 
values of reliability index. When the tube thickness is greater than or equal to 2.5 
mm, the design rules in AISI-1989 and AS1538- 1988 become unsafe, and the weld 
metal strength should be checked. The AISI-1991 specification produced adequate 
values of reliability index because of the low capacity (resistance) factor of 0.60 used. 
The proposed design model by Zhao and Hancock (1993a, 1994a) based on parenl 
metal strength produced adequate values of reliability index. 

• Longitudinal fillet welds (Type EY) in C450LO members were tested under a static 
tension load. End return welds were applied in all the specimens. The welds were 
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applied in the adjacent faces of the RHS sections. The failure mode was found to be 
tube failure in tbe heat affected zone adjacent to the end return weld . The values 
of reliability index for AS4100- 1990 where a capacity factor of 0.80 was used were 
higher than the target value of 3.5 when D~:L. > 0.10. The values of reliability index 
for AISC- 1993 were higher than those for AS4100- 1990 because of the lower capacity 
(resistance) factor of 0.15 used . The reduction factor, as a function of (Lwit), was 
not confirmed in the current test series. For the proposed design model by Zhao and 
Hancock (1993b, 1994a) based on parent metal tensile strength, the capacity factor of 
0.72 seems too high for the design of longitudinal fillet welds in C450LO RHS members. 
The values of reliability index based on a capacity factor of 0.64 seems to be satisfactory. 
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SEISMIC PERFORMANCE OF CFT COLUMN-TO-WF BEAM 
MOMENT CONNECTIONS 

James M. Ricles' 

le-Wu lU' , Took K. Sooi', and G. Vermaas' 

Abstract 

This paper describes ongoing research associated with the seismic behavior of moment 
connections for CFT column-to-WF beam framing systems. The objective of this 
rnultiphase research program is to assess the force transfer mechanism in these type of 
connections, examining the effect various structural details have on this mechanism, as 
well as on the connection's strength, stiffness, and ductility. The first phase of the 
program has been devoted towards assessing the shear capacity of the panel zone in a 
CFT under simulated seismic lateral load cond~ions . The results from tests show that a 
CFT panel zone possess exceptional ductility, including specimens without interior 
diaphragms. In add~ion, a capac~ equation based on the superposition of the shear 
strength contribution of the steel tube and concrete core within the panel zone provides 
a prediction that agrees reasonably well with specimen strength. The second phase of 
the program is also discussed, which is currently in progress and associated with full ­
scale structural connection subassemblage tests. 

1. INTRODUCTION 

The combining of structural steel and concrete to form composite members results in a 
structural system that has many attributes. These include the inherent mass, stiffness, 
damping and economy of concrete, and the speed of erection, strength, long-span 
capability, and light weight of structural steel. In high-rise structures large axial forces 
can accumulate in the columns. In addition, inter-story drift can control the design of 
such structures. Compos~e columns are an appealing solution to deal with these 
issues. Typical high-rise compos~e construction involves perimeter moment resisting 
frames (MRFs) with composite columns, which are either a structural steel shape 
encased in reinforced concrete or concrete filled tubes (CFTs). The spandrel beams for 
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the MRF are typically wide flange ('NF) steel sections. Practical applications fot 
composite columns can also be found in low-rise construction, such as in warehouse. 
or industrial buildings. This paper focuses on composite construction which involvea 
CFT columns, which emphasis on the moment connections which join the columns and 
spandrel beams to form a seismic resistant perimeter MRF. 

The advantage of using CFT composite columns is that the steel tube provides I 
permanent formwork for the concrete placement, thereby expediting construction. In 
addition, the steel provides confinement to the concrete inside the tube, whereas t~ 
concrete inhibits local buckling from occurring in the steel tube. The result is a 
composite member possessing exceptional axial and lateral stiffness, strength, and 
ductility. Shown in Figure 1 is an elevation of a 20-story MRF, which is adopted as t~ 
prototype for this research study. This MRF is a perimeter frame for a typical offica 
building, and is assumed to exist in a seismic zone 4 within the United States. Both. 
wide flange column (e.g. non-composite) and a CFT column system were designed fot 
the purpose of comparison. Both systems possessed steel spandrel beams with 
moment connections to the columns. The beams and columns of both systems we 
designed according to AISC LRFD Provisions ("American", 1994) in conjunction . 
NEHRP Seismic Provisions (NEHRP, 1991). The CFT columns were designed with 
55 MPa nominal compressive strength concrete. The profiles for factored inter-sto 
drift under NEHRP stipulated seismic loading is included in Figure 1. Both the C 
column and WF column MRF designs were found to be controlled by drift criteria 
NEHRP (1991), which stipulates that the factored inter-story drift Ii must be within t~ 
limit of 1.5%, where 

in which Ii. is the inter-story drift from an elastic lateral seismic load analysis and C, is • 
displacement amplification factor ( a value of C.=5.5 was used, as stipulated by NEHRP 
for ductile MRFs). A comparison of the two designs (the beam and column sizes are 
summarized in Figure 1) for the building indicates that although the total weight of the 
CFT column system is 81% greater than that of the WF column system due to thl 
additional weight of the concrete, the former has a total structural steel weight that is 
22% less than the latter. This reduced weight of steel in the CFT column system 
represents a cost savings. 

A critical component of the perimeter MRF CFT column system is the mom 
connections between the steel WF spandrel beams and CFT columns. Under late 
seismic loading to the MAF these connections are susceptible to large forces , including 
a large shear in the joints' panel zones as illustrated in Figure 2. The panel shear is t 
result of larger beam flange forces that are transferred into the connection. To deal w' 
the large beam flange forces, CFT construction in Japan has traditionally involved t 
use of interior or exterior steel plate diaphragms in the connection, as shown in Figu,. 
3, to provide stiffening of the tube and a force path for the beam flange forces. While 
the use of diaphragms may improve performance and avoid premature connectiOlY 
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IIIlIure, their incorporation into CFT moment connections is expensive to fabricate, 
particularty when interior diaphragms are utilized. Consequently, the saving accrued 
from reduced steel weight may be lost, or even exceeded, in CFT column systems 
when interior diaphragms are used in moment connections. 

To evaluate the need for diaphragms in seismic resistant moment connections in CFT 
column systems, a research program has been pursued at Lehigh University. This 
research program consists of several phases of study, and has as its overall objective 
to investigate the force transfer mechanism in CFT column-to-WF beam moment 
connections under seismic loading. The research is to examine the effect various 
structural details have on the force transfer mechanism, and on the connection's 
strength, stiffness, and ductility. Based on the results of experimental testing and 
analysis, the research program has as a goal to provide recommendations for design 
details for moment connections that provide good performance under seismic 
cond~ions, and are economical to fabricate. 

The first phase of this program involved an experimental investigation concemed with 
the shear-deformation characteristics of CFT panel zones. Included was the 
development and assessment of a capacity model for predicting panel zone shear 
capacity. The second phase of this research program, which is currently in progress, 
involves the testing of large scale structural connection subassemblies under lateral 
cyclic loading. Presented herein are the results from the first phase of wor\<, and a 
description of the structural subassemblage test program conducted under the second 
phase. 

2. eFT PANEL ZONE STUDY 

Under lateral loading, the shear developed in the panel zone of a CFT-to-beam moment 
connection is resisted by both the steel tube and concrete. The concrete resistance to 
panel zone shear is by the development of a diagonal compression strut, as shown in 
Figure I, having the inclination angle (or strut angle) of a. One of purposes of the panel 
zone test was to assess the effect the interior diaphragm has on the compression strut . 
In addition to the diaphragm, other details which can conceivably affect the panel 
zone's behavior include: the width-to-thickness (bIt) ratio of the steel tube in the panel 
zone; compression strut angle a; concrete compressive strength; and steel tube's yield 
stress. To study some of these effects, four CFT panel zone specimens were designed 
and tested. 

A summary of the test matrix containing the four test specimens is given in Table 1. The 
details considered as parameters among the specimens were: interior diaphragms; bIt 
ratio; and compression strut angle a. The effects of these parameters on shear capacity 
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were studied by changing the details of the panel zone in accordance with Table 1. 
Specimen 1 of the test matrix was the only specimen which had a set of diaphragms, 
each diaphragm being placed inside the steel tube where simulated beam flange forces 
were applied to the outside wall of the specimen. Specimen 2 was identical to 
Specimen I , except the fanner did not have any diaphragms. The bit ratios of 
Specimens 3 and 4 were both increased from that of Specimens 1 and 2. While the 
nominal bit ratio was the same for Specimens 3 and 4, Specimen 4 had a larger stnA 
angle, which was accomplished by making Specimen 4 of greater length. 
measured material properties for the steel tube's yield stress (cr,) and ultimate strest 
(cr,) , as well as the concrete compressive strength f', are given in Table 2. 

The testing scheme shown in Figure 4 was developed to simulate local force cond~ions 
applied to a panel zone, including compression beam flange forces and column axial 
force. The applicability of the results from tests using this setup to connections which do 
not have diaphragms, and in which the beam tension flange forces are applied to the 
wall of the steel tube, is questionable. However, subsequent tests in the second phase 
of the research program will have details that result in only the compression flange 
force being applied to the panel for specimens which omit the diaphragms. The t 
setup for the panel zone test shown in Figure 4 resulted in two panel zones being 
created in each test specimen, by providing end reactions to a transverse applied loa 
H at midspan. The magnitude of the end reaction thus was equal to the shear 
developed in the panel zone. The load H and reactions were applied using rollers in 
conjunction with 50 mm and 100 mm wide bearing plates placed across the specimen' 
width at its ends and midspan, respectively. The bearing plates were each 12 mm thicl<. 
A constant axial compressive load P was applied in the horizontal direction to both ends 
of the specimen to simulate column axial force effects. Both ends of the test specimen 
were restrained from rotating. The axial force P was 890 kN in Specimens 1 and 2, and 
712 kN in Specimens 3 and 4. The magnitude of P was equivalent to one-half the 
nominal squash load N. (e.g. P=0.5N.), defined in accordance with AIJ Provisiolll 
("Architectural", 1987): 

1 ' 2 
No = "3Ac f c + "3A s cry 

In Equation (2) A, and A, is equal to the cross sectional area of the concrete core a 
the steel tube, respectively. Prior to testing, each specimen was instrumented in order 
to measure strain in the panel zone of the steel tube, displacement under the applied 
transverse load H, and end rotation . 

The shear-defonnation (V-y) response of the specimens are shown plotted in Figure 5 
where they have been superimposed in order to evaluate the effects of the varia 
panel zone structural parameters. Typical response of a specimen during testi 
involved an initial linear relationship between V and y. As yielding developed in the st 
tube of the panel zone under shear, a softening of the panel zone's stiffness occurre<\.; 
which became quite noticeable as the applied shear V surpassed the shear capacity V~ 
which corresponded to specimen plastic shear capacity of the steel tube. This i. 
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apparent in Figure 5 for all specimens. With continued loading, the stiffness continued 
10 decrease until it became zero, at which the specimen capacity V ... had been 
reached. The shear capacity V ... of each specimen is summarized in Table 3. 
Specimen 1 had a 30% greater capacity than corresponding Specimen 2, which is 
apparent in Figure 5{a) as well as Table 3. The additional strength achieved in 
Specimen 1 is attributed to the presence of it interior diaphragms, which enhanced the 
concrete compression slrut's strength V, by increasing the concrete strength and 
compression strut width through additional confinement. Specimen 2 was found to have 
120% greater capacity than Specimen 3 (see Figure 5{b)) . This increase in strength is 
mainly attributed to the greater shear strength V, of the steel tube of Specimen 2. 
Specimens 3 and 4 had a capacity V ... of 589 kN and 578 kN, implying that the 
difference in strut angle (l of 45 and 56 degrees did not significantly affect specimen 
capacity. 

Continued imposed deformation during testing sawall specimens develop exceptional 
ductility, with an increase in strength under large displacements occur as tension 
membrane action developed which provided additional resistance. All specimens 
eventually developed an local outward buckling in the panel zones. For Specimens 2, 3, 
and 4 this occurred at a shear deformation of approximately ),=0.05 to 0.06 radians, 
taking the form of an outward uniform bulging of the panels. The interior diaphragms in 
Specimen 1 enabled a greater shear deformation y of approximately 0.15 radians to 
develop before local buckling occurred along a diagonal of the panel zone. This 
diagonal local buckling resembled that which has been found to occur in stiffened 
panels of plate girders subjected to shear. The presence of the concrete inside the steel 
tube enabled the specimens to all develop significant post buckling strength and 
ductility. 

A shear capacity model was developed in order to attempt to predict the shear strength 
of the test specimens. The formulation for the model was based on superimposing the 
shear strengths of the steel tube (V,) and that of the concrete (Vol to arrive at the panel 
zone's total shear capacity (V .... ), as illustrated in Figure 6, and where: 

(3) 

Since shear yielding occurred in the steel tube prior to local buckling, the steel 
contribution was based on considering the von Mises yield criterion for metals, where 

(4) 

in which A. is the web area of the steel tube that creates the steel panel zone (e.g. 
A.=2bt). To evaluate the contribution of the concrete's shear strength V" three different 
models were examined, namely: (t) Strut Model A; (2) Strut Model B; and, (3) ACI 
Model. Strut Model A and B were both based on the concept of the strut and tie model 
for reinforced concrete (MacGregor, 1992). The component of the concrete strut force 
that is parallel to the imposed joint shear V determines V,. The capacity of the concrete 
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stlUt provides the maximum StlUt resisting force. StlUt Model A assumes that 
clUshing strength of the StlUt depends on the concrete compressive strength f'. and 
strut width 8.=S cosa, where S is the effective bearing width along the depth of 
panel for the beam compressive flange forces. The expression for the concrete 
resistance V, for StlUt Model A is given in Figure 7(a), which includes formulations 
panel zones with and without interior diaphragms. The expression for V, when intEtrialliJ 
diaphragms exists in the panel zone was based on doubling the width 8, of 
compression StlUt. In the expressions for V. in Figure 7 the variable 8 refers to the 
of the CFT, which is normal to the plane of the panel zone and to which the beallll 
flanges would be connected. 

The formulation for StlUt Model 8 is associated with a compression StlUt width 
is based on the geometry of a 45 degree hydrostatic prism in the concrete (see .-'UIU .... 

7(b)) . This prism is created by the bearing stresses imposed to the column by the oe.lIII~ 
compression flanges. Assuming the strength of the compression StlUt is proportional 
0.85f'" the shear strength contribution V, to the panel zone's shear capacity be,:on,. 
the expressions given in Figure 7(b). The expression on the right hand side of .... u'u,.u 
7(b) accounts for the presence of interior diaphragms, and is based on assuming 
secondary compression field develops in the concrete core at an inclined angle of 
This secondary compression field develops near the comers of the panel, 
undergo a closure by shear deformation. The angle P is that which is perpendicular 
the principal direction of the diagonal tension in the panel zone, where it can be sh()WIII 
that: 

sin2p = 0.5 1 

in which d and b are the height and width of the panel zone. 

The equations from the ACI Specification (ACI 1989) were used to estimate 
concrete contribution V, for the ACI Model. The expressions for V, for panel zones 
with and without interior diaphragms are given in Figure 7(c), where for diaphragms 
concrete joint shear strength is based on a higher degree of concrete confinement. 
CFT connections without diaphragms, the joint was assumed to be related to the 
described in the ACI Specijication consisting of confinement on two opposite faces 
the joint. 

A comparison of the predicted shear capacity V .... of the panel zone of each of the 
test specimens with their corresponding experimental capacity V ... is given in Table 
The comparison includes the predicted capacity using V, based on the various 
models discussed above. The ratio of the predicted joint shear capacity to eXlperimEtni 
capacity (V...fV _) was found to have a mean of 1.01 and 0.99 using StlUt Model A 
8, respectively. The mean value for the ratio of V-fV .. using the ACI Model for V, 
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to be 1 .11 , indicating that the contribution of the concrete is overestimated by the 
'-lPIed ACI criteria. Overall, Strut Model B provided the best estimate for V _ , having 
t ooefficient of variation of 3.1 % compared to 7.5% for Strut Model A. 

3. CONNECTION STRUCTURAL SUBASSEMBLAGE STUDY 

further the understanding of the force transfer mechanism, and to study cyclic lateral 
iliad effects, large-scale connection subassembly tests are currently being conducted 
lllder the second phase of the research program. The subassembly is a cruciform test 

i:::::~~d consisting of a CFT column, steel wide flange spandrel beams, and the joint 
; . of a moment resisting connection. A schematic of a test specimen placed in 
III test setup is shown in Figure 8{a) . The ends of the beams and column correspond 
ID the midspan and midheight of the spandrel beams and CFT columns, respectively, of 
lie prototype perimeter MRF subjected to lateral load (see Figure 8{b)) . In the test 
IllUp the column is loaded axially by a constant gravily load of 2224 kN, while 
IUbjecting the top of the column to a cyclic loading history by the use of a horizontally 
pieced actuator. The lateral loading history corresponds to successive sets of cyclic 
displacements of increasing amplitude. The column and beam sizes correspond to a 
406 mm by 406 mm concrete filled steel tube and a W24x62 wide flange steel beam, 
nlSpectively. The nominal concrete compressive strength is 55 MPa that fills the steel 
tube. These CFT and spandrel beam sizes and lengths correspond to a full-scale 
version of the members in a lower floor of the prototype perimeter MRF (see Figure 1). 

The initial set of test specimens have their connection details shown in Figures 9, 10, 
end II, where they are referred to as Connections I , 2, 3, and 4. Among the test 
apecimens, different details were used in order to assess their effect on connection and 
subassemblage performance. In all of these test specimens the nominal bit ratio of the 
steel tube is 32. The joints of the test specimens were designed, using the above joint 
shear capacity model in conjunction with Strut Model B, to resist the moments and 
shears developed under plastic hinging of the beams. In the event that during the 
course of testing the joint is successful in providing sufficient ductility through yielding in 
the beam, additional tests will be conducted by subsequently strengthening the beams 
of these specimens in order to force inelastic response in the panel zone of the joint to 
assess its strength and ductility under cyclic loading. 

Connection 1 consists of structural details with an interior set of diaphragms placed at 
the flange height of the beams. This specimen is to provide a reference for comparing 
the performance of other test specimens which do not have interior diaphragms. As 
shown in Figure 9, the diaphragms for Connection 1 are welded along all four edges. 
The beam flanges were welded to the column using full penetration flux cored arc 
welding. In Connection I , as well as the other three test specimens, the shear tab was 
welded and bolted to the beam web using five-A325 25 mm diameter bolts. The 
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placement of fillet welds along the shear tab, as shown in Figure 9, was required in 
accordance with AISC LRFD seismic design provisions ("American" 1994), since the 
plastic section modulus of the flanges accounted for less than 70% of the plastic 
moment capacity M, of the beam. In addition, in all specimens twelve-16 mm diameter, 
102 mm long shear studs were used to transfer the beam's gravity load to the concrete. 

The details of Connection 2 are similar to Connection 1, except that the diaphragm in 
the fonmer is welded along only three of its edges. The detail for Connection 2 has 
applications suited for CFT construction involving steel box column fabrication using 
plates. The fourth edge of the diaphragm, which is nonmally welded using the expensive 
technique of electro-slag welding in box-column fabrication to close the cross section, 
was omitted in order to evaluate the effects of this omission on connection 
perfonmance. In the test program reported herein structural tubing was used for the 
column, in lieu of box column sections fabricated from plates in order to reduce costs. 

Connection 3 has no interior diaphragms, using structural tees as shown in Figure 10 to 
stiffen the steel tube and activate the panel zone by establishing a more direct force 
transfer mechanism between the beam flanges and the panel zone. The details 01 
Connection 4, shown in Figure 11 , utilizes high strength bolts and end plates (the latter 
is identified as PL 3/4 x 7 1/4 x 16 in Figure 11 ) to provide anchorage for the tension 
beam flange forces, creating a diagonal compression strut in the concrete within the 
panel zone under lateral frame loading. The shear resistance of the steel tube is 
activated by the shear defonmation developed in the panel zone. During fabrication, the 
end plates are tack welded to the column and the bolt holes drilled in the shop. To 
reduce prying action in the high strength bolts as well as increase the stiffness of the 
connection, washer plates (identified as PL 3/4 x 3 3/4 x 16 in Figure 11) are used. 
These plates are placed behind the nuts and do not require any welding. 

Prior to conducting the tests , which will occur in the near future , each of the specimens 
will be fully instrumented. The instrumentation will enable the strains in the beam 
flanges and the steel tube, both in and outside the panel zone, to be measured. In 
addition, the shear defonmations in the panel zone, beam and column displacement, 
and applied loads will be measured. These measurements will enable the shear force­
defonmation (V-y) relationship of the panel zone to be detenmined, as well as beam 
moment-rotation , and lateral load-interstory drift response. In addition, the 
measurements will enable the effective lateral stiffness of the CFT column under 
combined axial load and moment to be obtained. 

As part of the second phase of the research project, additional tests are to be 
conducted involving the above structural connection subassemblies. These tests win 
include details that will omit the shear studs, as well as study the perfonmance 01 
specimens that have weaker panel zones in which the bit ratio of the steel tube is 
larger. To complement the experimental studies, analytical studies are currently 
commencing, involving inelastic time history analysis of CFT column MRFs subjected to 
seismic loading. In addition, nonlinear finite element analyses are being conducted 01 
the local joint region to assess the force transfer mechanism. 
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4. SUMMARY AND CONCLUSIONS 

All ongoing research program on the subject of the seismic performance of moment 
connections for CFT column MRF systems has been presented. This study includes 
panel zone tests 01 one half-scale specimens, as well as full-scale structural joint 
IUbassembly tests . The resu~s of the completed tests on the CFT panel zone 
apecimens indicates that while interior diaphragms may enhance a panel zone's shear 
capacity by increasing the contribution of the concrete, panel zone specimens without 
eerior diaphragms also performed well under monotonic load and had exceptional 
duc1i1ity. The shear capacity of the specimens was found to correlate well with joint 
capacity strength equations that were based on superimposing the shear strength 01 
the steel tube and the concrete core in the joint region , where the latter is based on a 
strut model. The testing of the structural connection subassemblies will provide 
additional information when completed, particularly related to cyclic load effects, beam 
attachment details, and the contribution of the connection to the behavior of the 
subassembly. 
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Table 1 CFT Panel Zone Test Specimen Matrix 

Specimen Diaphragm t bit d 
(mm) (mm) 

Yes 5.8 35 406 
2 No 5.8 35.1 406 45 
3 No 4.4 46 406 45 
4 No 4.4 45.7 610 56 

Table 2 CFT Panel Zone Specimen Material Properties 

Specimen Nominal Dimensions a, f' 
0 

(mm xmm x mm) (MPa) 

1,2 203 x 203 x 6.3 520 39 
3,4 203 x 203 x 4.5 462 39 

Table 3 CFT Panel Zone Specimen Capacity 

Specimen V ... V/V .... v.q)-v, V-IV ... --v;;;-
Strut A Strut B ACI 

1 923 0.59 0.41 1.05 0.99 1.0 
2 712 0.76 0.24 1.07 1.04 1.16 
3 589 0.65 0.35 1.01 0.97 1.15 
4 578 0.66 0.34 0.90 0.98 1.12 
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FATIGUE BEHAVIOUR OF MIS-MATCHED BUTT WELDED 
HEAVY I-BEAMS AND THE ROTATION CAPACITY OF JOINTS MADE OF 

aST-STEEL 
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Abstract 

Quenched and self-tempered (QST) rolled steel sections combine in an economical 
way high Yield strength, outstanding toughness at low temperatures and excellent 
weldability, three properties formerly thought to be Incompatible. 

The present paper gives In a first part a short descripllon of the QST production 
process of rolled beams as well as the fabrication properties and test results on full­
scale tests on butt welded rolled I-sections. After an analysIs of the test results It 
could be found for the welding of large thickness sections with a minimum Yield 
strength of 460 MPa to use a different type of stick electrodes => mis matching The 
second part presents tests on frame work joints, made of high strength QST -steels 

1 INTRODUCTION 

The tendency of the market demands towards products with greater thickness and 
higher Yield strength, gave the Impulse to develop new steels. Furthermore, It IS of 
key Importance for safety and economical use to achieve a good toughness at low 
temperature together with an improved weidability 

Under the condilions of conventional rolling methods it IS not attainable to combine 
great thicknesses with high yield strength. Relatively large additions of alloying 
elements would be necessary, which decrease weldabllity and toughness at low 
temperatures whereas production and fabrication costs would be raised to a hardly 
competitive level (Ei5L1). 

The challenge of producing rolled sections with a high yield strength In an 
economical way, outstanding toughness at low temperatures and excellent 
weldability got mastered by the development of a new process, namely the 
quenching and self-tempering (QST). This process has been brought to Industrial 
maturity In the last years by ARBED on its GREY heavy section mill at Differdange 
(Luxembourg). 

, Or -lng., Unive~y of Kal1sruhe, Kaiserstr. 12, 0-76126 Kal1sruhe 
2 Prof. Or -lng , Unive~y of Kal1sruhe, Kaiserstr. 12, 0-76126 Kal1sruhe 
3 Oipl.-Ing ., Ar1>ed Recherclles, Esch-sur-Alzette, Luxembourg 
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Fig. 1 Chemical Composition of Steel Grades 

The QST -technology led to a new generation of high-strength structural shapes wiU 
extremely low carbon equivalent values (Fig. 2) , combining the above mentione< 
beneficial properties with a high competitivity due to reduced production ani 
fabrication costs . 

2 DESCRIPTION OF THE aST PROCESS 

Conventional thermomechanical (TM) rolling has enabled to produce, for a mediur 
range of product thickness and yield strengths, easily weldable steel qualities will 
good toughness properties at low temperatures. 

05- BANK 

v 
)' 1 bAN.., ENTRY OlJ('..j(H iN(. SELF tE .. MPE.RI~,j(. 

AItJ A 
Fig. 2 QST Treatment of Beams 
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In a aST process, using water and the rolling heat as working substances, an 
Intense water cooling IS applied to the whole surface of the section directly after the 
last rolling pass Cooling IS Interrupted before the core IS affected by quenching and 
the outer layers are tempered by the flow of heat from the core of the surface Fig 2 
Illustrates schematically the treatment At the exit of the finishing stand directly at the 
entry of the cooling bank temperatures are tYPically at SSOOC After COOling over the 
whole surface of the section, a self·temperlng temperature of 6000 C IS achieved 

3 MECHANICAL AND TECHNOLOGICAL PROPERTIES OF HISTAR 
SECTIONS 

Fig 1 summarizes the relationships between chemical composition, product 
thickness and tensile properties for the conventional TM roiling route and the new 
combined TM/aST process Based on thiS relationship, the new HISTAR propnetary 
grades have been created Compared to the conventional TM rolling route the 
combined TM/aST process offers deciSive advantages. 

a substantial reduction of the alloy content of the standard steel grades 
like FeE 355 (Re <! 355 MPa), leading to an Important Increase of 
toughness and weldabllity. 

the poSSibility for an economical production of heavy rolled sections With a 
flange thickness up to 140 mm in hlgh·slrength steel grades like Fe E 460 
(Re <! 460 MPa), that could not be obtained until now without a serious 
drop In toughness and weldabllity 

The aST treatment lowers conSiderably the transition temperature from ducti le to 
bnttle fracture behaViour With respect to Yield strength and toughness, It IS now 
poSSible to produce directly In the rolling heat beams with the tensile properties of an 
Fe E 460 (Re <! 460 MPa) In thicknesses up to 140 mm combined With temperalures 
for a guaranteed CVN·toughness down to ·SO'C Fabrication tests have shown that 
all HISTAR beams can be cold worked under the same conditions as claSSical 
matenal However, oxycuttlng of aST beams IS much eaSier, espeCially for the 
thicker shapes and higher grades, as It does not need any preheating to aVOid 
cracking 

4 WELDABILITY EVALUATION OF HISTAR BEAMS 

A major aim of the weldability investigations was to study the Influence of the cooling 
time ta/5 between SOOoC and 5000 C on HAl toughness and strength. In order to 
obtain a wide range of tS/5 times heat Input and beam thickness were vaned In 
order to evaluate their weldability under the above mentioned conditions, aST 
beams were butt welded with various methods currently used in steel construction 
The welds have been performed without preheating on shapes up to 125 mm 
thickness in steel FeE 355 (Re <! 355 MPa) and FeE 460 (Re <! 460 MPa). The very 
favourable results have already been reported 'previously (2) , (3), (4)and (10) 



118 O. Bucak et 01. 

In all cases the beam flanges were cllt off, gnnded and butt welded together In 
order to simulate butt welding conditions for beams, slrong backs were used for 
malntalntng the cut-off flanges during welding This method reflects best the heavily 
reslralned sltuallon of the flanges dunng butt welding Samphng was always 
performed at the 1/6 flange Width position. This position has been chosen by all 
major standards and reflects best the average properties of a beam. 

An Amencan Wide flange secion W 14" x 16" x 311 Ibs (W 360 x 410 x 463) with a 
flange Ihlckness of 57 mm was used. The 2 flanges were gnnded longitudinally at 
the 1/6 position. After fixing the strong backs, the assemblies were welded wllh two 
different processes using three heat inputs. The first weldment was reahzed by flux 
cored arc welding (FCAW) with a welding energy of 0,8 kJ/mm whilst the two other 
assembhes were welded by submerged arc welding (SAW) with welding energies of 
3,5 and 5,0 kJ/mm respectively Due to the very low CEV of 0,34%, combined with a 
reduced carbon content of 0,085 % C, preheating was not necessary for neither of 
the three weldments 

AI cross weld tensile tests all ruptures of the specimens occured outside of the 
weld area 
The results of the CVN tests show that toughness at - 40·C remains on a very 
high level In all positions of the weld and no drop of the absorbed energy can 
be detected 
The results of the bend tests show a good deformation behaViour of the weld 
area In all cases. 
For all welding conditions and on both specified posillOns (coarse grain HAl 
and subcntlcal HAl) CTOD values are high shOWing a large margin from the 
usually required mintmum value 

Based on the test results as well as on computer slmulallons, it is not necessary to 
preheat HISTAR material In order to prevenl a loss of toughness of the HAl, 
whereas for the convenllonal matenal preheating temperatures can reach 200·C 
These charts are valid for the normal range of heat Inputs (0 8 to 6 0 kJ/mm), 
provided that low hydrogen filler metal and auxllhary products are used 

5 COMPARATIVE STUDY OF STICK ELECTRODES FOR WELDING GRADE 
FeE 460 (Re ? 460 MPa) 

ThiS Investigation has been carried out to compare the fatigue behaViour of different 
welds uSing 5 electrodes from different producers for butt welding sections with large 
flange thickness. The results should enable to select the electrode with the best 
performance for welding grade FeE 460 

Amencan Wide flange section W 36" x 16 5" x 439 Ibs (W 920 x 420 x 653) With a 
flange thickness of 62 mm, in grade HISTAR 460 was tested (fi9 3) The chemistry 
IS tYPically marked by a low CEV value of 0 36% 

Table 1 below shows the deSignations of the different electrodes and the welding 
procedure The crltena for the selection of the electrodes were 

Yield and tenSile strength, 
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good Impact toughness at low temperature, 
basIc electrodes and low hydrogen content, 
commercial availability 

Section Size: W 36 x 16.5 x 439 
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-- ,.. ... """ 

Metric Weight: 653 kg/m 

Ch.mlcal Composition (Product Analysis) In Weight" 

C .1 lin I P 5 I AI I Hb I v Cr I Cu HI II. CE 

0.103 0,182 I" I 0.0211 0.012 0.029 I 0046 0.000 00< I 008 I 0.05 0.010 0 .38 

TenaU .. Ind Impact Te •• R •• ults 

R. (IIP'I Rao (liP.) .... fl') I CVNL (J) 
T.~C T. -acre 

529 I 673 19.6 I 99 82 I 

Base Matenal Hlstar 460 

Welding Electrodes 

Electrode Electrode (MPa) Rm (MPa) Asd (%) CVN (J) 
dealgnatlon DIN at ""DOC 

A 55 54 Mn B HID 20 600 680 24 50 (-30' C) 

B E 51 55 B 10 470 530 33 120 

C E 51 55 B 10 470-530 570-630 30 60 

0 SY 42 76 1 NI B H5 > 460 540-640 > 25 > 100 

E EY 50 75 Mnt NI B > 510 590-690 > 23 > 100 

A gap has been cut In the flange to web junction to allow a continuous weld over the 
whole flange width. The welding has been carned out In the honzontal POSition, 
using a welding energy of 1 kJ/mm without any pr~heating . 

For each type of electrode, one assembly has been welded The sample posItions 
IRd results from chemical analYSIS, tenslle-, Impact- and CTOD tests are reported In 
Fig 4 The specimens were located at Ihe standard 1/6 flange wldlh POSition 
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Simple POllllon. Ch .... lcal CompolltJon (Weld Metal) In Weight 'lC. 
......-

A • C D E 

• tMI -.... --.:N, .... .-• ..... .- - ..... ..... .. I .' • ..... • .no .... ., . 
...!... UJ, I"U- ... " .... .... 
• 1.7" 1.1" ..... - . - " .. .. .. - .- ..... .- ..... 
co .... uu .... un . .... 
o. UfO .- U_ u .. .... .. 0.1" I"U .... ..... ..... 
V ..,., ... n u.-. - un ... n 
n ~ - 1.111 ._- .... , -.:iiO 
!!!. .- --...- I,ttt .. .... .... - ..... .... 

CVN (JI .. ...-e _ ...... ......... 
• " " ---• " ... '.' - --C '" u. '.' 
0 " .00 ., 
• " .. >. -- " " U"",, -' ·lrc .-

Fig 4 Weld charactenzation 

The chemical composition showed a 1 % nickel content for types D and E and for 
type C a higher molybdenum content compared to the other electrodes. 

In the tensile lests, except for type A, the deposit metals met the properties specified 
by manufacturers All assemblies met the minimum yield (460 MPa) and tensile 
strength (560 MPa) required for the base material. The acceptance criteria in 
welding procedure qualifications, namely that the actual strength of the cross-weld 
specimen has to exceed the required minimum strength of the base matenal, was 
satisfied In all cases. For types B, C and D the rupture of the cross-weld specimen 
occurred in the weld meta l. The actual tensile strength of the weld metal was 
generally slightly Inferior to that of the base metal. 

Impact tests have been performed at the fusion line and in weld metal. All types 
except type D, exceeded in both positions the requirement of the base metal of 31 J 
at - 40· C. The specified values by the manufacturers weres only achieved by weld 
metal C 

CTOD tests of the weld metal have been performed in supplement to common 
reqUIrements The results of types C, D and E exceeded, if specified , the normally 
reqUIred minimum CTOD value of 0.2 mm at - 10' C even at the test temperature of -
20' C 
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Three point bend fatigue tests have been performed to evaluate the behaviour of the 
electrodes when fatigue is expected. For all types,the cracking has been Initiated In 
the weld metal. The results of types C, 0 and E exhibited a fatigue behaviour 
satisfying the requirement of Eurocode 3 for detail category 112, I.e minimum of 
100 000 loading cycles, whereas types A and B failed to meet these criteria 

II Full-Scale Fatigue Tests 

Based on the results described in 5 and In view of economic aspects, the electrode 
with the designation C has been chosen for the welding of full-scale specimens. The 
reasons for the experimental investigations on full-scale test specimens are as 
follows: 

check of the validity of the data determined on the test specimens HE 300 
B and HE 400 M of grade Fe 510, 
determination of the crack initiation, 
determination of the crack growth, 
confirmation of the small-scale tests. 

For root welding, an electrode with lower strength and for the filling and final runs a 
more high-strength electrode has been chosen. 

The results of the last investigations have been recorded in Fig. 5 and compared 
with previous tests on the HE 300 B and HE 400 M sections, corresponding to steel 
grade Fe 510-001 . A good agreement or a slight improvement of the results from 
the test specimens of the steel grade QST can be seen 

.. ,.., 
."IN/mm'l J " I i. ' I ' p I 

f---j--H-t-I----hr.:;;:-j:;;;- HE 300 B I C -2 4= I .. -2 J 
• HE 400 M 1:: i 

4.8 I'" "- , 

~ lesl with' servohydraulic"1 2 60mm - , - 1--1- 1= = ==-f ---~~ 4 * HP 305 x 305 x 223 II = 30 5mml .....,.~~'-----.,--I--I...:+:;::i==~=:;:=r::;:.1 
II tesl with' vibrator ' I = 80mm .-I-~"""'II'---£:Ik~:a-,*" 8 ~!!-<:· 1 ·~.-t-+1--1--1-·1-1-1 
Ci test with ' servohydraulic" t = 80mm 11?:51!~J:-"""-J':;'~ 6;;: ..... = .. ~.,~ lg-I-I"'--- I·-- I- -

"-~ . r-- i'- " .. 

a.~. H __ I_I'_H _ _ I __ ~X , '" ~1"'I 87.9 j(/nvn 
~ ~SR _ _ I::: ..... "" ""> N/"",! 

a. [ Malenal : Fe E 460 _ HISTAR I- "'" ~ N/IMl 

R = 0.2 I': Profile : W 36 x 1M x SBB I .! 
I I I 

2 2 , 8 8 10' 2 , 8 810e 8 8 107 

Fig. 5 But Weld Specimens without Holes 
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The cracks started In the web-flange'transltlon area (fig 6) and first progres 
faster In the web and then Into the flange . 

3 
- .. 

.. 

Fig 6 Fatigue cracks 

upptr nanpc 
OOM~ fllOl<it 

Fig 7 Weld preparation 

ThiS type of crack development points at 
a very high welding residual stress In the 
neck area of the section since thiS arEIII 
has been welded last Fig 7 shows the 
chosen weld preparation The welding rI 
the hole has been carned out because rI 
the beller power flow under load In 
Investlgalions on smaller sections (for 
ex. HE 400 M), the cracks started from 
the external edge of the flange In tension 
With the same weld preparallOn and 
welding and spread In both directions It 

., can be seen as very positive that all test 
specimens showed a very long cradl 
growth behaViour and that it did not 
result In a bntlle failure despite a big 
thickness The results of the cr 

) 

surface evaluation Will be given at a lat 
time since they are being processed II 
present 

- ... 

E 
@" 
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Fig. B shows the crack propagation rate for thick-walled butt welded I-shapes The 
test specimens need a long time from the first visible crack until the end of the test 

5 .. [Nt iI 

butt welded specimen without hole 
l---

800 X eoQUf'II'oCe by IeltenCI 

() endUtW1C8 by fIfIt V'I' IDie crack 

600 1--+-4-.... , MIIlenaJ F. E 460· HISTAR 

I--+-~-l-+-
Profile W 36 x 16 5 )( 586 Flange mlC:kneU IOmm 

~--------------~--~ 
400 I---'--~+< 

-
20°I.=:cC -

I ...... a _.J.---",JI I 

Fig. 8 Crack propagation results on full scale tests 

7 Future Work on the Fatigue Behaviour of a St-Quality 

Based on the good results determined from the investigations and assessment of the 
crack initiation point as well as the course of the crack propagation, similar welding 
with electrodes of a different strength is to be carried out. 

As a new proposal, the 
Upper flange: layers 1 to 8 and the 
Lower flange: layers 60 to 73 and 

the slot welding will be carried out with low-strength electrodes 
see fig. 7). 

In this case, the level of the maximum tensile residual stresses will be able to reach 
the level of the corresponding value of the strength of the low strength electrodes 
Furthermore, the residual stresses will decrease through local plastificatlon under 
first loading. Since the low-strength electrodes also show a better toughness, thiS 
will have a favourable effect on the resistance against crack initiation New tests will 
be started In the second half of 1995. 

A further demand for investigation is the behaviour of stick electrodes with 1 % NI It 
has to be considered that they cost 3 times as much compared to the electrode types 
investigated here. 
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In consideration of the fact that the c6sts for additional materials, e.g. electr 
normally amout to about 5-10°A, of the overall costs for such a butt weld , such typll 
of electrodes can be used as well 

A further possibility for a better fatigue life is given by the selection of the welding 
sequence In this way, the crack initiation will start later at higher endurance. 

8 Tests on Framework Joints 

For applYing higher loads or for large-scale spaces without any inside columns, 
frameworks and/or Vierendeel girders made of open profiles are used. For thiS, 
profiles with a bigger wall thickness and with cramped cross section are applied. Due 
to the local load application, it is intended to reinforce the joint area. The basic idea 
starts from the fact that the stiffeners induce the bending moment (separated in 
couples of forces) into the central web area (ribbing of the joint area) as a 
continuation of the chords of the web member. 

This type of usual stiffening is proved for lightweight and medium weight profiles and 
has the following series disadvantages for heavy profiles: 

- the weld volume of a connection grows quadratically with the plate thickness => a 
bigger number of welding layers is necessary => the production costs increase, 
the volume of the single welding passes becomes very small with an increasing 
plate thickness compared to the basic material => hardness increases and 
possible micro cracks, 
tnaJ<lal residual stress conditions occur and may lead to failure also for existing 
cracks 

These disadvantages can be avoided if so-called lamellated frame joints are pr0-

duced Instead of thick chord stiffeners and a reinforced shear field. Lamellar frame 
Joints are produced by welding relatively thin plates parallel to the profile webs by a 
thin weld (Fig 9). 

Fig. 9 Lamellated frame joints 
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In the scope of a building project, such lamellated frame JOints have been 
Investigated experimentally at the 'V ersuchsanstalt fur Stahl , Holz und Stelne" 
(Testing Centre for Steel , Timber and Masonry) of the University of Karlsruhe In 
parallell , FE calculations have been carned out by Dr WippellDr Maler [9J 

Tests on T -j oints (for example joints in the middle of a Vierendeel gi rder) 

With this test series, joints of a Vierendeel girder and the rotation capacity of the 
welded JOint are to be Investigated 

The JOints to be Investigated have been composed of profile HE 500 B (chord 
member) and HE 700 M (vertical member) and have been welded corresponding to 
their strength (Fe E 460) 

For experimental reasons, 2 test specimens have been installed simultaneously Into 
the testing machine (fig 10), so that a symmetrical experimental set-up was 
poSSible In order to obtain as much Information as pOSSible from the tests, one of 
the JOints has been produced without stiffeners and tested as reference specimen 
With a maximum load of 2350 kN, the first plastic defonmatlons occurred In the JOint 
area, e g the whole deSign area plastlfied 

Load [kN] , 
4000 

3000 

2000 

1000 

o 
o 

Fig 10 T-jolnts made of open profiles Fig. 11 
In the 50 MN testing machine 

--
11 , 
~ 

, 

Deformation [mm] 

20 40 eo eo 
Comparison of the defonmatlon 
of the T -Joints 
a) without stiffener 
b) with stiffener 
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After this test, the unstlffened jOint was 9liffened by welding 20 mm thick rectangular 
plates Then the test has been continued. With a load of 3920 kN, a crack in the 
weld occurred unexpectedly on the additionally stiffened JOint. This position has been 
reinforced again by two 30 mm thick transverse stiffeners and the test has been 
continued With a load of 4560 kN, the test has been interrupted, since there were 
big deformations on the joint area and buckling occurred in the lamellated plates 
When achieving the ultimate load, big lateral deformations occurred in the whole 
JOint The deformation behaviour of the unstiffened and stiffened joint can be taken 
from Fig 11 . 

7 FINAL CONCLUSIONS 

The Quenching and Self-Tempering (QST) process has resulted in the creation of a 
new generation of beams with high yield strengths (up to 460 MPa) and excellent 
toughness properties down to very low temperatures HISTAR beams are weldable 
Without preheating and offer important advantages In terms of weight savings and 
fabrication costs, compared to conventionally produced grades. This new 
development contributes to improve the market position of steel structures In 
competition with other materials and will help to increase its share in general 
construction 

To get better fatigue life or resistance against crack initiation, some tests will be 
done With mis-matched weldments and/or with a modified welding sequence. 
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THE STATIC STRENGTH AND BEHAVIOUR OF UNIPLANAR AND 
MUL TIPLANAR CONNECTIONS BETWEEN I-BEAMS AND RHS COLUMNS 

L.H. Lu ' 
J. Wardenier 2 

Abstract 

In this paper, the results of the research work on the static behaviour of 
semi-rigid connections are presented. The considered connections include 
uniplanar and multiplanar connections between plates and RHS columns loaded 
by compression, where a pair of the plates represent the flanges of the I-beams, 
uniplanar and multi planar I-beam to RHS column connections loaded by 
compression or in-plane bending moments. This paper shows the influence of 
the most important geometrical parameters which determine the connection 
strength and the influence of the multi planar loading. Based on analytical 
models and numerical results, strength formulae fo r these connections loaded 
by compression or in-plane bending moments are given . 

1. INTRODUCTION 

Welded connections between I-section beams and RHS columns are attractive 
for use in offshore deck structures and industrial buildings. However, 
insufficient information is available for such connections. The existing design 
formulae, as given by CIDECT design guide (Packer et ai , 1992), are based on 
limited test data for axially tension loaded uniplanar plate to RHS column 
connections . No multi planar geometrical and loading effects have been taken 
into account . This may result in conservative or unsafe strengths for design 
depending on the geometry and load case. To fill this gap, an extensive 
experimental and numerical research is being carried out in this project to 
investigate the static behaviour of these connections and finally to establish 
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Professor, Delft University of Technology, Faculty of Civil Engineering, Steel 
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desIgn formulae for such connections .• 

Experiments have been carried out on multiplanar connections between plates or 
I-beams and RHS columns in the framework of ECSC project 7210-SA/61 1 at 
Delft UniversIty of Technology and TNO Building and ConstructIon Research. 
The connections are multi planar plate to RHS column connections loaded with 
compression on the plates and multi planar I-beam to RHS column connections 
loaded w ith axial compression or in-plane bending moments on the I-beams. The 
composite action of concrete filling of the RHS column and the influence of a 
steel or a steel-concrete floor has also been investigated as well as the influence 
of multiplanar loading . 

ExtensIve parametric studies have been carried out using finite element 
analyses. based on the numerical models wh,ch have been calibrated against the 
performed experiments. A wide range of the most important geometrical 
parameters of the connections. such as P (P = b,/b. ). 2y (2y = bolt. I. '1 ('1 = 
hl /b. ) etc. and the different load cases have been considered . To investigate 
the multiplanar load effects. each multi planar connection has been analysed 
with f,ve load ratios (J = - 1. -0 .5. O. 0 .5. 1 I. see figure 3. 

Further. for each type of connection and loading. analytical models have been 
developed based on the yield line model. Combining the numerical results and 
analytical models. strength formulae have been derived . These strength 
formulae have been based on the ultimate strength or on a defined deformation 
or rotation limit if the deformation or rotation exceeds a practical value . 

2. EXPERIMENTAL RESEARCH 

The experimental research programme is shown in table 1. Two P values (P = 0.4. 
0 .6) and one 2y (2y = 30) have been considered . The measured mechanical 
properties and the actual dimensions of all connection members have been reported 
by Lu (Lu et al . 1992). A total of twenty tests have been carried out. including 8 
multlplanar plate to RHS column connections . 4 multiplanar connections with two 
levels of plates (I-beam flanges only) and RHS columns loaded with axi" 
compression . 4 multiplanar connections between I-beams and RHS columns loaded 
by in-plane bending moments with or without a steel floor and 4 bolted multiplan., 
I-beam to RHS column connections with a composite floor. The influence of the 
concrete infill in the RHS columns has also been investigated (1 R2 and 1 R4, 2R2 
and 2R4, 4R2 and 4R4). Three load cases (J = 0 , 1, -1 ) have been considered to 
study the multiplanar load effects. 

From the experiments it has been found that failure of the connections is mainly 
related to the chord face yielding . For the axially loaded connections considered, 
an Increase of the P value results in an increase of the stiffness and non­
dImensIonal static strength of the connections . The initial stiffness and strength of 
the connection can be increased significantly by the structural action of the steel 
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floor or composite floor or by concrete filling of the RHS columns. Further, a 
positive load ratio causes an increase of the initial stiffness and the strength 
compared to that of the connections with J = O. A negative load ratio leads to a 
significant decrease of the initial stiffness and the strength of the connections . 

3. NUMERICAL RESEARCH 

3.1 Calibration Of The Numerical Models 

The results of the experiments of series 1 to 3 have been used for calibration of 
the numerical models. These experiments have been simulated using finite element 
analyses. Pre- and post processing have been performed by using program IDEAS 
on SUN SPARC Workstations. The finite element analyses have been carried out 
with program MARC. The following aspects have been considered in the numerical 
models: 
- Element types 
- Modelling of the connections 
- Modelling of the welds 
- Modelling of the material properties 
- Boundary conditions 
- Modelling of the concrete filling in the columns 
The details of the numerical simulations have been presented by lu et al (lu et ai, 
1993a, 1993b, 1 994al . As an example shown In figure 2, a good agreement has 
been obtained between the numerical results and the experimental results . The 
finite element analyses are therefore a practical approach for the evaluation and 
extension of the design procedures for these semi-rigid connections . 

3.2 Parameter Studies 

To provide more insight into the geometrical and load effects and to establish the 
design formulae for connections with RHS columns, first , parameter studies have 
been carried out on welded connections with steel members only . 

3.2.1 Research Programme 

The numerical research programme is summarized in table 2 to table 4 . It includes: 
18 uniplanar and 12 multi planar connections between plates and RHS columns 
loaded by compression 
15 unlplanar and 11 multiplan or connections between I-beams and RHS 
columns loaded by compression or in-plane bending moments. 

For all connections, the width of the RHS column is bo = 300 mm. Six p values 
tB = 0 .18, 0.3, 0.5, 0.73, 0.87 , 0 .93). three 2y values (2y = 15.8, 25.0, 37 .51 
and seven f) values ( y = 0.3,0.6, 0 .9, 1.0, 1.5, 2.0,2.5) have been selected. For 
multiplanar connections, only connections with p s 0 .73 have been investigated, 
due to the way of the numerical modelling . In addition, to determine the individual 
influence of the f) values on the compression loaded I-beam to RHS column 
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connections, extra calculations have b~en performed on uniplanar connections with 
2y = 25 with six fJ values, as shown in table 4. To check the multiplanar loading 
effects on multiplanar connections , each multi planar connection has been analyzed 
with five load ratios, namely J = -1, -0 .5, 0, 0 .5, 1. 

3.2.2 Numerical Modelling 

The numerical modelling has been done in the same way as used for the 
calibrations with the experiments (Lu et ai, 1993a, 1993bl. A typical finite element 
mesh is shown in figure 1 for multi planar connections between I-beams and RHS 
columns. Eight noded thick shell elements (MARC element type 221 have been 
used for connection modelling . It should be mentioned that throughout the 
numerical parameter study, butt welds are considered which are stronger than the 
parent material being connected. Since the nominal size of the fillet part of butt 
welds is relative small , no weld elements have been modelled in the numerical 
models. However, the actual weld sizes are general larger than the nominal sizes, 
which may lead to an increase of the actual connection strength. 

In the numerical modelling, steel grade Fe510 with a yield stress of 355 N/mm'il 
used for all RHS columns. In order to avoid beam failure before connection failure, 
a steel grade of StE 690 with a yield stress of 690 N/mm2 is taken for all I-beams. 

DUring the numerical analyses, displacement control has been used for J = 0 and 
+ 1. For J = -1, -0 .5 and +0.5, load control is used so that a fixed load ratio 
applied on the connections can be maintained even after plastic deformation. 

3.2.3 Results Of The FE Analvses 

From the post-processing of the numerical modelling, it is found that for the 
connections with P < 0 .9, failure of the connection is caused by chord face 
Yielding, while for connections with P ~ 0 .9, chord side wall failure occurs. Typical 
moment - rotation diagrams for in-plane bending loaded connections are given in 
figure 3, showing the connection behaviour with P = 0 .5, 2y = 25.0 and fJ = 1.0 
under five different load ratios. There is almost no difference between the uniplanar 
connection and the multiplanar connection for a load ratio J = O. But a positive 
load ratio increases the stiffness and the strength of the connections and a 
negative load ratio causes a decrease of the stiffness and strength of the 
connections compared to those with J = O. 

3.2.4 Ultimate Deformation Limit 

As shown in figure 2, the strength of the connection still increases after large 
deformations of the connections . No peak loads are obtained. This phenomenon 
IS also obtained for other types of tubular joints. A decision has to be made which 
strength will be considered as the "ultimate strength" of the connection . A ultimate 
deformation criterion is thus needed to determine the strength of the connection. 

To solve this problem, different types of tubular joints under different loading ceses 
have been studied by Lu et al. Since failure of the connection is mainly related to 
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plastification of the chord face around the intersection, a local indentatIon 3%bo 
(do) of the chord face at the intersectIon has been chosen as the ultImate 
deformatIon limit. ThIs deformation limit is consistent with the experiments where 
a peak load IS found and has been checked for different types of connections with 
RHS or CHS as chord member. It has been shown that it is an appropriate choIce 
for all tubular connections (Lu et ai, 1994bl. For bending loaded I-beam to RHS 
column connectIons, this deformation limit is chosen at the intersection of the 
compressIon flange. However, this deformation limIt gives a very large rotation 
limit for connections with small fJ ratios. Therefore , for connections with fJ S 0.6 
the strength is limited at a rotation of 0.1 rad . 

4 . STRENGTH FORMULAE 

The connection strength at a deformation limit of 3%bo has been reported by Lu 
(Lu and Wardenier, 1995a,b,c) . To establish strength formulae, analytical models 
based on the plasticity theory have been used for different types of connections 
under different load cases. However, especially due to the deformation limit criteria 
used, the numerically determined connection strengths are in the most cases lower 
than those according to analytical models, especially for connections with small P 
values. Thus a modified factor is needed If the yield line model is taken as a basis. 
For this reason, regression analyses have been carried out using the results of 
parametric studies to develop the connection strength formulae Ilu and Wardenier, 
1995a,b,c). The derived strength formulae are given in table 5 and plotted in 
figures 4 to 6. 

bo 
b, 
h, 
hm 

to 
t , 
fyO 

f" 
flJ) 
F
" 

F, 
J 
Mu ... 

N
" 

N, 

5. LIST OF SYMBOLS 

width of the RHS columns 
width of the plates or the flanges of an I-beam 
height of the I-beams 
hm = h, -t , 
wall thickness of the RHS columns 
thickness of the plates or the flanges of an I-beam 
yield stress of the RHS columns 
yield stress of the plates or I-beams 
multi planar load effect function 
vertical loads applied at the ends of the I-beams 
load ratio on multi planar connections J = F,/F, or N,/N, 
connection strength at a deformation limit of 3%bo for uniplanar 1-
beam to RHS column connection loaded by in-plane bending moments 
connection strength at a deformation limit of 3%bo for multi planar 1-
beam to RHS column connection undbr in-plane bending moments 
axial compression applied on the plates and I-beams 
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P 
2y 

f/ 
r 
RHS 
CIDECT : 

ECSC 
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connection strength at a 'deformation limit of 3%bo for uniplanar 1-
beam to RHS column connection loaded by compression 
connection strength at a deformation limit of 3%bo for multlplanar 1-
beam to RHS column connection loaded by compression 
connection strength at a deformation limit of 3%bo for uniplanar plate 
to RHS column connection loaded by compression 
connection strength at a deformation limit of 3%bo for multiplanar 
plate to RHS column connection loaded by compression 
width ratio betwean I-beam's flange and RHS column b, /bo 
width to thickness ratio of RHS column bolta 
I-beam depth to RHS column width ratio h l /bo 
thickness ratio of I-beam's flange and RHS column t, lta 
rectangular hollow section 
Co mite International pour Ie Developpement et l' Etude de la 
Construction Tubulaire 
European Coal and Steel Community 
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Table 1 Experimental research programme for multiplanar plate or I-beam to RHS 
column connections loaded by compression or in-plane bending moments 

, , if" " if" ' , if" , , if" 
IRI ~-lJ . 4 IR2 ~-O.4 

I 
IRl ~-O . S7 lR4 ~-lJ . S7 

" -;-; bt i '1 , -1]:" "-f" , -1]:" F- _ 
' ", - , -'" - ,, ' " " , , r I r'1 r I ''1 

IRS ~-lJ . 4 IR6 ~-O . 4 IR7 ~-O . S7 iR8 ~-lJ . S7 

series . " SJJf" . " . " tl , , ' , ' , ' , 

2RI ~-O . 4 2R2 ~-O . 4 2Rl ~-lJ . S7 2R4 ~-lJ . S7 

~ ~ "t~" ~ ,! '" III 
" " , f, " , , , 

lRI ~-O.4 lR2 ~-O . 4 lRl ~-O . 4 lR4 P-lJ . 4 

~ 
.-JD ' " ' " .m f" f".......aJ '" 

IV f, , " , -l J ',,1 ~ " ',,1 -f" , , , 
f 

4RI p- O.4 4R2 p- O.4 4Rl p- O.4 4R4 p- O.4 
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Table 2 Uniplanar and multiplartar plate to RHS column connections loaded 
compression 

20y 

/3 15 .S 25 .0 37.5 

I O.IS • xpl3 • xpl4 • xpl5 • 
.... ::;;-I,d" N. ... - 0.30 • xpl • xp2 • _xp3 • 

'. N, , 0.50 • xp4 • xp5 • xp6 • 

0.73 • xp7 • xpS • xp9 • 

0 .S7 xpl6 xpl7 xplS 

0 .93 xplO xpll xpl2 

Table 3 Uniplanar and multiplanar I-beams to RHS column connections loaded by 
compression or in-plane bending moments 

/3 20y 

15.S 25 .0 37.5 
~ 

cJ~ O. IS xbl3 • xbl4 • xbl5 • 0.3 

0 .30 xbl • xb2 • xb3 • 0.6 
L 0.50 xb4 • xb5 • xb6 • 1.0 

0.73 xb7 • xbS • xb9· 2.0 

0 .S7 xblS O,S 

0.93 xblO xbll xbl2 0.9 

Table 4 The influence of ~ for axially loaded uniplanar I-beams to RHS column connections 

~=0. 3 ~=0.6 ~= 1.0 ~=1.5 ~=2 .0 ~ = 2.5 

/3=O. IS xbl4a xbl4a-e2 xbl4a-e3 xbl4a-e4 xbl4a-e5 

/3=0.50 xb5a-e1 xb5a-e2 xb5a xb5a-e4 xb5a-e5 xb5a-e6 

/3=0 .73 xbSa-e1 xbSa-e2 xbSa-e3 xbSa xbSa-e6 

/3=0.93 xblla-el xbII a-e2 xblla-e4 xblla-e5 xblla-e6 

Remark : connection with • means for both uniplanar and multiplanar 
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Table 5 Strength formulae for plate to RHS column connections and I-beam to 
RHS column connections 
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I"r------r--------------------.-------__ ~ 
Uniplanar connection Multipianar connection 

If 
Chord face yielding : 

N 4 
,.. ~ • (0.5 • 0.7~) • 

_ f,.~ JI -0.9p 

" Chord side wall failure: 

N ..... , • f(1) N ... 

f(1) · II , O 

f(I) . I.I(0.2.0. 2~) 1<0 

N ... , • 2(1. + St"l f,.t" 

Chord face yielding : 

N ..... f(P.~) N .... 
N ..... . f(1) N .... 

For ~ < 0.5 . 
f(I) • I 1 , 0 

f(~.~) • I + O~ I f(~. ~ ·0.5) - I I 
f(J) • I + 0.371 1 < 0 

"or ~ ~ 0.5 : 

feR ) .I~. 
•• ~ 1 -0.9~ ~ 1I 1 -(0.9~)'1 

(0.8.2.4~) JI -0.9~ 

Chord side wall failure : 

N ..... 4 (1.+5t"l f,.t" for h. ' 21.+510 

M ..... N.., • h. M ..... . f(1) M .... 

f(1) . 1 1>0 

f(1) • I . I(0.9Sp -0.6P') 1 < 0 

• This needs further analysis (simplification) 



The Static Strength and Behaviour of Multiplanar I-Beam to Tubular Column 
Connections loaded with In-plane Bending Moments. 

G.D.de Winkel ' 

J . Wardenier ' 

Abstract 

This paper describes recent experimental and numerical research on the behaviour 
and static strength of multiplanar connections between I-section beams and circular 
hollow section columns loaded with in-plane bending moments. 
Five different ratios between the bending moments on the In-plane and out-of-plane 
beams are investigated . A parameter investigation has been carried out which 
covers the most important geometrical parameters. These connections are analyzed 
using both geometrical and material non-linear finite element analyses. Parametric 
formulae are made based upon analytical models. The parameters in the formulae 
are modified with regression analyses, using the fin ite element results . A good 
agreement is found between the strength as predicted by the formula and the finite 
element results . 

1. TABLE OF SYMBOLS 

P flange width to tubular column diameter ratio 
f/ beam height to column diameter ratio 
I/J beam rotation at column face 
2y wall thickness to tubular column diameter ratio 
COV covariance of the errors 
do column diameter 
DOF degrees of freedom 
f.,o yield stress of the column material 

, 
Research engineer, Delft University of Technology, Stevinweg 1, Delft, The 
Netherlands 

Professor, Delft University of Technology, Stevinweg 1, Delft, The 
Netherlands 
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yield stress of the beam material 
beam height 
distance between the mId-planes of the flanges of the beam 
F statistic, which gives the overall significance 
the ratio between the load on the in-plane and out-of-plane beams 
full plastic moment (ring model) 
bending moment in the beam at the column face at the rotation limit or 
the maximum bending moment in case a maximum moment is found at 
an rotatIon that is smaller than the rotation limit . 
ax ial load at the deformation limit or the maximum axial load in case I 

maximum is found at an rotation that is smaller than the rotation limit. 
correlation coefficient 
regression constants 
wall thickness of the column 
beam flange thickness 

2. INTRODUCTION 

Semi-rigId connections between I-section beams and circular ho llow section. 
columns can be fabricationed in a cost effective manner, if stiffening plates are 
absent . For design, currently only formulae are available for uniplanar I-beam to 
CHS column connections (CIDECT, 1993 and AIJ , 1990). These formu lae cannot 
dorectly be used for multi planar connections, since there are both geometrical 
multiplanar effects as well as multi planar loading effects. 
Multlplanar in-plane bending moments on multi planar I-section to circula r hollow 
section columns may have a considerable in fluence on the strength and sti ffness 
of the connections (de Winkel , et al 1993b). 
This paper gives an overview of recent experimental and numerical research on 
multiplanar I-beam to tubular column connections. Since this research relates to 
plate to CHS column connections, also the recent experimental and numericll 
research on these type of connections is given . 
In thIs paper 24 multi planar I beam to circular column connections are studied 
loaded with five different combinations of in-plane bending loading on the in-plane 
and out-of-plane beams. For the plate to CHS column connections 15 connection. 
are analyzed . 
For the fInite element calculations both geometrical and material non-linearit ies are 
taken into account. The finite element models have been calibrated willi 
experiments. 
In prevIous research (de Winkel, et ai , 1994a, 1994b) a regression model has been 
built on the bases of Togo's ring model (Togo, 1967) . With non-linear regre ssion 
analyses, the regression model has been calibrated with the results of the finite 
element programs . 
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3 . RESEARCH PROGRAMME 

3.1. Experimental work 

3.1 .1. Introduction 

Experimental tests have been carried out in the framework of ECSC programme 
"Semi-rigid I-beam to Tubular Column Connections" (Verheul, et aI1994) . Relevant 
for this paper are 8 tests on plate to CHS column connections loaded with axial 
loading, 4 tests on I-beam to CHS column connections loaded with in -plane 
bending moments, and 4 tests on bolted I-beam to CHS column connections 
comprising a composite steel-concrete floor, loaded with in -plane bending 
moments. Table 1 shows an overview of the research programme. 

"'_}o ltlJ_ 

..... .. ", 
. 

• .. . .. .. . • • • • 

Fig . 1 Experimental M-¢ diagramme 
for test 3C4 

3.1.2. Results experimental work 

Fig .2 Experimental M-¢ diagramme 
for test 4C3 

Table 1 shows the main results of the experimental work. Typical load-deformation 
curves are shown in Figures 1 and 2. For all experimental tests peak loads were 
found. As can be seen in Figure 1, a considerable deformation capacity can be 
achieved. Failure of the connections without concrete infill of the columns and 
without composite floor is caused by chord face yielding . For test 1 C2, where the 
column has a concrete infill and the test specimen was loaded with a tensile load, 
a small deformation capacity was found. This specimen failed by punching shear . 
The failure mode of the specimens with a composite steel-concrete floor failed by 
progressive failure of the reinforcement bars (see Figure 2) . The reinforcement of 
the floor was a matrix 4>6-150 (cold formed ) and additional reinforcement at the 
connection 8-4>8 (hot formed). Due to the limited deformation capcity of the cold 
formed matrix the deformation capacity of these tested composite connections is 
also limited . At fabrication a hot formed matrix 4>6-150 could not be delivered in 
time. The experimental results are reported in detail by Verheul et al. (1994) . 
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Table 1 Overview test results and comparison with FE results 

Concrete 
N l In Nu""," .nhll Nz Compr. 

TEST H 'n 
N, 0< Nu .• .", Nu,lXJ1t column Tens . 

IkN I 

lCI 1.3 7 no 0 C 245 .3 1.05 

11C2 37 yes 0 T 5 10 .8 1.06 , 
32 5.0 1.08 11C3 1.5 2 no 0 C 

" - ' N 11C4 1.52 yes 0 C 670.8 1. 12 

"" - I lC5 1.37 no · 1 C 175 .6 1.08 

"1 LJ N 
300.8 1.05 

IJ 11CB 1.37 no + 1 C 

"I • ~ -0 220. 1 1.07 l C7 52 no . I C 

11C8 1.52 no + 1 C 499.9 1.00 

TEST H 
Mz M

u
_ Mu""," 

M, M u,lXJ1t 

IkNOl I 

3Cl .37 no 0 'pb 82 .5 0 .99 

~ + steel , 'r:::;::; h 
3C2 .37 

floor 
0 ,pb 87 .6 0 .98 

V"/ 
3C3 .37 . I 'pb 54 I 1.12 

, tt 
no 

... ~ 3C4 .37 no + 1 'pb 79.0 1.01 

. f'- .... --LI , '1 
4 Cl .37 no 0 'pb 161 .7 N/" 

..e!' ~. 

:.1::"':' I.. "1T"/C,::i .~ 4 C2 37 yes 0 'pb 178 .5 N/" 

",ll,,. 4 C3 .3 7 no + 1 ,pb 117 .8 N/" 

r - F 
4 C4 -+1 t ~ ~ 

.37 yes + 1 ,pb 133 .3 N1A 

3.2. Numerical work 

3.2.1. Introduction 

The numerical work consists of two parts . Firstly. finite element models were mad 
uSIng actual measured geometrical and material properties to simulate 111 
experimental tests . These models are calibrated with the experimental teS1l 
Secondly. finite element models are made similar to the calibrated models. but nOl 
with nominal dimensions. These models were used for parameter investigations.Th 

L 
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finite element models are generated 
with the pre- and post processor 
program SDRC I-DEAS. A typical 
fiOlte element mesh IS shown in 
Figure 3. For the finite element 
models parabolic thick shell 
elements are used with four 
integration pOints at Gauss locations 
in 7 layers across the thickness. For 
the finite element analyses, 
including geometrical and numerical 
non-Iinearities, the general purpose 
finite element program MARC K5.2 
IS used . More details about he 
modelling are given by de Winkel, et 
al(1993a, 1993b, 1994a, 1994~ . 

Fig. 3 Typical finite element mesh for 
a multi planar XXP4 connection 
(xxp4-38) 

Table 2 Geometrical and material 
characteristics of the I-beam 
to CHS column connections 

model p 2y" T 1,\ 
IMPal 

xxp4-02 0 .25 150.500.3375 3550 
xxp4-04 0 .25 300.500.6750 690 
xxp4-06 0 .25 450.50 1.0125 355 
xxp4-07 0 .40 15 0 .80 0.3600 3550 
xxp4-08 0.40 150.80 0.5400 3550 
xxp4-090.40 300.800.7200 355 
xxp4-10 0.40 30 0 .80 1.0800 355 
xxp4-11 0 .40 45 0 .80 1.0800 355 
xxp4-14 0 .65 151 .300.8775 690 
xxp4-20 0 .25 15 0 .25 0 .3375 3550 
xxp4-22 0 .25 30 0 .25 0 .6750 690 
xxp4-24 0 .25 45 0 .25 1.0125 355 
xxp4-25 0 .40 15 0.40 0 .3600 3550 
xxp4-26 0.40 15 0.40 0 .5400 3550 
xxp4-28 0.40 30 0 .40 1.0800 355 
xxp4-32 0 .65 15 0 .65 0 .8775 690 
xxp4-34 0 .65 300.65 1.7550 355 
xxp4-36 0 .65 45 0 .65 2.6325 355 
xxp4-38 0 .55 151 .100.7425 690 
xxp4-40 0 .55 30 1.1 0 1.4850 355 
xxp4-42 0.55 45 1.102.2275 355 
xxp4-44 0 .55 150.550.7425 690 
xxp4-46 0 .55 30 0 .55 1.4850 355 
xxp4-48 0 .55 450.55 2 .2275 355 

Table 3 Geometrical and material 
characteristics of the plate to 
CHS column connections 

model P 2y T 1,\ 

xxp1 -02 0 .25 15 
xxpl -04 0 .25 30 
xxpl -06 0 .25 45 
xxp 1-08 0.40 15 
xxpl - l00.40 30 
xxpl -12 0 .40 45 
xxpl -1 4 0 .65 15 
xxpl -34 0 .65 30 
xxp l-36 0 .65 45 
xxp 1-38 C. ~5 15 
xxpl -40 0 .55 30 
xxpl -42 0 .55 45 
xxp l -50 0 .60 15 
xxpl -52 0 .60 30 
xxpl -54 0.60 45 
Note: 

0 .3375 
0 .6750 
1.0125 
0 .5400 
1.0800 
1.5200 
0 .8775 
1.7550 
2. 6325 
0 .7425 
1.4850 
2.2275 
0 .8100 
1.6100 
2.4300 

IMpal 
3550 

690 
690 

3550 
690 
690 
690 
690 
690 
690 
690 
690 
690 
690 
690 

•. In cases where beam failure would 
be crit ical, a higher steel grade for 
the I-beam was used , to avoid local 
buckl ing in the compression 
flanges. The steel grades used for 
this purpose is a steel grade with 
f, = 690 N/mm2 or an artificial 
elasto-plastic steel grade w ith 
f, = 3550 N/mm2. For the columns 
f .. = 355 N/mm2 and do = 300 
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mm for all models. 

3.2.2. Calibration 

In general, a good agreement is found between the experimental and the finite 
element results . The calibration of the finite element models is reported by de 
Winkel, et al (1993a, 1993b) and summarized In Table 1. 

3.2.3 . Parameter investigation 

In the finite element models, to simulate the I-beam to CHS columns 
connections loaded with in-plane bending, four different P ratios, two different" 
ratios, three 2y ratios and two T ratios are used. Combining these parameters 
gives 48 fin ite element models. From these models 24 are selected for analyses. 
The geometrical parameters of the models are listed in Table 2. The column 
length is taken as six times the column diameter do plus the beam height h, . The 
beam length is five times the beam height. These lengths are sufficient to 
minimize boundary and load introduction effects. The thicknesses of the flanges 
are taken either 6% or 9% of the flange width. Only for a few connections the 
thickness of the flanges is varied. The thickness of the web is 0.6 times the 
flange thickness . 
Similarly, these geometrical parameters are chosen for the plate to CHS column 
connections (see Table 3). 
Each of the models is used to investigate five different load cases, namely N,/N, 
respectively M,/M, = -1.,-0.5, O. +0.5 and + 1.0. For the finite element 
analyses, displacement control is used for N,/N, respectively M,/M, = O. and 
+ 1.0, and load control for the other load cases . Displacement control saves a 
lot of computer time. However, to preserve a fixed ratio between the bending 
moments or axial loads on the in-plane and on the out-of-plane beams, only load 
control can be used . 

3.2.4. Results and observations 

The results 01 the finite element analyses are listed in Tables 4 and 5. The 
bending moments and beam rotations are taken at the column face . It is found 
that negative load ratios always cause a reduction in connection strength, in 
comparison with the case with unloaded out-of-plane beams. Positive load ratios 
cause in general an increase in connection strength . In general, this increase is 
relatively small. For larger fJ ratios and smaller 2y ratios a stronger multiplanar 
loading effect is found . In cases without a peak load the maximum load is taken 
at a deformation limit equal to an indentation of 3%do, which is equivalent to a 
rotation of .06/" (see also Lu et al. 1994). 

3.3. Analytical models and results regression analyses 

Analytical yield line models for connections between tubular columns and plates 
or I-beams cannot easily be made. A more simple model, also based on plasticity 
theory . has been derived for connections between tubular members by Togo 
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Table 4 Results finite element analyses I·beam to tubular columns loaded 
with in· plane bending moments 

name p 2r 'I T Mjlto 2 f.,o hml 
for load rallo J 

-1 . -0 .5 O. 0 .5 1.0 

xxp4-02 0 .25 15. 0 .50 0.3375 4 .256 4.904 5.307 5.414 5.334 
xxp4-04 0 .25 30. 0.50 0 .6750 5.687 6 .3 10 6.497 6.566 6.192 
xxp4-06 0.25 45 . 0.50 1.0125 6.535 6.668 6 .694 6 .690 6 .495 
xxp4-07 0 .40 15. 0.80 0.3600 4.654 5.802 7.011 7 .705 7 .792 
xxp4-08 0.40 15. 0.80 0 .5400 4.711 5.876 7.121 7.832 7 .942 
xxp4-09 0 .40 30. 0.80 0 .7200 6.493 7.669 8.337 8.629 8 .141 
xxp4-10 0.40 30. 0 .80 1.0800 6.660 7.894 8 .658 9 .003 8.494 
xxp4-11 0 .40 45 . 0 .80 1.0800 8.309 9.510 9 .921 10.095 9.477 
xxp4-14 0 .65 15. 1.30 0 .8775 5.659 8.043 10.470 12.779 13.499 
xxp4-20 0 .25 15. 0 .25 0 .3375 4.369 4 .760 4 .868 4.884 4 .908 
xxp4-22 0.25 30. 0.25 0.6750 5.807 6.104 6 .133 6 .150 6 .1 00 
xxp4-24 0.25 45. 0.25 1.0125 6 .900 0.455 0.474 0.464 0.353 
xxp4-25 0 .40 15. 0.40 0.3600 5.309 6.257 6.961 7.155 7.032 
xxp4-26 0 .40 15. 0.40 0.5400 5.073 5.875 7.082 6.474 7.133 
xxp4-28 0.40 30. 0.40 1.0800 7.318 8 .335 8.871 9 .041 8.391 
xxp4-32 0.65 15 . 0.65 0.8775 6.966 0.000 10.647 11.594 11.513 
xxp4-34 0.65 30. 0 .65 1.7550 10.228 12.690 15 .279 17.576 18.935 
xxp4-36 0 .65 45 . 0 .65 2.6325 13.430 16.626 19 .687 22.798 25.641 
xxp4-38 0 .55 15. 1.10 0.7425 5.198 6.630 8.455 10.022 10.566 
xxp4-40 0.55 30. 1.10 1.4850 7.632 9 .627 11 .754 13.431 13.691 
xxp4-42 0.55 45. 1.10 2.2275 9.603 12.228 14.500 16.135 15.924 
xxp4-44 0 .55 15 . 0.55 0.7425 5.971 7 .322 8 .674 9.352 9.294 
xxp4-46 0.55 30. 0.55 1.4850 8 .669 10.521 12.172 13.226 12.761 
xxp4-48 0 .55 45. 0.55 2.2275 11 .064 13.415 15.226 15.973 14.951 

Table 5 Results finite element analyses plate to tubular column connections, 
loaded with aXial compression loads. 

name P 2r T Njl 2 f .(0) 
for load ratio J 

-1.0 -0.5 O. 0 .5 1.0 

xxpl -02 0.25 15 0 .3375 3.53 4 .21 4 .72 4 .95 5.10 
xxpl-04 0 .25 30 0.6750 4 .16 4 .75 5.15 5.47 5.62 
xxpl-06 0.25 45 1.0125 4.44 4.98 5 .39 5.78 6 .06 
xxpl-08 0.40 15 0 .5400 4 .22 5 .20 6 .32 7 .01 7.50 
xxpl -l0 0.40 30 1.0800 5.10 6 .23 7 .29 8 .13 8 .41 
xxpl-12 0.40 45 1.6200 5.57 6 .80 7 .90 8 .87 9 .37 
xxpl-14 0.65 15 0.8775 7.80 9 .54 11.66 
xxpl-34 0 .65 30 1.7550 8 .32 10.24 12.90 16.14 21.49 
xxpl-36 0.65 45 2.6325 9.51 11.58 14.46 18.22 28 .51 
xxpl -38 0 .55 15 0 .7425 4.98 6.19 7.77 9 .08 10.03 
xxpl-40 0 .55 30 1.4850 6.35 7.86 9 .93 12.20 14.20 
xxpl -42 0.55 45 2.2275 6.88 8.54 10.92 13.64 15.85 
xxpl-50 0 .60 15 0 .8100 5.45 6 .76 8.50 10.03 11 .11 
xxpl-52 0.60 30 1.6100 6.94 8 .55 10.80 13.50 16.75 
xxpl-54 0 .60 45 2 .4300 7 .55 9 .29 11 .77 15.00 19.43 
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(1967), Miikeltiinen et al (1988). PaOI (1987), Van der Vegte (1995) and others. 
In the literature, this model is known as "ring model" . The connection is 
represented by a two dimensional model in the shape of a ring . The connection 
characteristics in axial direction of the column are not included in the model, but 
are defined by a function representing the effective length of the ring. This 
effective length cannot theoretically be derived, but must be determined, using 
experimental or finite element analyses results . The 2-dimensional model, with 
no qualities In axial direction, implies that the beam or brace type, e.g. I· beam, 
plate or tubular member, has no influence on the definition of the model. The 
ring model can only be used for axial loaded connections. However, in-plane 
bending can be simulated by using two ring models at a distance equal to the I· 
beam height. The exact solution of the ring model for axial loaded X-joints was 
derived for multiplanar load cases by de Winkel et al. (1994a, 1994b). 
Based upon the ring model approach, the formula for I·beam to CHS column 
connections, loaded with in-plane bending moments is derived and shown in Eq. 
1. In Eq. 1, h,. is the distance between the mid-planes of the top and bottom 
flanges of a I-beam. 

Similarly, the formula for plate-to-CHS column connections is derived: 

The multiplanar loading effects can be described with the following formula : 

N(J) 
N(J· O) 

or M(J) = 1 +J(R.fJ+ R.fJ' ) +J ' (R,{J+ R.fJ') 
M(J- O) 

(1 ) 

(2) 

(3) 

For the regression analyses the ultimate loads from the finite element analyses 
are used . 
The results of the regression analyses are listed in Table 6 to 9 and shown in 
Figure 7 . As shown in these Tables, there is a good agreement between the 
finite element results and the calibrated regression formula . 

Table 6 Results of the regression analyses for in-plane bending with load 
ratio J =0 

R, R, R3 R. r' COV F OOF 
5.16 1.28 1.64 1.0 0.99 0.037 581 21 
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Table 7 Results of the regression analyses for multiplanar in-plane bending 
R, R. A, A. ,2 COV F DOF 
0_ _74 -.41 -R, .88 0 .056 422 117 

Table 8 Results of the regression analyses for axial loading with load ratio 
J=O 

A, A, R3 R.. r2 COV F OOF 
6.01 0.66 1.0 1.0 .99 .03 734 11 

Table 9 Results of the regression analyses for multi planar axial loading 
A. 

0.46 
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~ • ::::IE 
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A. A, R. r' COY F OOF 
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Fig.4 Results regression analyses multiplanar in-plane bending for 2y = 30 
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4. CONCLUSIONS 

Both I-beam to CHS column connections loaded with in-plane bending 
moments and plate to CHS column connections loaded with axial loading 
show similar behaviour : 

• 

Larger fJ ratios and larger2r ratios give a larger non-dimensionalized 
strength . 
Negative load ratios can give a considerable reduction in 
connection strength in comparison with uniplanar loaded 
connections. 
In general, positive load ratios give higher strengths in comparison 
with uniplanar loaded connections. For axial loading is this effect 
stronger than for in-plane bending . 
Both connection types show large deformation capacity. 
Concrete filled columns increase the connection strength, but 
results in a considerable decrease in deformation capacity. 

The derived formulae based on the ring model approach for multi planar 
connections between I-section beams and tubular columns, loaded with 
multi planar in-plane bending and for the connections between plate to 
CHS column connections loaded with axial load show a good agreement 
with the finite element results. 
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DESIGN METHODS FOR TRUSS AND BRACING CON NECTIONS 

W. A. Thornton' 

Abstract 

A recently developed method for the design of orthogonal bracing connections is 
presented and then generalized to non-orthogonal connections such as occur in 
trusses. The method has been checked against existing physical tests and found 
to be safe . The method produces cost effective designs. 

1. INTRODUCTION - THE UNIFORM FORCE METHOD 

Bracing connections constitute an area in which there has been much 
disagreement concerning a proper method of design . Beginning about 15 years 
ago, the American Institute of Steel Construction began to address this problem 
with a research program at the University of Arizona. This program resulted in 
published work by Richard (19861 which contained figures similar to Fig. 1. In this 
figure, the resultant forces on the gusset edges for a wide variety of gusset edge 
support conditions are seen to fall w ithin the envelopes shown. The edge 
resultants appear to intersect with the line of action of the brace at a point on this 
line on the other side of the working point (WP) from the gusset. Note that no 
couples were required in Fig . 1. This information from Richard is the genesis of 
the author's development of what has come to be called the Uniform Force 
Method (Thornton 1991, 1992 and AISC 1992, 19941. The method is shown in 
Fig. 2. This figure shows a force distribution which captures the essence of the 
distributions given "fuzzily" in Fig . 1. In other words, a force structure is imposed 
on Richard's data . In order to test the efficacy of this structure, the data of six 
full scale tests were filtered through it. The tests were performed by Chakrabarti 
and Bjorhovde, (1983, 1985) and Gross and Cheok (1988, 19901 . Typical test 
specimens are shown in Figs. 3 and 4. The limit states considered in the filtering 
process are given in Tables 1 and 2. Table 3 shows the results. For the 
Chakrabarti/Bjorhovde tests, excellent agreement is achieved. The ratio of test 
capacity to predicted capacity is close to but slightly larger than unity as is 
desired. The agreement for the Gross/Cheok tests is not as good, but the method 
is clearly conservative . The reason for the poorer agreement in this second series 
of tests is due to frame action. The tests include it but the Uniform Force Method 

I Ch .. f Englnoer, Civo. Stool Company, Roswell, Georgll , U.S A. 
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does not. Perhaps frame action can be included in some future design method. 
but for the present. the data available indicate that its neglect IS conservative . 

2 . GENERALIZATION TO NON-ORTHOGONAL CONNECTIONS 

The Uniform Force Method IUFM) can be applied to trusses as well as to bracing 
connections. After all. a vertical bracing system is just a truss. But bracing 
systems generally involve orthogonal members whereas trusses. especially roof 
trusses. often have a sloping top chord . In order to handle this situation. the 
has been generalized as shown in Fig . 5 to include non-orthogonal members. As 
before. a and Jllocate the centroids of the gusset edge connections and must 
satisfy the constraint shown in the box on Fig. 5. This can always be arranged 
when designing a connection. but in checking a given connection designed by 
some other method. the constraint may not be satisfied . The result is gusset ~U\,. ... 
couples which must be considered in the design. 

3 . AN EXAMPLE 

The design example is shown in Fig. 6. which also shows the final design. 

The geometry of Fig. 6 is arrived at by trial and error . First. the brace to ~~I~~::" 
conneClion is designed and this establishes the minimum size of gusset. ~ 
the gusset IS squared off as shown by the broken lines in Fig. 6. which gives 
about 16 rows of bolts in the gusset to truss vertical connection . The gusset to 
top chord connectipn is pretty well constrained by geometry to be about 70 i 
long plus about 13 /2 inches for the cutout. Starting from the broken line 
configuration of Fig. 6. the UFM forces are calculated from the formulas of Fig. 
and the design IS checked . Although the gusset to top chord connection cannot 
be reduced in length because of geometry. the gusset to truss vertical is subject 
no such restraint . Therefore. the number of rows of bolts in the gusset to truss 
vert ical is sequentially reduced until fa ilure occurs . The last achieved successful 
design is the final design as shown in Fig. 6. 

The calculations for Fig . 6 are performed in the following manner. The given 
are: 

P = 611 kips 
e. = 7 in . 
ec = 7 in . o 
y = 17.7 
a = 36.7 ° 

The relationship between a and Jl is 
a - JlI .9527x.7454-. 3040) = 71.7454-. 3191) -7/. 9527 
a - .4061 Jl = 4 .3634 
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relationship must be satisfied for there to be no couples on the gusset edges . 
the configuration of Fig. 6, with 7 rows of bolts In the gusset to truss vertical 

lIn<ection (which is considered the gusset to beam connection of Fig. 5) ex = 
inches. Then, 

~ =(1 8 +4.3634)/.4061 =55.1 in. 

Fig . 6, the centroid of the gusset to top chord (which is the gusset to 

connection of Fig. 5) is ~ = 13.5 + 70/2 = 48.5 in. Since fl ~ fl, there 
be a couple on this edge unless the gusset geometry is adjusted to make fl = 

& 55 .1. In this case, we will leave the gusset geometry unchanged and work 

the couple on gusset to top chord interface. 

than choosing ex = 18.0 in., we could have chosen fl = 48.5 and solved 
ex . In this case, a couple will be required on the gusset to truss vertical 

lIelrfal:e unless gusset geometry is changed to make a = ex . 

the two possible choices, the first is the better one because the rigidity of the 
to top chord interface is much greater than that of the gusset to truss 

i interface. This is so because the gusset is direct welded to the center of 
top chord flange and is backed up by the chord web, whereas the gusset to 

vertical involves a flexible end plate and the bending flexibility of the truss 
flange. Thus, any couple required to put the gusset in equilibrium will tend 

migrate to the stiffer gusset to top chord interface. 

With ex = 18.0, fl = 55.1, 
r = ((18.0 + 7 x .3191 + 55.1 x .3040 + 7/. 9527)' 

+ (7 + 55 .1 x. 9527)')', = 74.2 in. 
from the equations of Fig. 1 
V, = 432 kips 
H, = 198 kips 
V. = 57 .7 kips 
H. = 167 kips 

For subsequent calculations, it is necessary to convert the gusset to top chord 
forces to normal and tangential forces as follows : The tangential or shearing 
component IS 

P 
T, = V,cos y + H, sin y = (fl + ee tan y) -

r 

The normal or axia l component is 

. e P 
N, = H,cos Y - V,SIn Y = -'­

r 

The couple on the gusset to top chord interface IS then 
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Thus 

W. A. Thornton 

Me = Ne (J3 - J3 ) 

Te = (55.1+7x.3 1 9 1)~ = 472· 
742 

611 • 
Ne = 7x-- = 57.7 

74.2 

Me = 57.7 X (5 5.1 - 48 .5) = 381 k-in. 

Each of the connection interfaces, i.e. gusset to top chord, gusset to truss 

vertical , and truss vertical to top chord, can now be designed, because all of the 

Interface forces are known. The limit states to be considered for each interface 

are similar to those shown in Table 2. Space does not permit the detailed 

calculations for these limit states to be shown here, but the interested reader 

find the complete calculations for this problem in Thornton (1993) or for similar 

problems in AISC (1992) and AISC (1994). Fig. 6 shows the completed design. 
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' i 
Table 1, limit State Identification for Bracing Connections 

Li!l!il Sllllg Il!llg li!l!il Slale NU!l!ber 
Bolt Shear Fracture 1 
Boll Shear/Tension Fracture 2 
Whitmore Yield 3 

, 

Wh,tmore Buckling 4 
Tearout Fracture 5 
Beallng 6 
Gross SectIon Y,eld 7 

, 
Net Section Fracture 8 
Fillet Weld Fracture 9 ~ 
Beam Web Yield (beyond k distance) 10 

I Bending (including Prying Action) Yield 11 
Bending (including Prying Action) 12 
Fracture 

Table 2, limit States Considered for Each Interface of Bracing Connections •. 

Connection Interface Connection Element Limit States 

Brace to Gusset Bolts to Gusset 1 
(A) Gusset 3,4,5,6 

Bolts to Brace 1 
Brace 5, 6,7,8 
Splice plates or WT's 5,6, 7,8 

to Beam "" .. ,,' ~ , 
(B) Fillet Weld 

Beam Web 10 

Guss~.:. . to ~U'U' 
(C) 

~()Its to 
Fillet Weld to Gusset ~ 
Gusset 6,7,B 
Bolts to Column 2 
Clip Angles 6, 7, B, 1 1, 12 
Column 6, 11, 12 

Beam to Column Bolts to Beam _Web ~ (D) Fillet Weld to Beam Web 
Beam Web 6, 7, B 
Bol ts to Column 2 
Clip Angles 6,7, B, 1 1,12 . 
Column 6,1 1 ,12 

See FIg 3 for Interface Identification 



Table 3 Comparison of Uniform Force Method Predicted Results with Test Results 

lest I est 
Predicted Results Results Capacity 

Test Brace Gusset Gusset Beam Predicted Predicted Test Test + 
Specimen to to to to Capacity Failure Capacity Failure Predicted 

Gusset Beam Column Column (kips) Interface (Kips) Interface Capacity 
A B 

Iki l2s) Ikil2s) Iki 12S1 (ki l2S) lr 
~ 

Chakrabartil 143 184 216 152 14 2 A 143 A 1.01 00 
" 8jorhovde (3, 5) 1) (7) (5) (12) (3,5) (3,5) (5) 3:: 

30' g. 
Chakrabartil 14 2 18 2 164 210 14 2 A 148 A 1.04 ~ 
Bjorhovde (3, 5) 17) (5) (12) (3 , 5) (3,5) (5) 0-

~ 

45' -i 
2 
~ 

Chakrabartil 142 169 155 342 142 A 158 C 1 .11 ~ .. 
Bjorhovde (3,5) (7) (5) (12) (3,5) (3,5) (5) " Q, 

60' C> 
~ .. 

GrossI 73 212 67 149 67 C 116 A 1.73 
n 
5' 

Cheok (4) (7) (12) (9) (12) (12) (4) .. 
n No.1 0 

" " Grossi 78 77 143 Nll21 77 B 138 A 1.79 " !l 
Cheok (4) (7) (7) (7) (7) (4) o· 

" No. 2 ~ 

Grossi 84 94 171 NL(2) 84 A 125 A 1.49 
Cheok (4) (7) (7) (4) (4) (5) 
No. 3 

en limit slate number from Table 1, tYPical 
(2) Nl • No Limit: this part of connection does not carry any of brace load P. 

'" '" 
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STEEL MOMENT CONNECTIONS ACCORDING TO EUROCODE 3 

Simple design aids for rigid and semi-r igid joints 

by J.P. JASPAAT 

on behalf of the AA 351 SPAINT Partners. 

Abstract 

In this paper. simplified design procedures for structural joints in building frames are 
presented. These ones can be used either to obtain the mechanical properties of a given 
joint or to select a joint so as to comply with expected mechanical properties. They have 
been prepared so to be in full agreement with the new revised Annex J of Eurocode 3 
(Revised Annex J. 1994) in the frame of the european AA 351 SPRINT project involving 
CAlF (J. JANSS as Coordinator) and the University of Liege (R. MAQUOI . J.P. 
JASPAAT) In Belgium. CTICM (B. CHABAOLIN. Y. AYAN . A. SOUA) and ENSAIS 
Strasbourg (A. COLSON) in France. the University of Trento (A. ZANDONINI . O. BUASI) 
in Italy and LABEIN Bilbao (W. AZPIAZU) in Spain. 

1. INTRODUCTION 

The design of a building frame for economy requires a good knowledge of the response 
of the constitutive structural joints in terms of flexural stiffness and resistance. In this 
respect . the freedom for the designer to select the most convenient joint for design. 
fabrication or erection is quite important. Such a freedom is offered by the new revised 
Annex J of Eurocode 3 on "Joints in Building Frames". 

Or Ir .. Rese.rch Assoc,ale FNRS. MSM Departmenl. Un'vers~y 01 LI~e. 4000 Li~e. Belgium 
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Through the so-called "component method" [(JASPART and MAQUOI, 1994) and 
(JASPART et ai, 1995)], Annex J allows the designer to cover a large range of usual 
structural joints. The understanding of the "component method" philosophy and of ~s 
application requires anyway some time and efforts from the designer; it has therefore 
been felt that Simplified design guidelines should be prepared so to allow him to profit 
directly and in an easy way from the advantages linked to the new design concepts on 
Jomts. 

The opportunity to develop such simplified tools has been given to the above-mentioned 
SPRINT partners who prepared these two last years a set of design guidelines, a free 
copy of which has been made available to each of the Workshop participants. 

2. THE SPRINT DOCUMENT 

The SPRINT documents contains the six fo llowing chapters : 

Chapter 1 : Simple design model for joint stiffness and resistance calculation 
Chapter 2 : Stiffness and resistance calculation for beam-to-column joints w~h 

extended end plate connections 
Chapter 3 : Stiffness and resistance calculation for beam-to-column joints ~ 

flush end plate connections 
a) End plate height smaller than beam depth 
b) End plate height larger than beam depth 

Chapter 4 : Stiffness and resistance calculations for beam splices with flush end 
plate connections 
a) End plate height smaller than beam depth 
b) End plate height larger than beam depth 

Chapter 5 : Stiffness and resistance calculation for beam-to-column joints w~h 
flange cleated connections 

Chapter 6 : Global analysis of frames with semi-rigid joints. 

The first part of Chapter 1 gives general indications about the semi-rigid behaviour of the 
jomts, their modelling for frame analysis, their characterization through the componenl 
method. the idealization of their characteristic M-¢ curves and their classification, in terms 
of stiffness , as pinned, semi-rigid and rigid . 
The second part of Chapter 1 gives guidelines on how to use the design tools for joints 
described in Chapters 2 to 5. 

How to perform the global structural analysis of a frame, the constitutive joints of which 
have been classified as semi-rigid is explained in a simple way in Chapter 6. In this 
chapter, the designer's attention is turned to elastic methods of global analysis which are 
of first interest m daily design practice. 
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3. THE DESIGN TOOLS FOR JOINTS 

For design purposes, design aids are detailed in chapters 2 to 5. Chapter 2 is partly 
reproduced, as an example, at the end of the present paper. Each of these chapters is 
devoted to a specific type of joint. It is composed of two parts: 

a. a calculation procedure, presented in the format of design sheets; 
b. design tables. 

The calculation procedure is aimed at assisting the designer who is willing to take account 
of all the capacities of the semi-rigidity, without having to go through the more complex 
approach of Annex J of Eurocode 3. 

For a specific joint, a first design sheet is devoted to the useful mechanical and 
geometrical characteristics of the joint under consideration. In the following sheets, the 
calculation procedure gives the expressions of both stiffness and resistance for all the 
components of the joint. How to derive the global properties of the whole joint, i.e. its 
nominal stiffness and its design moment resistance , is summarized at the end of the 
design sheet. Additional design considerations are given in Chapter 1. 

Of course the shear resistance of the joint is of major importance for the design. It is not 
given in the design sheets for sake of clarity. Relevant information in this respect is 
however provided in Chapter 1 (as well as information on weld design). 

The second part of each of the chapters 2 to 5 consists in design tables, which can be 
used in a straightforward manner as an alternative to the design sheets. These design 
tables are established for standard combinations of connected shapes and provide the 
designer with the values of: 

• the initial stiffness S j", and the reduced stiffness S j . .j2 to be possibly used 
for elastic design; 

• the design moment MAd and the shear resistance V"" of the joint; 
• the component of the joint which is governing the moment resistance ; 
• the reference lengths in case of a braced (L,.,) or unbraced (L".,) structural 

system. 

The knowledge of the "governing component", and of its ductility, allows to determine the 
level of rotation capacity for the joint while the reference length allows to classify the joint 
as pinned, semi-rigid or rigid. Reference lengths are boundaries to which the actual 
beam span (beam to which the considered joint is attached) has to be compared. Too 
such reference lengths exist for each joint: 

one to distinguish between a rigid and a semi-rigid joint; 
one to distinguish between a semi-rigid and a pinned joint. 

The design tables have been obtained from the expressions given in the design sheets 
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but by taking some options which genera1ly give conservative results. There are however 
some extreme situations where the use of the design tables cannot be furthermo,. 
recommended. These situations are mostly related to the stress state - shear and direct 
stresses - which exists in the column web panel and is controlled by factors ~ and fl. 
Some comments regarding the physical meaning and the values of ~ and fl. 
recommended for the use of design sheets or adopted implicitely in the design tables, n 
given in Chapter 1. 

In the design tables, the following information is provided to the designer for what 
concerns the classification : 

a number followed by the label R: the number is the reference length, the label A 
means that the reference length is the upper boundary between rigid and semi­
rigid ; 
a label P followed by a number: the number is the reference length, the label P 
means that the reference length is the lower boundary between pinned and semi­
rigid. 

In the case of non reasonable values for the reference length, only an ad-hoc indication 
P, R or S is given (S for semi-rigid). 

4. THE DIFFERENT WAYS TO USE THE DESIGN TOOLS 

The SPRINT design sheets and tables can be used in isolation or in combination so 10 
assist effeciently the designer in different situations which can resu~ from the design 
procedure he has decided to follow. Some examples are discussed hereafter. 

• The predesign and the design of the frame is based on the assumption that the 
constitutive joints are rigid or pinned. At the end of the design procedure, the 
Joints have to be designed so to resist the internal forces resu~ing from the 
structural analysis and to fulfil the stiffness requirements (pinned or rigid) . In such 
a case, the tables can be used to select an approximate joint. 

• To get rigid joints, transverse stiffeners are traditionnally welded on the columns. 
at the level of the beam flanges. I n the tables, it is seen that several unstiffened 
joints (mainly joints with extended end plates) may be considered as rigid for frame 
analysis. In this respect, the tables allow the designer to profit from a substantial 
economy on the joint fabrication (no stiffeners) without altering at all the design 
procedure he is used to apply (rigid design). 

• When predesigning a frame, economical benefit from the semi-rigid design may 
be achieved more easily by selecting, through the use of the design tables, the 



Steel Momenl Connection According 10 Eurocode 3 163 

most convenient Joint for fabrication and erection as well as the corresponding 
structural properties. 

• For joints, components of which are different from these listed in the tables, a 
combined use of the design sheets and tables can strongly reduce the amount of 
calculations to be done to characterize the response of the joints. 

5. CONCLUSIONS 

To achieve an economical design of the frames and of the constitutive joints - as it is now 
possible through the new possibilities offered by Eurocode 3 - the designers require 
design tools adopted to their search of efficiency and profitability. The RA 351 SPRINT 
has performed a step 10 this direction by establishing design tables and design sheets for 
commonly used types of beam-to column joints and beam splices. These design aids 
allow the desIgner to select the well known fully rigid joints or fully pinned joints or to selct 
semi-rigid jOints which generally give a significant benefit by simplifying joint details 
thereby reducing shop and erection costs. 
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Chapter 2. 1. Calculation procedure. 
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STIFFNESS RESISTANCE I 
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Chapter 2. 2. Design table. 
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STRENGTH OF MOMENT END-PLATE CONNECTIONS 
WITH MUl nPlE BOLT ROWS AT THE BEAM TENSION FLANGE 

Thomas M. Murray' 

Jeffrey T. Borgsmille~ 

Abstract 

A design method for the multiple row. eight bolts at the tension flange. moment 
end-plate connection is presented. The method uses yield-line theory to 
determine plate size and the modified Kennedy method. which includes prying 
force effects. to determine bolt size. Ten full-scale test results were used to verify 
the method. 

1. INTRODUCTION 

In North America. moment end-plate connections are used primarily in pre­
engineered metal buildings. To reduce inventory costs. manufacturers currently 
attempt to stock a minimum number of bolt diameters. The required strength for a 
connection is then obtained by increasing the number of bolt rows at the tension 
flange from the usual one or two to as many as six. rather than by the more 
traditional method of increasing the bolt diameter. This increase in bolt rows 
significantly effects the complexity of the design procedure. In the following 
sections. a design procedure for the eight bolt at the tension flange. extended. 
unstiffened. moment end-plate connection shown in Figure 1 is presented. Yield­
line analysis is used to determine end-plate strength and the so called "modified 
Kennedy method" is used to estimate bolt forces including prying effects. The 
procedure is verified using data from ten tests. 

'Montague-Betts Professor of Structural Steel Design. Department of Civil 
Engineering. Virginia Polytechnic Institute and State University. Blacksburg. VA 
24061 . 

' Design Engineer. J. Mueller Intemational. 400 N. Michigan Avenue. Suite 1500. 
Chicago. Il 60611 . 
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2. CONNEC"PION STRENGTH 

2.1 End-Plate Strength 

The end-plate strength is determined using classical yield-line analysis. Morrison 
et al (1986) showed that two yield-line mechanisms must be evaluated for the 
end-plate configuration shown in Figure 1. The yield-line patterns of these 
mechanisms differ in the location of a single pair of yield lines within the depth of 
the beam near the beam tension flange. The equations for required plate 
thickness, t,., for each mechanism are as follows: 

Mechanism I: 

bt (1 h h - pt h - Pt3) ( ( h - Pt ) - - +-+-- +-- +2 Pt l+ Pb13 + u --
2 2 Pt,D PI,I u .. 9 

Mechanism II: 

u = ~~bf9 
2 

V2 

(1 ) 

(2) 

V2 

(3) 

(4) 

The parameter, u, is found by taking the derivative of the internal wor1< 
expressions with respect to u and setting equal to zero. 

2.2 Bolt Strength 

Yield-line theory predicts a moment capacity for end-plate connections which is 
controlled by yielding of the plate. It does not predict the connection capacity 
based on bolt rupture. Because both the plate and the bolts are essential to the 
connection performance, it is necessary to analyze the capacity of the connection 
based on bolt forces including prying action. Experimental tests have shown that 
prying action in the bolts arises when the end-plate deforms out of its original flat 
state. As shown in Figure 2, contact points are made when the plate deforms, 
giving rise to the points of application of prying forces. A simplified form of a 
method introduced by Kennedy et al. (1981) has been adopted for predicting the 
connection strength for the limit state of bolt rupture which includes prying action. 
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The primary assumption in the Kennedy method is that, as the end-plate deforms 
out of its original state, it displays one of three stages of behavior depending on 
the thickness of the plate and the magnitude of the applied load. The three 
stages of plate behavior are thick, intermediate, and thin. Each stage of plate 
behavior has a corresponding equation for calculating the prying force which is 
incorporated into the bolt force calculation. Once the stage of plate behavior is 
determined, the prying force, and hence, the bolt force can be calculated. The 
moment at which bolt failure occurs, M, .... , is designated as the moment at which 
one of the bolts first reaches its proof load. The bolt proof load, P" is calculated 
by multiplying the bolt cross-sectional area, A." with the nominal tensile strength 
of the bolt, F,.. 

The modified Kennedy method has been proven to be quite accurate for 
predicting bolt forces with prying action in end-plate connections at any stage of 
loading (Murray 1988). However, extensive calculations and iterations are 
involved. When considering the ultimate strength of the connection, these 
calculations can be reduced considerably. 

After reviewing the results of previously conducted connection tests, two rational 
assumptions were devised to simplify the bolt force calculations in the Kennedy 
method. The first assumption considers bolt yielding. It was evident that, in most 
of the tests, the connection continued carrying load beyond the point at which the 
first bolt reached its proof load, M, .... (Figure 3). Because the proof load of a bolt 
designates the point at which yielding commences, and because of the ductile 
nature of steel , it can be assumed that bolts that have reached their proof load 
can continue yielding without rupture until the other bolts reach their proof load as 
well. This assumption is justified by the notable yield plateau on bolt stress-strain 
graphs obtained by Abel and Murray (1992). The second assumption is a 
conservative one, and states that when a bolt reaches its proof load, the plate 
behaves as a "thin" plate and the maximum possible prying force, 0 """, is 
incorporated into the bolt analysis. 

When calculating the connection strength using the simplified approach, all load­
carrying bolt forces are set equal to their proof load, p" then the maximum 
possible prying force for a given end-plate configuration, 0""", is calculated, and 
the two are incorporated into the analysis of the connection strength for the limit 
state of bolt rupture. If a bolt does not carry any load, its force is always equal to 
the minimum pretension force, Tb, specified. A "Ioad-carrying bolt" is one that has 
been experimentally proven to carry load in an end-plate connection. For 
instance bolts B" B2, and B. in Figure 3 show an increase in bolt load as the 
applied moment increases, whereas B, stays at approximately the pretension 
force throughout the entire test. The load-carrying bolts in this hypothetical test 
are therefore B" B2 , and B •. 

Using the above assumptions, the predicted ultimate moment capacity, M" of the 
connection for the limit state of bolt rupture including prying action in any end­
plate configuration is calculated by: 
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max 

Ni Nj • 
L 2(Pt - Omax}id+ L 2(Tb}jd 

i=1 j=1 
N 
L 2(Tb}n d 

n=1 

(5) 

where N, = the number of load-carrying bolt rows, Nj = the number of non-Ioad­
carrying bolt rows, N = the total number of bolt rows, d = the distance from the 
respect ive bolt row to the compression flange centerline, and the subscript q 
signifies that prying action is included. It is noted that the general expression for 
M, is not always algebraically correct for all end-plate configurations when 
summing the moments. Much depends on the assumed location of the maximum 
prying force, a.".,. Because of the fact that it is impossible to pinpoint the exact 
location of the prying force, and in keeping the design of all end-plate 
configurations unified, Equation 5 has been adopted to predict the ultimate 
strength of the connection when controlled by bolt force. The maximum possible 
prying force for an end-plate configuration, A."." is calculated using (Kennedy 
1981 ): 

wt2 

Omax = 4: 
and F' is: 

F2 _3(~)2 
PY wt 

P 

F'= t~Fpy(0 . 85br /2 + 0.80w'} +7td~FYb /8 

4Pr 

(6) 

(7) 

Kennedy et al. (1981) caution that, if the quantity under the radical in Equation 6 
is negative, the end-plate will fail locally in shear before prying forces can be 
developed, and the connection is inadequate for the applied load. Also, the 
distance 'a' is dependent on whether A."., is being calculated for an interior bolt 
or an exterior bolt. For interior bolt calculation from (Hendrick et a/1984) 

a; = 3.682(t"tdb)' - 0.085 (8) 

When calculating a."., for an outer bolt, a is the minimum of: 

ao= (9) 
min Pext - Pr,o 

where p"" = the distance from the outer face of the beam tension flange to the 
edge of the end-plate extension, and p." = the outer pitch distance between the 
outer face of the beam tension flange and the centerline of the exterior bolt line. 

To verify the above for the multiple row end-plate configuration shown in Figure 
1, ten full-scale tests were evaluated. The bolt force versus applied moment plots 
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of six of the ten tests indicate that all of the bolts carry a portion of the applied 
load except for the middle row of interior bolts. In one test, the bolt force of the 
middle row of interior bolts was not plotted against the applied moment, as the 
appropriate data was "not available" (Morrison e/ a/., 1986). The deformed shape 
of the end-plate in most tests is as shown in Figure 2. It was therefore concluded 
that the load-carrying bolt rows are the exterior, first interior, and far interior lines 
of bolts. The moment capacity of the connection controlled by bolt rupture is then 
obtained from expanding Equation (5): 

max 

2(Pt - a max,OXd1)+ 2(Pt - a max,iXd2 + d.) + 2(Tb)d3 

2(Pt - amax,oXd1) + 2(TbXd2 + d3 + d.) 

~Pt - amax,IXd2 +d4)+2(TbXd1 + d3) 

2 TbXd1 +d2 + d3 + d4 ) 

(10) 

where a mu •• and a_, are calculated from Equation 6. Two different values of F' 
are used in the prying force calculations. F', is used in calculating a...,.,1 with the 
inner pitch distance, PI,I, and F'. is used in calculating a_. with the outer pitch 
distance, PI .•. Both F', and F'. are calculated from Equation 7. The values a, and 
a. are calculated from Equations 8 and 9, respectively. The d; distances are 
measured from the centerline of the compression flange to the centerline of the 
respective bolts. 

3. Comparison of Experimental Results and Predictions 

To compare the experimental results to the predicted strength of the connections, 
it was necessary to determine the experimental failure load of each test. 
Depending on the shape of the applied moment versus end-plate separation plot 
from the experimental tests, one of two different failure loads was identified, M, or 
My. Applied moment versus end-plate separation plots came as a result of 
placing measuring devices on the end-plates at or near the beam tension flange 
during the test procedure. These plots are an indication as to whether or not the 
end-plate yields. If the plot has a nearly horizontal yield plateau, such as Plot A 
in Figure 4, the failure load of the specimen is taken as the maximum applied 
load in the test, M,. From a design standpoint, this is acceptable since the 
maximum applied load in the test closely correlates to the point at which the 
connection yields. A connection displaying this behavior is in relatively little 
danger of experiencing excessive deformations under service loads. Plot B in 
Figure 4 shows a curve with no distinct yield point and a sloped yield plateau. 
Connections displaying this type of applied moment versus end-plate separation 
behavior would experience large deformations under working loads if the design 
failure load were assumed to be the maximum applied moment in the test. 
Therefore, the failure load is determined to be near the point at which the 
connection yields, M,. This experimental yield moment is established by dividing 
the applied moment versus end'plate !\eparation plot into two linear segments 
which intersect at the yield moment. 
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The maximum applied moment, Mu, and experimental yield moment, My, for each 
of the ten tests were determined and are shown in Table 1. It was necessary to 
establish a numerical threshold for distinguishing which value, Mu or My, to use for 
the experimental failure load, M.... In some cases, it was difficult to determine 
whether some of the applied moment versus plate separation plots displayed the 
behavior of Plot A or Plot B in Figure 4. This threshold was empirically 
established through the ratio of My to Mu, and is expressed as follows: 

if M,lMu < 0.75 

if M,lMu > 0.75 

(11 ) 

(12) 

It should be noted that this threshold is an approximate one, and that if the M/Mu 
ratio is approximately equal to 0.75,+1- 0.02, either value, My or Mu, can be taken 
as the experimental failure load. The values corresponding to the appropriate 
experimental failure load of each test are shown shaded in Table 1. 

Once the connection strength predictions for the end-plate yield and bolt rupture 
limit states are calculated, a final, controlling connection strength prediction, 
M .... , is chosen. To do so, an important assumption is necessary: the end-plate 
must sufficiently yield for prying action to occur in the bolts. If the end-plate does 
not substantially deform out of its original state, there can be no points of 
application for prying forces. This concept was originally introduced by Kennedy 
et al. (1981), as they presented the three stages of plate behavior caused by 
increasing load. The circumstance initiating the different stages of plate behavior 
is the formation of plastic hinges, or end-plate yielding. 

The outcome of this assumption is the concept of a ' prying action threshold: 
Until this threshold is reached, the plate behaves as a thick plate, and no prying 
action takes place in the bolts. Beyond the threshold, maximum prying action 
occurs in the bolts due to the sufficient deformation of the plate. The prying 
action threshold is taken as 90% of the full strength of the plate as determined by 
yield-line analysis, or 0.90M~. Thorough review of the past experimental data 
has lead to the conclusion that the plate begins deforming out of its original state 
at approximately 80% of the full strength of the plate, or 0.80M~. However, to 
assume maximum prying action in the bolts at the point at which yielding in the 
plates commences would be unreasonably conservative. Therefore, it was 
assumed that the plate has deformed Sufficiently at 90% of the plate strength to 
warrant the use of maximum prying action in the bolts. The predicted strength of 
the connection is controlled by the following guidelines: (1) if applied moment < 
0 . 90M~, then thick plate behavior exists, or (2) if applied moment > 0. 90M~, then 
thin plate behavior exists. 

If the plate behaves as a thick plate, no prying action is considered in the bolts. 
Calculation of the connection strength for the limit state of bolt rupture with no 
prying action, Mop, follows the same philosophy outlined above, except Q""" is set 
equal to zero and ID! of the bolts in the connection are assumed to carry load. 
The connection strength for the limit state of bolt rupture with no prying action is 
therefore calculated from a revised version of Equation 5: 
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(13) 

where N = the number of bolt rows, d, = the distance from the respective bolt row 
to the compression flange centerline, and 'np' signifies that no prying action is 
included. 

Once Mnp, M., and M", are known, the controlling prediction of the connection 
strength, M_, can be determined. As mentioned earlier, the prying action 
threshold is 90% of the plate strength, or 0.90M",. If the strength for the limit state 
of bolt rupture with no prying action, Mnp, is less than the prying action threshold, 
the connection will fail by bolt rupture before the plate can yield and before prying 
action can take place in the bolts ('thick' plate failure). If the strength for the limit 
state of bolt rupture with no prying action, Mnp, is greater than the prying action 
threshold, prying action takes place in the bolts, because the plate yields before 
the bolts rupture. If the strength for the limit state of bolt rupture with prying 
action, Mo, is less than the strength of the plate, M"" the connection will fa il by 
means of bolt rupture with prying action before the plate can fully yield. However, 
if Mo is greater than M"" the connection will fa il by plate yielding. In summary: 

M .... = Mnp 

M" .. = M. 

M" .. = M", 

if Mnp < 0.90M", 

if O. 9OM", ~ Mnp and M. ~ M", 

if M", < M. 

(14) 

(1 5) 

(16) 

The predicted and experimental results for ten multiple row moment end-plate 
connection tests are listed in Table 1. Included in the table are M., M"" 0.90M"" 
M .. , M .... , My, and M.. Note that in the cases where M", < M., it was not 
necessary to calculate either O.90M", or M .. as the connection strength was 
controlled by M"" thus the dashes in the columns containing O.90M", and Mnp. 
Also in the table are design ratios, comparing M .... to My and M.. A design rat io 
smaller than 1.0 is conservative, and a design ratio larger than 1.0 is 
unconservative. The shaded values are the ratios corresponding to the 
applicable fa ilure load, determined by the My to M. ratio as described above. If 
M/M. < 0.75, the applicable design ratio is M,...IMy; if M/M. > 0.75, the 
applicable design ratio is M",.,IMu. 

Design ratios for the ten tests ranged from 0.87 to 1.39, indicating scatter in these 
results. However, aside from the value equal to 1.39, the other nine test deSign 
ratios vary from 0.87 to 1.10. The test that produced a design ratio of 1.39 was 
conducted by SEI (1984), who said, 'the yield-lina prediction of the failure load 
[is] not close since the failure was due to large bolt forces and the full strength of 
the plate was not reached.' This confusing statement would lead to the 
conclusion that bolt prying action can occur prior to plate bending. However, due 
to the overwhelming evidence against this statement, it can be concluded that, 
with the exception of the one test, the sifnplified procedure accurately predicts the 
failure load of multiple row extended end-plate configurations. 
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4.0 Conclusions 

A simplified design procedure for eight bolts at the tension flange, extended, 
unstiffened end-plate moment connections presented appears to accurately 
predict the failure moment as determined from ten full-scale tests. 
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Table 1. Predicted and Experimental Results 

Moments (k·It)(7) Design ratiost<) 

Test(') Mq M .. 0.90 M .. M"" M .... ,t2) M,(J) M
II

(") M,IM.(5) M ....... M, 

Borgsmiller et a/. (1995) 1-314-64 2081 .7 1810.4 - - 1810.4 1870 1870 1.00 0.97 

Morrison et a/. (1986) 314-318-30 505.5 258.9 - - 258.9 270 404.9 0.67 0.96 

Morrison et a/. (1986) 1·112-30 900.5 325.6 - - 325.6 300 425.1 0.71 1.09 

Morrison et a/. (1986) 7/8-7/16-46 1114.5 570.0 - - 570.0 520 866.1 0.60 1.10 

Morrison et a/. (1986) 1 1/8-5/6-46 1727.4 966.7 - - 966.7 975 975.1 1.00 0.99 

Morrison et al. (1986) 1 1/4-5/8-62 2697.8 1166.5 - - 1166.5 1200 1635 0.73 0.97 

Morrison et al. (1966) 1 112-3/4-62 3648.0 1601 .6 - - 1601.8 1600 2329.6 0.69 100 

Rodkey and Murray (1993) 314-518-33 114 600.0 760.1 684.1 783.7 600.0 690 692.5 1.00 0.87 

SEI (1984) 314-112-62 1089.7 923.2 - - 923.2 750 929 0.81 1.23 

SEI (1984) 1-314-62 2050.7 1896.3 - - 1896.3 1250 1364 0.92 1.52 
- -- - - -

'-Test designation: db - t, - h all in inches 
'-If M,. < O.90M .. , M .... = M,,; If 0.90 M" < M.,. and Mq < M .. , M .... = Mq; If M,. < Mq. M .... = M .. 
'-M, was determined from the plot of applied moment vs. end-plate separation via two intersecting lines. 
'-M. = the maximum applied moment in the test. 
'-If M,IM. < 0.75 (+1- 0.02) use M....,tM, ratio, if M,IM. > 0.75 (+1- 0.02) use M .. .JM. ratio. Values to be used are shown shaded. 
"-If Design ratio> 1.0. prediction is unconservative; if Design ratio < 1.0, prediction is conservative 
'-1 kips-It = 0.738 kn-m. 

M ....... M. 

0.97 

0.64 

0.77 

0.66 
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STIFFENED SEATED CONNECTIONS ON COLUMN WEBS 

Duane S. Ellifritt ' 

Thomas Sputo' 

Andrew S. Miller' 

ABSTRACT 

In multistory braced frame construction, the connection of choice for simple con­
nections between beams and column webs is the seated connection. This connec­
t ion lends itself to ease of erection because of its greater tolerance when com­
pared to framing angles. The strength and stability of the column web supporting 
these connections is a factor questioned by many engineers. Research has been 
undertaken to study the behavior of this connection. Fifty-three connections were 
tested . limit states of column web yielding, weld shear, stiffener buckling, and 
beam-column failure were noted . 

1. INTRODUCTION 

In multistory braced frames, simple connections of beam to column web are often 
made by beam seats for ease of erection . In more heavily loaded connections, a 
stiffened seat, is frequently used to support the beam reaction . The design of 
such seats is an area where little guidance is available because of the lack of 
research. Elastic design procedures for stiffened seats generally consider first 
yield as the limit state. Because the co lumn web is a highly indeterminate system 
with a high shape factor, the range of additional load between first yield and 
ultimate inelastic failure is large. If plastic analysis is used, some of the inconsis­
tencies of the elastic method are removed . The most significant advantage of 
plastic analysis, is the additional strength derived from the redistribution of 
stresses due to yielding. 

, Professor of Structural Design, Univers ity of Florida, 345 Weil Hall, Gainesville, 
FL, USA 
, Chief Engineer, Sputo Engineering, Gainesville, FL, USA 
, Former Graduate Student, University of Florida, USA 
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2. YIELD' LINE ANALYSIS 

Abolitz and Warner (1965) have calculated the yield line collapse mechanism for 
a T-shaped seat, considering the flange to web connection as fixed and hinged. 
The fixed situation is shown in Figure 1. The ultimate load may be calculated as 

P, = k L m 1 e (1 ) 
where : 

p. = Ultimate applied load 

k = Yield line factor 

= A ( C(D) + E + G ) 

A = 2 1 (2T-B) 

C = 2 + (O.B66T/L) 

D = ((T-B)(3T + B)) I/2 

E = T(T-B)/2L 

G = 4L + 3.464T 

L = Stiffener length 

m = Moment capacity of a unit width of plate 

= 1/4 tw' F 

tw = Column web thickness 

e = Load eccentricity 

T = Clear distance between column web fillets 

F = Limiting stress 

B = Seat width 

3. PHA SE ONE TESTS 

In Phase One tests were performed on 16 welded stiffened seated connections on 
column webs, with column web aspect ratios in excess of the mean aspect ratio 
of standard rolled wide-flange shapes . Connections were loaded through a 
reaction beam. Each connection was tested both with and without an applied 
column axial load, for a total of 32 tests. 

All fa ilure modes were that of weak axis inelastic beam-column failure . Whitewash 
applied to the test columns showed visually the beginnings of the formation of the 
yield line mechanisms. Because the test column flanges were torsionally weak, 
compared to those of sections usually used as columns, a large degree of out of 
plane rotation of the flanges was noted. This flange rotation tended to relieve the 
stresses in the column web and thereby prevented the yield line mechanism from 
proceeding to completion. 
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Figure 1. Yield line Pattern 

4 . PHASE TWO TESTS 

In Phase Two, tests were performed on 16 welded stiffened seated connections, 
15 to column webs, and one to a column flange as a baseline test . The column 
sections tested were W250x49 (W10x33), W310x60 (W12x40), and W360x91 
(W14x61). These sections were chosen as representative of normal column sec­
tions with relatively high web slenderness ratios (T/t w )' The connection chosen 
had a stiffener length of 203 mm (8 in.), a seat width of 165 mm (6.5 in.), and an 
outstanding leg of 152 mm (6 in.). The erection bolts were 22 mm (7/8 in.) A-325 
bolts , placed 76 mm (3 in.) out from the column face . 

The reaction beam was a welded girder of 480 mPa (70 ksi) steel. The flange 
plates were 152 mm (6 in.) by 19 mm (3/4 in .) and the web plate was 356 mm 
(14 in.) by 13 mm (1/2 in.) . 

Failure loads for all 16 tests are shown in Table 1. The initial series of three tests 
had the beam connected to the seat by the erection bolts, but without an erect ion 
angle being anached to the top flange of the beam. The mode of failure for these 
connections was weld shear as shown in Figu,re 2. 

The second series of tests again had the beam bolted to the seat, but a 
l102x102x6.4 (L4x4x1 /4) erection angle was welded along the angle toes to the 
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W250x49 

W310x60 

W360x91 

W250x49 

W310x60 

W360x91 

W250x49 

W310x60 

W250x49 

W310x60 

W360x91 

W250x49 

W310x60 

W360x91 

W360x91 

D. S. Ellifnll tl aJ. 

Table 1. Phase Two Test Results 

Section p, ... PUlT P, ... IPUlT 

(W10X33) NA 652 (146.6) 

(W12X40) NA 451 (101.5) 

(W14X61 ) NA 468 (105.3) 

(W10X33) TA 425 (95.5) 

(W12X40) TA 358 (80.5) 

(W14X61) TA 535 (120.3) 

(W10X33) TA-R 495 (111.3) 

(W 12X40) TA-R 498 (112.0) 

(W10X33) TA-WAA 371 (83.4) 

(W12X40) TA-WAA 378 (85 .0) 

(W14X61) TA-WAA 401 (90.2) 

(W10X33) TA-R-W 201 (45 .1 ) 

(W12X40) TA-R-W 227 (51 .1) 

(W14X61) TA-R-W 201 (45.1) 

(w14X61 ) TA-FLA 258 (57 .9) 

NA 
TA 

= No erection angle Installed 
= Top angle installed 

327 (73.6) 

327 (73.6) 

327 (73.6) 

327 (73.6) 

327 (73.6) 

327 (73.6) 

327 (73.6) 

327 (73.6) 

509 (114.4) 

509 (114.4) 

509 (114.4) 

327 (73.6) 

327 (73.6) 

327 (73 .6) 

246 55.2 

R 
WAA 
W 
FLA 
p, ... 
PUlT 

= Weld return of 13 mm (1/2 in .) on seat 
= Weld across both top and bottom of seat 
= Beam welded to seat in addition to erection bolts 
= Connection attached to flange rather than web 
= Test failure load, kN (kips) 
= Unfactored ultimate design load, kN (kips) 

1.99 

1.38 

1.43 

1.30 

1.09 

1.63 

1.51 

1.52 

0 .73 

0.74 

0 .79 

0.61 

0.69 

0 .61 

1.05 

Note: 1. All welds are 6.4 mm (1/4 in.) E70 fillet welds except for 
W360x91 (W1 4x61 ) TA-FLA, which was 4 .8 mm (3/16 in.) 
fillet . 
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Figure 2. Shear Failure 01 Welds 

top flange of the beam and column web. as is recommended in the Manual of 
Steel Construction (1993). Again. the mode of failure for these connections was 
weld shear . Large rotations of the column web were eVIdent during the testing. 
These large rotations. which exceeded the end rotat Ion of the beam. are a cause 
of beam web crippling and yielding. Figure 3 shows the amount of rotat ion of the 
seat dunng a test. 

It was noted from the initial six tests that the weld fai lure began at the corners of 
the seat nearest the column flange . It was assumed that this was because of a 
stress concentration due to a shear lag effect . This effect would be caused by the 
force in the seat plate and weld "migrating" towards the stiffer column flanges. 
Based on this observatIon. some spec imens had a weld return of 13 mm (1/2 In.) 
placed around the corner of the seat plate. 

The third senes of tests had the beam again bolted to the seat . and a top angle In 

stalled. but with the add ition of the weld returns . The mode of faIlure for thIs 
senes of tests was again weld shear. but at a higher load than the second senes. 
indicating that the return did. in fact. help wIth thIs stress concentratIon due to 
shear lag . Test W14X61 TA·R had strain gages installed on the seat . which con­
firmed the stress gradIent In the seat. w ith a high concentratIon at the corners of 
the seat . • 
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I 

Figure 3 . Rotation of Seat and W eb Under Load 

In the prevIous nine tests, the weld failed before the yield line mechanism could 
proceed to failure. Evidence of the mechanism beginning to develop was shown 
by the flaked whitewash in the regions where yielding was predicted to develop. 
The fourth series of tests had the weld on the seat carried fully around the seat, 
hoping to provide enough weld strength to allow the yield line mechanism to fully 
develop to failure . The mode of failure for this series of tests was tearing of the 
column web at a greatly reduced load. The column web was too thin to fully 
develop the welds and it tore prematurely, at a load below that pred icted by the 
weld strength Or yield line criteria. 

The fifth series of tests had the beams bolted and welded to the seat with 51 mm 
(2 In.' of 3.2 mm (1/8 in.' fillet weld . As with previous tests, a welded top angle 
was installed . The failure loads with the beam welded to the seat were lower than 
those with only erection bolts installed . It was probably because the welds 
Increased the effective eccentricity on the connection welds to the column, there­
by Increasing the stress In the welds, causing premature failure . 

The last test was a seat welded to the flange of a W360x91 (W14x61, column 
With 4 .8 mm (3/16 In.' E7013 fillet welds. The beam was bolted to the seat, and 
a welded top angle was installed. This connection failed at a load slightly higher 
than predicted by the present design method, thereby verifying it and providing a 
good baseline by which to judge the web connections. 
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A connection should be judged satisfactory if P, ... /PlA.T is greater than 1.0 . Looking 
at Table 1, the first three series of tests meet this criteria . While the weld return 
did increase the strength of the connection , it is judged not necessary because 
connections without the weld return performed satisfactorily when compared to 
those with weld returns , and could in fact, cause erection clearance problems. 

The fourth and fifth series of tests did not meet this criteria. Therefore, welding 
all around the seat is seen to be counterproductive. Welding the beam to the seat , 
should also not be done. This welding is seen to be redundant, since the erection 
bolts must be installed initially to properly place the beam. 

5. CONNECTION LIMIT STATE CRITERIA 

Laboratory testing indicates that two modes of failure need to be considered : con­
nection weld strength and web yielding . Addit ionally , web crippling and web 
yield ing of the supported beam must be considered . 

5.1 Weld Strength 

The load tables in both the LRFD and ASD Manual of Steel Construction 14,51 are 
based on weld stress with the load located at an eccentricity of 0 .8 times the out­
standing leg of the connection. How is the eccentricity affected by the location 
of the connection? When the connection is on a column flange , the connection 
will be less prone to rotate than the beam, thereby increasing the effective 
eccentricity . Because of this, the assumption of 0 .8 W is probably reasonable and 
safe. But when the connection is on the web, the web may rotate more than the 
beam, thereby decreasing the eccentricity, reducing to some extent the theoretical 
weld stress . Since the allowable load for weld stress is a combination of shear 
and tension due to eccentricity, varying the eccentricity does not make a drastic 
difference in the allowable capacity . 

But as noted in test W14X61 TA-R, the stress in the seat plate is decidedly non­
uniform, due to the previously discussed shear lag effect. Therefore, the weld 
stress at the outside corners of the seat plate is magnified, where initial failure 
begins. These two actions of shear lag and decreased effective eccentricity tend 
to counterbalance themselves, rendering the existing weld tables somewhat con­
servative . 

5.2 Column Web Yielding 

The yield line model used by Abolitz and Warner 1965, when properly modified, 
provides a convenient solution . The actual eccentricity of the load is the most 
sensitive variable in this method . The allowable load from a yield line analysis of 
the web is based only on the applied moment on t~e web, and is therefore directly 
related to the eccentricity of the load. 
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Because of previously noted reduction in eccentricity of the load, the design 
eccentricity should be considered as the distance from the column web face to the 
center of the bearing area of the beam _ The beam bearing area for the beam end 
should be considered to be between the end of the beam and the center of the 
seat erection bolts. Th is assumption is based on the observed fact that the 
eccentric ity of load in all test specimens moved toward the column face and 
rapidly decreased to approximately this value _ 

It is important to consider what stress value to use in the yield line analysis . It has 
been noted by many researchers that the ultimate capacity of a plate is far in 
excess of the yield strength. Packer and Bruno (19B6) have suggested the 
following effective yield stress, wh ich seems reasonable : 

F* = F, + 2/3(F, - F,) (2) 

This value considers the contribution of stra in hardening to the ultimate strength, 
as caused by the extensive rotations of the web along the observed yield line 
pattern . 

6. PHASE III TESTS 

After reviewing the results of Phases I and II, the AISC Research Committee felt 
there were a few other variables that needed to be explored . Six more tests were 
conducted, some with the seat extending beyond the stiffener and one with a 
much longer stiffener than had previously been tested. Since one of the concerns 
was excessive seat rotation in the web, it was felt that a longer stiffener would 
reduce this rotation. However, in the test, the stiffener buckled at around 3/4 of 
the ultimate load (See Figure 4). A list of the Phase III test specimens is shown in 
Table 2. All seats were attached to W14x61 columns. An additional effort in Phase 
III was to strain gage the web of the loading beam to see if some knowledge could 
be obta ined about the migrat ion of the resultant load point, or eccentricity . 

The results of these tests are shown in Table 3. It was found that the test speci­
mens had been over-welded. Instead of the 6.4 mm (1 /4 in.) welds specified on 
the drawings, the actual welds were actually 7.9 mm (5/16 in.) to 9.5 mm (3 /8 in.) 
in size. The calculated capacit ies in Table 3 reflect the actual weld size. 

CONCLUSIONS 

It is evident from laboratory testing of stiffened seat connections on column webs 
that the exist ing design criteria for stiffened seat connections to column flanges 
needs to be expanded to consider column web bending capacity and beam-column 
action to ensure proper performance . However, the AISC procedure for calcu­
lating the capac itY of a stiffened seat attached to the flange of a standard rolled 
W-shape can w ith a few minor exceptions, be safely used when the seat is 
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anached to the web. This has been added to the tables in the 1993 LRFD Manual , 
Volume II. If a "beam" type section is being used as a column, one must check 
the web using an analysis similar to the yield line analysis presented herem. 

It should be noted that the laboratory studies demonstrated that the column web 
possesses capacity in excess of that predicted from any prevIous analytical study. 
This is due to membrane stresses induced in the web due to large deflections, and 
increased material strength due to strain hardening. 
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Figure 4 . Stiffener Buckling 
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Table 2. Seat Dimensions for Phase Three Tests 

Bs w 

350· 

Is:::: ~TI 
sso· 

w w 

Test t, L, W' 
mm. (in.) mm . (in.) mm. (in.) 

1 9.5 (3 /8) 203 (8) W 

2 9.5 (3 /8) 406 (16) W 

3 9 .5 (3 /8) 203 (8) 178 (7) 

4 12.7 (1 /2) 203 (8) 178 (7) 

5 19.0 (3 /4) 203 (8) 178 (7) 

6 9 .5 (3 /8) 203 (8) W 

All columns are Wl4x61 
All stiffeners are 3/8" 
W is 102 mm (4 in.) for all tests 
B is 152 mm (6 in.1 for all tests 

Table 3. Phase Three Test Results Compared with AISC Calculated Values 

Test p , 
Peale _ T .. t 

1 592 kN 456 kN (102.6') 
(133.1')" 

2 788 kN (177.2')' 1344 kN (302.2') 

3 657 ~N (147.6') 289 kN (65.0') 

4 661 kN (148.7') 289 kN (65.0') 

5 812 kN (182.5') 289 kN (65.0') 

6 742 kN (166.9') 456 kN (102.6') 

• SliHener buckled .1 578 kN 1130" 
• • No top angle used . 
PTH t = Failure load from tests. 

PT .. t/PClllc 
1.30 

0.59 

2.27 

2.29 

2.81 

1.63 

P • Calculated weld failure load according to AISC procedure . 
actual values with 318 in. x 5/16 in. welds: 



StIffened Seated Connection on Column Webs J 9 

REFERENCES 

1. Abolitz, A.L. and Warner, M.E., Bending under seated connections. 
Engineering .Inllrnal, 1965, Vol.2, No.1. 

2. American Institute of Steel Construction, Manila! of Sleel 
Constrllction I cad and ResislanctLEactor Design. First Edition, 
Chicago, IL., 1986. 

3. American Society of Civil Engineers, ~astic DesigCLin..S1eeJ, New 
York, 1971. 

4. Hoptay, J.M. and Ainso, H. , An experimental look at bracket loaded 
webs. Engineering .Journal, 1981, Vol.18, No.1. 

5. Hopper, B.E., Batson, G.B. and Ainso, H., Bracket loaded webs w ith 
low slenderness ratios . Engineering Journal, 1985, Vol.22, No.1. 

6. Packer, J. A. and Bruno, T ., Behavior of bolted flange-plate 
connections in rectangular hollow tension members." Proceedings of 
the 10th Australasian Conference on Mechanics of Structures and 
Materials., 1986. 

7. Ellifrin, D.S .. and Sputo, T., "Stiffened Beam Seats on Wide-Flange 
Column Webs," Proceedings, 3rd International Conference on Steel 
Structures, Singapore, 1991 . 



PARTIAL FIXITY FROM SIMPLE BEAM CONNECTIONS 

Socrates A. loannides, Ph.D., S.E' 

Abstract 

The minimum connection stiffness required to produce a desirable reduction (say 20%) in 
the simple beam deflection is presented. New methodology, "the Visual Semi-rigorous 
Curve Fitting", is described and utilized to formulate and solve the problem. It is shown 
that for most ·standard shear connections" this amount of reduction is achievable. Three 
different predictors for estimating the minimum connection stiffness required to produce 
this reduction are presented and their limitations explained. 

1. INTRODUCTION 

Serviceability design often controls the selection of steel beam sizes. In calculating 
deflections for simply supported beams (with standard shear connections at the ends) the 
rotational stiffness of the connections is usually ignored. Rigorous inclusion of semi-rigid 
connections in the analysis requires advanced computer software and Moment-Rotation 
propert ies which are usually not available to the average designer. Is there a simple way 
of accounting for partial fixity of these types of connections (Fig. 1) to approximate the 
resulting simple beam deflections? This question formed the basis for this study. 

More than a decade ago, a fellow engineer (Ruddy 1984) suggested that he could design 
steel beams without referring to a steel manual for section properties. He used the 
following equation for allowable stress design: 

Wt = M· 5.21 d (1 ) 

, President, Structural Affiliates International, Inc. 
2424 Hillsboro Road, Nashville TN 37212; Tel (615) 269-0069 
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where: 

S. A. loannide 

M = Moment in Kip.Ft 
d = Depth of beam in inches 

Wt= Weight of section in LbslFt. 

II Th ere a Simple Way to 
Approx im ate the Denection 

of S imp ly Supported 
Beam., Takin g Partial 
Fixity into Account? 

Figure 1: Partial Fixity of Simple Beam 

This apparent oversimpliiication oi the design process intrigued the writer and led to a 
computer program to evaluate its accuracy at that time. Impressed with the closeness of 
this approximation the writer has utilized this formula for preliminary designs ever since. 
Figure 2 shows a plot of the actual divided by the predicted moment capacity of all the 
sections in the AISC (1989) database . 

.• ' r,-----------------------------------------

.... 
UO l 
u. ~ 

'" ------------------------------------------

Figure 2: Calculated 1 Predicted Capacity (Wt = M · 5.21 d) 
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AImed with more appropriate computer tools such as spread sheets and charting I graph 
routines the writer developed a technique for generating such approximations for various 
aspects of the design of steel structures. This technique, coined ·Visual Semi-ngorous 
Curve Fitting' was first presented by the author at the 1995 ASCE Structures Congress 
(Ioannides 1995) and will again be briefly explained throughout this paper. 

The original question has been reformulated to the following : 

" What are the minimum connection properties that would produce at 
least 20% reduction In the simple beam deflection?" 

The goals for this effort were thus defined as follows: 

• Develop a simple predictor expression (similar to Wt = M • 5.2 I d) for the minimum 
connection stiffness required to produce a 20% reduction in the simple beam 
deflection. 

• Utilize simple Visual Semi-Rigorous Curve-Fitting. 

2. BACKGROUND AND DEVELOPMENT 

A method for predicting the amount of deflection reduction when semirigid connections 
with known stiffness are uillized has been developed by Geschwindner (1991) . The 
resulting equation is: 

D 4 (2) -m --= 
D 5· (2u + 1) 

Where: n = Connection Stiffness 
u = (EI/L) I n 
0 = Simple Beam Deflection 
0 ... = Reduction of Simple Beam Deflection 

The variation of 0..,10 with respect to the stiffness ratio (u) is graphically depicted in 
Figure 3. 
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Figure 3: Variation of Reduced Deflect ion Ratio with Stiffness ratio 

The end rotation of a simply supported beam under uniformly distributed load is given by 
the following equation: 

e = WL
2 

or ML (3) 
s 24EI 3EI 

Assume Ud = 800/f, (AISC max.) then 

L =800d 

Iy 

Also, and 

Further, assume the allowable bending stress is: 

I=S·!!. 
2 

Substituting equations (4), (5) and (6) into equation (3) 

S . (0.61 ). 800d 
y 1 

e s = -----"~~ = 0.011 rad 
3·29000· S·-

2 

(4) 

(5) 

(6) 

(7) 
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In the forgoing development all symbols represent the standard AISC definitions. 

A typical moment-rotation curve is shown in Figure 4 superimposed with the beam line 
which shows the simple beam rotation of 0.011 radians and a fixed moment of WU12. The 
connection stiffness "n° is defined as the secant stiffness of the moment-rotation curve at 
the intercept with the beam line. For further development, assume that the rotation at this 
point (S,) is approximately equal to 0.01 radians. 

WU12 

Connection M- t1 

Figure 4: Typical Moment-Rotation Curve 

~-----------------------------------

End 
Plates 

~--------------------------~~---- ~ 

Double 
5,000 Angles 

Header 
Plaice 

and 
Bottom 
)"' yI0 3 

Shear 
11m ---- Pial •• --------------------------------------

cm ---------------------------------------

Figure 5. Typical Connection Sti ffness (K.Ft.lrad) @ 0.Q1 rad) 
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Non-availability of moment-rotation curves still remains the major hurdle in the utilizatiolt 
of semi-rigid connections by designers. loannides (1978) presented results for end plate 
connections and Goverdhan (1983) presented a compilation of all available tests at that 
time as well as simple predictor equations for different types of connections. The .. 
connections varied from the most flexible (double angles) to the most rigid (end plates), 
A visual scan of the reported results resulted in the range of stiffness at a rotation of 0.01 
radians indicated in Figure 5. As may be seen it is not difficult to achieve a stiffness at 
5,000 K.Ft.lrad. by almost any type of connection. Does this minimum stiffness produce 
20% reduction in the simple beam deflection? 

3, PROCEDURE 

3.1. Visual Semi-rigorous Curve Fitting 

This method (Ioannides, 1995) is a simple curve fitting technique that relies on visually 
matching the exact results from a design procedure to a predictor equation. The X-axis of 
the chart is composed of the sizes of the sections in the data base. The Y-axis represents 
the calculated values. Components of the predictor equation are selected by comparing 
the resulting shape of the exact solution to the shape of certain properties of the sections 
included in the data base, such as weight, depth, flange width etc. The property whose 
shape most closely matches the exact solution is first included in the predictor. 

The exact solution is then divided by the predictor and a new curve plotted. By visually 
observing the resulting shape, different powers of the selected property may also be 
investigated in an attempt to arrive at as straight a line as possible, with a slope of zero. 
The procedure is then repeated by including other section properties until the desired 
accuracy is achieved. Once a "straight line with zero slope" is achieved, a final numerical 
correction factor is included in the predictor such that the exacVpredictor capacities values 
are always less than unity. 

In choosing properties to be included in the predictor equation an attempt is made to utilize 
readily remembered properties such as the weight per foot, depth, flange width, etc. Also, 
simplification of the resulting equation (easily remembered) is usually favored over more 
accurate complex expressions. 
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1.2. Application to th is Problem 

The above described method was used to develop simplified predictor equations for the 
ninimum connection stiffness required to produce 20% reduction in the simple beam 
deflection. The following assumptions were made: 

• • • 
f, 
L 
n 

= 
= 
= 

36 Ksi 
22.2d (SOOdlf,) 
1000 to 100,000 

For all sections in the AISC database, and for the range of stiffness "n" defined above, the 
stiffness ratio ·u· is calculated. 0 . ./0 is then calculated and the results are plotted 
(FIQ.6). 

I ...... n=1,cro -n=e,~ -0- n=10,cro ..... n=£Al,cro ..... n=1,cro,crol 

0.70 RPl,-...lfr-4+~---I-lIr-----='¥f-\-+-------2 

0.5:> h-1H--'lA---.lj;--+-T--\-H~+--tlr-"""",-----1H*t--­

'0.40 -'H-H--H,.......2H-\-4-+-Ir----1~_Ho+<!,___i,r_-~I_\_f\+­
Q 

O.:D -.J..4..-+I1H---i-I---"~-I\--'!r---+-k--/,I-....lj,..t-Jl--I<>---~\-

Figure 6: D_m/D vari ation with " n" 
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The value of On" producing 20% reduction in simple beam deflection is also calculated and 
plotted (Fig. 7). 

50,000 

45,000 

40,000 '-, 
35,000 --
30,000 

I / 1/ 
/ 

/ / / J V 
/ I A II / 1/ 

A.:7C7 V vvv 

25,000 

20,000 

15,000 

10,000 

5,000 

o 

Figure 7: Value of "n" Producing 20% Reduction In Simple Beam Deflection 

The shape of the resulting curve in Figure 7 is visually examined and compared to similar 
curves plotted for the different properties of the database sections (these have not been 
included here for brevity) . The final predictor equation, chosen after several iterations of 
the Visual Semi-rigorous Curve Fitting algorithm, is: 

n = 3· Wt· d (8) 

Figure 8 shows the comparison of predicted vs. actual connection stiffness requ ired to 
produce 20% reduction in the simple span moment. As may be seen, despite its simplicity, 
the predictor approximates the exact results to within approximately 20%. Furthermore 
since the independent variables are the weight per foot and the depth of the section 
(parameters always known), the minimum connection stiffness required to produce 20% 
reduction in the simple beam deflection can easily be calculated. 
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Figure 8: Predicted Vs Calculated " n" 

4. RESULTS 

Bv observing Figure 6 it can be deduced that 20% reduction in the simple beam deflection 
cen be achieved for the following conditions: 

• For all sections in the database if connection stiffness "n" is greater than 50,000 
K.Ftlrad. Although this is a very simple predictor it is too restrictive. Furthermore, 
the shapes that require the highest connection stiffness are the heaviest of the 
W14's (usually column shapes) and the heaviest of the W36's. 

• For sections that weigh 70 Lbs.lFt. or less un' must be at least 3,000 K.Ft.lrad. As 
may be seen from Figure 5, this is the average stiffness of the most flexible type of 
shear connection. 

The two predictors above may be used where applicable. If more accuracy is required, 
lien the predictor equation (Equation 8) may be used to calculate the minimum stiffness 
l8qUired. 
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5. -CONCLUSIONS 

The "Visual Semi-rigorous Curve Fitting" technique has been explained and demonstrated 
for the specific problem at hand. Three different predictors (from the simplest, most 
restrictive to the still simple, but more encompassing) have been presented for the 
minimum connection stiffness required to produce 20% reduction in the simple beam 
deflection. The methodology and development presented can be utilized to reformulale 
the problem for any reduction in the simple beam deflection. Use of readily available 
computer software, in conjunction with this methodology and engineering judgement, can 
produce simple solutions to difficult engineering problems. 
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ESTIMA TES OF DUCTILITY REOUIREMENTS 
FOR 

SIMPLE SHEAR CONNECTIONS 

W. A. Thornton ' 

Abstract 

Simple Shear Connections must often be designed to accommodate some 
.xial forces in addition to shear. These axial forces can be code requ,red tying or 
robustness forces, or actual calculated forces . These axial forces tend to make 
shear connections less flexible to simple beam end rotation . This paper develops 
formulas which can be used to determine if this reduced flexibility will lead to 
progressive fracture of the connection. 

I. INTRODUCTION 

As ,ts name ,mplles, a sImple shear connection is intended to transfer shear load 
out of a beam while allowing the beam end to rotate without significant restraint. 
The most common simple shear connections are the double clip, Fig . 1, the shear 
end plate, Fig. 2, and the tee, Fig. 3. This paper will deal with the ductility 
requirements for these connections. 

2. GENERAL 

Under shear load, these connections are flexible regarding simple beam end 
rotatIon because there is an element of the connectIon which while remaInIng stIff 
in shear has little restraint to motion perpendicular to its plane. This is an angle 
leg for the double clips, a plate for the shear end plate, and the tee flange for the 
tee connection. There are shown in Figs . 1-3 where the thickness ( and the leg 
wIdth b are the fundamental variables. When these connections are subjected to 
axial loads, either calculated or from code required "robustness", considerations , 
the important limit states are angle leg bending and prying action. These tend to 
requIre the thIckness ( to increase or the leg width b decrease, or both, and these 
requIrements compromise the connection's ability to remaIn flexible to sImple 
beam end rotation . This lack of connection flexibility causes a tensile load on the 
upper bolts (field bolts for the double clips and shear end plate, shop boits for the 
tee) or the upper part of the welds. This tensile load could lead to fracture of the 
bolts or welds and to a progressive failure of the connection and the reSulting 
collapse of the beam. To the author's knowledge, there has never been a reported 
failure of this type, but is perceived to be possible . 

'01lef Engineer, elves Steel Company, Roswell . Georgia, US.A. 
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Fig.3. Tee shear connections. 



Estimates of Ductility Requirements 205 

3. THEORY 

As the beam end rotates under gravity loads a moment will be induced by the 
stiffness of the angle leg, end plate, or tee flange. Based on yield line theory, a 
formula for the maximum possible moment that can be Induced by the connection 
has been given by Thornton 11995) as 

I L't' (b' ) M =-F--+2 
2 ' b L' 

1 

where Fy IS the material yield strength and the remaining parameters are defined In 

Figs. 1 - 3. Data are available test the efficacy of this formula from Lewin, 
Chesson, and Munse 11969) for double angles and from Astaneh and Nader 
11988, 1989) for tees. Table 1 compares the moment calculated from Eq. 1 With 
the experimental moments obtained by Lewitt, et ai, at a simple beam end rotation 
• of 0 .03 radian. This rota tion IS chosen as the maximum a beam end connection 
need be subjected to because it exceeds the beam end rotation for most beams 
when a plastic hinge forms at the center. Table 1 shows that Eq. 1 prOVides an 
exce llent estimate for the beam end moment induced by the connection . Eq . 1 
prOVides a fairly tight upper bound to the experimental results, and so provides a 
safe estimate of the maximum connection induced moment . Table 2 compares the 
moment of Eq . 1 with the experimental moments for tee connections obtained by 
Astaneh and Nader. Here, the experimental moments are given for rotations of 
0.03 radian and 0 .07 radian lexcept test No.4, which is given at 0 .06 radian) . 
Except for test No.1, Eq . 1 is seen to overestimate the mduced moment at 0 .03 
radian. Eq. 1 also generally over-estimates the moment at the very large rotation 
of 0.07 radian. Thus it can be said that Eq. 1 is not a tight upper bound to the 
experimental data, and the refore will yield very safe estimates for the maximum 
connection mduced couple . 

Using Eq. 1, the following requi rements can be derived IThornton , 19951 for the 
minimum weld and bolt sizes to resist progressive fa ilure by fracture : 
For the bolts subjected to tension due to connection rigidity 

d
mm 

~ ~!Lt 2 
21< FUI 

and for the welds 

S 3 Fy t' , 
w ~---(" +2) 

mao 8 F .'n b 
3 

In the above expressions 

dm,n = min. bolt diameter 

F y = material yield strength 

Fu, = bolt tensile strength adjusted to gross area 
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Table 1 Theoretical and Experimernal Connection Couples 
IBolted and Riveted Double Angles' 

Angle e[QPIUl is5 Theoretical M Experimental M 
Specimen Ev -1. L b ill lL ...JL IEQ 21 ( 

ksi. in . in . in. bll Eq . 1 k·." . @0.03 RadIan 
klin . k-In . 

FK-3 39.3 0 .354 8'/2 1.771 0 .2084 2.841 205 170 
FK-4AB 39.3 0 .354 ,, '1, 1.708 0 .1486 2.915 385 330 
FK-4P 39.3 0.354 11 t '2 1.708 0 .1486 2.9 15 385 330 
WK-4 39.3 0 .354 "'" 1.708 0 .1486 2.915 385 320 
FK-4AB-M 41.6 0 .375 11 ' 12 1.6875 0 . 1467 3.504 463 370 
F8-4 38.8 0 .371 II '" 1.8165 0.1580 2.9767 394 330 
F8-4A 38.8 0 .371 11 '/2 1.8165 0 .1580 2.9767 394 330121 

FK-5 38.8 0 .443 14 '1, 1.6195 0 .1117 4.4872 943 810 
WB-l0AB 40.1 0.440 29 1,z 1.7475 0 .0592 4.4503 3873 3,50011 .• 

111 b _ (S "l,t ... (beamH/2-k 
(Z) Sltp betweeen clip angles and beam web not Included 
III Extrapolated from Fig . B35 of Lewltt. Chesson and Munle 
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F on = weld tensile strength 

Tl = bl L 

P = bolt pitch 

L = length of connection (see Figs. 1 -3 ) 

b = bending length (see Figs. 1-3) 

woo. = min. weld leg size 

t = thickness of angle leg, tee flange, or load plate. 
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Note that Eqs. 2 and 3 are valid in all unit systems and for both allowable stress 
design (ASD) and ultimate strength or limit states design (LRFD) . 

4 . APPLICATIONS 

In US customary units, Eqs. 2 and 3 become, for ASTM A36 connection material , 
A325 bolts, E70 electrodes, and p = 3 inches: 

d ~ O.978t~Tl' +2 4 
mm b 

4.1 Double Angles 

Eq. 4 can be used to develop Table 3 which gives minimum angle thicknesses and 
bolt diameters. Table 3 can be seen to validate a long standing (since 1970) 
American Institute of Steel Construction (AISC 1970, 1994) recommendation that 
for double clip angle framing connections, the angle thickness should not exceed 
5/8 inch for the usual gages and bolt sizes. 

4 .2 Tee and Shear End Plate Connect ions 

Tables similar to Table 3 for double angles can be developed for these 
connections . 

5. Conclusion 

Formulas have been presented which can be used to determine if a simple shear 
connection is sufficiently flexible to preclude over loading the less ductile elements 
of the connections, Le., the field bolts of Figs . 1 and 2, and the shop bolts or shop 
welds of Fig. 3. It was noted above that these formulas are valid for all design 
methods. It should also be recognized that these formulas provide a test criterion 
against which a connection can be checked for ductility. They do not provide a 
design of a connection for speci fic applied loads. Connection design would be 
performed in the usual manner for specified shears and axial forces. 



208 W A. Thornton 

Table 2 Theoretical and Experimental Values of Connection Couple 
(Shop Welded WTI 

Theoretical M 
Test Section L b, k, b " l~g21 
No ,n. ,n ,n ,n ,n Fy 4477 

k-.n . 

1 WTt4x7 5 85 0 .315 4 .00 112 1 5 217 
2 WT7x19 14.5 0 .515 6 .77 5/8 2.76 921 
3 WT7x19 8 .5 0 .515 677 5/8 2.76 327 
4 WT4x7 .5 145 0 .315 4 .00 1/2 1 5 626 
5 WT4x20 14.5 0 .56 8 .07 5/8 3.4 890 
6 WT4x20 8 .5 0 .56 807 5/8 341 321 
7 WT7x19 " 14.5 0515 6 .77 1/2 ,3. 2.89 881 
8 WT4x20'l l 85 0 .56 807 1/213• 3.53 312 
9 WT4x20 1 14 .5 056 8 .07 1/2131 3 .53 861 

II. b ~/2 - kl 

11 With stem replaced w ith 1/2 A36 plate, 1/4 hllet welds 
w k. 14 ... 1,4 - 1/2 

Experimental M 
IA UB""ll & N Ill:rlI 
@o 03@e 07 

k-In k 'Ul 

180 • 223 
300 ' 533 
11 O· 218 
370 ' 413 ' 
250 ' 479 • 

50 • 227 
290 ' 683 

30 • 228 
440 · 748 

.t , Estimated from Fig 4 .5 ot Ast8neh & Nader 119881 or Fig 
t$l 47 .9In O(l91nal. Data assumed corrupt 

11 01 ASlaneh & Nader (1 89', 

lea Value IS for 0.06 radian 

Table 3 

Estimated Minimum Angle Gages (GOl) for A36 Angles and A325 Bolts for 
Rotational Flexibility 

ANGLE Minimum !:i~ge Qf 8ngle (!:iQ~I ' 
THICKNESS , 

• tn . d,a. bolt 7 • ,n. d,a. bolt , 10 . d,a bolt (in.1 
(,n.1 Itn.1 Itn.1 

3 ,3 , '. ". • • , , 7. , .. ,', , 
• 2' 2 2'. ,7. • 
3 

3'. 2" • • ,. 2 '6 , 6 • 4 ' 6 3', 

-Driving clearances may control minimum GOL. GOL IS defined In Fig 1 
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PLASTIC DESIGN OF SEMI-RIGID FRAMES 

Roberto T. Leon 1 

Jerod J. Hoffman' 

Abstract 

Checks for ultimate strength of frames wtth partially restrained connections require that 
the non-linear connection characteristics and the P-11 effects be appropriately modelled. 
This complexity is unwarranted for preliminary design but few alternatives exist. In this 
peper an alternate approach, utilizing a second-order plastic analysis method called the 
mechanism curve (Horne and Morris, 1982), is described. This approach results in a 
limple and reliable estimation of the collapse capacity of the frame. It was found that this 
Utimate capacity seldom controls since limitations of drift at service loads results in 
IIrong, stiff structures that provide an adequate safety margin against stability failures. 

1. INTRODUCTION 

In the U.S.A. the widespread use of frames with partially restrained (PR) connections has 
e/lways been hampered by the perceived complexity of the analyses required and by the 
onerous prOvisions imposed on the design engineer by current codes (AISC, 1994). 
Amongst the latter are the general requirements that the engineer demonstrate both that 
the connection is capable of providing some minimum proportion of fixed end restraint 
and that the non-linear moment-rotation (M-e) characteristics of the connection be taken 
into account in the analysis. Even if the designer were able to surmount these obstacles, 
he/ she often finds that the remaining, more prescriptive clauses of the specifications do 
not provide any guidance on how to handle the effects of PR connections on issues such 
as stabil ity or serviceability calculations. The net result is that in the United States, almost 
fifty years after their introduction into the specifications, only a handful of design firms 
have developed the in-house capability to analyze and design PR frames. 

1 Professor, School of Civil and Environmental Engineering, Georgia Institute of 
Technology, Atlanta, GA 30332. 

, Structural Engineer, Meyer, Borgman and Johnson, Inc., Minneapolis, MN. 
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However, there are powerful economic'incentives and inherent structural behavior 
advantages for promoting the use of PR frames. In both braced and unbraced frames, 
PR connections can lead to substantial savings in the gravity load systems and to 
improved serviceability behavior (Leon, 1994). In unbraced frames subjected to seismic 
loads, the contribution of partially restrained, partial strength (PR/PS) connections can 
result in increases in ductility and energy dissipation as well as lower design forces due 
to period shifts (Nader and Astaneh, 1992; Leon and Shin, 1994). Perhaps the strongest 
endorsement for PR frames stems from their role as a backup structural system in many 
of the rigid frames damaged during the 1994 Northridge earthquake (Bertero et aI., 1994). 
It is clear from preliminary assessments that many of the so-called shear connections 
present in these structures behaved as PR ones due to the influence of the floor slabs. 
These PR connections were able to dissipate energy and control drift even after a large 
number of fully rigid (FR) connections had failed. The role of PR/PS connections in 
seismic design is bound to increase as our understanding of these failures improves 
since the need to limit the strength and ductility demand on columns seems clear. 

The design of PR braced frames is straight forward (Leon and Ammerman, 1990). The 
design of PR unbraced frames, on the other hand, presents very challenging obstacles, 
ranging from the level of analysis required to the detailing of the connections themselves. 
Recently the authors have proposed a two-level design approach for PR unbraced frames 
(Hoffman, 1994). The first level, to be used for all serviceability checks and for ultimate 
strength under wind loads, involves analysis utilizing linear springs with a reduced secant 
stiffness. The second level, to be used for ultimate strength checks under seismic loads, 
involves a preliminary plastic analysis approach followed by a more exact final analysis. 
The latter can range from a push-over analysis for simple, regular structures to a 
complete inelastic, second-order analysis for critical, irregular structures. 

The reader should recognize that under the new, unified seismic design provisions that 
will be enforced in the U.S. by 1998 (ASCE, 1993; NEHRP, 1994) vast parts of the U.S. 
will require a minimum level of seismic design and detailing even for buildings whose 
overall design is controlled by wind or other lateral forces. Thus PR frames can make 
significant inroads into practice if design methodologies are available to structural 
engineers once these provisions are enforced. This paper will discuss one such 
methodology, a two-level approach for design of PRjPS frames. The first level will be 
discussed briefly in the next section, but the paper will concentrate on the plastic designs 
aspects of the second level. In keeping with the senior author's biases, the approach 
assumes the use of unbraced frames, unshored composite construction, and design at 
ultimate governed by seismic loading. 

2. PRELIMINARY DESIGN 

In the context of this paper, the purpose of a preliminary design is to provide a complete 
set of beam, girder, column and connection sizes from which a more rigorous analysis 
and design of the frame can proceed. For the case of regular frames (equal bays and 
equal story heights) the preliminary design procedure proposed here wiJI result in element 
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sizes very close to optimal and thus minimize design iterations. 

In the preliminary design the size of the steel beams and girders will be fixed by the 
strength required during construction since unshored erection is assumed. These 
sections will provide more than ample capacity to resist the design live loads once the 
composite action and continuity provided by the connections are achieved. In fact for 
many of the beams and girders only partial composite action will be required. However, 
it is recommended that enough studs for full composite action be provided in all girders 
and that no less than 50% composite action be used in the beams in order to reduce 
hysteretic degradation under cyclic loads. 

The column sizes and stiffness of the connections will be dictated by the need to limit the 
drift under wind loads. Although no spec~ic limits are given by American codes, most 
designers assume a maximum story drift of 0.25% (h/400) for preliminary design 
purposes. For the case of PR frames, the story drift can be computed as: 

12 E ) 
EKconn . 1 

(1) 

where, V, is the story shear for story i, hi is the story height for story i, E is the modulus 
of elasticity, ~) is the product of Ig/lg for each girder at level i, K.: I is the product of 
le/h for each column at level i, K.:onn .1 is the stiffness for each connection at level i, 19 is 
the bay length, and Ie and Ig are the inertias of the columns and girders respectively. 

This formula is a straight forward modification of the one commonly used for rigid 
unbraced frames. Previous studies have shown that for composite girders under lateral 
loads an equivalent girder stiffness (lgeq) can be used instead of Igi in Equation (1). This 
equivalent stiffness can be approximated by: 

(2) 

where lnog is the inertia of the steel beam plus slab steel and lpo, is the inertia of the 
composite section. Values of lnog and lpo, for common sections can be found tabulated 
in many design manuals. In general it should be assumed in calculating lnog that the 
effective width of the slab is only about 2 m (SO in.) since it is difficult to activate bars 
farther away at low levels of drift. 

Equation (1) indicates that the additional flexibility provided by the connections in a PR 
frame needs to be compensated by engaging more frames in resisting the lateral loads. 
In fact, in PR frames the intention should be that all frames in the structure participate in 
resisting lateral loads since the additional redundancy and lack of leaner columns results 
in a safer system. The only a~ernative , if the same number of frames is used in a PR 
frame as in the prototype FA one, is to use larger girders and/ or columns to compensate 
for the additional connection flexibility. From the structural and economic standpoint this 
~ernative is unreasonable. 
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Activating all the frames in the system is not as uneconomical as it would seem at a first 
look for two reasons. First, the composite connections envisioned for use as PR/PS ones 
only require some additional slab steel and do not necessitate any special detailing or 
quality control as fully welded FR connections would (Leon, 1994). Thus the total cost 
of the PR connections is probably lower that of a few, expensive FR ones. Second, the 
composite action of the floor system significantly increases the stiffness of the girders, 
resulting in a decrease of the lateral drift. 

For preliminary design it is recommended that the three components of deflection (beam, 
columns, and connections) contribute similar amounts to the overall drift. However, since 
the girder sizes have already been determined by the construction loads, their 
contribution to drift (the first term in parenthesis in Equation (1)) can be calculated. If the 
girders ' contribution to the story drift is less than 11/3, the difference should be spl~ 
between columns and connections. If the girder drift contribution is more than 11 /3, then 
their size should be increased so that the drift components are balanced. From Equation 
(1) and assuming that the columns wi ll take a certain proportion of the total 11 and 
knowing the story height, the required column size can be calculated easily. 

The remaining portion of 11 has to be taken by the connections. It is assumed that a M-e 
relalionship for the PR/PS connections is avaJiable (Leon, 1994). It is recommended that 
the connection stiffness be calculated as the secant stiffness at a nominal rotation of 
0.002 radians. This is a conservative assumption since actual rotations of the 
connections at service loads seldom exceed 0.0015 radians. From this connection 
stiffness and the variables in the M-e equations the detailing of the connections can 
proceed. 

3. PLASTIC ANALYSIS 

Once the preliminary sizes for a frame have been established and drift criteria at service 
level satisfied, it is necessary to determine the ultimate strength of the frame. The 
ultimate strength is generally controlled by a set of equivalent lateral loads that simulate 
the seismic or wind action actions. If the wind forces govern, then an analysis for the 
factored loads utilizing linear springs as described above should be carried out. The 
connection rotations should be carefully checked to insure that they have not exceeded 
the rotations assumed in computing the secant stiffness. In addition a minimum level of 
seismic detailing should be provided depending on the importance of the structure and 
the PGA specified for the site. For composite PR frames governed by seismic actions, 
the elastic seismic forces are reduced by a factor (R) equal to 6 while the elastic drifts are 
increased by 5.5 to account for inelastic action and damping (NEHRP, 1994). 

For the ultimate strength case it is necessary to account in the analysis for the non­
linearity of the connections and the second·order effects (stability) . The latter are 
perceived as particularly important for PR frames because of the additional flexibility 
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provided at the connections. The analysis required is not trivial since even for the 
equivalent lateral loads used in preliminary design a non-linear analysis program that 
a=unts for leaner column effects would be required. Even if a program were available 
and it contained advanced pre- and post-processors, the checking of the input and output 
is time consuming and only gross errors are usually spotted. In addition, any redesign 
would require substantial additional design time. 

In order to bypass the complications described above, it was decided that a second-order 
plastic analysis approach should be explored. Plastic analysis can easily account for 
semi-rigid connections if care is exercised in estimating the deflections at collapse (Neal, 
1956). From a first-order plastic analysis the collapse load factor (Ap) for a PR/ PS frame 
assuming a sidesway mechanism (Fig. 1) is given by: 

where, 

A = 
" 

EM.1"" .. • (N+l) M".cOl + «N-l) -S) (M;.conn + M;',COM) lnt. 

• (S) (M;,e«>n + M;'_=) ... t. 

(3) 

(4 ) 

IWld N is the number of bays, S is the number of stories, P, and H, are the concentrated 
lateral loads and heights at each story, the superscripts " +" and " -" refer to the capacity 
in positive and negative bending, and the subscripts "inte" and "exte" refer to the extenor 
IWld interior connections. 

The second-order effects need to be included, since the rigid-plastic collapse load factor 
Is likely to substantially overestimate the actual collapse load (Fig. 2(a». After 
ilvestigating several possibilities, the mechanism curve method proposed by Horne and 
IIDnis was selected (Horne and Morris, 1973, 1982) . 

P 
I I 

j' 

• Mp,conn(int) 

Figure 1 - Sidesway mechanism. 

Mp, conn( ext) 
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In this method the influence of the axial loads (Fig. 2(b)) results in a collapse load factor 
Ak which IS a function of the rigid plastic collapse load (Ap) and the ratio of the lateral 
d isplacement at collapse (6 k) to the displacement at a load factor of one (6w) . From Fig. 
2(a), this ratio (Sp) is given by: 

Load 
Factor. A 

First Order Unear Elastic 

First Order Ri id Plastic 
Ap~----~----~~~~~~~-------

1 

(a) Frame behavior 

Second Order Rigid Plastic 
-Mechanism Curve-

True Behavior 

Lateral Displacement. 6 

Figure 2 - Mechanism-curve method. 

(5) 

L 

(b) P-6 

For proportional loading this leads to a collapse load factor, Ak, equal to (Horne and 
Morris, 1982): 

A. = 
1 + 5 ). , ( E p a 6 ) 

p p EM eI> 
p 

(6) 

where the variables are as defined as before and in Fig. 2(b) . The terms ai el> In the 
denominator disappear when the member rotations (e) are equal to the plastic hinge 
rotations (eI» . For non-proportional loading, where the gravity loads are held at a load 
factor of 1 while the lateral loads are increased until collapse, the collapse load factor 
becomes (Hoffman, 1994): 

(1) 

In essence, Equations (6) and (7) correspond to the mechanism curve shown in Fig. 2(a). 



Plastic Design of Semi-Ri gid Frames 217 

The most difficult part of this procedure is the determination of So' For rigid frames, a 
value of So = 2.5 has been proposed (Horne and Morris, 1973) although the studies on 
which that value was based showed considerable scatter. For this study a frame 
database originally developed by Leon and Forcier for PR frames was used (Leon and 
Forcier, 1992). The database contained 27 basic three-bay frames with 4, 6 and 8 
stories, three different story heights, and three ratios of beam length to column height. 
The behavior of these frames was tracked with a non-linear analysis program that 
modelled both the non-linear moment-rotation curves and the second-order effects. The 
analyses were carried out for both proportional and non-proportional loading. Based on 
these analyses, a series of So values based on story height and number of stories were 
computed (Table 1). 

Number of Story Proportional Nonproportlonal 
Stories Height (It) Loading Loading 

12 8 10.8 
4 14 7.2 9.4 

16 5.4 6.5 
12 5.9 7.4 

6 14 4.5 5.8 
1I:i 3.9 4.6 
12 3.6 4.3 

8 14 2.8 3.9 
16 2 1.7 

Table 1 - Values of So (Hoffman, 1994). 

FIQ. 3 shows the percent deviation between collapse load factors given by Equations (6) 
and (7) using the So given in Table 1 and the exact value of Ak for the twenty-seven 
frames for the non-proportional loading case. This and similar scatter diagrams indicate 
that for preliminary design purposes the values in Table 1 are more than accurate 
enough. 

Calibration studies have shown that the frames in the database used were stiffer than 
those that would resu~ from the design procedure described in Section 2. Thus the 
values of So given in Table 1 will overestimate the second-order effects and be very 
conservative in most cases. The values shown in Table 1 are being revised downwards 
in a second phase of this study. Preliminary results indicate that the values in Table 1 
should be reduced by about 2/ 3 to be consistent with the design procedure proposed 
here. These studies also show that frames with Ak of 1.5 to 2.0 for the proportional 
loading case and 2.5 to 3.5 for the non-proportional loading case usually resulted in 
excellent performance. 

The final step in this investigation was to insure that a sidesway mechanism such as that 
shown in Fig. 1 actually controlled over any beam or combined ones. Attempts at 
deriving exact expressions for all collapse mechanisms proved fruitless given the number 
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of variables involved. An extensive numerical investigation was therefore carried out using 
a prototype six-story, three-bay frame (Hoffman, 1994). The variables involved included 
four load levels (moderate wind, high winds, low seismic, high seismic), the loading 
sequence (proportional and non-proportional), the ratios of lateral-to-gravity and dead-to­
live loads, the ratio of beam and column strength to connection strength, and the ratio 
of composite to non-composite beam strength. 

4~--------------------------------~ 

n1-------------.-.. ----------- ---j 

·10 

.20- -

o 5 10 15 
Fromo 

20 25 

Figure 3 - Accuracy of proposed method (non-proportional) . 

30 

Figure 4 shows a typical result of these studies for the case of proportional loading. The 
story heights for this case are 4.3 m, the bay lengths are 9.6 m, the dead load is 4 
kN/m2, , the ratio of LL to DL is 0.7S, the ratio of composite to non·composite beam 
strength (a variable labelled a) is 1.9, and the ratio of the connection strength to the steel 
beam Mp (labelled P) is 0.7S. For this frames it was also assumed that three beams 
frame into each girder. This variable needs to be set so that collapse mechanisms 
associated with gravity loads and combined mechanisms can be studied. 

In Fig. 4 the values of the load factor (Ak) are plotted as a function of the ratio of lateral· 
to-gravity load for the different possible mechanisms: sway (Sway-RP ; rigid plastic; and 
Sway-SO ; second order), combinations (Comb1-RP ; rigid plastic with hinges at a 
connection and at the third point of the girder; Comb2 ; rigid plastic with hinges at a 
connection and at midspan; and Comb-SO ; governing combination for second-order 
effects) and beam mechanism (Beam). 

The influence of second order effects on the sway mechanism is clear, since the Sway­
SO case governs for ratios of lateral-to-gravity loads greater than about O.OS, while the 
Sway-RP case never governs. Care should be taken in interpreting these graphs since 
the large difference between Ak (Sway-SO) and Ap (Sway-RP) arises because of the 
difference in initial graVity load. Fig. S illustrates this difference schematically: for low 
ratios of lateral-to-gravity loads the shaded area, which corresponds to the work done by 
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the P-Ll effects, is very large because the gravity loads dominate (Fig. 5(a». Since the 
Sway-RP case does not account for the second order effects, the resulting first-order 
collapse load factor IS unduly large with respect to Ak for low values of lateral-to-gravity 
loads. As the ratio of lateral to gravity loads increases, the role of the gravity loads 
decreases (Fig. 5(b)) and the difference between Ap and Ak decreases. 

10 
-t+-

9 Sway-RP 

8 Sway-SO 

7 -+-

Combl ·RP 
(; 6 ---U 
CD Comb2-RP u- S 
'0 

.9 4 Comb-SO 

3 Beam 

2 

o~--~--~--~--~--~~--~~ 
0.01 0.03 0.05 0.07 0.09 0.11 0.13 0.15 

t.aVGrav 

Figure 4 - Collapse load factors for proportional loading. 

AP ~------~------- c::J = P- 6 effects 

AP ~~---.------­
Ak 

(a) Low Lateral Load (b) High Lateral Load 

Figure 5 - Effect of P-Ll on Ak' 

For the four loading cases considered the ratio of lateral-to-gravity load ranged from 
about 0.04 for the moderate wind (suburban setting with winds of 130 kph) and low 
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earthquake (PGA of O.lg on good soil) to about 0.14 for the high wind (open terrain WIth 
winds of 200 kph) and high seismic cases (PGA of O.4g with good soils). As can be seen 
from Fig. 4, the combined mechanisms never govern and are relatively insensitive to 
variations In lateral-to-gravity load ratios. On the other hand, beam mechanisms control 
If the ratio of lateral-to-gravity load is less than about 0.05. Thus beam mechanisms 
should be checked carefully if proportional loading is considered the governing case and 
low lateral loads are present. 

Figure 6 shows a plot similar to that of Fig. 4 except that it corresponds to the non­
proportional load case. The beam mechanism is missing from this graph because the 
gravity loads were held constant and thus no beam mechanisms could form. As 
expected and in sharp contrast to the results shown in Fig. 4, all mechanisms show large 
Increases In the collapse load factor as the initial ratio of lateral-to-gravity loads 
decreases. 

o -- ,-- , -. 
0.01 0.03 0.05 0.07 009 0.11 0.13 0.15 

LaVGrav 

Figure 6 - Collapse load factors for non-proportional loading. 

In bOlh Figs. 4 and 6 the sway mechanism postulated in developing the preliminary 
design approach governs. This is not always the case. Fig. 7 shown a plot of what the 
maximum ratios of composite to non-composite beam strength (fl) would be required for 
a combined mechanism to govern for various ratios of dead-to-live loads. These are 
plotted for two levels of connection strength (P = 0.8 and 1.0, where P is the ratio 
between the connection strength and the plastic capacity of the steel section alone). This 
figure shows that the amount ot Interaction, which is reflected directly in fl , would have 
to be very small for the combined mechanisms to govern. For LL/ DL ratios greater than 
1.9, a beam mechanism would govern. Extensive studies similar to those shown in Fig. 
7 indicate that for all practical cases a sidesway mechanism will govern. 
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ICombined Controls - Effect of LLJOLO 
15.~~========================~--;r-~ --­a-08 
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Figure 7 - Um~s for which combined mechanisms govern. 

4. CONCLUSIONS 

22 1 

second-order plastic analysis method proposed here provides a quick and 
conservative approach for determining the ultimate strength of regular PR frames. This 
Inethod is a straight forward extension of the work by Horne and Morris (Horne and 
Morris, 1973). Its value lies in showing that the load factor at collapse far exceeds the 
ICCepted minimum values for frames designed according to a particular design 
procedure. Thus the design of the overall frame is driven by the elastic analysis at the 
service level. Since many of the commercially available software already incorporates 
lnear spring elements at the ends of the beams, this brings PR design within the grasp 
01 most engineers. It is suggested that PR frame preliminary design be a stiffness-based 
design, and the ultimate strength checked by the mechanism method proposed here. 

s. ACKNOWLEDGEMENTS 

This work was made possible by a generous grant from the American Institute of Steel 
Construction and the support of the Graduate School at the University of Minnesota 
where both authors worked when this work was carried out. 



222 R. T. Leon and J. J. Hoffman 

6. REFERENCES 

American Instttute of Steel Construction, 1994. Manual of Steel Construction, Load 
Resistance Factor Design, Second Edition, AISC, Chicago. 

American Society of Civil Engineers, 1993. ASCE 7-93: Minimum Desian Loads for 
Buildings and Other Structures. ASCE, New York. 

Ammerman, D.J., and Leon R.T., 1990. ' Unbraced Frames With Semi-Rigid Compostte 
Connections: AISC Engineering Journal, 1st Quarter, pp. 12-21 . 

Bertero, V.V., Anderson, J.C., and Krawinkler, H, 1994. ' Performance of Steel Building 
Structures during the Northridge Earthquake: UCB/EERC-94/ 09, Earthquake 
Engineering Research Institute, U. of California at Berkeley, 169 pp. 

Hoffman, J.J., 1994. ' Design Procedures and Analysis Tools for Semi-Rigid Compostte 
Members and Frames: M.S. Thesis, Graduate School, The University of Minnesota, 
Minneapolis, MN. 

Horne, M.A., and Morris, L.J., 1973. ' Optimum Design of Multi-storey Rigid Frames,' in 
Optimum Structural Design - Theorv and Application, R.H. Gallagher and O.C. Zienkiewicz 
(eds.), John Wiley and Sons, New York, NY. 

Horne, M.R., and Morris, L.J ., 1982. Plastic Desian of Low-Rise Frames. The MIT Press, 
Cambridge, MA. 

Leon, R.T., and Ammerman, D.J. , 1990. 'Semi-Rigid Composite Connections for Gravtty 
Loads,' AISC Engineering Journal, 1st Quarter, pp. 1-11 . 

Leon, R.T., and Forcier, G.P. , 1992. 'Parametric Study of Composite Frames,' Proc. of 
the 2nd IntI. Workshop on Connections in Steel Structures (R. Bjorhovde and A. Colson, 
eds.), AISC, Chicago, 1992, pp. 152-159. 

Leon, R.T., 1994. 'Composite Semi-Rigid Construction,' AISC Engineering Journal, 2nd 
Quarter, pp. 57-£7. 

Leon, R.T. , and Shin, K. J., 1994. ' Seismic Performance of Semi-Rigid Compostte 
Frames,' Proc. of the 5USNCEE, Vol. 1, EERI, Oakland, pp. 243-252. 

Nader, M.N., and Astaneh, A., 1992. ' Seismic DeSign Concepts for Semi-Rigid Frames,' 
Structures Congress 92: Compact Papers, ASCE, New York, pp. 971 -974. 

Neal. J.G., 1956. The Plastic Methods of Structural Analysis, Chapman & Hall, London. 

NEHRP, 1994. ' NEHRP Recommended Provisions for the Development of Seismic 
Regulations for New Buildings,' Building Seismic Safety Council, Washington, D.C. 



EUROCODE 4 AND DESIGN OF COMPOSITE JOINfS 

David Anderson I 

Abstract 

As a Prestandard, Eurocode 4 gives little guidance on the design of composite joints. The 
IQSOns for this are explained. The likely form of provisions in the forthcoming Euronorm is 
described and background studies currently in progress are summarised. 

1. lNTRODUCfION 

In codes for steel structures the treatment of connections has often been limited to lirtle more 
dwl a list of strengths for welds and fasteners. For many designers, ENV 1993· 1·1 Eurocode 
3 (1992) is unusual in providing a detailed method for moment·resisting beam·tCK:Olurnn 
joints. This was originally restricted to fully· welded connections or those made by end plates. 
Following preparation of a revised Annex J for Eurocode 3 (to be published 1995), the scope 
IIDW includes joints with flange cleats. 

Fe.- several reasons the drafting of the Eurocodes has proved to be a lengthy task. For 
IlOIIIposite structures, provisions should ideally be harmonised with those for concrete 
IlrUCtures and structural steelwork. For this reason, ENV 1994-1· 1 Eurocode 4 (1992) 
iacIudes a shon section, clause 4.10, applicable to composite connections in braced frames for 
buildings. A composite connection is defined in clause 1.4.2 as 'a connection between a 
IlOIIIposite member and any other member in which reinforcement is intended to contribute to 
die resistance of the connection' . 

I 
, y y : y y y II , 

(al (bl 

Fig. 1. (al Moment- rosisting composite joint and (bl 'simple' joint. 

1. Reader, Department of Engineering, University of Warwick, Coventry, UK 
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An example of a moment-resisting cOmposite joint is shown in Fig. I (a). Those in which the 
reinforcement is not continuous (Fig. I (b», or where only a brittle welded mesh is provided, 
were, by implication, to be designed as steelwork connections to Eurocode 3. 

o attempt was made in ENV 1994-1-1 to provide a complete set of design rules for 
composite connections. Their behaviour had been the subject of extensive research in the 
second half of the 1980s (Zandonini, 1989; Leon and Zandonini, 1992), which continues at the 
present time. However, the conclusions were judged to be not sufficiently weU-eseablished for 
inclusion in an international code. Reference was made instead to the possibility of using the 
detailed rules of Eurocode 3 for steel components of composite connections. 

In Eurocode 3, the provisions for connections are accompanied by a classification system 
related to rotational stiffness and moment resistance. 11lis in turn is related to classification of 
the framing system as simple, continuous or serni-continuous. Elastic, rigid-plastic and elastic­
plastic methods of global analysis can be used for continuous or serni-continuous systems. At 
the time of drafting ENV 1994-1-1, the determination of the stiffness of composite 
connections was regarded as even more problematical than that of moment resiscance. 
Eurocode 4 permits substantial redistribution of moment to be made to elastic bending 
moments, but the influence of connection flexibility on redistribution had not been quantified. 
For these reasons, ENV 1994-1-1 does not provide application rules for frames with semi­
rigid connections. Rigid-plastic analysis of frames with partial-strength connections is 
however included. provided that it has been demonstrated that the proposed connections have 
sufficient roeation capacity. This capacity was not quantified. 

The Eurocodes are being published initially as 'Prestandards' (ENVs) for ' provisional 
application '. Mter two years, the members of CEN (i.e. national standards bodies) are 
requested to submit comments, particularly concerning whether the Prestandard can be 
converted into a European Standard (EN). This enquiry has now talc:en place for the first parts 
of Eurocodes 2, 3 and 4. It is likely that CEN will authorise conversion of these codes to EN 
status, provided there are some technical revisions to the provisions of the Prestandards. For 
Eurocode 4, this provides the opportunity to include detailed rules for composite joints, based 
on the revised Annex J of Eurocode 3. This paper explains how these provisions are being 
developed, and indicates the likely scope and contents of the new clauses. 

2. CONVERSION OF EUROCODE 4 TO EN-STATUS 

At the time of Eurocode 4's approval as a Prestandard, it was recognised that its provisions 
should be developed during the period of provisional application. This task was to be 
undenaken by Technical Comrnittee II of the European Convention for Constructional 
Steelwork (ECCS-TCII). A Monitoring Group was also escablished under the auspices of 
CEN Technical Committee 250 : Sub-comrnittee 4, to act as a focus for enquiries and 
comments on Eurocode 4 during this period. A funher development was the escablishment of 
Project CIon Serrti-rigid Behaviour, as part of the programme for European Cooperation in 
the Field of Scientific and Technical Research (COST-Cl). 
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These three groups aU have interests in composite connections, and a joint COST-CI/ECCS­
Tell Drafting Group was established in 1994. The aims of the Group are: 

(i) to use present knowledge to prepare state-of-the-art documents on the desIgn of 
composite connections, 

[Ii) to prepare a draft annex for inclusion in the EN version of Eurocode 4 : Part 1.1. 

Following a 'Declaration of Intent' by CEN TC250 concerning availability of EN-Eurocodes 
for building structures, the technical work required for conversion of Eurocode 4 is scheduled 
to be completed by the end of 1996. This work has to be carried out in a manner which will 
satisfy the national standard bodies that constitute the members of CEN. In guidelines for 
conversion, it is stated that those working must "quickly achieve what is practicable" and must 
"avoid repeated anempts to incorporate last-minute research results". The EN-Eurocodes 
should not "prevent innovative or alternative designs which satisfy the established Principles" 
but "Application Rules [for) novel forms of construction may be excluded". Such forms "will 
require additional consideration by the designer" (Lazenby, 1994). The guidelines reinforce 
the understanding that the periods of provisional application of the PreStandards are to enable 
aperience to be gained from use of the Eurocodes, so that they can be finalised in the light of 
such practical experience. The guidelines and the timetable for conversion influence the scope 
of the proposed annex on composite joints. 

3. SCOPE OF PROPOSED DESIGN DOCUMENTS FOR COMPOSITE JOINTS 

3.1 Annex for EN 1994-4-1 

For the EN-version of Eurocode 4, it is being assumed that only those design asswnptions 
given in Table 4.8 of the Prestandard need be covered by detailed rules. This avoids the need 
during conversion to extend the clauses dealing with global analysis and the buckling lengths 
ofcolwnns. 

No application rules will be given for elastic global analysis of frames with semi-rigid joints; 
DOl for unbraced non-sway frames. These types remain within the scope of the code as 
"innovative designs" which satisfy the Principles but which "require additional consideration 
by the designer". 
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Table I Design assumptions in ENV 1994-1-1 (Table 4.8) 

Type of Framing 

Simple 

Continuous 

Semi-{;()ntinuous 

Method of Global Analysis 
for Ultimate Limit States 
S taticall y -{ieterminate 

Elastic 

Rigid-plastic 

Rigid-plastic 

Types of Connections 

Nominally pinned. steel 

Rigid, steel 
Nominally pinned 
Rigid, composite 

Full-strength, steel 
Nominally pinned 
Full-strength, comoosite 
As for continuous framing 
and: 
Partial-strength, steel 
Partial-strength, composite,-...J 

The scope of the proposed annex is therefore intended to be as follows : 

(i) It applies only to joints in braced frames. 

(ii) It treats composite vetliions of the types of steelwork: joint included in the reVIsed 
Annex J of Eurocode 3. In addition to the end-plate connection shown in Fig. I(a), il 
will therefore include fully-welded joints (Fig. 2(a». 

(Iii) Composile action permits simpler joints in which lensile forces are resisted solely by 
the slab reinforcemenl, compressive force being transmitted by a flange cleat (Fig. 
2(b», or a contact plate (Fig. 3). These should also be treated, because of their 
potential for economy in fabrication. 

(iv) Account should be taken of concrete encasement to steel column sections. 

(v) The rules should enable the design moment resistance of the joint to be calculated. 

(vi) The rules should permit calculation of the stiffness of the joint, for use in serviceability 

calculations and in classification of joints. 

(vii) As an alternative to calculation, classification by stiffness should be possible by 
"deemed to satisfy" provisions. 

(viii) Adequate rotation capacity is ensured by "deemed 10 satisfy" proviSions, rather than by 

detailed calculation. 

(iJt) The scope includes internal joints with unbalanced moment and external joints. 

(x) Guidance is given on types of joint suitable for simple framing. 



Eurocode 4 and Design of CompoSile Joints 

Concrete in compr 

Casing In,hear J Reljfortement ,"" , .. , / 1.1"' .... : :1.1) 
";\: 
. . ' 

M \ ,,' I)i,----l 
l ./ . , ':- M.I>Ml ) 

Contact plate Casing in campr. 
(0) 

I I 
I I I r: , I I 

, 

Ib) 

Flg.3lal Contact- plate and Ibl partial-depth end plate compoSite Jom" 

3.2 CO T-C] Document 

227 

COST is a scientific programme and provides a suitable means for a stale-of-the-art repon on 
composite joints, aimed al the academic and research community, national committees 
concerned with codes and also the more enquiring practitioners. The documenl will therefore 
explain the principles for design adopted in the Eurocode annex, and the derivation of the 
design rules. These would be related to observed behaviour and calibrated against test results. 
The repon will therefore be in pan a background document on the annex, although the scope 
will be wider. For example, the use of the finite element method will be addressed, as will 
calculation methods for rotation capacity. I 

3.3 ECCS-TCll Document 

~ The second publication is aimed specifically at the needs of designers. It will give guidance on 
the application of composite joints in practice, including their influence on frame behaviour 
and member design, information relevant to preliminary design, summary of design formulae, 
flow diagrams for calculation procedures, tables of propenies for defined joints and worked 
aamples. Although also related to the Eurocode annex, its scope will be wider, including for 
aample elastic global analysis for the ultimate limit state, and further simplifications such as 
use of rigidity factors and span: depth ratios to avoid detailed calculation checks. 

'-

4. BACKGROUND STUDIES 

4,1 Properties of Basic Components 

In the revised Annex J for Eurocode 3, the design moment-rotation characteristic is 
determined from the propenies of the joint'S basic components, which include, for example, 
the column web panel in shear and the end plate in bending. 

For each component, rules are given to det~ design resistance and elastic stiffness. 
Relarionships between the propenies of the basic components and the slrUcrural propenies of 
tbe overall joint are given for design moment resistance and rotational stiffness. 
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For composite joints additional basic components can be identified: 

concrete encasement to the column web panel in shear 

concrete encasement to the column web in compression 

longitudinal slab reinforcement in tension 

slab concrete in compression 

contact plate in compression. 

These components are shown in Fig. 3. Furthermore, unless the global analysis accounts for 
partial interaction in the beam, appropriate allowance should be made for the additional 
flexibility due to deformation of the shear connection. 

ComPf only 

( ) 
Fig.4. Spring model. 

To detennine the properties of the additional components, use is being made of • sophisticated 
spring model (Tschemmernegg et ai, 1994, 1995), shown in Fig. 4. So far this has been 
applied to the column web in compression, when COMection between the column flange and 
the beam section is either by welding (Fig. 2(a» or by a contact plate (Fig. 3(0» 
(Tschemmernegg and Huber. 1995). For the stiffness coefficient there is a substantial 
difference between the two forms of connection; much greater flexibility is shown when the 
load is applied to the column section by the contact plate, due to the more localised action in 
this case. A stiffness coefficient has also been detennined for concrete encasement to the 
column web in compression, and resistance formulae for both steel and concrete components. 

Further studies are in progress on the column panel zone when subject to shear and on the 
tension zone. 

4.2 Influence of Slip of the Shear Connection on Com posite Joint Behaviour 

From comparisons between spring models and tests, several authors (e.g. Anderson and 
Najafi. 1994) have concluded that appropriate account should be taken of slip at the steel­
concrete interface, in order to model experimental behaviour. In order to investigate further, 
limited numerical studies have been performed (Ariben 1994). using a finite element approach 
(Ariben et ai, 1993). The shear connectors were taken to be cold-formed angles (Hila 
connectors). Conclusions are: 
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(i) For this Iype of connector. Ihe contribution of slip to the moment-rotation (M-$) 
response of the joint was significant even for degrees of shear connection of the order 
of 1.3. 

(ii) For these ductile connectors. the precise arrangement of the connection (uniform 
distribution or non-uniform) had negligible influence on lhe M-$ response. 

(Ui) Comparisons of the behaviour of a cantilever loaded al the tip and a beam subject to 
unifonnly distributed loading showed that the M-$ response of the joint is virtually 
unchanged. although approaching ultimate moment the clistributions of slip in 
corresponding regions do differ if the degnce of shear connection is high. 

(iv) For a high degnce of shear connection. a steep gradient of slip was observed in the 
region very close to the joint. at values of moment of approximately O.67MRd and 

1.0MRd . 

These conclusions confirm the significance of slip but also pennit the same joint response to 
be assumed independent of the precise nature of the member and the distribution of the shear 
connectors. 

4.3 Addition of M-$ Response in Composite Joints 

Comparisons with tests on end-plate connections show that it is often possible to determine 
the response of a composite joint by combining the action of the rebars and shear connectors 
with the M-$ response of the complete steelwork connection (Anderson and Najafi. 1994; 
Ariben. 1995). The spring model of Fig. 4 (fschemmernegg et aI. 1994. 1995) is to be used 
10 delermine whal conditions (if any) are required 10 ensure appropriale accuracy from this 
simplified approach. 

4.4 Required Rotation Capacity 

Rotation capacity at joints is needed to permit the redistribution of moment assumed by the 
Eurocode rules for global analysis. The limits to redistribution are dependent on the locaI­
buckling classification of the beam section in hogging bending and. for plastic analysis. on 
simple rules which avoid excessive demands for rotation capacity at midspan. Calculation of 
required rotation capacity is thereby avoided. 

Studies of recent research on required rotation capacity are now in progress though. because 
numerical values are needed 10 ensure thai composile joints designed by the proposed annex 
are sufficiently ductile (Xiao. 1995; Couchman. 1994; Li. 1994). 
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4.5 Available Rotation Capacity 

FuU-scale crucifonn tests on composite joints with end plates (Fig. I (a» have shown that 
fracture of welded mesh and. more imponantly, reinforcing bars is a possible failure mode 
(Anderson and Najafi, 1994; Ariben and Lachal, 1992; Ariben et al, 1994; Xiao, 1994). 
Substantial local defonnation occurs in the tension region of the steelwork connection, due to 
bending of the column flange and the end plate. This leads to fracture of the mesh (if present) 
and later fracture of the rebars in the region of the slab above the steelwork connection, 
accompanied by a wide crack across the slab, at the face of the column. 

A simple calculation model has been proposed (Xiao, 1994) for the rotation ~ at the peak of 
the M-~ curve (Fig. 5) based on an assumed strain in the rebars, in the zone of the 
connection, of 0.5%. Tests show though that substantial funher rotation may occur before 
fracture occurs, albeit with some reduction in moment resistance (Anderson and Najafi, 1994). 
Numerical simulations to detennine rotation capacity can also be employed (Ren and Oisinel, 
1994). 

....'" -- - -=-='--,......~ 

I AOIOh ... 

FIgS RotatIon at IfIQIOINJ/II lIIomtnt 

The tests quoted above have used relatively small diameter reinforcing bars (Ariben and 
Lachal, 8mm; Xiao IOmm and 12mm; Anderson and Najafi, 12mm), spread across the 
effective breadth of the slab. Although of small diameter, the bar sizes used by Najafi and 
Xiao conformed to current UK requirements for plastic design of continuous composite 
beams, those used by Najafi showing an elongation at fracture of approximately 17% . 

• 

• 

"~~~"'---~"~~'~'~~W'-~M 
"'''l1li1.''''1 

Funher tests have recently been carried out using a rmrumwn of four 16mm bars, in 
conjunction with steel beam sections up to 530mm deep (Brown, 1995). These have shown 
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IIIICh improved ductiliry (Fig. 6) even though failure was still eventually by fracture . These 
bars conform to the Eurocode requirement that for plastic global analysis only reinforcement 
til 'high ductility', as deftned by Eurocode 2, is used (Beeby and Narayanan. 1995). 
Elongation at fracture was approximately 25%. For the proposed Eurocode annex, studies are 
lherefore in progress to develop detailing rules for composite joints to ensure ductiliry which 
matches the required capaciry. 

To ensure an adequate margin of safery against loss of ductility, two possible approaches are: 

(i) to apply a factor (or factors) when comparing required capacity against that available. 
A minimum factor of two has been suggested (Kemp and Dekker, 1991). The 
resulting comparison could be used when developing detailing rules to provide 
adequate ductiliry; 

(ti) to rely on the reduced rotation capacity required at a joint when, as usually occurs, the 
moment resistance achieved in practice exceeds the design value. 

OIoice of approach is still under discussion. 

5. OUTLINE OF THE PROPOSED ANNEX 

5.1 Scope 

The annex will contain design methods for moment-resisting composite beam-tQ-Column joints 
in braced frames, for buildings subject to predominantly static loading. Nominally-pinned 
joints are to be designed in accordance with Eurocode 3. In addition to the rypes of moment­
resisting connections now covered by Eurocode 3, Eurocode 4 is to treat bolted connections 
with partial depth end plates or contact plates (Fig. 3). The design methods are principally for 
major axis connections, but they can also be applied to connections to the web of a column's 
steel section provided no ttansfer of bending moment into the column is assumed in analysis. 

5.2 Basic Components of a J oint 

The component approach adopted in the revised Annex J of Eurocode 3 is to be extended to 
composite joints, as explained in 4.1 above. The need to consider the action of the slab in 
compression arises because the slab bears against the column when unbalanced loading occurs. 
In practice account will usually be taken of deformation of the shear connection in the joint 
model. However, as this deformation could be talcen account of in a partial interaction 
analysis of the beam, shear connectors are not listed as 'basic' joint components. 
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5.3 Classification 

Classification by strength compares the resistance of the joint with that of the adjacent beam 
section in hogging bending. 

Comparison of tests with classification by the Prestandard showed that joints with 12mm thick 
flush flush end plates, connected to cantilevers with full shear connection, were rigid 
(Anderson and Najafi, 1994). The classification limits for rigid and semi-rigid joints given in 
the revised Annex J of Eurocode 3 are to be adopted for Eurocode. The limits are related to 

the initial stiffness of the joint, Si.ini, relative to that of the connected beam, EItJLt, (Fig. 7). 
For composite construction, the stiffness of the beam is to be the uncracked value. Deemed to 
satisfy rules are to be developed. 

3 

I RIGIO 5.""1 ~ SEI"/L" 

2 SEMI - RIGID 

] NOMINAll'+' - PINNED 

S.,IIU S: 0 .5 E I"IL" 

Fig 7 ClaSSIfication by stiffness 

No explicit reference is made in the formal classification system to ductility, but recent 
research to quantify required rotation capacity, referenced in 4.5 above, could lead to 
classification for this characteristic as well, in subsequent revisions of the Eurocodes. 

5.4 Simplified Modelling 

As in Eurocode 3, a single sided joint configuration may be modelled as a single joint, and a 
double-sided configuration as two separate but interacting joints (Fig. 8). The interaction is 
determined by the relative values of moment on each side, expressed as a rransfonnation 
parameter. This influences the contribution of the column web, in shear and compression, to 
the resistance of each joint, and the joint stiffness due to the web panel in shear. 
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5.5 Resista nce 

The moment resistance of the joint may depend on resistance of the slab within the region of 
!be joint, the tension zone of the steelwork connection (if any), the compression zone of the 
lleelwork connection and the shear zone of the column web. 

The effective resistance of each zone depends in tum on the resistance of the components 
within that zone. For example, although the resistance provided by the slab depends primarily 
01\ the tensile resistance of the reinforcement, this may be limited by the strength of the 
concrete bearing against the co!urnn if unbalanced loading occurs. 

5.6 Stiffness 

This is to be detennined from the stiffness of the joint's components. As an alternative it is 
in1ended where appropriate to treat the stiffness (and resistance) of the steelwork components 
IS single quantities, as described in 4.3 above. 

5.7 Rotation Ca pacity 

This is required when plastic global analysis is used, if joints are partial·strength or have a 
design resistance only slightly above that of the adjacent member. Deemed-to-satisfy 
povisions arc seen as the most appropriate approach in view of the limited time available for 
Ir:IChnicai work during conversion. 

5.1 Detailing 

PalicuJar care is needed when unbalanced loading occurs. The proposed rules mainly 
~: 

(i) the need for reinforcement to resist tnlnsverse tension in the slab due to compressive 
action between the slab and the column (Fig. 3(a», and 

OIl adequate anchorage of tensile reinforcement in single-sided joints. 

6. CONCLUSIONS 

I!urocode 4 as a Prestandard gave very limited guidance for design of composite connections; 
a:rbods to predict properties were judged to be insufficiently well~tablished. 

Ilaring the period of provisional application, research has continued and it is widely accepted 
.. design rules can now be fannulated. Those proposed for Eurocode 4 as a Eurononn are 

on the component approach of the revised Annex J for Eurocode 3. For composite 
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joints additional components are necessary because of the actions of the slab and because 
composite action pennits additional types of connection. 

At present the proposed design rules are being drafted as modifications and additions to those 
given in the revised Annex 1 for Eurocode 3. This reduces the size of the code, but raises 
questions of ease of use. Once drafting is complete, the presentation may need to be revised 
to secure a sensible balance between repetition of material and the need to cross-refer to 
Eurocode 3. 

To assist in introducing the Eurocode, a background document and a design guide are also 
being prepared, under the auspices of the COST-CI project and ECCS Technical Committee 
II , respectively. 

7. ACKNOWLEDGEMENTS 

The author aclmowledges with thanks the work of other members of the COST-CI/ECCS­
TCII Group on Composite Connections, namely J.-M. Ariben (Rennes), J.-P. laspan (Li~ge), 
H.-J. Kronenberger (Kaiserslautem), F. Tschemmemegg (lnnsbruck), J.w.B. Stark (Delft) and 
Y. Xiao (Southampton, fonnerly Nottingham). 

8, REFERENCES 

1. Anderson D. and Najafi A.A. Perfonnance of composite connections: major axis end plate 
joints. J. Consrruct. Steel Research 31, (1994) 31-57. 

2. Ariben J.M. and Lachal A., Experimental investigation of composite connection and 
global interpretation. Proceedings of the First State of the Art Worblwp, COSf-CI Semi­
rigid Helwviour of Civil Engineering Structural Connections, ed. Colson A., Strasbourg 
(1 992),158-169. 

3. Ariben J.M.,Ragneau E. and Xu H., Development d'un element fini de poutre mixte 
acier-beton integrant les pheno~nes de glissement et de semi-contuite avec eventuellement 
voilement local. Construction Metallique. No. 2 (1993). 

4. Ariben 1.M., Partial investigation of the influence of slip of the shear connection on 
composite joint behaviour. Working paper, COST-CI/ECCS-TCll Group on Composite 
Connections (1994). 

5. Ariben J.M., LachaJ A., Muzeau J.P. and Racher P., Recent tests on steel and composite 
connections in France.COST-CI Workshop, Prague (1994). 

6. Beeby A.W. and Narayanan R.S ., Designers' Handbook to Eurocode 2. Thomas Telford, 
London (1995). 



Eurocode 4 and Design of Composite JOint 235 

7. Brown N.D. Ph.D Thesis, Unive~ity of Warwick, UK. (To be submillcd 1995). 

8. Couchman G., Design of continuous composite beams allowing for rotation capacity. 
Ph.D Thesis, EPFL, Switzerland (1994). 

9. ENV 1993-1-1, Eurocode 3: Design of Steel Structures Pari 1.1: GeMral Rules and 
Rules for Bui/dings. CE ,Brussels (1992). 

10. Eurocode 3 : Design of Steel Structures Pari 1.1 : General Rules and Rules for 
Buildings, Revised Annex J : Joints in Building Fratnes . CEN, Brussels. (To be published 
1995). 

II. ENV 1994- 1- 1 Eurocode 4: DeSign of Composite Steel and Concrete Structures Pan 
J.J : GeMral Rules and Rules for Buildings. CEN, Brussels (1 992). 

12. Kemp A.R. and Dekker N.W., Available rotation capacity in stel and composite beams. 
The Structural Engineer 69 (1991) 88-97. 

13. Lazenby D.W., Guidelines for content of structural Eurocodes (Future ENV, and 
conversions to EN). Working paper NI69, CE Technical Commillee 250 (1994). 

14. Leon R.T. and Zandonini, R .. Composite Connections. In Constructional Steel Design : 
an International Guide, cd. Dowling P.J., Harding J.E. and Bjorhovde R., Elsevier Applied 
Science Publishers (1992), 501-522. 

15. Li T.Q., The analysis and ductility requirements of semi-rigid composite frames. Ph.D 
Thesis, University of Nottingham, UK. (1994). 

16. Ren P.and Oisinel, M., Effect of reinforced concrete slab on the moment-rotation 
behaviour of standard steel bearn-to-column joints : experimental study and numerical analysis. 
COST-CI Workshop, Prague (1994). 

17. Tschemmemegg F. , Brugger R. , Hittenberger R .. , Wiesholzer J., Huter M., Schaur B.C., 
Badran MZ., Nachgiebtgkeit von Verbundkonstruktionen. Stahlbau, 63 (1994) No. 12 and 
64 (1995) No. 1. 

18. Tschemmemegg F. and Huber G., Compression region in the panel zone of a composite 
joinL Working Paper 1'2, COST-CI/ECCS TCII Group on Composite Connections (1995). 

19. Xiao Y., Behaviour of composite connections in steel and concrete. Ph.D Thesis, 
University of Nottingham, UK (1994). 

20. Xiao Y., Available and required rotation capacities for composite beams and frames. 
Working Paper, COST-CI/ECCS TCII Group on Composite Connections (1995). 

21. Zandonini R., Semi-rigid composite joints. In Structural ConMctions : Stability and 
Strength, cd. arayanan R., Elsevier Applied Science Publishers (1989), 63-120. 



MECHANICAL. MODEL.lNG OF SEMI-RIGID JOI TS FOR THE ANAL. YSIS OF 
FRAMED STEEL. AND COMPOSITE STRUCTURES 

F. Tschemmemegg , 
G. Queiroz ' 

Abstract 

mechanical models of semi-rigid joints arc analyzed. taking into account the behaviour 
the joint with actual dimensions. A new model is described which can be used with 

r .nilabl! software for the analysis of framed steel structures 

I. I TRODUCTION 

_,,-ntOld connection is a type of moment connection for which the initial angle between the 
I llIDnec:ted members. at the intersection of their axes. changes with the connection moment 

I). The joint is an infinite small point. 
on this concept. the first mechanical model used to represent a semi-rigid connection 

r CIIIII!;ist"d of a rotational spring placed between the end of the beam axis and the column axis 
• used in Ee3 Annex J (Fig. 2). 

M 

8 k 8 

k=tonB 

t.9=,ev-,ec t.9=,ev-,ec 

fig. I - Semi-rigid connection Fig. 2 - Rotational ~pring 
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Due to local defonnatlons whIch aRSC when column web tlffeners arc absent and due to 
bendoog and hear defonnations of the column zone between the upper and lower beam 
nanges (joint zone), the more general concept of semi-rigid joint was Introduced 
(Tschemmemegg et al.. 1987). I! is assumed thatthe joint has a finite sicc (h,. b,l. 

I! wa> .hown (Tschemmemegg et aI., 1987) that II IS not possible to represent the connection 
deformatIons. the joint zone bending and ,hear defonnations WIth a ,ingle rotatIonal spring 
for each beam In fact, each connection takes the moment applied by the corresponding beam, 
but the JOInt zone takes over the resultant of the two beam moments (Fig. 3) . 

• 
Vc F 
~ I 

M2( VJ )MI V j 
h

l
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~ F Vc 

• r.(HI-M2)/h J 

Fig. 3 - JOint forces 

It was also shown that for taking into account the defonnations of the column in the joint 
zone the mechanical model of the joint must hold the actualjooot dimensions. 

The baMc deformation modes of the joint will be described in the next section . 

2. JOINT DEFORMA nON MODE 

Fig. 4 shows a two-bearn-joint with bolted end-plate connections; it will be supposed that 
M,>M,_ Points A .. A •. A, as well as points E,. Eo' E, arc located on the end plate. while points 
B. B •. B, as well as points D,. D •. D, arc located on the column. Before deformation takes 
place. po,nts A. A. , A, coincide with B .. B •. B and points E,. E •. E, coincide with D" D. , D,_ 
The position of those points will be detennined accordIng to: 

deformation caused by pure bending; 
defonnation caused by pure shear; 
local deformation of the connection and the column regions opposite to the beam nanges. 

The >tatlc system shown in Fig. 5 will be used as a reference. The shear forces and the 
bendoog moments in the column. taking into account the beam height hj. arc al so shown. 

I ~c h2 
,2 F n 
~ M2( -ro )MI hJ H 

.2 ~JIeo~n-='~ 
I ht 

Fig 4 - Imual geometry ora Iwo-bcam-jumt 

SH£AR 
f"ORCCS 

FIg. S - Reference static system 
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2.1 Deformation caused by pure bend ing 

The deformed column axis is shown in Fig. 6. wIth the new positions C,'. C;. C: of the 
points C.' C •. C,. Because the cross sections remalD at right angles to the axis. the new 
positions B,'. B.'. B:. 0 ,', 0.'. 0: of the points B,. n, etc. arc easily to determine. as shown 
in Fig. 6. 
The average rotation of the joint zone is given by: 

<I>m = (6s+6i)lhj (I) 

[0 the elastic domain (Brugger. 1993): 

<I>m = (M 1-M1)(h 1'+h2' )/(3H' E:lc)+(M I-M2)hj(h I '+h2' -h l .h2)/(3H' E:lj) (2) 

The second pan on the right side corresponds to the joint zone deformation aod the first pan 
to the deformation oftbe remaining pans of the column. 
E = elastic module 
Ij = cross section inenia moment of the joint zone 
Ic = cross section inen .. moment of the remaining pails of the column 
The other terms in Eqs. (I) and (2) arc shown in Figs. 4. 5 and 6. 

Panicular situations 
a)-I f hj«H andlor Ij» lc. the joint zone deformation would have little influence on the 
average joint rotation and the axis portion C,-C, would remain nearly straight. with the left 
and right bcam axes tangent to B.' -0.' at B.' and 0;. acc. Fig. 7a . The vertical displacement 
dv of the points B; and 0; amounts: 

6v = (<I>m)hcl2 (3) 

b)-Using the traditional rigid joint model (Fig. 7b). we would get the joint rotation (setting 
hj=O in equ. (2)): 

<I>m = (M I-M2)(h I "+h2")/(3H' E.lc) (4) 

Example - for hj=O.1 H, hi =h2=O,45H. h 1'=h2 '=O.5H and Ij =lc (Fig. 8): 
Eq. (2) <I>m = O,0675(M I-M2)H/(E.lc) 
Eq. (4) <I>m = O.0833(MI-M2)H/(E.lc) (23% larger) 

J 
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Fig. 6 - Deformalioo cau cd 

by pure bending 

T 
Fig. 7 - Panlcular sltuallons Fig. 8 - Example 
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otes 
I) For the same example. wilb a bending stress of200N/rnm' atlbe column points B,. B •• D,. 

D •• hc=hj and E=210000N/mrn'. we would gel: 

<l>m = 0.0029 (Eq. (2» <l>m = 0.0035 (Eq. (3» 

II) For Ij»lc lbe difference betwccn the two results would be still bigger. 

It can be secn that the traditional rigid joint model is not appropriate to represent lbe 
deformation caused by pure bending. 

2.2 Derormation ca used by pure shear 

The deformed column axis is shown in Fig. 9. with the new positions C:. C;. C: of lbe 
point C,. C •. C,. The axis segments I-C: .C: -e: and C: -S remain straight after the 
deformation. 

Rotal1on of the joint zone: 

<l> = (os+oi)lhj (5) 

In the clastic domain (Brugger. 1993): 

<l> = (M I-M2)(h I +h2)/(H'G.As) + (M I-M2)(h I +h2)' /(hj .H'G.Asj) (6) 

The second pan on the right side corresponds to the joint zone deformation and the first pan 
to the deformation of the remaining pans of the column. 

G=sbear module 
Asj = cross sectioo shear area of the joint zone 
As = cro s section shear area of the remaining pans of the column 
The other terms in Eqs. (5) and (6) arc shown in Figs 4.5 and 9. 
The shear distonion of the joint zone amouOls (Fig. 4 and 5): 

y = tlG = <l>(h I +b2)1(HG.Asj) = (M 1-M2)(h I +h2)1(hj.HG.Asj) 

The cross sectioo rotation oflhe joint zooe amounts (FIg. 9): 

(1) 

(8) 

Witb the cross section rotation. the new positions B:. B;. B:. D: . D; . D: of the points B,. 
B. ete. are determined. as shown in Fig. 9. The left and right beam axes undergo a rotation (j) 

at points B; and D; (Fig. 9). 

Panicular situations 
a)-If Asj=As tben . in the joiot zone, y=<l> and a=O. i.e .• the cross scctions would remain 

horizontal. 
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b)-lf Asj»AS thcn the shear distonion in the joint zone would be vel)! small and <I> would 
be given by tbe first part of the rigbt side of Eq. (6). 

c)-Using the traditional ngidjoiOl model (Fig. 10). the column axis would remain traight for 
the whole length and all the column cross sections (as well as the beam axes) would 
undergo a rotat ion of. y = (M I-M2)1(HG.As) (9) 

s 

:1 
"'''''''IH 

hZ' ] ~( -1.. 
H H ~ 

J ~l h" 

I ... .....,'" 
Fig. 9 . Deformation caused by pure IOhcar FIg. 10 · Traditional rigldJoml model 

Example - for tbe same ituation shown in Fig. S, we would get tbe following beam axis 
roIanons: 

I)-For Asj=As 

Eq. (7) 
Eq. (9) 

<1>=y=9(M I-M2)1(HG.As) 
<1>=y=(M I-M2Y(HG.As) (9 times smaller) 

Note - For a resultant moment (M I-M2) corresponding to a shear stress of I 26N/mm' in the 
joint zone (14N/mm' in the remaining pans of the column) and G=SOSOON/mm': 

q, = 0,0015 (Eq. (7)) <1> =0.00017 (Eq . (S)) 

lI}-For Asj»As 

Eq. (6) 
Eq. (8) 

<1> = 0.9(M I-M2)1(HG.As) 
<1> = Y = (M 1-M2)1(HG.As) (II % larger) 

It can be seen that tbe traditional rigid joint model is also not appropriate to represent Ihe 
deformation caused by pure shear. 

2.3 Local deformations of the connection and the column regions opposite to the beam 

luCts 

Three different types of moment connections are sbown in Fig. II: 
- welded connection - tiffcned column (Fig. 118) 
- welded connection - non stiffened column (Fig.'llb) 
- end plate bolted connection - non stiffened column (Fig. Ilc) 
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For the situation shown in Fig. II a, the stiffeners help to keep the segment lengths B,-C, and 
C,-D, (compressed by the beams) practically unchanged as well as the segment lengths B,-C, 
and C,-D, (tensioned by the beams). However. for the si tuation shown in Fig. II b, the 
segments B,-C, and C,-D, will be shortened. the segments B,-C, and C,-D, will be stretched by 
the beam flange forces. due to column web horizontal deformation and column flange 
bending (Fig. 12a). For the bolted connection shown in Fig. Ilc, not only the column web 
and flanges but also the end-plate and the bolts contribute to the local deformations 
(Fig. 12b). 

(0) (b) (e) 

FIg. II - Three different types of moment connCCllon Fig 12 - Local dcfonna.ions 

It can be seen in Figs. 12a and 12b that the local deformations cause a rotation of the left and 
the right beam axes. and that the positions of the points B. and D. are not affected by the 
deformations. If the tensioned and the compressed regions of the joint have the same local 
rigidity. then the left and tbe right beams will rotate about points B. and 0., respectively; if 
this docs not happen. then the rotation center will be displaced, as shown in Fig. 12b, where 
the tensioned region was supposed to be more flexible than the compressed region. 

3. ANALYSIS OF SOME EXISTING SEMI-RIGID JOINT MECHANICAL MODELS 

3.1 Non-displaced rotational spring model- (EC3 part 1.1) 

This model (Fig. 13), with appropriate springs, can represent the local deformations of the 
connection and of the column regions opposite to the beam flanges, except for the position of 
the rotation center of the beam axes. Because of the same reasons already mentioned for the 
traditional rigid joint model (sections 2.1 and 2.2), and also because of the resultant moment 
on the joint zone (as explained in section I), it can not represent the bending and shear 
deformations of tbe joint zone. However, there is an iterative procedure (Ee3 part 1.1) to take 
into account the influence of tbe joint zone shear deformation on the rotation of the beam 
axes. Two transformation parameters p, (for one spring) and p, (for the other spring) are used 
to correct the spring stiffnesses after each analysis step. Paramcters p, and p, depend on the 
beam moments M I and M2 and on the column shear forces above and below tbe joint zone. 
Althougb it is possible to get the beam rotations due to the joint zone shear with this 
procedure, it does not allow for the column axis deformation within the joint zone and, 
because of this, can not detect the interaction between column axial force and bending/shear 
deformation of the joint zone. 
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3.2 Oi placed rOlalional spring model 

This model is simIlar 10 the previous one. bUI the springs arc placed on the poslllons 
CO<Tesponding to the column faces (Fig. 14). The cross section inenia moment and shear area 
ofthe auxiliary membel1i B.-C. and C.-D. should be IOfinite. The rotation center of the beam 
axes is correct if the upper and lower local flexibilities included in Ihe spring arc the same. As 
for the previous model. it is not possible 10 represent Ihe jOlOt zone defonnalions with Ihls 
model. 

kl k2 
"\ k2 

..l: 
I 

fig.. IJ . Non-<ilsplaced rotallonal spnng model Fig. 14 . Displaced rotational sprmg model 

3.3l\1odel with rotalional springs on the beam and co lumn ales for non-linear 
compuler programs (Tschemmernegg et aI. , 1994) 

This model has rotational springs placed on the positions corresponding to the column faces. 
10 represent the local defonnations of the conneclion and of Ihe column regions opposite to 
the beam flanges (Fig. 17). It funher has rotational springs placed on the positions 
CO<Tesponding to the upper and lower limits of the joint zone. to represent the shear 
defonnation of the joint zone. The cross section inenla moment and shear area of the 
auxiliary members B. --C •• C.-D •. Co--C. and C.-C, should be sel infinite. An additional 
condition mu t be imposed on the stiffness matrix to get the correct bending deformation 
between points Co and C,. Alternatively. an additional member with the cross section inenia 
moment of the joint zone (with zero shear area) could be used betwccn the point immediately 
above C, and the point immediately below Co' This model represents very closely all the types 
of deformation described in sections 2.1. 2.2 and 2.3. However, because the segment B.-D. 
remains always perpendicular to the segment C,-C,. the venieal displacements of the points B. 
and D., corresponding to shear deformation of the joint zone, arc not correct (sec section 22). 
With this model it is not po sible to take into account different local flexibilities for the upper 
and lower regions of the connection (or of the column), as for end plate bolted connections. 
The mentioned disadvantages are, in general, of minor imponance. There arc much available 
information on semi-rigid behavior using this model, including non linear analysis. 

As described in (Tschemmemegg et al.. 1994) thi model can be extended for composite 
joints by introducing additional springs: redircction spring, load introduction spring, slip­
spring for the slab (Fig. IS, 16). 
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loadlntroductlOn tenSIon 

connection tenSion 

In 

~....L_" \ connection compression 

Ioadintroduction compresslO(l 

FIg. IS - General model for steel JOlOt\1i 

only lor composite Jo,nts wIth 

Fig. 16 General model for composite JOlnlS 

C ". ----r 
Id I IoI! I 

FIg. 17 . Model with rOlanonal sprmgs on the beam and column axes 

4. A NEW PROPOSAL FOR SEM I-RIGID JOINT MECHA ICAL MOD ELI NG 

The general bebavior of a semi-rigId JOint was first descnbed by Tschemmemegg 
(f cbemmemegg et al.. 1987). The model u'>Cd In (f~cbemmemegg et al.. 19 7) to explain 
the behavior is shown in Fig. 15 . 

The mechanical model proposed below for ~ml-rigid jOints (Fig. 18) was hased on the 
general model shown in Fig. IS and on the defonnation modes described in sections 2.1. 2.2 
and 2.3. It can be used with available software for the analysis of framed structures. Th,s 
proposal was al ready presented in (Queiroz. 1992). 

• 

h, 

LOl dlntroductlon 
+ ~nnectlon 

LOldlntroduetlon 

FIg. I • A new proposal fOf seml·"gld 
joint mechanical modeling 
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With this model, the bending and shear deformations of the joint zone arc obtained simply by 
defining the correct cross section inenia moment and shear area for the members C,-C. and 
C.-C, (Fig. ISb). For the members B,-B., B. -B" 0 ,-0 • . 0 .-0 " and also for the members B. ­
C.' C.-D • . the cross section inenia moment and shear area sbould be infinite. The axial 
flexibility of the members B,-C, and C,-D, must correspond to the sum of local flexibilities of 
the connection and of the column, on the regions opposite to the lower flanges of the left and 
!be right beams, respectively. The same is valid for members B,-C, and C,-D" but with thc 
upper instead of the lower flanges of the beams. The members B. -C. and C. -D. must 
transmit only the beam shear forces to the column (the left and right beam bending moments 
and axial forces arc transmilled by B,-C/B,-C, and by C,-DI C,-D" respectively); to provide for 
this, the link between members B.-C. and B,-B" at B., and the link between members C.-D. 
and 0 ,-0" at D., only transmit a venieal force (Fig. 17c). 

This model represents vety aecurately all the deformation modes described in sections 2.1, 
2.2 and 2.3, including the correct position of the rotation center of the beams for shear 
deformation of the joint zone as well as for different local flexibilities of the connection (or of 
the column) on the upper and lower regions. 

S. TRA SFORMA nON PROBLEM BETWEEN 
FINITE AND INFI ITE JOI T-MODELS 

The Simplification of a realistic joint-model with finite dimensions to a joint-model with an 
infinite small joint-area at one band leads [0 a very simply input for the frame-analysis, at the 
other band the simplified joint-model is not able to represent the joint-behaviour exactly due 
to the flexibility of the extended beam and column, not in existence in the real joint. So the 
simplification causes the necessity of a 'joint-transformation' (Tschemmcmegg, Huber, 
1995) increasing the stiffness of the realistic joint-model when displacing the springs into the 
center of the joint to compensate the wcakness of the beam and column extended into tbe 
joint-area. Unfonunately the simplified joint-model limits the stiffness of the joint with the 
bending-stitTness of the extended beam and column, a stIffer connection as it occurs for 
composite joints cannot be represented by the simpl ifi ed joint-model. So when using the 
simplified joint-model one has to be conscious of the limiting boundery-conditions. 
As tbe proposed joint-transformation-formulae arc based on the asumption of a constant 
bending moment in the extended beam and column the errors of the simplified joint-model 
can be reduced significantly but nOt fully compensated. Parameter-studies for the 
transformation of the loadintroduction-spring have shown that in the worst case the 
overestimation of the beam-deflection can be reduced from 17% to II % when using the joint­
transformation and the underestimation of the fixing moments can be improved from 7% to 
3%. So a funher increase of stiffness would help to improve the results for the global frame­
analysis, however the increasing-factor cannot be fixed but depends on the moment­
distribution in the extended beam and column and therefore on the frame-system and the 
loading situation. ~lbC ........... 

F==t~, '-7 0-2 
+-~"Ii'-l/-t .... d:{ 

, , 1== 
u...... ....... ___ " ..... 

Fig. 19 . Finite jomHlloocl FIg. 20 -tnfinllcjolnt-model (EO, EC4 ) 
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6. EXPERIMENTAL DATA 

All the mechanIcal models only work if the forccld,splacement relations can be determoned 
for each model component . These relations can be Ioncar (at the begonning of the loadong) or 
non linear and they arc always obtained from tests. References (EC3 pan I. I), 
(Tschemmemegg et al.. 1994). (Klein. 1985). (Humer. 1987) and (Braun. 1987) contain much 
Information about this subject. 

7. CONCLUSIONS 

The semi-rigid Joint behavior was dIscussed and some mechanical models were presented that 
allow to analyze framed stecl structures takong into account that behaviour. It was shown that 
the point model can not represent aecurately the joint deformations. even if the joint is 
conSIdered rigid. A new proposal for mechanical modeling of emi-rigld joints was presented 
that fits very accurately the joint deformation modes. Although only clastic behavior has been 
conSIdered in this paper. the general concepts arc also valid for inelastic behavior. with the 
appropriate force/displacemcnt relations of the model components. The model described in 
section 3.3 and the new proposal deseribcd in section 4 work well for the interaction between 
column axial force and bending/shear deformation of the joint zone. when a non linear 
analy i is performed. There is no model that can represent the interaction between column 
axial force and local defonnations of the connection or of the column region opposite to the 
beam flanges; however. tests have ,hown that thIS type of interaction is not imponant for 
rolled profiles (Lener. 1988). 
When using a simplified joint-model with an infinite small joint arca the stiffness of the 
rotational springs has to be increasing according the joint-transformation. The very simple 
joint-transformation-formula brings a significant improvement for the global analysis. 
however the rcal Joont-behaviour can only be represented by a joint-model wuh finue 
dimenSIons. 
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PROPOSAL OF THE STIFFNESS DESIGN MODEL OF THE COLUMN BASES 

FranMek Wald 1 

Zdent'!k Sokol 2 

Martin Steenhuis3 

Abstract 

The connection between the steel column footing and the concrete foundation has a 
rotational rigidity significant for the overall frame analysis. This rigidity could be taken 
into account to predict the horizontal drift of the frame in serviceability limit state. A 
III JIlosal of the stiffness design model compatible with stiffness prediction according 
to Eurocode 3, Annex J is presented in the paper. The model is based on the 
component method. Three patterns of the base plate internal forces distribution 
represent different collapse modes based on axial force - total bearing capacity ratio. 
The prediction model is compared to experimental observations. A parametric study 
of the main parameters of the model is included. 

1. INTRODUCTION 

In the structural frames, the column base joints have a high restraining capacity. 
However, their semi-rigid behaviour is seldom introduced into the frame analysis 
because of absence of simple and reliable stiffness models. The full scale frame 
experiments, in situ measurements and numerical studies document the high rigidity 
of the column base joints. The frame finite element analysis and the application of 
ultimate limit state enable the introduction of the advantages of column base 
lliffness. Eurocode 3, cl. 5.2.3.3, into the design procedure. 

• Assoc. Prof , Czech Technical University, Tholkurova 7, 166 29 Praha 6, Czech Repubfic 
I Grad. Res. Asst. , Czech Technical University, Th4kurova 7, 166 29 Praha 6, Czech Repubfic 
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The small number of tests concerning the column base rotational stiHness has 
resulted in development of only a few prediction models for specific purpose. The 
elastic - plastic model of rotational stiHness prediction was published by Salmon et al 
(1957). The model of cyclic behaviour for the seismic design was derived from the 
Japanese experiments (Akiyama. 1985; Nakashima et ai, 1991). The Penserini -
Colson's model based on component damages predicts the cyclic behaviour very 
accurately (Penserini and Colson, 1991 ). The stiHness and soil interaction of the 
column bases with bolts inside the column cross section (pinned column base joints) 
were studied by Melchers, (1992) . 

The presented model is derived to be compatible with stress design published in 
Eurocode 3, Annex L, and with the beam to column connection stiHness prediction, 
Annex J The development of this model was preceded by derivation of complex 
analytICal models for unstiHened base plate with bolts outside the column (Sokol et al, 
1995; Ermopoulos and Stamapoulos, 1995) and for base plates with bolts inside the 
column of H cross-section (Wald and Sokol, 1995). These models were compared to 
the tests summarised in the COBADA T database and to tests made et CTU (Wald et 
al. 1994) The presented model enables to calculate a moment- axial force-rotation 
curve for constant axial force. This represents typical loading in buildings, when the 
JOint is firstly loaded by vertical force from dead and live loads (remaining constant) 
and secondly by changeable horizontal wind load. 

2. STIFFNESS OF THE COMPONENTS 

The sUHness of each component is calculated separately compatible to Eurocode 3, 
Annex J. The relevant stiHness coeHicients k, are taken into calculation of the 
stiHness. 

2.1. The Base Plate in Tension 

The stiHness coeHicient of the base plate ks is calculated from an equation for plate in 
bending as 

• L .. , t 
k, = 0,425--3 -

m 
when there is no prying, or 

(2.1 ) 

• L .. , t 
k, = 0,85 - 3- (2.2) 

m 
when prying occurs (Jaspart et al ,1995). In the above formulas , t is the plate 
thickness and Le" 1 is the eHective length taken from Eurocode 3, Annex J, Tab. 3.3.3 
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(circular and other patterns) . The prying occurs only for thin plates and short bolt 
elongation length (Wald et ai, 1994), i.e. when 

6em' A" 
t s 3 . (2.3) 

(L" + L .. )L .. 
When the prying occurs the plate could also collapse in Mode 2 with effective length 
4tt.2 (other patterns only). 

01 .. 12 

FIg. 1 Calculation of the base plate T -stub effective length. 

2.2 The Anchor Bolts 

The stiffness coefficient of one bolt row in tension should be taken as 
A, 

k. = 2,0 - (2 .4) 
L. 

L. = L .. + L.. (2 .5) 
where As IS the stress area of one bolt and the elongation length of the bolt Lb is 
calculated from the free bolt length Lbl and from the part of the bolt embedded in the 
concrete L~ see Fig. 2. The free bolt length Lb/ may be taken as the total grip length 
(thickness of the material and washer) plus the grout thickness plus half the height of 
the nut. The embedded part of the bolt L/)e contributing to bolt extension could be 
estimated as 8 times the bolt diameter d for long bolts (Salmon et ai, 1957; 
Sato, 1987). The effective bolt length L/)e could be predicted for short headed bolts 
(Furche, 1994; Wald and Sokol , 1995) or for the other types of anchoring 
(Eligehausen, 1991). The coefficient 2.0 is used for long bolts without prying (see 
Eq. 2.3). The coefficient 1,6 should be used for short bolts, as in Eurocode 3 (Jaspart 
et ai , 1995). 

Fig. 2 Elongation length of embedded and headed bolts. 
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2.3. The Base Plate in Compression 

The flexible base plate loaded in compression is in the calculation represented by 
effective rigid plate. The effective area taken into calculation for stiffness prediction is 
simplified to rectangular area, see Fig. 3. The use of effective area assures 
compatibility between the stress design in Annex L and the stiffness calculation in 

Annex J. The ::'~Jat~:n of the effective width c was fully adopted from Annex L: (2.6) 

3 I, y"" 

In the formula fyp is yield strength of base plate material and" is the concrete bearing 
strength and y"" is partial safety factor. 

a 

b 

FIg. 3 The effective area for stiffness calculations. 

2.4. The Concrete Block 

A new stiffness coefficient for concrete in compression is introduced into the 
calculations as 

(2.7) 

where ap and bp are the effective dimensions of the base plate, E and Ec are the 
modules of elasticity of steel and concrete respectively and h is height of the concrete 
block. 

3. The Stiffness Calculation 

3.1. The Stress Distribution 

An elastic plastic stress distribution in concrete has been assumed. The concrete 
bearing stress " is given by 

2 
\=-k,l", (3.1) 

3 
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where kJ is the concentration factor and fcd is the concrete cylinder strength 
(Eurocode 3, Annex L). 
The maximum force acting in the tension part of the joint is derived from resistance of 
the equivalent T -stub. The following formulas cover different failure modes: complete 
yielding of the base plate (Eq. 3.2), bolt failure with yield of the base plate (Eq. 3.3) 
and bon failure (Eq. 3.4). The effective stress of the tension part f( is taken as the 
smallest value from 

2 

~ • 2L .. t ~. (3 .2) 
rnA, 

, = L .. t2 ~ 
, - in case of prying only, (Eq 2.3), n = min t e,1,25 m) (33) 

(m+ n) A, 

~ . ~. (3.4) 

n is necessary to input the corresponding values into the equations, i.e. the distances 
m and e for bolts inside the column or mx and ex for bolts outside the column cross 
section, see Fig. 1. 

It is possible to distinguish between three basic modes of collapse depending on the 
bearing stress distribution under the base plate with respect to the tension part, see 
Fig. 4. 

The concrete bearing stress ~ is never reached , when the column base joint is 
loaded by low axial force (compared to the ultimate bearing capacity). The collapse 
occurs either by yielding of the bolts or by developing plastic mechanism in the base 
plate (pattern 1). When medium axial force is applied, the concrete bearing stress ~ 
and the effective stress of the tension part f( are reached et the collapse (pattern 2) . 
For high axial force only collapse of the concrete occurs (pattern 3) . 

The boundaries between these three modes will be calculated . The axial 
representing the boundary between low and medium forces is calculated as 

2 2 ( 1 1 a. b.', 2 r+a. 

N12 t ( ~ 1O 1) - 2 A, ~ 
4 a. b. f, - + 4 A, ~ - + -

k,. k. k, 

and the boundary between medium and high forces Is given by 

(2 r+a.l b.'j- 2A,1 
N2 • 2 :5 a. b. \ 

force 

(3.5) 

(3.6) 

where r is the lever arm of the bolt row f(om the centre line of the base plate, see 
Fig. 1. 
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Fig. 4 The mternal force distribution for three paNerns of the base plate joint in imtial 
and col/apse stages. 

3.2. The Rotational Stiffness 

The rotational stiffness of the jOint may be calculated by 

Ez' 
S .-­

I ~ L 1 

, k , 

(3 .7) 

where kJ is the stiffness coefficient for component i and z is the lever arm, see Tab. 1 
and Fig. 5. 

p.lnem 2 panem , 

, [ ~ [ /1 

! ""'J c::: 
k, ~ 
kd kl 0 ~ k .. i k .. ~ 

~ l l l l , , l l l , 

Fig. 5 The mechanical simulation of the components deformability. 
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The ratio between the rotational stiffness with respect to moment can be calculated 
as 

(38) 

where ~ is the shape parameter of the curve. The coefficient /( introduces the 
beginning of non-linear part of the curve and varies from 1.1 to 1.5. see Tab. 1. 

Tab. 1 Values to be conSidered in stiffness calculation for different patterns. 
"', ._- '.' r 

pattern 1 
low axial force 
N :s Nt 2 

pattern 2 
medium axial force 
N1.2 < N < N2.3 

pattern 3 
high axial force 
N2.3 s N 

Stiffness 
coefficients 

k, to be 
considered 

ks. k(j, k,o 

k,o. k,o 

/( 

., 

1 .1 

.-

~ 

., 
6 

z 

M 
but M .. ~~ 

K 

linear transition between patterns 1 and 3 

1.5 8 

4. COMPARISON OF THE MODEL TO EXPERIMENTS 

All the test specimens have the same geometry. see Fig. 7. and material properties. 
They were loaded by axial and horizontal forces increasing proportionally 
(experiments W7. Wl0. W12) or by bending moment only (experiment W8) . see 
Fig. 6 (Wald et ai , 1994), Because the model is derived for constant axial force. the 
curves were calculated point by point for corresponding axial forces and 
eccentric~ies . 
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LI prediction. 

and analytical moment-rotation curves; - experiments, 

5. PARAMETRICAL STUDY 

The bolt elongation length (Fig. 7) and diameter, the base plate thickness (Fig. 8) and 
the quality of concrete (Fig. 9) are the parameters which have the most significant 
influence on the behaviour of the joint. The history of the loading (Fig. 6) and the axial 
force I bearing capacity ratio (Fig. 10) should be considered as other parameters 
influencing the rotation and the moment capacity of the connection. The sensitivity to 
these parameters is shown on the following pictures. 
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Fig. 7 The influence of the bolt embedded length LIle on base plate joint stiffness 
(experiment W 7, constant axial force 700 kN). 

The Young 's modules of concrete was calculated for the prediction of influence of the 
concrete quality from the equation 

(5.1 ) 

where the concrete cylinder strength fcd should be input in MPa. 



Proposal of the Stiffness Design Model 257 

Uc:Jrnwt. kNm 

"" ngtd plat. 

120 /' 

/ 25mm 
100 • ---= 20mm 

eo . 

re 151M1 
eo . 

10mm 

"" 51M1 

-----~ o 0,01 0,02 0,03 0,04 o ,~ 

RoUIdon, r.d 

Fig. 8 The influence of the base plate 
thickness on base plate joint stiffness 
(experiment W 7, constant axial force 
700kN). 
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Fig. 10 The influence of the axial force on base plate joint stiffness (experiment W 7). 

6. CONCLUSIONS 

• The presented stiffness model complements the strength prediclion according 10 
the Eurocode 3, Annex L. 

• The presented design model predicts the stiffness behaviour with a good level of 
accuracy. The model is build up on principles of stiffness prediction published in 
Eurocode 3, Annex J. 

• The model is evaluated based on a limited number of experiments. Wider test 
observations could therefore lead to further changes in the model parameters. 
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Abstract 

A fmite element model to simulate the structural behaVIOur of composite flush endplate beam 
to column conneCUons is described. This model has been validated against test results and 
compared with a simplified calculouon method; both checks demonstrate its accuracy. 
Plrametric studie u ing the model to ,"vesugate variations in: reinforcement ratio, degree of 
shear connection and shear-span/moment muo are presented. 

I INTRODUCTION 

Numerous recent tudies have demonstrated the potential for using composite action in beam 
to column connections as a way of developing the serru-conunuous framing that is a permitted 
alternative for de ign in the Structural Eurocodes. Understanding of the detailed aspects of the 
connection behaviour has. thus far. largely relied on test evidence and the subsequent 
development of behavioural models. Because of the large number of variables and potential 
faiIurc modes associated with composite connections, such an approach is unlikely ever to be 
IbIe to thoroughly examine all aspects of the problem. 

IllS therefore natural to explore the possibility of using alternative numerical approaches. Of 
tbcse, the finite element method, which has previously been used successfully to model several 
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dIfferent forms of bare steelwork connecuo~. was selected as !he most promising. Al 
orne mlual work 10 this area has been undertaken (Leon and Lin. 1986 and Puhali et II.. 
1990). an accepted approach to !he finite element modelling of composite connections has yel 
to be developed. 

Thi paper reports an on-going study uSlOg a standard nonlinear finite element package • 
ABAQUS. The first task has been to develop a finite element model that faithfully represenu 
aU aspeCIS of the physical behaviour of composite end plate connections that have beea 
observed in physIcal tests. Validation of the modelling has been assisted by the availability of. 
comprehensIve database of aU known composite connection test resullS. especially the ve:y 
detaded test lustofles that were produced 10 the serie conducted in the UniversIty at 

oUlOgham (Lt. 1994). 

2 FINITE ELEMENT MODELLING 

The key componenlS in a composite conneCUon are: reinforcement in the slab. shear studs ill 
the lab. the concrete slab ilSelf. the ,teel beam. the steel column. the fittings (endplate. liD 
plate. cleats etc .). the bolts connecung the beam and the column. 

When loaded. the concrete part" acuve 10 takmg tensile force in the lniuallinear region only. 
after which tenSIle cracks form and the slab merely serves to transfer tenSIle force to the 
relOforcement WIth the help of the shear 'tuds. The relOforcement and the upper row of bolts 
take the tensile force. while the beam bollom flange together with part of the beam web 
transfers the compressIve force to the column flange through the endplate or fin plate. In the 
case of a flush endplate joint. the upper part of the end plate separates from the column flange. 
wlulsl the beam web and the bollom nange In the compression region remain in firm contaCt 
and transfers the compressive force d,rectly to the column. As the joint approaches lIS ultimalC 
load capacity. ItS reSIstance may be controlled by any or a combination of: fracture of 
relOforcement. fallure of shear studs. excesSIve deformation of column flange. local buckling of 
column web. buckllOg of beam flange . buckling of beam web. bolt failure. twisting of fin plate 
etc. 

For successful numerical modelling of any composite connection the following items must be 
properly represented: reinforcement. shear studs (considering slip between the slab and the 
beam and also the percentage of shear IOteracuon provided). steel beam and column (includinl 
buckling and plasticity). boIlS (including slip). separation and closure at the interface of the 
endplate and the column flange and load introduction. ABAQUS (Hibbill et al .. 1994). which 
I a general purpose finite element software. was selected for this purpose: it is capable at 
conducting fimte element analyses considenng both geometric and material non-linearity IIId 
also includes interface elemenlS and constraint conditions. 
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2.1 Finite clemen I modelling of a bare sleel joinl 

2.1.1 Tesl sel-up 

Before modelling Ihe composile joinl. a simpler bare sleel flush endplale joml was modelled. 
The Joml (SJS I) had been lesled (Li.1994) in Ihe University of NOllingharn. II compnsed a 
254x I 02 UB 25 sleel beam. 203x203 UC 46 Iccl column. 280x 130x I 0 mm endplale and four 
M20 boils (bolt hole diameler 22 mm). The bolt holes were positioned 175 mm centre to 
centre venlcally and 70 mm cenlre 10 centre horizontally. The column lenglh was 1800 mm. 
and II was restramed at Ihe lOp and boltom. SJS I was a cruciform joml. wuh load applied 
1473 mm from Ihe column face through load cells. The material propenies oblained from 
coupon leSlS are shown in Fig I and Ihe test ng and specimen sel-up is shown in Fig 2. The 
specimen failed al a load of 42.63 
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Fig I Typical >tress-stram curves of steel specimens 

NOle: CW is column web. CF is column flange. BW is beam web. BF is beam flange 
EP is endplale and Rebar IS reinforcement 

2.1.2 Finite element mesh 

The fmite element mesh. obtained after some trials. is shown in Fig 3. Since Ihe joint was 
symmetrical. only one side was modelled so as 10 reduce Ihe problem size. The beam. column 
and Ihe endplale were modelled using four node shell elements with six degrees of freedom 
per node. Inlerface elements. capable of transferring any compression when in conlaCI and 
allowing no lensile force 10 be transferred during separation, were used 10 model conlacl 
between Ihe endplale and Ihe column flange. At Ihe column flange and Ihe endplale. holes 
were peclfied 10 represenl Ihe bolt holes. BoilS were modelled by joml elements and load 
<lisplacemenl curves of Ihe bolts were used 10 oblain Ihe required characlensucs. These were 
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denved from a combination of finite element analysIS of bolt and plate contact and elastic 
analy IS. The resulting propenies arc shown in Fig 4 . 
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Fig 2 Test"g and specimen (5JS I) 5e1· Up 
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Fig 4a Load-shear deformauon curve for bolt 

2.1.3 Boundary conditions 

Fig 3 FE mesh layout for the bare steel JOt nt SJS I 
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Fig 4b Load-aJuaJ deformallon curve for bolt 

Since advantage was taken of symmetry, appropriate boundary conditions were required to 
address the problem correctly. The nodes of the column web centreline were restrained from 
movement along the direction of the beam axis (Fig 3), and from rotation about both tile 
centreline itself and the line perpendicular to the plane of the column web. Nodes at the 
bottom of the column were restrained from any movement in the three directions, while for the 
nodes at the top of the column only venieal movement was allowed. In the test load w. 
applied through load cells: in the FE modclload was applied directly to the nodes of the beam 
web. To overcome the problem of local yielding, this was divided equally between ten nodes. 
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2.1.4 Comparison of test and finite element resul ts 

The momenl-rolation curves obtained from the lest and from the finile elemenl analysis are 
shown In Fig 5: they are very close 10 each olher. The displaced shapes of lhe jOint observed in 
the leSl and given by analysi are shown in Figs 6 and 7 respeclively. As nOled In lhe leSl. 
column web Von-Miscs suesse exceeded lhe yield stress of the material. 
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Fig 5 Comparison of momcntrul3tlon 
curves (Of SJS I 

2.2.1 FE modelling of a composite connection 

Fig 6 Displaced shape of (he JOint after test (515 I) 

Tesl CJS I (LI. 1994) was selecled for venfication purposes. The reason was lhal joints SJS I 
and CJS I had the same beam. column. endplate. bolt detail and test set-up; the only difference 
was the inclUSion of the reinforced concrele <lab and the shear studs. The early FE stud ies (LI 
et aI .. I991) had indIcated lhal the concrele model In ABAQUS did nOl work well when 
applied 10 composite ConneCtion'. A "nular expenence was faced by lhe authors. When the 
eonerele slab slarted 10 crack the 'olullon did nOl proceed. whereas in lhe leSl. the load was 
laken by lhe relnforcemenl after cracking of lhe slab and lhe ultimate load is mueh higher than 
the craclung load. To solve thl) problem. bearing 10 mind that the role of the concrele tS to 
transfer lhe lensile force to lhe reinforcement with the help of the shear studs. concrele was 
Ignored in the model and muJu polnl constraints were used in the stud seCtiOns. Studs were 
modelled by beam elements and lhe reinforcement by truss clements. Al the stud and 
reinforcement connection joint elements were used to model the slip between lhe slab and 
beam and 10 model the degree of shear interaction. The load-deformation curve for these JOint 
elements is shown in Fig 8. 

2.2.2 Comparison of test and FE results 

The ultimate load capacity of the joint was 122 kN. tne test being stopped al a rotation of 48 
mrad. The FE analysis gave a load capacity of 124 kN and an ultimate rOlalion of 79 mrad. 
The moment-rotation curves from the test and the FE analysis are shown 10 Fig 9. Compan on 
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of honzontal Strams in the beam web are given in Fig 10 and rebar strains are compared in F .. 
II . Figs 9 10 II show each of these measures of the experiment and the analysis 10 be very 
close. It was therefore concluded that Ihe model could be used to study further the behaVIour 
of composIte Joints 

Fi87 Displaced shape of lhe JOinl from analySiS (SIS I) 
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3 STUDY FOR REINFORCEMENT RATIO 

After the successful modelling of CJS I, some studies were carried out to check the effect of 
varying the reinforcement ralio. These also served as a check on whether the reinforcement 
had been correctly introduced. If so, Ihen reinforcement areas between a bare sleel joint i.e. 0 
tm\2 and 767 rrrn2 should produce load carrying capacities and moment-rolation curves 
whIch would lie between Ihe two already obtained. Reinforcement areas of 767, 637, 425 and 
212 rrrn' were used for the analyses, with other parameters kept constant. Using a test base 
de ign model (Li, 1994) the moment capacities for these reinforcement areas were calculated 
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by talong the material strength as either the YIeld strength (calculated result-A 10 Table I ) or 
the ultimate strength (calculated result-B in Table I) as obtained from Li's supplementary 
tests. The results of the design calculation and the FE analyses are shown in Table I. from 
whIch It appears that the design model is most appropnately used with the uillmate matena! 
strengths. Fig 12 shows the companson of moment-TOtation curves for vanous reinforcement 
areas, tncluding the bare teel joint. Both the load carrying capacities and the moment-rotallon 
curves appear reasonable. The ultimate moment capacity is consistent with the design model. 
The variation of the initial stiffness and the ultimate moment capacity with the changes to lhe 
retnforcement area are shown in Figs 13 and 14. 
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Table I 

B. Ahmed et al. 

Comparison of calculated moments for variation of reinforcement 
ratio 

Reinforcement area Calculated Calculated FE moment Test moment 
mm2 momenl-A moment-B leN. m leN· m 

leN·m leN·m 

767 146 183 183 181 
637 129 164 163 
425 98 129 142 

212 70 92 119 
0 30 59 74 62 

Note. Material properties used for caiculalJons 
t) Calculauon-A (malerial strength is liken as the Yield suength obtained from the tests) 
Column:350 N/mm2.Beam:420 N/mm2.Endplate:350 N/mm2,reinforcemenl: 450 N/mm2 

2) Calculation-B (material strength is taken as the. ulumate strength obtained (rom the tests) 
Column: 480N/nun2.Beam: 530N/mm2.Endpl.le: 450N/nun2.reinforcement: 6OON/mm2 

4 STUDY ON SHEAR INTERACTION 

From the above it is clear that the reinforcement aclS in the model in the same way as it 
behaves in a test. The test CJS I with 300% interaction had more studs than required to 
develop the full tensile capacity of (he reinforcemenl Stud capacity was varied to investigate 
its effect on the moment carrying capacity. Analyses were made for 300%. 100% and 4% 
shear interaction (by changing the stud capacity. not the spacing). Results of the FE analyses 
are shown in Fig 15. As expected 300% and 100% shear interaction gave utile difference U1 

the overall behaviour. whilst the 4% shear interaction model behaved almost as the bare steel 
joint. thus confmning that the shear studs were modelled properly. 

5 STUDY 0 SHEAR SPANIMOMENT RA TIO 

Tests CJSI. CJS4. CJS5 conducted in the University of Nottingham (Li. 1994) had shown that 
varying the shear force had little effect on the moment capacities of flush endplate composite 
connections. These three tests used identical specimens. the only difference was the position of 
the applied load. In CJSI the load was applied 1473 mm away from the column face. reduced 
to 1023 mm for CJS4 and 573 rrun for CJS5. Moment capacities were 181.5 leN.m 177.5 leN. 
m and 197.5 leN.m respectively. From the results it would appear that there IS actually no 
Interaction between shear and moment at these levels of shear loading. since the small 
observed difference could easily have been due to slight variations in matenal propertles.To 
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wnfy this. the FE model of OS I was used. the only change being in the position of the load. 
the model load was applied at 1473 mm. 1049 mm and 579 mm from the column face for 

CJSI . CJS4. OS5 models respectively. this small change in position being accepted so as to 
~ the onglnal mesh unchanged. 

1be moment rotatIOn curves for CJS4 and CJS5 are compared In Figs 16 and 17. In Fig 18. 
Ibe FE results for all three different poSitIons of load are plotted. The moment-rotation curves 
we almost identical for the three models. This confirms the finding (Li. 1994) that there is no 
significant effect of shear/moment ratio on the connectIon moment capacity for the flush 
~plate joint with symmetric loading. It can be concluded that as long as the tensile and 
eompressive forces can be supported by the associated components. then the position of the 
applied load has neglig,ble effect on the moment-rotatIon curve. 

6 CONCL SIO S 

A numencal model u In8 the geneml purpose finite element software ABAQUS to simulate 
response of serru-ngld compo'"e connecllons has been described. Tests carried out in the 

\)ruversllY of NOlllngham were u'ed '0 venfy the model. One flush endplate bare steel joint 
lest result and three flush endpla'e compo"te joint test results were used. In addition . the 
method of introducing the relnforcemen, In a >lmplified way was checked by companng results 
from the finIte clemen, analy,,' \\ I,h ,ho"", gIven by a test-based design method. The 
developed model can addre" 'hc Importan, )Olnt characteristics of: variation of reinforcement 
area. po ilion of applicallon of lo"d. degree of shear interaction. changes in material 
popertles. Interiace separallon "nd do,ure. slip between slab (reinforcement) and beam top 
flange and bolts In a reallslIe f,,-,h lon. The modelling work IS soli undergoing in Nottingham 
UmversllY and more studies ,,,II he conducted on the above parameters as well as on the 
column loading. 
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MOMENT - ROTATION MODEL OF STEEL-TO-CONCRETE 

END-PLATE CONNECTIONS 

l<3sz16 Dunai 1 

Sandor Adany 2 

Yuhshi Fukumoto 3 

Abstract 

In this paper a predict ion model is introduced for the moment-rotation behaviour of end­
plate type steel-to-concrete connections under combined axial force and bending 
moment The developed model predicts the global response of the connection from the 
local behaviour of the "tension" and "compression" zones. The load-deformation 
relat ionships of the zones are analyzed by two nonlinear 20 FEM models. The 
calculated moment-rotation curves are presented and compared to the experimental 
results and to a simplified analytical method. It is concluded that the proposed method 
provides good prediction for the initial range of the moment-rotation relationship but 
underestimates the ultimate moment capacity. 

1. INTRODUCTION 

Steel-to-concrete mixed connections are connecting steel, concrete, reinforced 
concrete and composite stnuctural elements End-plate type mixed connections are 
applied in steel beam-to-reinforced concrete or composite column joints (Wakabayashi, 
1994) and steel or composite column bases (Lescouarch and Colson, 1992) Research 
have been doing on the application of steel-to-concrete end-plate connections in beam­
to-beam joints of composite bridges (Ohtani et. al. 1994). 

----------------------.---
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Previous studies on end-plate type mixed connections concentrate mainly on 
strength of column base-plate connections. Formulas for full strength design .,. 
derived assuming reinforced concrete cross-section and equivalent rigid 
approach (Eurocode 3, 1991, Wald, 1993). Although the applied hypotheses are 
correct in general (Penserini and Colson, 1989), the methods provide 
prediction for the ultimate strength in the design practice. Connections that 
designed in this way are considered as "rigid". From the available test results it can 
seen, however, that the nominally fixed mixed connections exhibit semi-rigid nature, 
rotational stiffness depends on the axial force, and its deterioration is significant 
cyclic loading (Akiyama, 1985, Penserini , 1991, Astaneh et. aI., 1992, Wald, 1 
Dunai et. aI. , 1994). Different level of models are developed to analyze the phenomena 
and to predict the moment-rotation (M-0) relationship (Penserini, 1991 , Melchert, 
1992, FIE~jou , 1993, Wald, 1993, Sokol et. al. 1994, Ivanyi and Balogh, 1994). 

In the current research a fundamental experimental program is completed on the 
rigidity of general steel-to-concrete end-plate connections. Specimens with typical 
structural details are designed mostly to exhibit the phenomena rather than to 
represent practical connections. On the basis of experimental findings a model i. 
developed to predict the moment-rotation behaviour under combined axial force 
bending moment. The developed model is an extended component model which 
predicts the moment-rotation response from the local behaviour of the "tension" and 
"compression" zones of the connection. The load-deformation relationships of the 
zones are analyzed by nonlinear 20 FEM models. This paper has a focus on the 
details of the proposed model. The application is demonstrated by the calculated 
curves which are compared to the results of the experimental study (Dunai et. aI., 1994) 
and of a simplified analy1ical method (Sokol et. al. 1994). 

2. EXPERIMENTAL PROGRAM 

Figure 1 shows the three test specimens, which are designed to demonstrate the 
behavioural aspects of the typical structural arrangements of end-plate type mixed 
connections. 
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Fig. 1 Test specimens. 
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SP-1 and SP-2 are designed as partial strength connections, while SP-3 as a full 
strength connection. The symmetrical steel-concrete-steel connection detail is placed 
in the center of a steel beam. The steel beam, containing the mixed connection is 
loaded by cyclic bending moment in a four-point-bending arrangement in a combination 
of constant axial compressive force. The end-plate deformation of the connection is 
measured by relative displacement measurement devices between the pertinent edge 
points of the two end-plates, as illustrated in Fig. 2. Further details of the experimental 
study can be found in (Dunai et. aI. , 1994). 
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Fig. 2 Measuring and interpretation of rotation. 

The measured positive and negative envelopes of axial force-moment-rotation and 
relative displacement relationships of specimen SP-1 are illustrated in Fig. 3 (a), (b) , 
and (c), respectively. These results demonstrate the behaviour of the tension and 
compression zones and their influence in the global response. On the basis of this 
experiences a prediction model is introduced. 

3. MOMENT - ROTATION MODEL 

3.1 General 

In the previous analy1ical studies of column base-plate connections three modelling 
levels are applied: 
(I) equivalent reinforced concrete (Re) cross-section model, 
(b) component model, 
(e) 3D FEM model. 

The (a) level model is simple to use, however, it is difficult to take into consideration the 
local plate bending deformation (Sokol et. al. 1994). By the derivation of equivalent 
cross-section the model provides good prediction for the strength of the connection. 
The application of (b) level model is relatively easy, the accuracy, however, is very 
much dependent on the derivation of the individual components behaviour, especially if 
the interaction between the components is significant (Melchers 1992). The (e) level 
model provides the best prediction of the real behaviour, but its application arises a lot 
of numerical difficulties and Significant computational efforts (Ivilnyi and Balogh 1994). 
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The proposed M-0 model is a modified (b) level model, as shown in Fig. 4. It is 
assumed that the interaction in the local behaviour of the compression and tensIon 
zones of the connection can be neglected. A=rdingly the two zones can be handled 
and analyzed separately, as shown on Fig. 4(a), and (b). The zone models are loaded 
by the beam flanges and the pertinent deformatIon in the center of the flanges are 
determined. The nonlinear load-deformation relal ionships of the zone models are the 
springs' characterisl ics of the two-spring-connection model of Fig. 4(c) . The rotation 
response under combined axial force and bending moment can be determined 
according to the equilibrium condItions of the rigid bar supported by the springs. 

8 

compression zone model 

tension zone model 

a, b, c, 

Fig. 4 Derivation of the M-0 model. 

3.2 TenSion and Compression Zone Models 

The load-deformation behaviour of the tension and compression zones are analyzed by 
nonlinear plane stress FEM models of the bolted and studded segments in Fig. 4(b). 
The characteristics of the zone models can be summarized as follows: 

• the 3D geometry of the bolted/studded segment is transformed to the plane stress 
model by the equivalent thickness procedure (Dunai 1992), 

• the concrete support is assumed to be rigid in the tension zone model, 
• the concrete support is modelled by a nonlinear one direction Winkler-type bedding 

in the compression zone model in which equivalent elastic modulus is used, 
• the constitutive model of the steel components and concrete bedding is a multi­

surface Mroz model; the material properties are derived from malerial tests, 
• prescribed dIsplacement of the fiange component is applied as kinematic load,ng; 

the resu ltIng tension/compression force and the pertinent out-of-plate deformation In 
the axis of the fiange gives the characteristic curve of the zone. 
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3.3 Two - Spring - Connection Model 

In the connection model it is assumed that a rigid bar connects the cross points of the 
plate and flange centerlines which are supported by nonlinear springs, as shown in Fig 
4(c). The characteristics of the springs are the pertInent load-deformation curves of the 
tension and compression zones. The connection model is analyzed by a simplified load 
increment procedure. The external axial force and moment are applied in small steps 
and the rotation response of the bar is determined according to the equilibrium 
condition. 

4. NUMERICAL STUDIES 

4.1 General 

The proposed model is applied for the analysis of the three steel-to-concrete end-plate 
connections described in Section 2. In the first step of the study the tension and 
compression zones are analyzed by the model detailed in Section 3.2. On the basis of 
these results the moment-rotation behaviour is obtaIned by the two-spring-model. The 
results are compared to the experimental curves and to the results of a simplified 
analysis of Sokol et. aI. , 1994. 

4.2 Load - Deformation Curves of Tension and Compression Zones 

The tension and compression zones of the three specimens are analyzed by 20 FEM 
models of 700-1000 degrees of freedom and 20·30 load increments. The nonlinear 
behaviour is illustrated in Fig. 5 for SP-1 by the load-deformation relationships. 
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Fig. 5 SP-1 : Load-deformation curves of tension and compression zones. 
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.. 3 Axial Force - Moment - Rotation Curves 

:1he three specimens are analyzed by combined constant axial force (P=1 03.5 kN) and 
ing moment. The experimental and analy1ical results are described together in Fig. 

8), (b), and (c), for SP-1, SP-2, and SP-3, respectively. 
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By comparison of the obtained results' it can be seen that the proposed model gives 
very good prediction for the initial range of the axial force - moment - rotation 
relationship. The strength of the connections, however, is underestimated by about 20-
25%. It is because the two-dimensional behaviour of the concrete in the compression 
zone model is not considered (one-dimensional concrete springs are installed in the 
bedding). If the 20 effect is taken into account - e.g. by a simplified way - the strength 
prediction can be improved. 

The results of the equivalent RC model of Sokol et. al. (1994) are also shown in Fig. 5. 
The model significantly overestimates the stiffness and the strength since the local 
plate deformation is neglected. 

5. CONCLUSION 

On the basis of experimental results an M-0 model is proposed for the analysis of 
steel-to-concrete end-plate connections. It is an extended component model in which 
the global behaviour is derived from the pertinent connection zones' behaviour. On the 
experiences of its application the following conclusions can be drawn: 

• The model requires advanced nonlinear 20 FEM analysis on the zone model level; 
this solution, however, can not be compared in difficulties to a global 3D analysis of 
the whole connection. 

• The model gives very good prediction for the initial range of the moment-rotation 
behaviour; it can be applied to predict the rotational stiffness and the nominal 
elastic limit of the connection. 

• The model significantly underestimates the ultimate moment; this feature of the 
model can be improved by the consideration of the 2D effect in the behaviour of 
concrete bedding of compression zone model. 

• A possible application of the model is to combine the results of the zone model 
analysis by the results of equivalent RC model. 

6. REFERENCES 

Akiyama, H. (1985), "Seismic Resistant Design of Steel Frame Column Bases", 
Gihodoshuppan, Tokyo. 

Astaneh, A, Bergsma, G., and Shen, J. H. (1992), "Behavior and Design of Base 
Plates for Gravity, Wind and Seismic Loads", Proc. of National Steel Construction 
Conference, American Institute of Steel Constructions. 

Dunai, L. (1992), "Modelling of Cyclic Behaviour of Steel Semi-Rigid Connection," First 
State-of-the-Art Workshop on Semi-Rigid Behaviour of Civil Engineering Structural 
Connections: COST C 1, Proceedings, Brussels, 394-405. 



Moment-Rolation Model of End-Plate Connecllon, 277 

L. , Ohtani, Y., and Fukumoto, Y. (1994), "Experimental Study of Steel-to­
' ''-''~'DtD End-Plate Connections under Combined Thrust and Bending", Technology 
'lI"nnnl<of Osaka University, Vol. 44, No. 2197, pp. 309-320 

EI60c0de 3 (1991), Design Rules for Steel Structures, Part 1. General Rules and Rules 
b Buildings. European Pre norm, Commission of the European Communities, Brussels 

Fl6jou, J-L. (1993), "Comportement dynamique des structures de genie civil avec 
. semi-rigides", These the Doctorat, Universite Paris VI. 

M., Balogh J. (1994), "Numerical Study of a Column Base Connection," Second 
'IIIllrte-of-the·-Art Workshop on Semi-Rigid Behaviour of Civil Engineering Structural 
~nn,'ldiinn~ · COST C1 , Proceedings, Brussels 

Lescouarch, Y and Colson, A. (1992), "Column Bases", in Proceedings of the First 
Conference on Constructional Steel Design, An International Guide, eds 

'''"' ... in'n, P., Harding, J. E., and Bjorhovde, R. , Elsevier Applied Science, Acapulco, 
. dco, 240-249 

R. E. (1992), "Column Base Response under Applied Moment", J. Construct. 
Research 23, 127-143 . 

. Y., Satoh, T., Fukumoto, Y., Matsui, S., Nanjo, A. (1994), "Performance of 
r.ftl,n"r!iir,n in Continuous System of Simple Composite Girders", Proceedings of the 

ASCCS International Conference, Bratislava, Slovakia, pp. 438-441 . 

P and Colson A. (1989), "Ultimate Limit Strength of Column Base 
·Cllnn'.dilnn~", J Construct. Steel Research 14, 301-320. 

P. (1991), "Modelisation de la liaison structure metallique-fondation", These 
Doctorat, Universite Paris VI. 

Iokol, Z., Wald, F., Dunai, L., Steenhuls, M. (1994), "The COlumn-Base Stiffness 
~"'ed i(:tioln ," Second State-of-the-Art Workshop on Semi-Rigid Behaviour of Civil 
engineering Structural Connections: COST C1 , Proceedings, Brussels. 

M. (1994), "Recent Development and Research in Composite and Mixed 
Building Structures in Japan", Proceedings of the 4th ASCCS International Conference, 
BratiSlava, Slovakia, pp. 237-242. 

F. (1993), "Column Base Connections; a Comprehensive State-of-the-Art 
t.Rirvi9''II' , COST C1 Project, CIPE 3510 PL 20 143, Technical University of Prague, 



SOME BASIC PRINCIPLES FOR SEMI·RIGID CONCEP"I 

Andre COLSON' 

Abstract 

The context of the dessimination of the semi-rigid concept Is discussed. Obtaining 
moment-rotation curves from a reasonable process is presented as one of the key 
parameter. Aside the experimental way several mechanical or physical models have 
bien developped during the last fifteen years. Now It appears that finite element 
method, used at various scales, is able to bring satisfying resu~s as far as computing 
costs are dropping down. Various scales means various levels of geometrical 
~iption and meshing : local, semi-local as the so-called components method, or 
global. The interest and the potential capabilities of each description are discussed as 
well as the questions that have to be solved. 

1. INTRODUCTION 

Most of the present regulation codes regarding constructional steelwork allow for the 
umi-rigid concept as model for connection behaVior. Numerous examples have 
thown the interest of such a modelization in terms of economy but also in terms of 
I8fety in the case of seismic action. Nevertheless during the last years it appeared 
lOme reluctance from the designers to use this concept. In the author opinion there 
are mainly two origins for this reluctance : i) the content of the background 
tngineering education in the field of structural analysis and ii) the lack of available 
material for day to day practise in terms of M • ~ curves. Moreover one can think t~at 
Ihtre is a link between these two problems because if more material would be 
available, the task of the educational staff would be easier. 

1 Professor of civil engineering, Director, Ecole Nationale Superieure des Arts et 
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i) the content of the background education in structural analysis. Semi-rigid design is 
probably teached at advanced level. when teached ... !!. so it appears as research 
subject and not as basic and elementary component of structural behavior. Of course 
at basic level. with junior students. it is not possible to go deeply within semi-rigid 
design but . at least. the connection behavior has to be pointed out. in terms of M - e 
curves. as the members behavior is exhib~ed in terms of moment - curvature curves. 
In order to convince our colleagues. teachers of structural analysis. to teach the 
essential background. it has to be widely accepted that semi-rigid behavior is the main 
and most common feature of connection in civil engineering structures. whatever the 
material. Starting from this consideration semi-rigid concept is an inevitable item of 
education and should not be missed. It is the purpose of the COST C1 european 
project to gather all the knowledge regarding connections behavior in concrete. 
timber. steel and compos~e structures in order to elaborate the essential ·corpus·. 

ii) the available material in terms of M - q> curves : desp~e the numerous experimental 
and analytical studies that have been performed during the last fifteen years there is 
not a general agreement on the way to get the M - $ curves. Of course the 
experimental results are certainly the most reliable but not convenient for the day to 
day practise in the design office for several reasons : 

- they are not available in a ready for use format (ultimate limit state and serveacibil~ 
lim~ state characteristics .... etc) . 

- they are not gathered w~hin a well agreed handbook. 

- they do not give by the same time the intemal distribution forces which are necessary 
for the detailing design. 

- generally the very specific case the designer is studying does not exist ... !! 

- and most of all design from testing is not a current practise excepted some 
experimental checking. generally at reduced scale. at the end of the design process. 

So. in the designer mind a calculation procedure. as simple as possible i.e. presented 
in tables or spread sheats format . is the only rational way to proceed in the design 
office. To prepare such a material. research and development has to be done above, 
to investigate all connection types. During the last fifteen years several mechanical or 
physical models have been developped. as well as numerical simulations w~h finite 
element method. These last one were not very successfull due to the lack of specifIC 
elements including contact problem, lack of fit description. microcracks propagation .. 
etc and due to the very large number of degrees of freedom inducing high calculation 
costs . So the mechanical and physical models were more attractive. Unfortunatly 
these models include always some curve mting parameter which need to be identify 
from experimental results. Briefly they are not able to give the entire M - $ curve from 
the sole geometrical and mechanical data of the connection. Furthermore the 
meaning of some parameters can not be explained in an engineering fashion. 
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Nevertheless such models have allowed the comparison of various approaches and 
118 development of the basic knowledge on connection behavior. 

Since one or two years most of the finite element method software packages offer the 
relevant elements that are needed for connection modeling : Evolulive contact 

ents, friction elements, damage model for concrete including strain-softening ... 
"c. By the same time automatic meshing is available in the case of complexe 

etry (CHS joints with double K configuration for example) and the computing 
costs are strongly decreasing while the computer capabilities are strongly increasing. 
n is therefore reasonable to undertake connection modeling through finite element 
method. Three level of geometrical description , i.e. three scales of geometrical 
modeling, have to be considered. 

- local modeling (LEVEL 1). In that case each element (fastener, plate, angle) is 
meshed with all the necessary refinement, including contact zone, to take care of all 
the phenomena that take place inside the connection . 

• global modeling (LEVEL 3). The whole joint is considered as a single element with 
one, two or three degrees of freedom (as a spring for example). This case requires a 
form of analytical model, or can be combined with experimental results or with a result 
coming from the local modeling approach . 

• semi-local (or semi-global) modeling (LEVEL 2). The 'meshing' is such that an 
element is only a part of the connection ; T-stub, web panel, anchorage bolt for 
example which can contains several pieces like bolts, plate, web, surrounding 
concrete. The word 'Components method' often used in combination with hand 
calculation is dedicated to this approach (Jaspart & Maquoi 1994). From a mechanical 
point of view the word 'meso-mechanics' could be used by comparison with micro­
mechanics' (LEVEL 1) and 'macro-mechanics' (LEVEL 3). 

These three levels of modeling can be used in combination, according to the degree 
of refinement wh ich is required. 

As a remark it has to be kept in mind that the level of accuracy of the M - ¢ curves is not 
clearly defined at the moment, more especially in comparison with the level of 
accuracy of the moment curvature curves of the bars (Mebarki et al 1995). 

2. LOCAL MODELING (LEVEL 1) 

Al l the connection area is meshed with the more appropriated type of element (plate, 
shell, brick, contact element) including specific element for simulating pretensionning 
of the bolts. The boundary conditions (forces and displacements) allow the link to the 
adjacent bars. Generally the connection area is isolated from the whole structure. 
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Nevertheless the whole structure, containing several bars and several connections 
can be meshed and analyzed in a global calculation. Of course this is not very realistic 
in terms of computational time. 

Such calculations have been made recently for end plate connections (Bursi & 
Leonelli 1994 : figure 1), CHS joints or column bases connections (Sedlacek et al. 
1994) (Lee & Wilmshurst 1995: figure 2). 

Figure 1. Finite element mesh for end plate connection 

Figure 2. Fin~e element mesh for CHS-K joint 

The specific connections 'ingredients' (evolutive contact area, bott pretensionning ... ) 
can be introduced along with relevant constitutive laws (plasticity, strain-hardening) 
for the material properties. Therefore the resu tts in terms of M - q, curves are qu~e 
satisfactory even if some phenomena like residual stresses, in~ial lack of fit ... are not 
taken into account. 

We can expected, in a near future, the same results for composite connections since ~ 
has been demonstrated that 3 D calculations are fully relevant for reinforced concrete 
connections including longitudinal and transversal reinforcement (La Borderie & 
Merabet 1994). (figures 3, 4 and 5) . Damage theory including strain - softening branch 
and relevant bond conditions between concrete and reinforcements are used. 
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3 

Figure 3. Experimental device for precast reinforced concrete connection 

Figure 4. Finite element mesh for concrete and reinforcement (above) 
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Figure 5. Computational result and experimental resu~ 
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Therefore it appears that finite element methods are now able to take into account a 
lot of mechanical and physical phenomena which strongly influence the connection 
behavior. 

3. GLOBAL MODELING (LEVEL 3) 

The connection area is modeled with a unique element in the sense of figure 6 as ~ is 
now well agreed. For most cases this element is a ·one degree of freedom element· . 
the rotation . However it could be interesting, or necessary, to have several degrees of 
freedom for this single element in the following situations : 

t-~~~ 
I- ~ ~ Figure 6. 

J- F-F-
- i : In the case of three dimensionnal structures (Deierlein 1991). Two degrees of 
rotation within two different planes, at least. 
- ii : In the case of column base connections for which the normal force-bending 
moment interaction requires translation and rotation displacements associated with 
the forces (Penserini 1992). 
- iii : In the case of dynamic loading (seismic) where inertia effects induce shear 
force-bending moment interaction into the connection (Flejou 1992). Two degrees of 
freedom are therefore necessary : translation and rotation associated with shear force 
and bending moment. 

The s~uations i and iii are somewhat specific and will not be discussed in this paper. 
The situation ii is on the stage of undergoing research. It seems relevant to exhib~ 
different M - <I> curves depending on constant values of the normal force, i.e the normal 
force is considered as an external parameter (one M - <I> curve for one normal force 
value). 

For all other cases a ·one degree of freedom element· is relevant. Therefore the 
global modeling allows for the whole frame analysis. Most of the present software 
packages taking semi-rigid effects into account are based on this modeling, as well as 
the recommandations or the requirements included in the regulation codes 
(EUROCODE 3 for example). The necessary M - $ curve can be got through various 
ways : 

- Experimental resuijs 
• Any form of analytical model 
• Any available simplified model 
- Numerical simulation at level 1 (local modeling) 
- Resuij of level 2 analysis like components method. 
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The two last approaches will be certainly, in a near future, the most commonly used 
because computing facilities are in progress from one hand and they are now 
presented in an engineering fashion on the other hand. 

Nevertheless from the conceptual point of view, the analytical models, expressed 
directly in forces-displacements format, have several advantages. They allow for : 

- the utilization of the langage and the parameters of whole frame analysis methods 

- the possibility to introduce directly some specific effects (clearance, variation of 
slope, strain-hardening ... ) 

- efficient parametric studies to look at the influence of the connection behavior on the 
response of the whole structure 

- the introduction of several degrees of freedom in the connect ion (rotations, 
displacements) 

- the presentation of the 'connection deformability concept' for educational purpose. 

-

In the author opinion such analytical model allow to take very finely into account some 
random phenomena at the material level such as reSidual stresses for example. This 
is the purpose of the last proposed model (Flejou 1992). In fact most of the 
characteristics of the global behavior (non linearity) are due to local effects (plasticity, 
strain-hardening, damage .. . ) which are very well known in mechanics theory at local 
level. Because it is impossible to describe finely each phenomenon for each fastener 
or element it is proposed to transfer at the global level of the connection the concepts, 
and the ' formalism' wh ich are used generally at local level (elasticity, stra in 
hardening, damage for concrete ... ). Only one eX1ra parameter is necessary to take 
friction into account (named flow in the model) 

This model is relevant for all civil engineering materials (steel , composite , reinforced 
concrete, timber). Of course some numerical values are strongly material dependant. 
The general format is given in figure 7. 

Material 

Steel 

Concrete 

Wood 

Assembly 
(Slip, friction) 

ASSOCiated phenomenon 

Elasticity, kinemallcal hardeninQ 

Elastic:ity, damage 

Elasticity, damage 

Flow .. , 

Figure 7. 
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In this paper the model is presented -m a 20 format which is the more relevant for a 
written description. All the degrees of freedom are possible. It is a multi-surfaces 
model (figure 8). 

- the limit surfaoe which represents the maximum strength of the connection 

- the initial elastic surfaoe. which can move for kinematical hardening modeling 

- the loading surface growing accordingly to the displacement of the elastic surface. 

The size of the limit surface can decrease if damage appears (in concrete) . 

_ ..... ... ~ 

N 

N., 

.... ,s~ 
N,I ! 

Figure 8. 

Such a model is able to describe monotonic and cyclic loading. including ' pinchlng­
effect' (Figure 9). Of course it requires some numerical parameters. which have not a 
direct physical meaning but which are probably 'constant' for a given family of 
connections (bo~ed connections. welded connections. composite ... ). -­~ 

-r----t----r---T---f---~~~--~~--_+ 

~~---+--~~~~--+---_r---+--_;----~ - .... 
" • " .. " .. 
Figure 9. 
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4. SEMI-LOCAL MODELING (LEVEL 2) 

Semi-local or 'semi global' modeling have been used from time to time in several 
areas of mechanics. In the field of semi-rigid design it appears now as the most 
convenient approach from the engineering point of view. In Europe. and more 
especially for Eurocode 3 dessimination. tt is called 'components method' (Jaspart & 
Maquoi 1994). The connection is divided into typical 'sub mechanisms' and not 
necessary elementary mechanism. for which the mechanical behavior is not directly 
dependant on the layout of the whole connection. The T-stub approach ,s a form of 
component method. Of course the whole connection has to be divided into a finite 
number of components (this is the reason for wh ich it Is a form of finite element 
method) and the behavior of each component has to be known before to make ' the 
assembly' to go up to the whole behavior. The assembly is done following the well 
known 'serial model' or 'paralled model' or both. This approach is quite relevant for 
constructional steelwork in case of end plate connections and angle co~ "'ec\!o~s and 
can be extended to other connection types. 

The individual behavior of each component can be obtained itself from a local 
modeling (Dunai 1992) or a global modeling (Penserini 1992). In most of tr.e cases 
the 'assembly calculation' to get the whole connection behavior can be made by hand 
because there is more or less three to six components. Nevertheless some checking 
regarding 'compatibll~y equations' in terms of force or in terms of displacement have 
to be done. For example in the simple case of column base connection subjected to 
pure bending. if the designer decides to take two components : the anchor bolt 
mechanism and the compression zone mechanism (figure 10). he has to check either 

Component 2 

'. 
'-/--. --. 

D. 

Figure 10. 

equilibrium or displacement condition. Generally the equilibrium equation is choosen 
as first condttion because of tts engineering meaning and the displacement condition 
appears of second importance. However in the author opinion the displacement 
condition has to be examined too (and perhaps more or less satisfied) in order to 
avoid non physical solution. In the specific case of the choosen column base. because 
the behavior of the anchor bolt is qutte different of the behavior of the compression 

zone. the equilibrium equat ion leads to a vert ical displacement of the colum~ base 
which is not compatible wtth the inttial kinematic scheme. 
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One can th ink that these compatibility chE!ckings do not lead to actual difficult ies and 
can be solved, if necessary, wtth appropriate engineering hypothesis. 

5. CONCLUSION 

The finite element method, used at all the available levels (local, semi-local, global 
and sometimes in combination) is now able to give the necessary material to get the 
M - ~ curves. Of course a data-bank containing the numerical simulations could allow 
some economy by avoiding repeated calculations. The analytical models, expressed 
in a global manner will be probably dedicated and limtted to educational purpose. 
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BEHA VIO R A D MODELl G OF 
TOP & SEAT A D TOP & EAT A D WEB A GLE CO ECTIONS 

Antonello De Luca' 

Abstract 

paper a review of the research activities carried out by the Author and other co-researchers 
field ofbebaviour and modeling of semirigid angle connections is presented. In panicular, 

from the behaviour of a single component: the angle, the monotonic behaviour firstly 
the cyclic perfonnanceofTop & Seat Web angle connections are analyzed with specific 

IefefeO<:e to the problems of modeling. 

mechanical models developed. which are always verified against experimental evidence, are 
reviewed with some criticism in order to evidence their pitfalls and to investigate on the real 

: IOIeOlj', us of modeling and on the need of stating the ranges of applicability defined from 
llperimental indications. 

It. brief comment on the recently drafted extensive provision of the Eurocode 3 on semirigid 
axmection ,with peciflc reference to these connections is given at the end of the paper. 

1. I T ROD CTION 

Semirigjdity has attracted the major effons of research in the field of steel structures in the last 
decades. This concept, already familiar to the earlier designers of the "Empire State Building", 
who used to ay that" Connections are sman enough to koow what to take", has produced effons 
in the fields of testing of connections, modelling of enure semirigid structures and finally 
implementation into codes and/or provisions. Most of these effons are devoted to classification 
of fixed. hinged and "in between the two" connections. After all these activities we can't really 
draw a line on this subject, but we can simply say that connections represent a dominant pan of 
the steel structure and their behaviour can't be easily predicted, experimentation remaining a 
major reference. We could say that since any connection can be considerd semirigid, it is better 
to more appropiately speak simply in tenns of connections. 

'Professor, Universita ' eli Reggjo Calabria, 89100 Reggio Calabria, ITALY 

289 



290 A. De Luca 

It is believed that a moment of reflectiOn is now needed also in view of the fact that provisions 
are coming out [1,2] for the use of semirigid connection in order to allow for a more extensive 
use in the design practice. Within this philosophy, and considering that it is not plausible to review 
the activities of the different Authors, in this paper only the research carried out from the Author 
and other co-researcbers in last years is reviewed with specific reference to a panicular type of 
connection. 

After early studies devoted to the investigation of frames characterized by semirigid behaviour 
[3,4,5,6], the attention has been concentrated to the behaviour of connections. In panicular the 
analysis of the experimental behaviour has allowed to develop a mechanical model whicb bas 
been verified against the experimental evidence both in the monotonic and cyclic range. For this 
purpose research has been carried out in co-operation with major laboratories and researchers in 
the field of steel structures i.e. University of California at Berkeley and University of Trento. 

In the following sections firstly the behaviour of a single component: the angle is analyzed under 
axial pull-push conditions. The monotonic behaviour and then the cyclic performance of Top & 
Seat Web angle connections are consequentlly examined in order to develop a mechan.ical model 
capable of predicting the response without the introduction of any curve fitting parameter. Finally 
this model, in an oversimplified version, is analyzed from the point of view of the sensitivity of 
its main parameters. This critical review also allows to draw some consideralions on the recently 
drafted Annex J of the Eurocode 3 which refers to a similar model for these connections. 

2, AXIAL PULL· PUSH BEHAVIOUR AND MODELING OF ANGLES 

From a mechanical point of view a Top & Seat angle connection is built up bu the coupling of 
different components which all contribute to the stiffness and strength of the connection. Amon. 
all these components the angles represent the prominent pans due to flexural bending of the 
outstanding leg (Figure 1). 
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Figure I : Axw behaviour of angles subjccled to 8JtiaI Fig"'" 2: Compatioon between experimenw bella ... 
puU·push [71 and numerical modeling 181 
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The axial force displacemenl behaviour of double angles is therefore significative either for the 
repercussions on the analysis of Top & Seal connections under bending condilions and of deep 
IruSS girders in which the top and bottom chords are often connected through angles which are 
subjected to axial pull-push conditions. 

The monotonic behaviour of angles subjected to axial pull-push has been investigated by De 
Slefano and Astaneh in [7] where the experiments were carried out by appropriate loading 
cooditions accounting for the shear effect. The comparison between the experimental response 
and the numerical model is provided in figure 2 where the simulation have been carried out also 
by taking into account second order effects. 

\lD 
61) 

.. 22 40 

.. 20 

• 0 

... ·20 

... ·40 

. \lD 
EXPERIMENT' AL .61) 

·80 
0 

-; 

'" ~ 
U. 

CYCi.E22 

// .. 
....................... ..................... ' 

-- EXPERIMENTAL 
............ IMPOSED DISPU.CEME.''T 
--IMPOSED FORCE 

0.2 0.' 

In 

06 

Ratre 3: Experimental response of angles subjected to Figure 4: Comparison between experimental and 
cyclic axial pull·push [8J numerical modeling (81 

The samemecbanical modeJ has been extended in 18] to the case of cyclic loading. Thecomparison 
between the experimental response (figure 3) and the mechanical model (figure 4) has proved 
!be capability of the model. which makes use of a gap element. to account for the non linear 
lIebaviour (sudden stiffening) arising from touching of the leg-to-leg angle to the column flange. 

1lD ~r-------------' 120 =,---------------, 

• CYCLE 22 80 .. • • 
• • ... 

·8' 
KINEMATIC HARDENING ISOTROPtC HARDENING 

0.5 0.7 0.9 1.1 

5: Simulation by means of kinematic hardening [8) Figure 6: Simulation by means of isotrOpic hardemng (8) 

figures 5 and 6 is demonstrated the differences in simulation when adopting a Kinematic or 
"''''DlOg type hypothesis. Both the simulated curves are obtained by imposing the force and 

for the displacement 
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3. MO OTONIC & CYCLIC BEHA VIOUR AND MODELl G 
OF WEB ANGLE A D TOP & SEAT CONNECTIONS CON ECTIO S 

3.1 Web Angle Connections 

The appropriate coupling of different springs, each of them being representative of the behaviour 
of an angle subjected to axial pull-push conditions, by means of the mechanical model explained 
in the previous section has allowed [9, 10, II] to develop a complete mechanical model for the 
simulation of web angle connections. The slicing of the web angle into strips and the geometrical 
parameters, to be used for the definition of each nonlinear spring, are given in figure 7. The web 
angle connection is then simulated by appropriate coupling of these springs, following the idea 
presented in [12,13] by means of the model provided in figure 8.ln order to simulate the nonlinear 
response an incremental algorithm has been set up based on compatibility and equilibrium 
equations. The a1goritbm imposes an incremental rotation and looks for the position of the neutral 
axis which allows then to express the moment from the eqUilibriUf equations. 

1~ 

Boom
y J AI • t~ = ~"'~ o.,-/j!. 1 

L _ L, t . 1k2 
(~ I I (b) 

Fig"", 7: Definition of the gcomemeal properties of the model of web angle connection [Ill 
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Yi 
h 

Figure 8: Model and numerical procedure for simulation of nonlinear ... ponse [Ill 

The same procedure has allowed to simulate, in the same manner, also the cyclic response of the 
connection. It should be underlined that, practically all the existing models [14 to 21] are referred 
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'10 the monotonic behaviour and introduce some curve fitting parameters differently from the 
"model herein presented which adopts as parameters only the stress-strain relations and the 
-teOmeuical properties underlined previously. 

A mechanical approach is followed in [22] and in [23] the cyclic response is considered. A more 
[_complete overview of the existing models is provided in the extensive state of art given in [24]. 
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comparison between the experimental results provided in [25] and the numerical prediction 
reported in figure 9. From this figure it is evident that the model is capable of providing a 

n linchinlg of the hysteresis loops even though no slippage has heen introduced. This fact derives 
the opening and closing of gaps which are well simulated by the model. The comparison 

between experiments and simulation is better evidenced by figure lOin which a single cycle is 
Cllttacted from simulation. 

3.l Top & Seat Angle Connections 

mechanical model presented previously has heen extended to the case of Top & Seat 
~DllDecti· 'onsin [26. 27]. In particular in [26] it has heen demonstrated the potential of the model 

simulating the cyclic behaviour of Top & Seat and Top & Seat Web angle connections by 
[1l1dicating how to derive the spring properties of the Top & Seat cleats (figure 11) from the 

pc,mc:uical data of the connection. 
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In [27J the model has been verified against experimental tests carried out at the University of 
Trento [28J on Top & Seat among other connections. In [27] it has been also evidenced the need 
of avoiding potential slippages in the connection by adopting a slip capacity d~sign which con i IS 
in taking the plastic shear withstandable from the out tanding legs smaller than the slip forte. 
Since the experimental tests in this case measured also the slippages, the simulation of the net 
rotations of connections was carried out. The comparison between the experimental tests and the 
numerical simulation (figure 12) shows the perfect prediction in terms of stiffness and strength. 
It should be also noted tbat in this case. due to the absence of web angle connections. the simulation 
does not provide any pinChing in the hysteresis loops. 

4. CO IDERATIONS FOR DESIGN USE A D CODE IMPLEME TATION 

4.1 Premise 

In this paper a review of the activities carried out in last years in the field of modeling of Top & 
Seat connecions in the monotonic and cyclic range has been made. The comparison with the 
experimental results has conftrmed the good prediction achievable by this model. A moment or 
reflection though is neede in order to investigate on the potentials of providing such a model. or 
a simplified version. to professional for predicting any type of experimental behaviour of ucb 
connections. 

It is also imponantto make this considerations since a new and very extensive provision [2) hal 
been recently set up. Ths provision includes all types of semirigid connections by providiJII 
methods for computation of stiffness and strength. In the foUowing a brief review of the Eurocode 
3 approach is provided, firstly and the~ a sensitivity analysis is suggested. 

4.2 Eurocode 3 approach and simplified approach 

The approach followed within Annex J of the Eurocode 3 refers to a mechanical model 
simulates the connection by a serie of different component each being representative of:an !:lasliC 
pring. characterized by a specific stiffness. The appropriate coupling of these springs, 

for the case of Top & Seat connections, results in the model of figure 13, provides the 
stiffness of the connection. 

(V ' VV- VV ' VV ' VV v · vv 
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Ma.F ."h 

FigIR 13: Eurocode 3 modet 
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Figure t4: Simplified model for sensitivity analysis 
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The simplified model. as shown in figure 14. provides Ihe following expressions for connection 
tiffness and strength: 

J,Br' 
M=-H 

2L 

The parameters characterizing stiffness and strength are Iherefore: nange c1eallenglh L. global 
connection heigh I H. nange cleal effective widlh B. nange cleal boundary conditions a and yield 
strength f,. It should be also taken iOlo account Ihe hardening ratio S ... ,/S •. 

For all of Ihe previous parameters different values have been suggested by different aUlhors and 
actually each of them depends by several facts which cannot always be predicted. For Ihis reason 
a prediction has been made for Ihe same test reponed in figure 15 by assuming. in one case all 
the minimum vales for each parameter and in Ihe o!her case all the maximum values. In Ihis 
manner it is possible to define a range of variation and to somehow define a sensitivity of Ihe 
model to the variation of parameters. 
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Figure 16: Ranges proVIded by 5ensiuvity analysis and Figure 11: Ranges provided by sensiuvlty analySIs and 
companson with expcnmental curve up to rupture companson WIth expenmental curve in the ela.stlc range 

This comparison is made in figures 16 and 17 where the experimental curve is compared to the 
maximum and minimum predictions. The two figures are provided in different scales for allowing 
to evidence the ultimate response and the elastic response. 

From Ihis figure it is evident Ihat Ihe tWO results differ substantially but Ihe experiemntal curve 
is comprised between the two bounds both in terms of stiffness and strrength. This means Ihat 
such a procedure. wilh funber improvements deriving from a more extensive comparison and 
aimed at resoicting Ihe range of variation. could be advised in design and implemented into codes. 
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For what concerns the global connection strengtb the different failure mecbnisms are identified, 
the minimum value of failure capacitied being the strength of the connection. Such a "compo~ 
model" does not provide any information on the ultimate deformation capacity. 

Due to the good agreement achieved with the mechanical model presented extensively in this 
paper. which is more complicated. but which only adopts as unique component of behaviour the 
outstanding leg of the angle in bending it has been thought that an overSimplified version of the 
Eurocode 3 would result in a more "frienclly use" tool to be proposed to designers. This model 
is provided in figure 14. 

A comparison between experimental behaviour and this simplified proposal together with !be 
more refined model previously discussed is given figure 15. 
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Figura 15: Comparison belween experimental cW'Ve, refined model (11] prediction and simplified approach 

An extensive application of the Eurocode 3 has been made in [291 where all the data concernin, 
Top & Seat connection and included into two data banks [30.31 J respectively set up in Europe 
and United States have been considered for carrying out the comparison between Eurocode 3 
and experimental behaviour. [n [291 it has been aso demonstrated that even within the applicatioo 
of Eurocode 3 the only component affecting the connection behaviour is the cleat in bending. 

4.3 Sensitivity analysis 

It is believed that it is nO! possible to set the parameters of any model in a uoique way and to 
expect to foresee the real experimental behaviour of the connection. It should be advised instead 
to provide a range of variation of the parameters governing the behaviour and therefore to provide 
a range of variations in predicted stiffness and strength. 

For this purpose. and considering that the angle in bending bas demonstrated to affect the 
connection response. such a simplified approach could be used also to provide the different bound 
of prediction. 
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A more extensive sensitivity analysis of thi type has been carried out in 132J where all the 
experimental data comprised in 130, 31 J have been con idered. The result found in 132J confirm 
the need for considering two different bounds repre nting maximum and minimum predicuon. 

5, CONCL SIVE REMARKS 

The activity carried out in last years for modeling the monotonic and cyclic behaviour of Top & 
Seat and Top & Seat and Web angle connections has provided very promising tools for the 
analysis of the behaviour of these connections since the comparison with the experimental 
behaviour was always very satisfactory. 

If a prediction method should be advised to professionals and implemented into codes it should 
be provided in a simplified form such as the one berein suggested. 

In any case it seems nece sary to provide, for specific type of connections the range of applicability 
of the models suggested and always lO advise for the use of two bound both for strength and 
stiffness. 
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Abstract 

IfIIrmalized moment·rotation relationships. representing different families of connections. are needed to 
the design of frames with semi·rigid connections. 1llis paper takes stock of some effoltS to 

ard use normalized moment·rotation curves based on mochanistic models of the connection 
~q>o)nents. lbe goal is to illustrate one approach to how analyt.ical equations for design analysis can 
lIe,develo,ped ard applied. To focus attention on the overall framework of the problem. only the imple 

of a top ard seat angle connection (no web angles) is considered. 

1. INTRODUCTION 

Akhough the direct consideration of connection moment·rotation characteristics in steel frame design 
Ills received substantial research attention during the last two decades. only a few engineering flITllS in 
die Unitod States have actively applied this knowledge in design practice. One reason for this is the 
lick of finn recommendations for characteristic connection relations that can be utili7.ed in the design 
pocess. Ahhough there are large databases of test data (Chen ard Kishi. 1989: Nethereot. 1987). the 
IaIS that have been catalogued are only a sparse sampling of the actual combinations of design 
J*lIlDCters that can occur in the fiek!. 1llis paper takes the position that the best approach to facililate 
die design of frames with semi· rigid connections is the eslablishrnent of "standard" mochanistic 
equations. which characterize the effects of all the primary behavioral parameters for a given type of 
eonnection. Much recent progress has been made by various researchers throughout the work! in 
developing such equations (Colson. 1995). 

This paper utilizes mochanistic equations developed by Kishi ard Chen (1990) for top ard seat angle 
eonnections (without web angles) to elucidate some of the issues associated with development ard 
IpIllication of such equations for design of semi· rigid frames. The next section reviews a specific M·S, 
equation used successfully by Kishi ard Chen as well as by many others. Section 3 then outlines the 
basics of a suggestod approach to semi· rigid frame design. ard emphasizes certain attributes of ard 
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requirements for potential characteristic connection relationships. Sections 4 and 5 outline mechanistic 
and empirical procedures used by Kishi and Chen to define the parameters of the selected M-O, 
equaOOn. SecOOn 6 then presents equations for these parameters in a form useful for connection 
classification and design application. 1be paper closes with key observations and conclUSIOns in 
SectIOns 7 and 8. 

2. MOMENT-ROTATION EQUATIONS 

A four-parameter equation, first proposed by Richard and Abbott (1975), has proven to be qUite 
versatile for representing a wide range of connection responses. This equation may be expressed 
In the form 

where: 

M = connection moment 
M. = connecOOn ultimate moment capacity 
R, = Rb - R .. 

R. = mitial connection stilliless 

1be tangent stilliless is equal to R. if the 
connection is unloaded. Kishi and Chen 
(1990) have adopted this model in research 
auned at mechanistic prediction of the 
connecOOn M-O, behavior, with the 
exception that they assume R .. = O. With 
R .. set to zero, the M-O, relationship has 
the shape hown in Fig. I. It can be observed 
that for larger values of the power term n, the 
transiOOn from the initial stilliless, R., to the 
flnal curve of maximum moment, M. , is more 
abrupt As n approaches infinity. the model 
becomes a bilinear elastic-plastic curve that 
has initial connection stilIiless, R •• and 
ulumate moment capacity. M •. For n < I. 
the connection curve deviates rapKily from 
the initial stilliless. and approaches M. in a 
very gradual fashion. 

R .. = connection strain-hardening stiffness 
0, = connecOOn rotation 
0. = reference rotation = M. IR. 
n = shape parameter. 

hi 

0:, 

o 

Figure 1. Moment-Rotation Equation 
with R .. = O. 

9, 

A principal merit of Eq. (I) is that it allows the engineer to execute a nonlinear structural analysis 
efficiently and accurately. 'This is because the connection moment and stiffness can be determined 
directly for a given 0, without iteration. Also, as demonstrated by Kishi and Chen (1990) for angle 
connections, the parameters M. and R •• can be developed analytically in terms of basic geometrical 
parameters. Alternate equations that consKier other types of connecOOns and addiOOnaI behavioral 
attributes not addressed by the Kishi and Chen model are outlined in (Jaspan, 1992). Given the 

( I) 
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analytical values for M. and Rh , Kishi, et aI. (1993) have proposed equations for the shape parameter n 
based on a least-squares fit to available test data for several angle connection types. 

3. DESIGN APPROACH 

In semi-rigid frame design, there is no avoiding the fact that the both the members and the connections 
must be considered as "primary elements" in designing the frame to support the gravity and lateral loads 
in a safe and serviceable manner. Consideration of the connections and how their details affect the 
frame performance significantly increases the number of design parameters to be controllcd. 1bis 
increase is one of the key benefits of semi-rigid connections in structural steel framing . Clearly. the 
ability to control t.he frame performance far exceeds that available with rigid framed design. However, 
generalizations need to be made to focus the design process. The authors suggest the usc of either a 
target ratio of the connection to beam stiffness, Rh I (Elld), or a target ratio of the connection to beam 
ultimate moment capacity M. IMp, as a convenient starting point for design. These ratios arc based on 
the connection classification system proposed by Bjorhovde et aI. (1990). The term d is the beam 
depth, and (EIId) is representative of the beam stiffness. 1bis term may be converted to possibly a more 
precise relative stiffness by multiplying by Ud. where L is the individual beam length, and used with 
charts such as that suggested by Gerstle (1988). Of course, the precise relative stiffness effect depends 
on how the individual beams arc loaded. 

It is desired to be able to determine a set of dimensional parameters for a given connection type that will 
provide the target strength andIor stiffness ratios. These relations can be derived based on mechanistic 
analysis of the connection components. For a given connection type, parametric equations can be 
expressed for Rhl(Elld), M. IMp , and the ratio of the strength to stiffness, (M. IMp) I(R. I (EIId)). 
Generally, there arc many connection parameters that affect these ratios, and thus, there is no one single 
characteristic M-S, curve for a given connection type (e.g., the ratio of the strength to stiffness can vary 
for a specific connection type by changing the connection dimensIonal parameters). For design 
calculations, the engineer may be interested in the actual characteristic M-S, curve, or in a secant 
stiffness and the associated connection design strength that may be derived from this curve. 

4. MECHANISTIC MODELS - TOP Ai'll) SEA T ANGLE CONNECTIONS 

Initial Connection Stiffness 

Based on the experimental observations reported in (Hechtman and Johnson, 1947; Altman et aI., 1982; 
Azizinamini et aI., 1985), the top and seat angle connection type is assumed to behave as follows: 

l. The center of rotation for the connection is at the edge of the angle leg attached to the 
compression flange of the beam, and is located at the end of the beam 

2. The top angle acts as a cantilever beam that has a fixed support at edge of the fastener-hole 
closest to beam flange, and in the leg attached to the column face 

3. The bending rigidity of t.he angle leg at the center of rotation is small and can be neglected. 

The kinematics of the connection behavior (applicable for both the stiffness and strength 
calculations) are illustrated in Fig. 2. The cantilever model of the top angle for determining the 
initial connection stiffness is shown in Fig. 3. Based on this model, the connection initial stiffness 
(including the shear deform ability of the angle leg as a short beam) can be expressed as 
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Figure 2. Kinematic assumptions. 
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Figure 3. Cantilever model of lOp angle for 
calculation of initial stiffness. 

(2) 

J 

where I, =!..- . The parameters I and d (nol shown in the figure) are respectively the width of the 
12 

connection angles and the lotal depth of the beam cross-section. Therefore, il can be observed 

thai R. is a function of fl.,!, and g, : 
I . I I t 

R. = R. (fl.,!, g,) 
I, I, t t t 

(3) 

Ultimate Connection Moment Capacity 

The ultimate momenl capacity of the connection 1<; derived using the work equation for the assumed 
mechani<;m shown in Fig. 4 in conjunction with Drucker's yield crilerion (Drucker, 1956) for !1exure­
shear inleraction. A yield line is assumed to form both in the lOp angle as shown, and in the bottom 
angle al the center of rotation of the connection. The resulting equation for the connection u1timale 
moment can be written as 

M =![I+~(I+g, + 2{~+fl.})]M t 
• t V. t r t II 

(4) 



Characteristic Semi-Rigid Connection Relationships 303 

F I ' F II 
if it is assumed that both angles have equal thickness. when: M =...L..- and V = -'- arc the 

o 4 • 2 

plastic moment capacity per unit width and the plastic shear capacity of the angle legs in the 
absence of any interaction effects. The yield 
criterion is expressed solely in terms of the actual 
plastic shear strength. V,. as 

(V,)' + g,(~) _I = 0 (5) ~ 
V. t V. 

For specific value of g, • Eq. (5) may be solved 
I 

iteratively 
V 

for ...L. and then this ratio may be 
V. 

substi tuted into Eq. (4) for dctermining the 
connection ultimate moment capacity. M... It can 

be seen that M, is a function of~. g,.~. and!!.. . 
M,t I I t I 

that is: 

(6) 

PLASTIC HINGE 

Vp -
Figure 4. Mechanism of lOP angle at 
ultimate condition. 

S. SHAPE PARAMETER BASED ON REFERENCE ROTA TION 

Kishi and Chen propose that once the connection 
initial stiffness R •• and ultimate moment capacity 
M .. are evaluated for a given connection type 
(using the model outlined in Section 4). the shape 
parameter n should be determined such thaI the 
connection model given by Eq. (I) can best fit the 
experimental data. Kishi et at (1993) performed 
statistical analyses of test data to develop formulas 
for the n values of several types of angle 
connections. For top and seat angle connections. 

n = 2.003 log /OB. + 6.070 ~ 0.302 (7) 

The correlation of Eq. (7) with the test data 
SIUdied by Kishi et at is shown in Fig. 5. 

6.0.-,--------.,.-----, 

4.0 

c 
0 

2.0 

° 0.J02 
0.0 

. J ·2 . \ 

LOCI0 80 

Figure S. Comparison of the empirical 
equation for n with experimental test data 
(Kishi et aI .• 1993). 
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6. NORMALIZED CHARACTERISTIC EQUATIONS FOR DESIG A ALYSIS 

Based on the models for the lOp and seat angle connection discussed in Section 4. and writing the beant 
suJIness parameter as 

~ =!(2blt(d~ I')'+d;~.)=Eb~'d[/_ h,l d +i~:;] (8) 
21, b, 

(where b, is the beam flange width. If is the beam flange thickness. and I . is the beam web thickness) 
the relative connection to beam stiffness can be expressed as 

.!.....!i~ I , b, 21, b, b d + I 2-'--
Rh 21, b, 

-Elld =-g,[(g-,)' -----'7-78][~/----"-/------d I.] 
- - +0. I-/i:d+---
I I _,_~ 6bf I, 

21, b, 

(9) 

Therefore. the functional relationship between ~ and the various nondimensional parameters is 
EI /d 

~-~(.!.... ..!.... ~ ~ .!!L ~) (10) 
EI/d - EI /d b,' I,' I' b, ' 21,' I , 

Similarly. by writUlg the plastic moment capacity of the beam as 

M,=b,r,~(d-I,)+~I. d' =b'I'~{/+!..I'~- hi dj 
4 41, b, 2....L-

21, b, 

(11 ) 

the ratio of the connection ultimate moment to the beam capacity can be expressed as 

_M_. = __ ---,,...-'--'-!..L. __ --"<" 

M, 
(12) 

b, d I. d 2 
2-'-- 4+-----

21, b, I, b, .!i~ 
21, b, 
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Thcn:fore, M, has the foUowing funcuonal dependency: 
M, 

M, _ M. (.!.... .!.. g, ~ .!!... !!J.... !:..) 
M, - M, b,' I,' I • I ' b,' 21,' I , 

based on Eqs. (9) and (12), it can be seen that that ratio of the stiffness to strength is of the 
i:fDlloWlng functional relationship: 

R .. I(Elld) 

M.lM, 

~05 

(13) 

( 14) 

Eurnple plots of Eq. (12) are demonstrated for several combmallons of parameters in Figs. 6 through 
8, plots of the mverse of Eq. (9) are illustrated in Figs. 9 through I I, and Figs. 12 and 13 show the 
Idationship between stifIncss and strength CEq. (14» . It can be observed that the strength ratio vanes 
licnfficanUy based on the ratio I I I, . whereas the stiffness ratio does not exhibit much variation relall\'C 

1hi1 parruneter. Both the stifIncss and the strength rallOs. and the ratIO of stifTness to strength, vary 
t "~canIUy WIth the gage parameters g, I I and g, I I, and with several parameters that are secllOn 
...,"""' ... , of the beam (b,l2l, and d I b,). The relationsJups are not senslUVC to I. I I, and k I I The 

have all been producm with 1.1 I, = 0.66. which IS a medJall value for roUed W secllOns of 
I through 3 (A1SC, 1994), and with kit = 1.5. Also, all the plots are based on I I b, = I . The 

...... '1011.' illustrated m the plots can be used directly for dcslgn. andIor simpler relauonships 
t cII_:teclStic' of top and seat angle COn.necllOns might be developed by synthcsvjng these curves into 
-",=oe" eurvcs for certain restricted or target ranges of the significant parameters. 

7. PITFALLS 

A major advantage of mechanistic equatio'1S is that they can capture IgnifICant parametric effects that 
be overlooked by 'brute force" statistical analysIS of expenmental data. However, a pitfall IS that 

cquallOns are only as comet as the models on which they are based. The Kislu and Chen model IS 
on seveoal assumptio'1S that must be satlSfJCd for Its comet use. These assumptions include 

• Column web and flange deformallOns due to mtroduction of the load from the anglcs are negbglble 
(or are included elsewhere in the analysis model). 

• Column panel zone shear deformations are negligible (or included elsewhere). 

• Con.nection slippage in the attachment to the beam does not occur, and beam flange dcformauons 
and yielding due to introduction of the load from the anglcs is negligible (or included elsewhere). 

• The beam idealization of the top angle leg is \'3hd (probably not the case as g, approaches 7,;:ro). 

• Membrane effects due to deformation of the top angle leg are negligible. 

• A suffictent number of fuIIy-pretensioned bolts IS provided such that: (a) the strength and stiffness of 
the bolts in tension do not influence the con.nection behavior. (b) the bolts are able to hold a fIXed 
point in the outstandmg top angle leg as shown in Fig. 3, and (c) the bolts are able to hold the top 
yield line in the outstanding top angle leg at the location shown in Fig. 4. 

• The gap betwccn the end of the beam and the column face is smaU (in some cases in which the 
beam is lightly under-length, the bottom yield line in the top angle can form in the leg atl3Ched to 
the beam rather than at the position shown in Fig. 4). 
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Jaspart (1992) discusses a number of these assumptions and has OUtlined how a some of the additIOnal 
effects may be modeled, at the expense of some additional complexity of the resulting equations. It 
should be noted that the effects of variations associated with the last two assumptions In the above hst 
can be considered approximately by studying the effects of varying 81 I I and 8, 1 I in Figs. 6 -13. 
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v.ure 5 shows that n should be less than one for the best least square fit of the model out1ined in 
Sections 2 and 4 to the available experimental data This indicates that the conneclion sLiffuess reduces 
loot R. very rapidly, and thaI the connection response does nol reach M. untiliarge rOlalions. While 
1Iis may be lnJe for certain connections, il is expecled thaliarger values of n would be obtained if 
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additIOnal effccts such as those suggested by Jaspan are included in the models for Rt. and M. , and if 
a non-7.ero R" relation is developed and utilized. on-zero R .. equations may be derived from 
mechanistic models such as (Lay, 1966). 

8, CONCL SIONS 

The promise and the pitfalls of using mechanislJC models to develop characteristic moment-rotation 
relatIOnships for analysis and design of frames with semi-rigid connections has been discussed. With 
coordinated industry efforts, approaches similar to those described can be used to "standardize" the 
connection moment-rotation curves that may be used for design. 
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LARGE-SCALE TESTS ON STEEL FRAMES WITH 
EMI-R1GLD CO N ECfIO S. 

EFFECf OF BEAM-COLUMN CONNECfIO AND COLUMN-BASES 

IvANYI , Miklos I 

Abstract 

Experimental investigations of full scale frames are shown with regard to the effect of beam­
column connections and column bases 
This work was supponed by PECO-COST C I "Semi-rigid behaviour" project 

1. I TRODUCfIO 

A great number of tests have been performed on isolated semi-rigid connections and flexibly 
connected subframes. Tests on full-scale three-dimensional frames are somewhat less 
numerous However, experimental data on full-scale frame behaviour is imponant Firstly it 
enables the effect of column continuity through a loading level to be investigated - a parameter 
not present in many subframe tests· and secondly. it confirms whether the experimentally 
observed performance of isolated joints and sub frames is indeed representative of their 
behaviour when they form pan of an extensive frame this latter point is of panlcular 
imponance if the extensive work on isolated specimens is to be Incorporated into universally 
accepted methods of semi-rigid and panial strength frame design 

The frame tests, presented in this contribution, were carried out in the large structures testing 
hall of the Building Research Laboratory. Depanment of Steel Structures, Technical 
University of Budapest 

I Prof Dr , Depanment of Steel Structures, Technical University of Budapest, 
Budapest, POBox. 91 H-1521 , Hungary 
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2. GE ERAL ARRA GEMEl T OF THE EXPERlME TAL TESTS 

2.1. Test program and description of lest frames 

The test programme included tests of three complete frames: 
Frame COST 2 proponionalloading process 

[ horizontal load ratio · R~ I 1 
Frame COST 3 variable repeated loading process 

[ horizontal load ratio· R=O 1 
Frame COST 4 variable repeated loading process 

[ horizontal load ralio ' R~ I 1 

H_ 
where R=-­

H ""n 

The test frames were panially two-storey and panially two-bay ones. In the first storey Ihe 
frames had two bays, and the larger one was continued in the second storey. The frames were 
built up from European hot-rolled sections (Fig I) 

2'00 

' - 20mm l : I ~! 
~ Anchor boll .. 

"6 

2800 

JolnL • J1" and • JZ· 

'-20mm ~ : - ~12t~ 
./'-","""-."'"" Anchor bolt. 

0'6 

Fig. I Overall View of lesl frames 
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Typical flush end plate connections have been used between the main members of the frame 
There \liere a number of reasons for selecting this particular type of connections 

Firstly, cleated connections are very often susceptible to bolt shp at relatively low moment 
levels Once bolt slip has occurred. the precise moment - rotation charactenstics of the 
connection are usually irreversibly changed The flush end plate connection however is not 
affected by bolt slip to the same degree and therefore. exhibits similar moment - rotation 
behaVIOur under repeated moderated loading Using such a connection. small Icvels of load 
could be applied to the frame without irreversibly deforming either the connections or the 
frame members This was an imponant facility which allowed the loading devices and load 
control system to be fully commissioned prior to car')'ing out a test to failure 

The test frames were supported by separated rigid concrete blocks, which were connected to 
the testing floor The connections of columns to the 'separated' concrete blocks were realized 
as 'hinged' bolted connections between the base plate and the concrete bloc~ 

Concrete blocks were poured into a steel forrnwork The formwork contained four tubes for 
those bolts, which were used later to connect the concrete blocks to the testing floor 
Concrete bloc~s are reinforced. main dimensions of the blocks and the amount and form of 
rClnforclnS bars was adopted from the similar bloc~s of the tests of PENSERINI and 
COLSON 1989 

Anchor bolts were jointed to the reinforcement of the blocks before concreting Between the 
top of the blocks and the bottom of baseplates, according to the usual practice, app Icm thick 
cement layer were used 

2.2 Loading system 

Test frame COST 2 was loaded by combined (vertical and horizontal) loads (Fig 2) 

IP r 

11 - 0 ~ Pc:a 

1\ O.t)I' c:a 

Fig. 2 Loadmg arrallgemellt 

Vertical loads were applied to the upper flanges of beams, this way webs and lower flanges 
were not restrained laterally Loading was exerted by means of hydraulic jacks 

To make horizontal displacements (sidesway) unrestricted, jacks were fastened not directly to 
the floor slab, but through a so-called gravity load Simulator (HALASZ-IVANYI 1979) ThiS 
latter consisted of three elements two 'rigid' bars and one 'rigid' triangle. The two bars had 
pin-jOints at both ends. resulting in a one-degree-of-freedom mechanism Hydraulic Jacks 
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joined the third corner of the rigid triangles This mechanism produced a vertical load acting in 
the mtersection of the two bar axes 

The simulators were designed and manufactured m the Building Research Laboratory, 
Department of Steel Structures, Technical University of Budapest 

Horizontal loads were applied at the levels of beams and they were exerted by hydraulic jacks 
driven by the same oil-pressure circuit as the vertical ones, thus achieving a constant ratio of 
vertical loads, namely this value was 0.5, when proportional loading process was used. For the 
cyclic loadmg process the horizontal loads were driven by the different oil-pressure circuit 

The original structure consists of frames and a Itperpendicular" system of purl ins. side-rails and 
wmd bracing The effect of this latter system was simulated by a "back-ground" construction, 
located at three meter distance behind the test frames and connecting rods at the top of 
columns and the middle of beams. 

2.3. Measuring techniqu es 

Forces were measured by means of a pressure transducer built in the oil circuit of the 
hydraulic system. The intensities of the forces were calculaled from the pressure and the 
effective cross sectional area of the jacks 

Main important horizontal and vertical displacements of the frames were measured on the 
beam levels (a and b in Fig. 3) and in the midspans of the beams (c, d and e) by inductive 
transducers 

Strains were measured by means of strain gages. Altogether 16 cross sections of the frame 
elements were chosen and one cross section contained four strain gages on the four edges of 
the section 
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Relative rotations at Joints were measured in similar sections as strain, their distribution and 
notation are given In Fig 4 , 

C1. 

C. ,,, __ -'Il1 011 

" JI 

l 
FIg . .f Cross ,lccllOIlS wllh rdallve rolallOIl measlJrmg scales 

For this purpose two simple scales were inserted in every section in a known distance (app 
200 mm) from each other, they were hinged connected and always kept the vertical direction 
because of gravity Measurements were made by geodetic devices and from the measured 
differences the rotation was calculated 

After inducing the appropriate loading level, a five-ten minute delay was kept and after that 
the measurements took place uch a delay is necessary to let the deformations to develop 

3. OM E RE UL TS OF T HE EXPERIM E TS 

3.1. Frame under proportional loading 

For frame COST 2 the load - displacement curves are presented in Fig 5 otation of 
displacements can be seen in Fig 3 The load axis contains the total load produced by the 
hydraulic system (that is 7xP) 

Load - relative rotation and displacement curves at column bases of Fig 4 arc drawn in Fig 6 
The further load - relative rotation curves of other sections in Fig 4 are given in Fig 7 The 
curves are giving both the load - rotation characteristics of the different sections and the 
differences between the neighbouring sections These differences in case of columns (as 
between 4 and 7 or between 5 and 8) are not remarkable. while on two sides of a beam-to­
column connection (as between 4 and II or between 5 and 13. etc.) they are nonnegligible 

The loading was increased step by step. After the load level No. 6 an unloading took place At 
this stage the whole structure. its connections were elastic. only the column bases showed 
lOme changes On the compression zone there were some cracks in the cement layer. while on 
the tension side there was a gap During this unloading process the rigidity of the structure 
caused some further cracks on the opposite side of the cement layer 
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3.2. Frames under variable repeated' load 

For frame COST 3B (a- I) the venicalload P - "a" deflection curve is presented in Fig 8 
otation of 'a" deflection can be seen in Fig 3 The total venical load produced by the 

hydraulic system is 6xP. 
The total horizontal load Pxa- 'a' deflection curve is presented in Fig 9 
Load-relative rotation curves of Joint C4 - B II are given in Fig 10, and load-relative rotation 
of Joint I at column bases are drawn in Fig I I 
At load level ( P=65 I kN), substantial horizontal deflection was observed, at the lomt B 12. 
bolt was craced 

For frame COST 4A (a=O.16) the venicalload P - 'a" deflection curve is presented in Fig 12 
For frame COST 4B (a- I) the venicalload P - "a" deflection curve is presented in Fig 13 
Total load relative rotation curves of loint C4 - B II are given 10 Fig 14, and load relativ 
rotation of loint I at column bases are drawn in Fig 15 
At load level ( P=71 k ), substantial horizontal deflection was observed, at the lomt B 12 two 
bolts were craced 

4. CONCLUSIONS 

As part of an extensive experimental study into the behaviour of semi-rigid connections, three 
full-scale, three·dimensional multi-storey frames have been tested This paper presents abner 
overvIew of the features of the experimental set-up and briefly explains how the complexities 
aosing from the three-dimensional nature of the tests were addressed 

In the course of this experimental study 
full scale tests were carried out 
in a complex way 

The quality of the collected experimental data has justified the effect which was expended III 
addressing the experimental complexities 
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INFLUENCE OF STRUCTURAL FRAME BEHAVIOUR 
ON JOINT DESIGN 

Stephane GUISSE ( 1 ) 

Jean-Pierre JASPART ( 2 ) 

Abstract 

Joints between H or I hot-rolled sections are subjected to internal forces induced by 

the connected members. The interaction between these forces can lead to a 

substantial reduction of the joint design resistance. Annex J of Eurocode 3 has been 

recently revised and, on the basis of theoretical models developed in Liege, the 

design rules for web panels have been modified to take those effects into account. 

Those new rules have been recently compared in Liege with new numerical 

simulations and experimental tests. 

The aim of this paper is first to present briefly the modifications introduced in the 

Annex J of Eurocode 3 and related to the interaction of internal forces, and then to 

show the main conclusions that can actually be drawn from the comparisons with 

new numerical simulations and experimental tests. 

1. INTRODUCTION 

The department M.S.M. of the University of Liege IS studying since several years at 

the semi-rigid response of structural jOints and bUilding frames. Since two years, a 

three years COST project funded by the Walloon Region of Belgium has started; it is 

aimed at investigating some different specific topics , related to the semHlgid 

concept. The present paper concerns one of them. 

It is well known that the joint behaviour has a major influence on the frame response. 

On the oppOSite side, the interaction between the forces acting in the connected 

members influences, generally in a negative way, the joinl design resislance. 

(t ) Assistant, Department MSM, University of Liege, Quai Banning 6, 4000 LIEGE, 

BELGIUM 

(2 ) Research AssOciate, Dr, Idem. 
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Annex J of Eurocode 3 (eEN I TC 250, 1994) has been recently revised to take 

those effects into account by means of some different reduction factors. One of the 

aims of the COST research project IS to check again and possibly improve the 

expression of these last ones. 

2. EFFECTS OF INTERNAL FORCES ON JOINT DESIGN RESISTANCE 

2.1. WEe PANEL DESIGN RESISTANCE 

In a strong axis Joint between H or I hot-rolled sections, the collapse of the column 

web panel can result from two different modes: shear yielding or local yielding under 

the tension or compression forces carried over from the beam to the column by the 

connection (also called load-introduction collapse). For slender webs, a third mode 

(web buckling or web crippling) can also be observed. 

For a given joint, the collapse mode of the web panel depends on its external 

loading ; this is illustrated in figure 1 where the ratio Tl between the left and right 

loads, P, and P" varies from 0 to 1. Figure 1 corresponds to a joint with a web of low 

slenderness, so, not likely to buckle. 

The ratio Tl is the one between the two bending moments induced by the beams on 

each side of the column. When it is close to zero, the web panel is subjected to high 

shear forces what leads to a shear collapse. A ratio close from one means that the 

joint is symmetrically loaded; in this case, the collapse can only result from load· 

introduction yielding (web buckling or crippling is also possible for more slender 

webs) 

In the joint web panel, three kinds of stresses are acting together: 

• shear stresses t ; 

• longitudinal stresses a, due to normal force and bending moment in the column ; 

• transverse stresses a, due to load-introduction (local effect) . 

The interactions between these stresses have different effects on the Joint 

resistance: 

• longitudinal stresses a, decrease the shear resistance; 

• shear stresses t decrease the load·introduction resistance; 

• longitudinal stresses a. may decrease the load-introduction resistance 

(compression zone) . 

If the last kind of interactions is known for several years, the two first ones were not 

taken into account by the rules of the old version of Eurocode 3 Annex J (Eurocode 

3, t992). They have been pointed out by JASPART (Jaspart, 1991 ). The unsafe 
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character of the previous Annex J, compared to the JASPART model, is represented 

by the hachured zone of figure 1. 
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figure f - V.riMlon of web /NInel res/.llm". according to the external to.dlng 

Annex J has been recently completely revised: the rules concerning the web panel 

design resistance have been modified according to JASPART's proposals (Jaspart, 

1991 ). The first modification concerns the shear resistance, V ...... The influence of 

the longitudinal stresses 0 , has been simply taken into account with a constant 

reduction factor equal to 0,9: 

A .f 
V =09~" (1) _.Rd' 3 

'Y taO ' 

A. .• is the shear area of the profile , f"" the yield stress and 1 .. the partial safety factor. 

The second modification consists in a reduction of the design resistance F ~ ... of the 

column web in tension or compression (equation 2), due to the possible presence of 

shear stresses, by means of a reduction factor p: 

F _ p,,,,;f,..=-t~_!... . .:.!bdf~ 
WIt, Rod - Y m. 

with P = p, = -r==~===;, 

1+I'3.(~)' 
p, +(I- p,).2.ll 

I 

A,. 

ifll = 0 

if 0 <" <0.5 

if 0.5 S" S I 

(2) 

(3) 

t.. is the web thickness and boll is the effective yielding length. This last parameter 

depends on the connection details. Equation (3), represented by two lines, is a 

limpllfication of the initial JASPART's propos!!!. The difference between the two 

approaches is illustrated in figure 2. 
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The effect of the longitudinal stresses a. on the resistance of the column web In 

compression IS taken into account by means of an other reduction factor, II.. 
(equation 4) , that was already existing in the old Annex J (Zoetemeijer, 1975) : 

k~ = 1.25 -0.5 a." :S 1 (4) 
f, 

a.,. is the normal stress in the column web, at the root of the fillet or of the weld, due 

to longitudinal force and bending moment. The minimum value of ~ is 0,75 (when 

a." IS equal to f, •• J ~ covers the possible buckling of the web panel under the 

combined action of the a, and a. compression stresses. 

Finally, the last modification introduced in Annex J concerning web panel IS the 

extension of the design rules to slender webs (I> 0.673) by limiting the design 

resistance , given in equation 2 to the buckling resistance value of the web: 

F _ P ..Jf~~. t..:_!.......:b "'"" 
-.~ - Y M' 

ifI:S0673 

f~ t_ .b .... [ 1 022 ] F .. =p _(I-~) 
- . YMO A A 

(5) 

with I = 0.93 b", d, f,.. 
E t:c 

d. is the clear depth of the column web, E the Young modulus and the other 

parameters are given here above. 

Equations 1 to 5 are discussed in the present paper on the basis of comparisons 

with numerical simulations (section 3) and experimental tests (section 5) . 

2,2. COLUMN FLANGE DESIGN RESISTANCE IN BOLTED JOINTS. 

In bolted joints (with flush or extended endplates, flange Cleats), the column flange is 

subjected to transverse forces. The design resistance of this component, given in 

Annex J of Eurocode 3 - it was already in the old Annex J -, is reduced because of 

possible high longitudinal stresses a_" (> 160 MPa) in the column flange by means 

of a reduction factor k" (Zoetemeijer, 1975) equal to : 

*" = 21, ... -180-a _ ·":S 1 
2.t,./< -360 

f,~ is the yield stress of the column flange. 

(6) 
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3. NUMERICAL SIMULATIONS 

large set of numerical simulations have been performed in Liege with the non 

r finite element program FINELG (Finelg, t 994). This software is developed in 

since several years. It is able to simulate the behaviour of structures until 

e and to take into account various phenomena such as non linear mechanical 

1Ii'OpE rties, second order effects, residual stresses, initial imperfections ... 

welded joints have been modelled 

shell elements (figure 2). These 

.lITI8ricai 3D simulations, based on the 

metry of experimental tests performed 

_l1li8 years ago in INNS BRUCK (Klein, 

), provide very interesting infor­

llililio' ns such as strains and stresses 

here in the joint, or global behaviour 

es which allow direct comparisons 

the theoretical models of JASPART 

Eurocode 3 revised Annex J. 

than hundred simulations of welded 

have been performed in order to "flUre 2· DllICretlutlon of welded JOInt • . 

rtRol8Sligate the effect of the following parameters: dimensions of the joint (three 

elllerent geometries have been considered), loading, steel grade, effect of strain-

f\IIltdening and effect of the initial imperfection of the column web. 

Ib the two main parameters of this parametrical study were the loading factors" 

(llgure t) and the ratio ~ between the normal force in the column and its squash 

iliad. 
F'IIure 3 illustrates the evolution of the joint design resistance versus the loading 

llllio " . The graph has an extremum at about ,,-0.7 and its shape is different from 

both the theoretical prediction of the new Annex J, and the analytical model 

developed by JASPART. Despite these differences, the agreement between the 

models and the numerical simulations can be considered as good. 

The effect of a normal force in the column on the joint behaviour (represented by the 

value of ~ , see above) has also been considered for some joint configurations, either 

IYfIlmetrically loaded (,,-1) or just loaded on one side (,,- 0) . Generally, the 

IIIreament between equation (4), though as very simple, and the numerical 

limulations is good. However, some joint configurations lead to a higher difference 
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between the numerical results and ttie theoretical rules. In panicular, the steel grade 

seems to have a great influence on the normal force effect : figure 4 shows that more 

the steel resistance is high, more the Eurocode rule is accurate. 
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4. NEW THEORETICAL MODEL 

In order to understand the shape of the curve got by the numerical simulations in 

figure 3, a new theoretical model has been developed, inspired by ROBERTS and 

JOHANSSON theories (Roberts, 1991) : the column flange connected to the beam is 

considered as a rigid-plastic beam lying on a rigid-plastic support (the column web) . 

The new model reproduces precisely the results of the numerical simulations. The 

comparison of the model with the experimental results is actually in progress. It will 

be presented in a next paper. 

5. EXPERIMENTAL TESTS 

Recently, 24 experimental tests on joints 

have been performed at the University of 

Liege. 16 of them were welded joints while 

the others were bolted ones, with flush 

end plates. The results of tests on bolted 

joints are not reported in this paper. 
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Two different welded joint configurations 

(same beams, same columns) have been 

tested experimentally. The first one is 

dedicated to the study of the shear stresses 

effect. Its generic name is • WS » (as 

Welded and Shear) . It is represented in 

figure 5. The second is aimed at testing the 
figure 5 - Example of t •• t conflguretlon. 

effect of the normal force in the column ; it is 

called WN (as Normal force). For the first one, the only parameter is the ratio '1 

between the forces applied on the left and right beams. 

Experimental tests provide a lot of different informations. In particular, figure 6 shows 

complete M-cp curves for six of the eight WS tests. The joint design resistance is 

_Brelnt from the ultimate one; the first one is calculated by neglecting the strain· 

Mrtierlina in the jOint. If the ultimate resistance can be identified as • the top" of the 

curve, the design one is much more difficult to determine precisely. The 

lIIOC::edure used in this paper is derived from the stiffness model of the revised Annex 

(lee related paper in these proceedings) : the design resistance is identified as the 

Ilnil8ction point between the actual M-cp curve and a straight line characterised by 

equal to the third of the initial stiffness of the curves. This last value is almost 
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the same for each test (see figure' 6). The number contained in the test name IS 

equal to ten times the ratio 11 between the left and right forces. For example, WS2 is 

a test characterised by a ratio 11 of 0,2. 

M o ment (kN .m) 

10 20 30 40 50 

Rotation (mradl 
figure 6 - Rnun. of WS , •• ,. (,..... curves). 

...... Test WSO 
->< Test WS2 
-0 Test WS4 

- Test WS6 
-0 Test WS8 
......... Test WS10 

Figure 7 gives a comparison between the experimental design resistance for the WS 

tests, derived as described here above, and the prediction according Eurocode 3. 
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_ Load-Introduction - Annex J 

- Shear - Annex J 

- Tests - Oesign Resistance 

_ Tests - Uhimate Resistance 

O L-----~------~----~------~----~ 

o 0.2 0.4 0.6 O.B 

loading ratio 11 

figure 7 • Com",,,.,n ~n WS test. result. and An".;r J of Euf'OOOlM 3-

The shape of the variation of the design resistance with the loading ratio is almoS! 

the same than the one observed for the numerical simulations (figure 3) . The 
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"')retical values have been calculated on the basIs of the actual YIeld stresses, of 

anlln,;inr,,; measured in laboratory and of a partial safety factor equal to 1. 

the theoretical predictions can be considered as very good tor small and 

" ,rm,ediate values of 11 , they seem to be too sate for the symmetrically loaded 

. Such a difference between tests and Annex J rules have never been observed 

some investigations are actually in progress to explain this difference. 

an other hand, the design resistances of WSB and WS10 tests are almost equal 

the ultimate ones. This can be explained by the fact that the column web buckles 

lOon as it has been crushed. 

WN tests, the length of the column is smaller to avoid any buckling problem, due 

the high compression force. The tests are realised in two steps: first, the normal 

is progressively applied to the column until the nominal value; after, the loads 

the beams are increased until the joint collapse while the normal force in the 

~'mn is kept constant. 

B shows a comparison between the results of the WN tests and the Annex J 

(equation 4). Four of the B tests, called WN S, were symmetrically loaded whilst 

other ones were completely unbalanced (11-0). For one of these four last tests, 

expenmental problems have been observed; so, it is not reported here. 

number contained in the test name is here relative to ten times the nominal ratio 

between the normal force in the column and its squash load. For example, the test 

S is a test characterised by a ratio p of almost 0,5 and symmetrically loaded. 

200 -
E 

! 150 t=====:..--:~:~-----------__ _ i '.r:======:::::::::;:-c 

f 50 

- Design Resistance (Annex J) - balanced loading 

- Design Resistance (Annex J) - unbalanced loading 

- WN tests - Design resistance (unbalanced loading) 

- WN S tests. - Design resistance (balanced loading) 
oL-~==~====~============~==~~ 

o 02 04 08 08 

NormIot Force 1'11110 ~ 
ffgu,. B - eom,.rfeon betliNn mull. of WN 1e • •• 1Id furocOlH 3 AlIMx J, 

The normal force in the column seems to have no effect on the joint resistance 

despite the substantial value of the normal force applied. This one is limited by the 
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buckling of the column, as well for the tests than in the reality. The rules of the 

Eurocode 3 revised Annex J are conservative, especially for the symmetTically 

loaded joints. With regard to both the results of the numerical simulations (figure 4) 

and of the experimental results (figure 6), equation (4) can be considered as 

overconservative. 

6. CONCLUSIONS 

Considering either the results of numerical simulations or the experimental tests, the 

modifications of the design rules of annex J of Eurocode 3 appear to be really 

pertinent, tough as too safe in some circumstances. 

Anyway, the eHect of stress interactions, pointed out by JASPART a few years ago, 

is confirmed by the two diHerent approaches. 

Further improvements are actually in progress. 
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RELIABILITY OF STEEL STRUCTURES WITH SEMI-RIGID CONNECTIONS 

A. Sellier1 

A. Mebarki2 

A. Colson3 

R. Bjorhovde4 

Abstract 

paper presents a reliability assessment of a beam supported by two semi-rigid 
PRJ connections. The beam and the connections were designed in accordance 

Eurocode 3, using beam cross sections satisfying the criteria for classes 1,2,3 and 
Hcorr,estlOnldirlQ to US criteria for plastic design (PO), compact, compact, non compact 

slender). i and cross sectional properties have been treated as random 
-,ables, as have the ultimate moment capacity, the initial stiffness, and the coefficient 
.... 'inn the shape of the M-4I curve for the connections. Dead and live load are also 
_10m variables Structural reliability is expressed in terms of probabilities of failure 

reliability indices. The results of sensitivity studies for the structure are presented, 
~"'n<l means and variances of the connections features. 

1, STRUCTURAL RELIABILITY ASSESSMENT 

Evaluation of the probability of failure and reliability index 

1 defines the random structural parameters and the random operating space, In 
the subspace Of is the fai lure domain shown in Fig 2. 
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Figure 1- Structural parameters Figure 2- Operating space and the failure domain Of 

The probability of failure Pf is defined as follows: 

Pf=P(q>qlim(slim,L,F))=P(X E Of) = P(E(X) S 0) (1) 

where E(.) defines the limit state function associated with the ultimate limit state under 
study. The failure indicator is defined by: 

{
tor(X) = 1 si E(X) S 0 

lor (X) = 0 si E(X) > 0 
(2) 

so that the failure probability appears as the probability that the random vector X 
(random structural parameters) belongs to the failure domain Of: 

Pf = f lor(x)fx(x)dx (3) 
R" 

where fX(x) is the probability density function of the random vector X. As the probabilily 
of failure for ultimate limit states is very small (10-6 to 10-4), an adequate and efficient 
method which is based on a combination of the conditioning techniques and 
importance sampling requiring Monte Carlo simulations, has been used (Sellier and 
Mebarki, 1993). 

This method requires two steps, as follows: 
1 The first step transforms, through the Rosenblatt transformation, the basic random 
variables, X, into standardized and independent gaussian variables denoted U. In this 
standardized operating U-space, the rel iability index II is also the euclidian distance 
OP· where 0 is the origin of the U-space and p. is the nearest point on the limit state 
surface to the origin 0 , as illustrated in Fig 3. 

UJ I 

I 
><::J]':.~~ Importance zone around p. 

Limit state surface 
--~-+--Hr~+-+-~~ 

decreasang ISO density -+-~ 
Figure 3- Design point p. in the standardized U-space 



{
OP. = mm(IUI) = P 

WIth E(H " (U)) = 0 
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(4) 

Mazzolani et al (1993) have demonstrated that the Importance zone, on Pt, is a 
restricted area located around the desIgn point P' 

2 The Monte Carlo simulations are performed with an Importance sampling around P' 

The importance and conditioned sampling reqUires then the evaluation of two terms In 
order to reduce the number ot required sImulatIons (Mazzolanl et al , 1993) 

pf = pi x p2 (conditIoning) 

WIth pi = p(u e H(Df) I u e !f.(P» 
(5) 

Denoting' ri = (ueB:(p» , pJ = p(rieH(Df)) 

BnC is the complementary subspace to the hypersphere centred on ° and tangent to Of 
at p', as indicated In Fig. 3. 

P2 is the conditioning probability It is determined analytically, thus reducing the 
required number of simulations. The Importance sampling IS In fact used to evaluate 
P1 . The probability density function, f , (li), used for the Importance sampling around P' 
IS different from the initial probability density function f , (;,) : 

pi = J II''''I"oJ,(u)du 
R" 

J / , (u) f( " d" 
pi = ". (1""'IDf») / ,(u» • u) u 

f,(;;) depends on P' coordinales. 

P1 is determined numerically, for a total number Nsim ot simulatIons 

(6) 

" I -_I_~I f , (u, ) (7) 
p - L. '~<HI"") r ( " ) nSlm I I J Ii u, 

p2 = p(ii E B: (13)) (8) 

1 /,(u,) . 
where (~ cJ/(DI)) /,(u,) = failure indicator, P2 is calculated analytically. The failure 

probabili ty is then P/ = pI x p2 , (4) Once the design point p' is located, the 
probability of failure is calculated with a reduced number of additional simulations, ) e 
less than 100 simulations even for small values of the probabilities of the order (10-<; to 
10-4). 
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1.2 Structure under Study 

The structure under study, is shown in Fig. 4, It has been designed for a bending 
moment equal to p12J16. The steel beam is an IPE 270 (W 10 26) 

L ISO'I SO'IS I- ISO.O 

)
L 6'6'5/8 liES 240 W 8'58 
Soulon, MH 

, 

, -

L 120'120'11 
L 5' S'ln 

~1PE 270 W 10'26 

I 
( J 

Soulon' M24 

5760 mm 

Figure 4- The structure under study 

The mean values and the standard deviations adopted for the distributions of the 
applied loads are derived from the charactenshc values. For this purpose, the 
characteristic values are in accordance with ISO 2394 , which requires two conditions: 
1 The occurrence probability of the characteristic value, Ok, for a reference period 
equal to 50 years, should not exceed 25%. It is usually taken as 15% 
2- The occurrence probability of (1.4 Ok)should not exceed 1.25% , for the same 
reference period. 
The first condition leads to the definition of a return period, for Ok, of 307 years: 

T=-5Ot1n (1-0. 15)=-ntlln(1-pnt)=307 years 
p( q>qk) =0. 15 
p(q>1 .4"qk)=0.0125 

These two conditions give, for a type 1 extreme distribution: 
x-u 

Fx(x) = P(X <x) =exp(-exp(-- -» 

WIth 
x = u + O.5772a 

x = 1.2825a 

Q 

The coefficient of variation becomes 24%, which IS usually adopted for live loads It 
seems, too large for the dead loads, for which a coefficient of variation of 10% is used 
The probability of excedance of the characteristic value is usually equal to 5% A 
gaussian distribution is generally adopted leading to: 

xk =x(I+I645xO I) 

1.3 Limit states under study 
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For the beam, four cross·sedlonal types of limit states are considered, in accordance 
with Internationally accepted criteria (AISC, 1986,1994, CSA, 1989, Eurocode 3, 1992) 
For ease of reference, the eurocode prOVisions are used here, as follows 

Class 1 The same designation is used in the Canadian code (CSA, 1989), the 
American code refers to this as a plastic design shape (PO) (AISC, 
1986,1994) The cross section is capable of reaching the full plastic moment 
and to rotate plastically a significant amount (6 to 8 times the rotation when 
the plastic moment is first reached) Local buckling does not occur until the 
large rotation has taken place. 

Class 2 The same designation is used in the Canadian code (CSA, 1989), the 
American code refers to this as a compact shape (AISC, 1986,1994) The 
cross section is capable of reaching the full plastic moment and to rotate 
plastically an amount of at least 3 times the rotation when the plastic moment 
is first reached before local buckling occurs 

Class 3 The same designation is used In the Canadian code (CSA, 1989), the 
American code refers to this as a non compact shape (AISC ,1986, 1994) 
The cross section is capable of reaching the yield moment, inelastic 
rotations are small 

Class 4 The same designation is used In the Canadian code (CSA, 1989), The 
American code refers to this as a slender shape (AISC, 1986, 1994) The 
cross section fails In elastic local buckling 

The ultimate states and ultimates curvatures for each class are Illustrated in Fig 5 

t 20E+05 T Moment (N m) 

IOOE+OS --~ 

/ 800E+04 
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400E+04 
Class 4 (621 E·3) 

Class 3 (8 29E·03) 

200E+04 I Class 2 (I OOE·02) Class I (200E·02) 

Curvature (m·l) 
OOOE+OO ..... 

o OOE+OO SOOE·03 I OOE·02 ISOE·02 200E·02 2 SOE·02 3 OOE·02 

Figure 5 Behaviour of the Beam Adopted to Define the Various Limit States 
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Figure 6 shows the moment rotation behaviour of a semi rigid connection compared to 
the EC3-defined beam diagram. Non-dimenslonal moments and rotations are used, 
with 
m = M I Mp = non dimensional moment 

~ = (Elb,) / (LbMp) = non-dimensional rotation 

where M IS the connection moment , Mp is the fully plastic moment, Elb is the bending 
stiffness of the beam cross section, f is the actual rotation, and Lb is the beam span. 

m t T 
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07 • 
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02 

01 

Upper IlIrut of the behaViour (Ee3 

\ ~ 

\ ~ 
... 

Actual behaViour 

O ~---+---

o 01 02 03 04 

Figure 6- Semi-rigid Connections Behaviour 

05 

The mean value of the plastic moment IS set equal to 0 101 MN.m, this corresponds to 
the ultimate curvature for a class 2 section The semi-rigid connections are in 
accordance with the definition suggested by Eurocode 3 while their actual behaviour is 
located below those suggested by EC3. The connections and the beam correspond to 
an unbraced structure requiring a reduced value of the connection rigidity The mean 
values of the connection characteristics are Indicated In Table 1 

Table 1- Connections Characteristics 
Class 1 Class 2 Class 3 Class 4 

Ultimate bending moment 112000. 112000. 101000. 75500 
(N.m)" 

Initial rigidity (Nmlrd) 1.1E+07 1 1 E+07. 1.1e+07 1.1 E+07 
Curvature (m-') 4 4. 4. 4. 

Mean va lues of the moment-rotation curves for classes 1 through 4 are shown In Fig 7, 
along with the elastic beam lines for beams of classes 2 though 4. 
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Figure 7- Mean properties of beams and semi-rigid conneclions 
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The basic random variables are indicated in Fig B. It IS enphasized that the properties 
of the connections at each end of the beam In general are different 

SRC I G+Q SRC 2 

Beam IPE 270 
Rml 

MI 

~
_ MUI 

al 
61 

Rm2 

M~,iM2 

62~ 
RI ~ 

Figure 8- Basic Random Variables for the Semi-Rigid Connections 

The two connections for the beam are deSignated SRC 1 and SRC2 Their 
characteristic properties are: 

SRC1 ultimate bending capacity =Mu1 
initial Stiffness = R1 
Non linear M-f curve coefficient = (11 

SRC2 ultimate bending capacity = Mu2 
initial Stiffness = R2 
Non linear M-f curve coefficient = a2 

The Dead load is given by the term G and live load IS Q. 
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The coefficient of variations related to the SRC parameters have been reported by 
BJorhovde et al (1988, 1992); their values are given in Table 2. 

Table 2- Coefficient of Variation of Connection Parameters 

UIJmate moment ca 
Coefficltf'C of vanthon 

'811 
2511 
'511 

The design values of the loads and the load combinations are shown In Table 3. 

Table 3- Design values of the loads and their combinations 

The structural parameters values, corresponding to the various limit states under study, 
are given in Table 4. 

Table 4- Structural arameters for the 4 limit states 
R_ "'""""""" C~ .. ' C_2 C .... 3 C,..., - • • • • 

SRC 1 MY, Nm Go""",,, 112(0) 20'00 11 2 000 20'00 101000 18180 75500 '3590 
Rml N mIfd Gauuoon , 1 E7 275 E6 11 E7 275E8 11 E7 275 E6 11 E7 275E8 ., Go_ • 06 • 06 • o. • 08 

SRC 2 Mu2Nm Go...- 112000 20'00 112000 20'00 101000 18180 75500 '3590 
Rm2 N rnIrd Go ... _ 

1 1 E7 275 £6 , , E7 275E6 " E7 275E6 11 E7 275 E8 
a2 oaus...., • o • 4 08 • o. • 08 

l_ 
G " 

Go ....... '5034 , SOl 13479 '348 121IJ7 , 22' 9470 047 
aN E'MaX 14108 3508 ' 2 649 3'45 " 4SS 

2848 0_ 2209 

where m= mean value and s= standard deviation. 

1.4 Reliabil ity and Reliabili ty index evaluation 
The most likely mode of failure and the corresponding probability of occurrence (I e the 
probability of failure) have been determinated through the computational facility of the 
computer program STAT, in combination with the non linear finite element program 
EFICOS (FII[jjou, 1994). Figures 9 gives a symbolic illustration of the procedure. 

a 
Dsstnbutton 

E ICOS 

CDUSlng the f~ulurc 

Element layer 

Most probable mode of f.,lure 
Prob.b,luy of failure Pf 

Figure 9-ComPlI~:onanPrC;cessfOr~'~liclbillty Assessment 
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2. RESULTS AND SENSITIVITY ANALYSIS 

2.1 Limit state for the beam of Class 1 

2.1.1 Limit state surface 

Fig.10 illustrates the limit state surface in the U-space where U(G+Q) 
corresponds to the loads, URm corresponds to the connections stiffness, and Ua 
addresses the coefficient a that defines the shape of the M·f curve for the semi ngid 
connection .. The failure domain Of is located above the limit state surface and the 
safety domain Os is below. The origin 0 of the U-space corresponds to the mean 
values of the random variables (G, Q, Rm, a) and belongs to the safety domain. 

Urm 

'El232.0Ar 

·1 
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·3 
.. u. 

·5 
~ 

ure 10- Shape of the Limit State Surface In the Standardized U-space 

2.1.2 Results Obtained with the Reference Data 

The design point P', the reliability index and the probability of failure that are obtained 
are indicated in Table 5. The probability of failure obtained by Monte Carlo Simulations 
is given in Fig. 11 . 
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Figure 11 · Probability of Failure vs. Number of Monte Carlo Simulations 

The results show that the mode of failure corresponds to non symmetric behaviour of 
the two connections when: 

• the ngidity of SRC 1 is small 
• the plastic capacity of SRC 2 is small 
• the loads take on values that are higher than the mean values. 

The "optimal" design, from a reliability point of view, therefore requires lower values for 
the connections (rigidity and moment capacity), but higher values for the loads. 

2.1.3 Sensitivity analysis 

The reliability sensitivity to connection ngidlty, Its mean value or its standard deviation 
values has been evaluated, giving: 

• the effect of the mean value, while the standard deviation remains constant, in 
Table 6 
• the effect of the standard deViation, while the mean value remains constant, in 
Table 7. 

The results indicate that: 
• the mode of failure is non symmetric, regarding Ihe behaviour of the connection, 
when the mean value of the rigidity is important. This is due to the fact that the 
failure corresponds to a small value of both the moment capacity and the rigidity. 
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Table 6- Reliability sensitivity to the mean value of the connections riQidity 

"'Rm',:'.\lm2 :ri,) 1::::Jrd) " ~~) R::J. "2 G a p PI 
IN ,d) IN) IN) 

2.8 E7 " 3 000 3 2.0 4 74 600 28E7 4 ' 5 600 17700 457 06E-S - , - , - - '''' 'l'n 
3.5E6 111 000 , E6 4 '09 000 096E6 399 ' 6 500 '.200 44' 05E-5 

-J'u", "''''''"' -P. 'P .. .., -POm' -Po' '"" '"" 2..eE6 111 000 , E' 4 113 000 1 Of E6 399 16700 18200 4 04 028 E..4C -..... <.0, -.. -, <~ID .. ., -.. '''' '''' 2.2 E6 " 3 000 94400 4 11 3 000 853000 4 16 100 '7600 296 015 E·2 
- <0, - - < - , , 

11 EC5 11 3 000 918 000 3 99 113 000 908000 4 ' 6200 17700 , 7' 044 E·' 
- < -Po' -' ... .., 'Po"" -P"". 'Pr.. ~n 

Table 7- Reliabilit sensitivity to the coefficient of variation of the connections rigidity 
'RmlhnRml c 

""' R~ " ""> 1:::J.d) 
"2 G a p Pf ... (N.m) IN (Nm) IN) IN) 

''''' 55700 11 E7 4 55500 1.1 E7 4 17800 ' 9500 4 87 0 4 E~ 

' ''' -0o. -0. < ... -0, -0." '0, " , ... 55700 11 E7 4 55500 11 E7 4 17800 '9500 487 0 4 E-6 

'""H' - -Po' 'p"" , -POm? -Po? 'Pr.. 'PC> ,.,.. 55500 1 1 E7 4 55700 11 E7 4 '7800 '9500 487 Q4E-6 

' ''' -00, -0. <0, -0, -0." 'o~ '0, 

31" 112 000 , 300 4 9' 400 1.1 E7 4 '6 000 '9200 395 04E~ - < -Po' , - - , , 
38 .. '09 000 3 000 4 92600 11 E7 4 '6000 '9200 352 02 E·3 -... '00, -0. ' ''' -.0_' -0.' 'o~ '"" 
"'" 11 2 000 , sao 4 83 300 , 1 E7 4 16 100 18 100 292 176E-2 

- , - < -, - , , 
- the mode of fa ilure becomes symmetric, regarding the behaviour of the 
connections, when the mean value of the rigidity decreases. The failure depends 
mainly on the connection rigidity. Actually, the beams have small rotat ion capaci ty 
producing then small bending moments. The beam fails, whereas the connections 
are still in the linear part of their behaviour. This causes a low carrying capacity of 
the structure, leading to small values of the, reliability. This is shown in Fig. 12, 
where the coefficient of variation of the connections rigidity is set equal to 25%. 
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The safety level appears indep~ndent of the connections rigidity while the rigidity 
remains larger than 3.5 E6. leading to a non symmetric mode of failure. However. if the 
ngidity IS smaller than 3.5 E6. the mode of fai lure becomes symmetric regarding the 
two connections. in turn giving a small structural reliability. 
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Figure 13- Reliability Sensitivity to the Coefficient of Variation of Connection Rigidity 

These results show that the mode of failure is symmetric with respect to the connection 
behaviour. as long as the coefficient of variation of the rigidity is smaller than 20%. The 
failure then depend mainly on the ultimate behaviour of the connections. Actually. Fig 
13 shows that the reliability remains almost constant while this coefficient of variation 
remains smaller to 20%. 

Figure 14 illustrates the three main combinations of the connections behaviours that 
lead to the structural failure. 
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Figure 14- Connections Behaviours Corresponding to the Failure Mode of the Structure 
(a)- Symmetric mode with small values of Ihe moment capacity 
(b)- Non symmetric mode with small moment capacity or small rigidity 
(c)- Non symmetric mode with small values of the connection rigidity 

Two primary conclusions can be drawn on the baSIS of the results presented here 

For class 1 shapes, the connection stiffness has a relatively small influence on 
the structural safety, as long as the coefficient of vanatlon of the stiffness IS 
smaller than approximately 20 percent. The shaded area In fig 15 may be 
representative of acceptable behaviour when performing elasto-plastlc 
analysis. 

- The mode of failure becomes non-symmetric for connection stiffness 
coefficients of variation larger than 20 percent . The most probable mode of 
failure reflect different connections at the beam ends An "optimal" solution may 
be to have one connection with small stiffness and the other connection with 
small moment capacity. 
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Figure 13- Accepted zone for the connections behaviour 

2.2 Limit state for beams of class 2 

2.2.1 Results obtained with the reference data 

The design point p., the reliability index and the probability of failure that were 
obtained are indicated in Table 6. The results correspond to a coefficient of variation of 
the connection rigidity of 25%. As stated for class 1 beams, the mode of failure is also 
non symmetric 

Table 6- Design point coordinates and the probability of failure 
SRC 1 SRC 2 L_ 

,.." R~ «, ...., 
(:.~ "2 G Q P PI 

(N .m) (N. ~) (Nm) (N) (N) 
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2.2.2 Sensitivity analysis 

The results of the sensitivity analysis with respect to connection stiffness coefficients of 
variation from 10 to 45 percent are illustrated in Table 9 and Fig 16. 

Table 9- Reliability Sensitivit to Connection Stiffness Coefficient of variation 
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Figure 14- Reliability Sensitivity to the Coefficient of Variation of the Connections 
Rig idity 

The results show that the rel iability decreases when the coefficient of variation of the 
connection rigidity increases. The mode of failure is symmetric for either small (10%) or 
large (45%) values of the coefficient of variation. For this lalter case, the failure is due 
to very small values of the connection rigidity. However, the failure mode is symmetric 
for medium values (35%) of this coefficient. 

2.3 Limit state for the beams of class 3 

2.3.1 Results Obtained with Data from references 

The design point p., the reliability index and the probability of failure that were 
obtained are indicated in Table 10. The results correspond to a coefficient of variation 
of the connection rigid ity of 25%. As stated for class 1 or 2 beams, the mode of failure 
is also non symmetric 

PI 

2.3.2 Sensitivity analysis 

The results of the sensivity analysis with respect to connection stiffness coefficients of 
veriation from 10 to 45 percent are illustrated in Table 11 .. 
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The results show that the reliabili ty decreases when the coefficient of variation of the 
connection rigidity increases, The mode of failure is symmetric for either small «15%) 
or large (45%) values of the coefficient of variation For this latter case. the failure is 
due to very small values of the rigidity, However. the failure mode is symmetric for 
medium va lues (25 to 35%) of this coefficient. 

2.4 Limit state for the beams of ctass 4 

2.4.1 Results Obtained with Data from References 

The design point po. the rel iability index and the probability of failure are indicated in 
Table 12. The results correspond to a coefficient of variation of the connection rigidity 
of 25%, As stated for class 1. 2. 3 beams. the mode of failure is also non symmetric 
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2,4,2 Sensitivity anatysis 

The results of the sensitivity analysis with respect to connection stiffness coefficient of 
variation from 10 to 45 percent are Illustrated In tabte 13, 

Table 13- Reliability Sensitivity to Connection Stiffness Coefficient of Variation 
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The conclusions that can be drawn are similar to those concerning the beams of 
classes 1, 2 and 3. The three modes of failure also depend on the coefficient of 
variation of the connections stiffness. 

3. SUMMARY AND CONCLUSIONS 

The results of this study show that the variabili ty of the rigidity of the connections 
has significant influence on the behaviour and mode of failure of the structure, as 
follows: 

1. Symmetric failure modes govern the behaviour when the connections have low 
ultimate moment capacity, and coefficient of variation of the connection stiffness 
that are less than 20 percent. 

2. Non symmetric modes of failure govern when the coefficient of variation lies 
within the medium range of values, i.e. from 20 to 30 percent. 

3. Symmetric modes of failure govern when the coefficient of variation is larger 
than 30 percent. 

These conclusions are valid for all classes of beams 

For small values of the coefficient of variation of the connection stiffness, failure 
normally occurs as a result of low ultimate moment capacity of the connection. In these 
cases it appears that the reliability is independent of the behaviour of the connection. 
The results obtained in this study indicate that such response characteristics will 
govern when the connection stiffness coefficient of variation is less than approximately 
20 percent. 
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EV AL A TION 0 TA TIC AND DYNAMIC TRUCTURAL COEFFICIENT OF 
TEEL FRAME WITH EMI-RJGID JOINT VIA UMERI AL SIMULATION 

Dan Dubina' 

Daniel Grecea' 

Abstract 

This paper summarises the results of some numerical sImulations concerning the response of 
steel frames with semi-rigid joints and different moment-rotation models, under static and 
seismic loads. It focuses on the influence of EC3 Annex J and JJ M-q, curve on the stability and 
dynamic behaviour of steel structures. A simplified computation model dedicated to analyse steel 
frames with semi-rigid joints via a bi-linear M-q, curve is presented in the last part of the paper. 

I. INTRODUCTION 

In a previous paper presented at STESSA'94 Conference (Dubina et aI. , 1994) the authors have 
parametrically analysed the influence of rotational stiffenes in bi-linear M-q, model on the 
response of steel frames with semi-rigid joints. This study was developed on the four sway 
frames having the main geometrical and structural parameters shown in Figure I . 
The results of static and dynamic analysis are summarised in Table I and 2, respectively. Both 
ROBOT and PEP-micro computer eodes were used for elastic-plastic static analysis respectively: 
the input data have been adapted for a bi-linear M-q, characteristic curve of semi-rigid joints. 

-----------------------------------------------------------_.------------------------------------ -------
I Professor, T.V. Timisoara, Stadion I, RO-1900 Timisoara, Romania 
' Lecturer, T.V. Timisoara, Stadion I, RO-1900 Timisoara, Romania 
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Semi-rigid joints characteristics Loading characteristics 

Frame A B C 0 Load Slatic and Dynamic 

M .. 47.1 72.0 103.0 54.5 P Q q 
Frame (N) (N) (N/mm) 

(KNm) 31.4 70.0 100.0 37.0 A 6.E3 108000. 12.363 

SJ 12962.0 26101.0 32861.0 16974.0 B 3.E3 36000. 4.05 
C 1.E4 207.684 4l.S37 

(KNmlrad) 8641.2 22100.0 17420.0 94590 
0 5.E3 205.89 41.178 

Fig.l. Calibration frames used for the pararnetrical study 
~ 

Table I. Characteristic load multiplier for static analysis 
Frame M" S_ Sp S RIgid 

(KNm) A" A, 
"" 

I.. .. 
"" 

... , ,- A" , )" 
A 47.0 6.504 1.924 2.037 6.884 1833 2.036 7.337 1.736 2.039 7.699 1.665 2.042 

31.4 1.418 1.855 1344 1.855 1.233 1.859 1.141 1.863 
B 72.0 8.677 1.778 2.758 8.841 1.585 2.757 9.011 l.J85 2.756 9.161 1.209 2.756 

70.0 1.765 2.735 1.6 " 2.734 1.383 2.734 1.176 2.733 
C 10.3 10.66 1.254 l.S45 12.21 1.135 1.542 14.43 1.017 4.553 17.08 0.913 1.533 

10.0 1.404 1.554 1.135 J.S31 1.090 1.53 0.887 1.537 
0 54.5 5.71 1.259 1.464 6.056 1.034 1.461 6.433 0.778 1.452 6.804 0.538 1.403 

37.0 1.121 l.J5 0.947 l.J46 0.671 1341 0.366 1.307 

In table I the following notation were used: A" - the elastic critical multiplier; A, - the first 
plastic hinge multiplier; A, - the ultimate elastic-plastic multiplier. 

DRAIN 2D computer code was used for dynamic analysis. The semi-rigid joint behaviour was .. 
modelled by the semI-rigId element Implemented In DRAIN-2D follOWIng a bl-IInear M-~ curve; 
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a 5% degradation was assumed after MR, attainment. The March 4, 1977 Bucharest earthquake 
accelerogram. component N- ,was used to simulate the seismic response. 

Table 2. Results of dynamic analysis 
Acccicrogram multiplier Displacement Structural 

Frame Joint (mm) coefficient 
I- .. D D, q 

A rigid 0.t3 0.26 82 139 3.40 
semi-rigid 0.15 0.40 86 143 465 

B rigid 0.89 1.30 387 460 3.10 
semi-rigid 0.60 1.40 235 509 4.20 

C rigid 0.12 0.66 89 447 240 
semi-rigid 0.04 0.50 68 381 3080 

D rigid 0.06 0.20 44 122 3.50 
semi-rigid 0.03 0.27 25 133 900 

In table 2 ." is the first plastic hinge accelerogram multiplier, I..., is the plastic mechanism 
multiplier, D. and Do are the corresponding horizontal displacement and q - '!..",').". 

On the basis of this study the following concluding remarks have been outlined: 
Sialic analysis. 
The rigid frames, characterised by A,,= "'a ~ 10 are more sensitive with the decreasing of 
rotational stiffness of the joint, so that they require a finer modelling ofM-q, curve. 
First plastic hinge multiplier, ." is really influenced by rotational stiffness value in the bi-Iinear 
M-q, model, while the ultimate mUltiplier is not innuenced. Thus the configuration of failure 
plastic mechanism generally remains the same, only the appearance moment of first plastic hinge 
being modified. As a consequence, for the same structure, using different M-q, bi-linear curves, 
depending of rotational stilTness, dilTerent .,,-1..., intervals are resulting. 
Dynamic analysis 
Displacement of semi-rigid joint frames are with about 15-35% larger than the rigid joint ones, 
so they have greater eigenperiods and, consequently, smaller response factors and smaller design 
seismic loads. 
The q factor is greater in semi-rigid joint frames, which also means a smaller design seismic 
load. 
The failure mechanism can become a global mechanism in frames with semi-rigid joints, while 
for the structure of rigid joints depending on the ratio of the joint ultimate moment versus plastic 
moment of the beam, MR/MpI .• , panial noor mechanism may occur. 
The M-q, model, corresponding to revised Annex J of EUROCODE 3 (JJ) (1993) is different 
from the previous model in Annex l. The difference is consisting in both values of rotational 
stiffness and ultimate moment of the joint. In these circumstances starting from the results and 
concluding remarks summarised above, we have estimated that it would be very interesting and 
useful to analyse the influence of J and JJ moment-rotation models on the static and dynamic 
response of the ECCS calibration frames. Both three and bi-linear M-q, curves, that are provided 
by EUROCODE 3, are used to evaluate the static response; only the bi-linear curve was used in 
the dynamic analysis. In last pan of this paper, a simplified model, based on the bi-linear M-q, 
curve. is proposed for elastic-plastic FEM analysis of steel frames with semi-rigid joints . 

. 

""-
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2. lNFLUE CE OF AN EX J AND REVl ED A EX J MOMENT-ROTATION 
RVES 0 THE STATIC AND DYNAMIC RE PONSE OF STEEL FRAMES WITH 

EMJ-RJGIO JOLVf 

2.1 ADaly ed lruclures 

The same four frames shown in Figure I have been analysed, but the type of member cross­
sections, the load values and the joint characteristic were changed. IPE 360 in beams and BEB 
200 in columns were used in all frames. The load values for both static and dynamic analysis are 
presented in table 3. 

Table 3. Load values 
Load Static Dynamic 
case 

Frame P Q q p Q q 
(N) (N) (Nmm) (N) (N) (N mm) 

A t.SE4 3.24E5 37.0S9 6000 lOSES 12363 
B 0.9E4 O.nES 12.1S0 3000 o 24ES 4050 
C 1.SE4 3.12E2 62.30S 10000 2.0SES 41.S37 
0 0.7SE4 3.09E2 61767 SOOO 2.06ES 41.171 

The same earthquake accelerogram of Bucharest from 41h of March 1977, component N-S was 
used for seismic analysis. 
Two types of semi-rigid joints, with stiffened and unstifTened web column, were used. Table 4 
contains the characteristics M-+ curves for both T and cruciform joints. 

Table 4. Semi-rigid joint characteristics 
Series I; Stiffened joint 
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o < • 
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Series 2; Unstiffened joint 

T-joint 
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2.2. Results of Static Response 

The results of static analysis are related to characteristic load multipliers, time-history of plastic 
btnge appearance and characteristic curves of the behaviour of the frames in terms of horizontal 
displacements and beam deflections. These results are presented in tables 5 to 7 on bottom. 

Table 5. Characteristic load-multioliers 
Joint series I Joint series 2 

M-+ J·three JJ·th ... J.bi JJ·bi J-three JJ ·three J-bl JJ -bl 
I. 

A A 
I.. 5.88 6.6 5.08 6.2 5 .8 6.6 5 6.2 

A. 1.678 1.633 1.624 1.667 1.621 1.417 1.613 1.409 

i A. 1.779 1.81 1.684 1.793 1.664 1.687 1.613 1.664 
B B 

Ii 6346 6.629 5931 6.431 6.281 6 .671 5.949 6.452 
I.. 1.575 1.368 1.S36 1.336 0 .914 0.n4 1.166 0 .712 

I ).. 1.796 1.736 1.796 1.736 1.494 1.442 1.493 1.442 

C C 
[ A. 8.567 11.077 6.533 9.649 8.355 10.891 6 .315 9.422 

Ii 1.625 1.735 1.516 1.679 1.411 1.088 1.501 1.125 

Ii 1.961 1.91 1961 1.913 1.633 1.564 1.627 1.564 
D D 

il.. 11.474 13.005 9.795 12.202 11.258 12.935 9.488 12.031 
I I.. 1.824 1.886 1.665 1.6 1.333 1.01 t 1.632 1.006 
I ).. 2.15 2.05 2.167 2.053 I.ns 1.653 I.ns 1.655 

rable 6. Time-history of plastic hinge appearance 
loint series I I loint series 2 

Frame A 
J-th ... J-bi JJ-three JJ-bi J-three J.bi JJ-three JJ-bi 

,-- I n: ~ 
, , n, n: n, , , I I I 
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Frame C 
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Table 7. Characteristic curves 
Joint series I loint series 2 
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the semi·rigid joint series 1 (stiffened column web) was analysed in order to evaluate the 
~ismjc response of four fonns. In table 8 and 9 are summarised the main results of seismic 
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response obtained both for also given J and JJ bi-lincar M-. curves of semi-rigid joints; fOI 
comparison those corresponding to rigid ones. 

Table 8. Results of seismic analysis 

Type .. 0 0 ... 0..- 0 .... q 
l':i l';;j 1m) 1m) 

A 
R 0.51 0.074 -.078 0.64 0.070 -. 101 125 

SR-l 0.33 0.099 -.081 0.90 0. 169 -.201 2.73 

SR-JJ 0.41 0.087 -.079 0.62 0.084 -.128 1.51 

B 
R 0.70 0.305 -.245 1.30 0.303 - 499 1.86 

SR-l 0.66 0.329 -.256 2.60 0.749 -.562 3.94 

SR-JJ 0.67 0.319 -245 1.20 0.342 -.467 1.79 

C 
R 0.20 0.098 -.049 0.30 0.137 -.085 1.5 

SR-l 0.25 0.200 -.100 0.84 0.472 -.066 3.36 

SR-JJ 0.17 0.134 -.053 0.34 0.236 -. 102 2.0 

0 
R 0.29 0.051 -.056 0.44 0.056 -.084 1.52 

SR-l 0.18 0.081 -.067 0.46 0.112 -. 155 256 

SR-JJ 0.23 0.070 -.063 0.45 0.079 -. 116 1.96 

Table 9. Inelastic dynamic response 
Frame A Frame B 
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2.4. Conclusions 

Related to J and JJ moment-rotation curves, the changes in rotational joint stiffness influence the 
critical multiplier A", which is sensibly greater in case of Annex JJ, especially for structures A, 
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C, D (22 - 48%; see table 5). The level of the plastic multipliers A,. is evidently influenced by 
different joint ultimate moments MRd) and MRd))' Looking in the same table it results that the 
failure multiplier A,. is not major influenced by the different values of the initial stiffness So, 
respectively by the different M-+ models in Annex J and JJ. Concerning the two different jOint 
series it is evident that for the second series, corresponding to the more flexible and weaker 
joints, the plastic hinges appear earlier in connections. 
In case of two different M-+ models, if for the stiffer one the first plastic hinge appears in the 
join~ than for the second one (more flexible), the same hinge results for a greater loading 
multiplier A,.. Th.is apparent paradox can be explained by the moment redistribution due to the 
fact the joint moment is relaxed. 
The sway-displacements are in accordance with M-+ models. For the bi-linear JJ M-+ model in 
the serviceability limit state (1..=1) the displacements are smaller than those corresponding to J 
M-+ model : the difference is from II % for D I structure to 39% for C2. Taking into account that 
for such frames, the serviceability limit state corresponding to sway displacements may be the 
main design criteria, the revised J model must be carefully analysed because it could lead to 
uoderevaluated results. Significant differences for beam deflections, corresponding to the J and 
JJ models can be observed for the bi-linear M-+ curves, especially for C and D structures. After 
the appearance of the beam plastic hinges the J M-+ model leads to greater beam deflections. 
In seismic response the interval A,.-A,. is larger in the case of J model. The related values 
corresponding to the rigid joints frames are closed to the semi-rigid ones if JJ M" model is used. 
Displacements corresponding to plastic mechanism are greater for the semi-rigid joint frames 
than for the rigid joints ones: 15% to 50"10 for JJ model and 100-350"10 for J model are obtained. 
Generally, the time-history of yielding mechanism is the same for each type of structure. 
In structures with semi-rigid JJ model connections, due to the smal ler ultimate moment of the 
connection, plastic hinges occur also in connections. So, a local mechanism with plastic hinges 
in connection and beam-end occurs, generating large rotations and the structure collapse. 
It is very clear that using the JJ M-+ model structures become less ductile than in the case the J 
model is used. From this point of view, the two models have to be very seriously analysed in 
order to establish which of them is the correct one. 
Different results obtained with J and JJ models are in fact produced by different values of 
rotational stiffness and plastic resistance of the joint M-+ curve. Consequently, we appreciate that 
it is very important to develop the comparison between the two models, in order to decide which 
of them is closer to the actual behaviour of the semi-rigid joint. 

3. PROPO AL FOR A IMPLIFIED APPROACH 

3.1. Generals 

In a paper presented by Maquoi & Jaspart (1992) several FEM computer codes that are 
implementing the separate modelling of connection and sheared web panel or concentrated 
modelling of the joint (including both connection and web panel deformations) have been 
compared by means of two sway steel frames with semi-rigid joints. Those codes are based either 
on the plastic hinge or plastic zone theory. Excepting the detailed conclusions outlined by the 
IIIthOrs of the study from above, it must be observed that the numerical results obtained with 
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those computer codes are relatively closed, at least from practical point of view. However for 
design practice the use of such sophisticated non-linear computation tools is not useful because 
they are to complex both for designer and the real needs of structural analysis. That is the reason 
why other researches in the field are proposing for the design analysis of steel frames with semi­
rigid joints the use of a concenlraled bi-linear M1> model instead of the non-linear M1> model 
(Maquoi & Jaspart, 1994). Otherwise the bi-linear model is included in EUROCODE 3 
previsions. The problem is that even the bi-linear model is accepted, this is generally used by 
means of the same sophisticated computer codes as the non-linear one. 
In these circumstances. the authors of this paper are trying to propose a very simple and versatile 
model capable to introduce the semi-rigid bi-linear behaviour of semi-rigid joints in the elastic­
plastic analysis of steel building frames. 

3.2. Simplified Model for tbe Bi-linear Elastic-Pla.tic Behaviour of Semi-rigid Joints 

An equivalent beam element can be used to simulate the bilinear behaviour of the joint. The beam 
will simulate the M1> bilinear behaviour of the joint by means of its own elastic-plastic moment­
rotation relationship as is shown in Figure 2. The Mil model of the beam element behaviour is 
derived from the idealised curve of the material (Prandtl model). The moment corresponding to the 
yield plateau is the joint plastic capacity; the rotational stiffness may be the secant stiffness as EC 3 
(1992) recommends. or it can be assumed to be equal to S/2 for the unbraced frames, respectively 
to SJ3 for the braced fr.mes (So is the initial rotational stiffness of the joint) . 

• 1 

t f- - f'-

F= 

M 

A-A 

f.!-

Fig.2. Simplified model 

The equivalent geometrical characteristic of the beam element are obtained as follows (Fig. 2): 
1= Sj 11 E 
WpI=M.d / fy 

where: Sj - rotational stiffness of the joint; MOd - plastic moment of the joint; W pi - full plastic 
modulus of the beam cross-section; 1- second order moment of the beam cross section area. 
Assuming a rectangular cross-section. the depth and the width result: 

h = 3I / WpI 
2 b = 4 Wpl / h 
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In the case of a rectangle cross section beam element, these relations overestimate the cross-section 
area, but it is not sigruficant in the static analysis because the frame beams are working main!) in 
bending. 

3.3. Numerical Compari on 

In order to validate the proposal model, a comparative numerical study was developed on the 
four frame analysed in Chapter 2. The first series of semi-rigid joinls were used modelled b} 
means of revised Annex J bi-linear M-~ curves (see Table 4) have been used. 
From static analysis of frames A, B. C, D the following characteristic load multipliers values are 
resulting (Table 10). 

Table 10 Comparative values of load multipliers 
Frame A B C D 

A. SRM SM SRM SM SRM SM SRM SM 
1 62 6.32 6.431 6.S1 9.649 10.34 12.202 12.9 
) t 667 1.66 1.336 1.238 1.679 1.71 1.899 1.637 
) I 793 1.803 1.736 1.734 1.913 1.913 2.GS3 1768 

In table 10 the values related to SRM columns are obtained wilh PEP-micro computer code with 
a non-linear semi-rigid joint model described by means of a Ramberg-Osgood type moment­
rotalion relation, that was configured for a bi-linear M-~ curve, while the SM values are obtained 
with the same program, but, this time, in stead of semi-rigid joinl model was used the elastic­
plastic element presented in §§ 3.2. 
Figure 3 shows the characteristic curves related to load-maximum horizontal displacement 
change. Figure 4 shows the results corresponding to load-maximum beam deflection change. 
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Fig.3. Load-displacements diagrams 
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Fig.4. Load - deflections diagrams 

3.4. Conclusions 

A good correlation may be observed in the case of characteristic load multipliers and displacements 
for 1.=1 related to SRM and SM models. The only significant difference occurs over plastic range in 
magnitude of ultimate plastic factor in the case of frame D. However using the authors' model the 
results are on the safe side in each case. 
To conclude, if a bilinear M-4> model is accepted for the semi-rigid joint behaviour, the malO 
advantage of this proposal consists in the fact thaI any non-linear elastic-plastic compuler code, or 
even an elastic first order one, may be used to analyse sleel frames with semi-rigid connections. 
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SEISMIC LOADING OF MOMENT END-PLATE 
CONNECTIONS: SOME PRELIMINARY RESULTS 

Thomas M. Murray' 

Ronald L. Meng' 

Abstract 

Fractures in welded steel connections have been discovered in numerous building 
structures with moment-fesisting frame connections due to the Northridge, 
California, earthquake of 1994. A possible alternative to on-site welded moment 
connections is the moment end-plate. Conventional designs, as well as shimmed 
end1'lates, are being tested and analyzed for their adequacy under seismic induced 
cyclic loading. For the conventional designs, required end-plate thicknesses are 
determined from yield-line analysis and bolt size is determined using an analysis 
procedure which includes prying forces. Prying forces do not need to be considered 
for the designs with shims. From preliminary results, it appears that the extended 
moment end-plate, when properly designed, may be an acceptable alternative to the 
welded moment-resisting connection. 

1. INTRODUCTION 

Subsequent to the January 17, 1994, Northridge, California earthquake, numerous 
fractures in beam-to<alumn welds in steel moment resisting frames were reported. 
Damage was found in many buildings in the earthquake area with the cause 
ettributed to unexpected high stress concentrations in the beam flange-to column 
lange connections. The primary cause of the fractures was probably due to the 

methods and techniques used. One obvious and possible solution to 
MlVBlnt Mure cracks and weld failure is to eliminate beam flange-to~lumn welds 
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entirely as in a moment end-plate coMection. Moment end-plate connections 
eliminate the field welding problems, but do require tension bolts which introduce 
the necessity to predict prying forces and the resulting uncertainty of the strength of 
the connection under seismic loading. Connection failure can be precluded by 
deSigning the connection for a strength greater than the beam strength and properly 
a=unting for prying forces in the bolts. Although field inspection is still required, 
bolt tightening inspection is much less demanding than full penetration weld 
inspection. 

Extensive research on the cyclic behavior of welded moment connections has been 
completed; very limited research has been conducted using cyclic loading of 
moment end-plate connections. Tsai and Popov (1990) conducted three tests to 
determine the cyclic behavior of unstiffened, four-bolt at the tension flange, moment 
end-plate connections. They experienced premature inner bolt failure in the first 
test of a conventionally designed connection, e.g. one where prying forces are 
ignored. The end-plate of the specimen was then reinforced with a vertical stiffener 
between the extended portion of the end-plate and the beam tension flange and 
stronger bolts installed. The connection was then retested and excellent behavior 
was found under large cyclic loads. A second specimen with larger diameter bolts 
and a slightly thicker end-plate was also tested with good results. 
Recommendations for increasing the strength of connecting bolts, over that used 
when prying forces are ignored, were made. Ghobarah et a/ (1990, 1992) 
conducted several cyclic loading tests to examine the behavior of both stiffened and 
un stiffened, extended end-plate connections. Both beam and column sections were 
included in the test setups. For some tests, the columns were axially loaded. 
Column flange and end-plate stiffeners, as well as, end-plate thickness were varied. 
In general, they found that end-plate connections were able to dissipate energy from 
cyclic loading without loss of strength. However, stiffness of the joint was reduced 
due mostly to bolt pretension losses. Murray et a/ (1992) also reported a loss in 
pretension bolt forces due to repeated loadings. Eleven end-plate moment 
connections were subjected to i cliC loading representing expected wind loading in 
the range of 33% to 100% of the connection allowable design moment. Six different 
end-plate configurations were tested, all with "snug-tightened" bolts. Typically, the 
residual bolt forces decreased as the number of loading cycles increased, with a 
rapid decrease during the fi rst few loading cycles and then asymptotically 
approaching a lower bound. 

ThuS, completed research indicates that end-plate moment connections can be 
designed with sufficient strength to develop the beam plastic moment capacity and 
required beam inelastic rotation capacity. However, uncertainty of prying forces and 
reduced pretension due to repeated loadings remains a major concern. The prying 
force problem can possibly be eliminated with the use of shims between the end­
plate and column as shown in Figure 1 (b). With the shims placed as shown, the 
force in the tension bolts theoretically will not change until separation occurs at the 
shim location. Thus, the connection is in effect load tested at the time of bolt 
installation. The use of shims eliminates the uncertainty of any prying forces as 
none theoretically exist. 
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(a) Conventional (b) With Shims 

Figure 1. End-Plate Configurations 

The authors are currently in the initial phase of a research project to study the 
behavior of large~pacity moment end-plate connections subject to cyclic loading. 
It is planned to experimentally study the behavior of three moment end-plate 
configurations connected to unstiffened columns using both A325 and A490 bolts. 
Results from the first three tests of four-bolt at the tension flange, extended 
unstiffened connections are presented here. Two tests were conducted without 
shims and one test with shims. All three tests were conducted using A325 bolts. 

2. TEST SPECIMEN DESIGN 

Test specimen design included the determination of end-plate thickness, bolt 
diameter and a column section with sufficient flange thickness to resist the plastic 
moment capacity of the selected test beam, W18x35 (W460x52). For the tests 
without shims, the end-plate thickness was determined using yield-line analysis 
Simple bending concepts were used to determine the required end-plate thickness 
for the test with shims. The bolt diameter for both types of tests was determined 
using the "modified Kennedy" method which includes estimated bolt prying forces. 
Column flange strength was checked using previously published techniques. 

2.1 Determination of End-Plate Thickness 

The yield-line mechanism shown in Figure 2 was used to determine the required 
end-plate thickness for the specimens tested without shims (Srouji et ai, 1983; Abel 
and Murray, 1992). The external work was taken as 

We = MuS = Mu (11h) (1 ) 

where Mu is the ultimate beam moment at the end-plate and S is the virtual rotation 
of the connection, equal to 11h, where h is the total depth of the beam section. The 
internal work stored in the yield-line mechanism is then: 

(2) 

where the geometric parameters are shown in Figure 2 and 
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Figure 2. Yield-Line Mechanism 

(3) 

where Fpy is the yield stress of the end-plate material and tp is the end-plate 
thickness. The required end-plate thickness is found by equating Equations (1) and 
(2) and solving for tp: 

1/2 

(4) 

The unknown dimension, s, in Figure 2 is found by differentiating the intemal work 
expression with respect to s and equating to zero, resulting in 

s=Jbtg /2 (5) 

The end-plate thickness for the test with shims was determined assuming the 
required plate bending moment is equal to the effect of the pretensioned bolt forces 
acting on the end of a cantilever of length pt. Equating this moment to the plate 
plastic moment strength, Fpy bp tp2/4, the required end-plate thickness is 

tp = ~8BtPt / (Fpybp) (6) 

where Bt is the specified bolt pretension force. 

2.2 Determination of Bolt Diameter 

Kennedy et al (1981) proposed a method for predicting bolt forces with prying action 
in split-tee connections. The Kennedy split-tee analogy consists of a flange bolted 
to a rigid support with two bolts. The total force at a bolt, B. is then one-half of the 
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IPPlied force, 2F, plus the prying force per bolt, Q. The basic assumption in the 
Kennedy method is that the plate goes through three stages of behavtor as the 
IPPlied load increases. At the lower levels of applied load, plastic hinges have not 
developed in the split-tee flange plate and the behavior is termed thick plate 
behavior. The prying force, Q, at this stage is assumed to be zero. As the applied 
load increases, two plastic hinges form at the intersections of the plate centerl ine 
end each web face. This yielding marks the '1hick plate limit" and indicates the 
initiation of the second stage or intermediate plate behavior. The prying force at this 
Itage is somewhere between zero and the maximum value. As more load is 
applied, two additional plastic hinges form at the centerline of the plate and each 
bolt line. The formation of this second set of plastic hinges marks the '1hin plate 
limit" and indicates the initiation of the third stage or thin plate behavior. The prying 
force at this stage is at a maximum constant value. Once the status of the plate 
behavior has been determined, the bolt force is calculated by summing the portion 
of the applied flange force assigned to the bolt with the appropriate prying force, e.g. 
8 = F + Q . 

Srouji et a/ (1983) and Abel and Murray (1992) modified the Kennedy procedure for 
the four bolt, end-plate connection. These results are also reported by Murray 
(1988) and will not be repeated here for lack of space. 

Since prying force theoretically does not exist in the connections with shims, the bolt 
force is simply the pretension forces, 8t, or F, whichever is greater. 

2.3 Determination of Required Column Flange Strength 

The required column flange strength was determined using the procedures 
developed for monotonically I·)aded moment end-plate connections by Hendrick and 
Murray (1984) and Curtis and Murray (1989) and summarized in Murray (1990). 

3.0 TEST SETUP AND INSTRUMENTATION 

The physical test setup for the evaluation of the connections is a cantilevered beam 
connected to a column section as shown in Figura 3. The test setup is in a 
horizontal plane. Axial loads are not applied to the column or beam 
Instrumentation includes displacement transducers to measure beam end 
deflections, instrumented calipers to measure end-plate and column flange 
deformations and instrumented bolts to measure bolt forces. To instrument a bolt, a 
2 mm hole is first drilled in the head of the bolt to a depth so that a "bolt" strain gage 
can be installed below the head of the bolt but above the threaded portion of the 
shank. After insertion of the strain gage, an epoxy is injected into the hole which, on 
curing, forms a tight bond between the gage and bolt material. The final step is to 
calibrate the bolt using a tensile test machine. 

Quasi-static loading is applied to the end of the cantilever using a hydraulic 
actuator. The loading history prescribed by ATC-24 "Guidelines for Cyclic Seismic 
Testing of Components of Steel Structures" (Guidelines 1992) is used for the tests 
The loading history consists of two load steps below beam yield, one load step at 
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yield, and then necessary load steps ·in excess of yielding until fracture of the 
connection or severe deterioration of strength Is achieved. Each load step consists 
of three cycles; a cycle consists of two sequential excursions, one in the positive 
and one in the negative bending direction. The cycles below yield are load 
controlled and those above yield are displacement controlled. Displacement step 
increments above yield are equal to the deflection of the beam at yield. 

-• --WI4.-'" 

"'" 

----
Figure 3. Test Setup 

4.0 RESULTS 

Table 1 shows the end-plate and bolt dimensions and measured yield stresses for 
the material used in the three tests. For each test, the end-plate was welded, using 
full penetration welds, to a W18x35 (W460x52), A36 steel, beam section and bolted 
to the flange of a W14x145 (W360x216), A36 steel, column section. 

Table 1 
Test Specimen End-Plate Dimensions and Material Properties 

b. to 9 PI do F, F, 
Test in. in. in. in. in. ksi ksi 
No. (mm) (mm) (mm) (mm) (mm) (N/mm') (N/mm') 

7.0 1.0 4.5 1.5 1.0 40.2 62.2 
1 (178) (25) {114} (38) ..1251. ..12771. (429) 

7.0 1.0 4.5 1.5 1.0 40.2 62.2 
2 (178) (25) (114) (38) (25) (277) (429) 

7.0 1.5 4.5 1.5 1.0 35.1 67.2 
3 (178) (38) (114) (38) (25) (242) (463) 

For Test 1, a shim was not used and the bolts were tightened, as determined from 
the instrumented bolts, to the prescribed pretension force in the AISC LRFD 
SpeCification (Load 1993). The applied load versus deflection and beam moment 
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rotation histories from the test are shown in Figure 4(a). Figure 5(a) shows the 
corresponding exterior and interior bolt force versus applied load history. Local 
buckling of the beam flange. 9 in. - 11 in. (229 mm - 279 mm) from the face of the 
end-plate occurred toward the end of the 16th cycle. Neither the end-plate. welds. 
bolts or column flange showed any distress during the test. The hysterisis loops 
shown in Figure 4(a) are robust and significantly wider than those reported for fully 
welded connections. As seen in Figure 5(a). there was a substantial loss of bolt 
forces. However. these loses did not effect the strength of the connection. 

Test 2 was identical to Test 1. except that the bolts were tightened using the turn-of­
nut method (Load 1993). This tightening method resulted in larger strains in the 
bolts on completion of tightening. Figures 4(b) and 5(b) show results corresponding 
to those for Test 1. Again. failure was local buckling of the beam flanges without 
end-plate. weld. bolt or column flange distress. The bolt forces decreased as in 
Test 1. but not as significantly. 

Test 3 was conducted with 0.50 in. (13 mm ) thick shims placed as shown in Figure 
1(b). The bolts were tightened to the minimum pretension level as measured by the 
instrumented bolts. Failure was by local buckling of the beam flange without end­
plate. weld. bolt or column flange distress. Figures 4(c) and 5(c) show the load­
displacement and bolt force-load histories. Again. the hysterisis loop is wide. Bolt 
forces decreased unexpectedly. possibly because of yielding of the shim plates. 

5.0 CONCLUSIONS 

Properly designed end-plate connections appear to be viable connections for frames 
designed for seismic loading. The end-plate connection tests reported here show 
that the strength and energy dissipation capability. necessary to resist large seismic 
loadings. are available. 
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low CYCLE FATIGUE TESTING OF SEMI-RIGID 
BEAM-TO-COLUMN CONNECTIONS 

Luis Cal ado 1 

Carlo Castiglioni2 

Abstract 

,leIlE!arch was carried out to investigate the cyclic behaviour of beam-to-column 
Three different typologies were tested, which represent frequent 

1JIi<:atiIJns in steel construction. The specimens were submitted, in a mUlti-specimen 
nrr,nn.m to constant amplitude displacement histories, in order to develop a 

IIILllatlVe (jarna']A model. Such a model is based on the Ballio-Castiglioni hypothesis 
Miner's rule , and lead to the assessment of possible classes of fatigue resistance 
the examined typologies of beam-to-column connections. Based on the 

lIMI,riment:al resu~s of this and previous research programs carried out by the authors, 
-",,,.11 failure criterium is proposed for steel components under low-cycle fatigue. 

1. INTRODUCTION 

constructions in seismic regions, steel structures in general offer a large advantage 
respect to r.c. structures, due to reduced dead load, and thus reduced inertial 

Furthermore, the material ductility is satisfactory. However, evidence of 
",d, If. I collapses has been reported in occasion of recent earthquake events 
lLv+h,;""a 1994, Kobe 1995) and a significant population of steel structures suffered 
idelnde,d damage, in buildings, bridges, and viaducts. 

FoIlov.'ina the Northridge Earthquake of January 17, 1994 several cases have been 
'_"''''0'' (Bertero et aI. , 1994) of steel frame buildings which did not collapse, yet 
et,ibited significant structural damage. Local failures of steel structural members or 

r.o,nn • ...,tiorl<::, or both, took place. Such failures, however, did not result in severe 
..." ... " deformations, thus remaining hidden behind undamaged architectural panels. 

v.rio'iv of local collapses was observed, among which the recurrent case was 
'1IIo,ntit'iA,i in the failure of welded beam-to-column joints in moment resisting space 

Investigations have been carried out about the nature and the causes of the 
• ...... "" .. 1 failures and have shown that several topics pose unsolved problems, thus 
providing subjects of primary importance for research programs. 

Recent analyses have shown that well proportioned semi-rigid connections designed 
to allow active participation in non-linear deformation may enhance the dynamiC 
pertormance of steel frames in low and medium rise buildings and reduce the ductility 
demand on other members under severe ground motions. 

2 AssocIate Professor, Department of Engineering, Pol~e<:nlco of Milan 
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For Ihese reasons. recently. several· research programs have been conducted to 
InvestIgate the cyclic behaviour of semi-rigid connections. Among them Ihe tests 
performed by Balilo et al. (1987) on flange plated connections, flange and web cleated 
connections, extended-end-plate connections and welded connections is pointed out. 
Astaneh et al. (1989) investigated the behaviour of steel double angle framing 
connectoons under severe cyclic loading of earthquakes. The experimental research 
that Bernuzzi et al. (1992) have conducted was on top-and-seat angle and flush-end­
plate connections under cyclic loading. 

In addition to these and other experimental research programs, a number of numerical 
models were also developed by various authors. Most of these models are empirical, 
and need expenmental results for the calibration of the various parameters assumed 
as govemlng the behaviour of the connection. 

This paper presents preliminar results of a research program on low-cycle fatigue of 
seml-ngld beam-to-column connections. After identifying a limited number of structural 
steel details. they were realised and tested under low cycle fatigue. The aim of the 
research IS to try to establish classes of (lOW cycle) fatigue resistance for connections, 
Similar to those eXisting for structural details under high cycle fatigue (EC3 - Design of 
steel structures, 1992). 

2. EXPERIMENTAL PROGRAM 

2.1 Test Set up 

The expenmental set-up used for the tests on the semi-rigid steel connections IS shown 
In Figure t . It was designed on order to Simulate the conditions of beam-to-column 
connections within the frame struclure. It consists maonly on a foundation, a supporting 
girder. a reaction wall . a power jackscrew and a lateral frame. 

Figure 1 - Test set-up. 
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jackscrew, which displays a 1000 kN capacity and a 400 mm stroke, is 
a specific frame , designed to accommodate the screw backward 

which has been prestressed against the reaction wall. The specimen was 
to the supporting girder through two steel elements. Due to the 

tllalracterilsti,~s of the test set-up the column lies horizontally, while the beam is vertical. 
n:~~~~~~~;i~~~ girder was fastened to the reaction wall and to the foundation by 
i. bars. The forces F are measured in a load cell located between the power 
.... SC '·RW and the specimen, while the top displacement v, is evaluated at the level of 

i force . An automatic testing technique was developed to allow 
_"OIJterisl~c control of the power jackscrew, the displacement and all the transducers 

to monitor the specimen. 

2.2 Specimen Set up 

The specimen consisted of a beam attached to a column by means of diHerent details. 
Three typologies of connections were selected which represent frequent solutions 
Idopted in steel construction for beam-to-column connections: web and flanges cleats 
- BCC1 type, (Fig. 2a) , extended end plate - BCC2 type, (Fig. 2b ) and flange plates 
with web cleats - BCC3 type, (Fig. 2c). For each typology three specimens were 
I88lised and tested, according to a mUlti-specimen testing program. 
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The profile used for columns and beams in all specimens was a HEA 120 in Fe360, For 
\he web and flanges cleats specimens 100x100x10 angles in Fe360 were adopted, 
The bolts used were M16 grade 8,8 and all welds were full penetration butt welds, 
Specimens were instrumented with electrical displacement transducers, They measure 
the displacement of the specimen supporting plates, the vertical displacement of the 
joint and the relative and absolute rotation of the cross-section and joint. 
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2.3 Load ing History Adopted 

The choice of a testing history associated to a testing program depends on the purpose 
of the expenment, type of test specimen and type of anticipated failure mode. In 
general, a single-specimen testing program is adopted. The recommended loading 
history to be applied in such a testing program (such as those proposed by ECCS 
(1986) and ATC (1992» consists of stepwise increasing deformation cycles, the cycles 
are usually symmetric in peak deformations. 

However, as it is also clearly stated in ATC Guidelines (1992), a multi-specimen testIng 
program IS needed if a cumulative damage model is to be developed for the purpose of 
assessing the performance of a component under arbitrary loading histories. In 
particular a cumulative damage model may be adopted to evaluate the cumulative 
effect of Inelastic cycles on a limit state of acceptable behaviour. 

A cumulative damage model is generally based on a damage hypothesIs and may 
Include several structural performance parameters that must be determined 
expenmentally. For these reasons testing program utilising this cumulative damage 
model requires at least three constant amplitude loading tests on identical test 
specimens. For each test, a new specimen must be used, since each specimen is to be 
tested to failure. The deformation amplitudes for the three tests should be selected so 
that they cover the range of interest for performance assessment. 

In Ihe present study, the following amplitudes of displacement cycles were considered 
uv/v = 6, 8 and 12 for BCCltype, tlv/vy = 6,7 and 8 for BCC2 type and tlV/Vy = 6, 8 and 
10 f6r BCC3 type, where tlv is the imposed displacement at the top of the specimen, 
while Vy is the yield displacement. 

3. EXPERIMENTA L RESULTS 

HysteresIs loops In a load-displacement diagram (F-v) and Ihe failure mode are 
presented In Figure 3, 4 and 5. Some observations on the behaviour of each type of 
connections during the cyclic test until the collapse are made. 

.. 

o 

'" 

Figure 3 - Experimental hysteresis loops and the failure mode 
of a web and flanges cleats connection. 
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Web and flanges cleats connections - BCC1 type: the behaviour of this type of 
connection is characterised by large bolt sitppage. The Increment of plasloc 
deformations in both legs of the angles in the flange connections was observed dUring 
the test. Slip occurred mainly in the vertical plane between the beam flange and the 
vertical angle leg due to the ovalization of the holes in the flange of the beam and In 
the vertical leg of the angle. For all specimens of this type the failure was due to a 
horizontal crack that started in the middle of each vertical leg of the angles when they 
were in tension. These cracks propagated with increasing the number of cycles until 
complete failure of the angle. 

RCCl 

,., 

BCO 

, .. 

.» 

... '. 
Figure 4 - Experimental hysteresis loops and the failure mode 

of an extended end plate connection. 

.'-
, .. 

Figure 5 - Experimental hysteresis loops and the failure 
of a flange plates with web cleats connection. 

Extended end plate connections - BCC2 type: the connections of this type are 
characterised by regular histeresis loops. without any slippage and with a regular 
deterioration of the absorbed energy and the maximum force at the end of each cycle 
For the three specimen a plastic hinge took place in the beam. The local buckling of 
\he flanges and web of the beam induce large plastic deformations in these zones The 
effect of the bending and the tension of these zone induce the development of cracks 
whICh started for the three specimens in the flange of the beam. The cracks grow with 
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the increase of the number of the cycles until they reach all the section of the flange 
and part of the section of the web cause the failure of the specimen. At the end of each 
test an axial shortening of the specimen was observed due to the occurrence of a 
highly localised deformations of the specimens. 

Flange plates with web cleats connections - BCC3 type: this type of connection has a 
behaViour between the BCC 1 type, and the BCC2 type. They exhibit slippage between 
flange plates and the flange of the beam due to the ovalization of the holes, but this 
phenomena has lower importance when compared with web and flanges cleats 
connections. The flange plate had a similar behaviour as the angles in BCCI type 
under bending deformation but the vertical separation between the beam and the 
column is avoid. In all specimens the failure was due to the crack in the vertical plates 
that connect the flange of the beam with the flange of the column. No shear 
deformation was observed in all bolts. 

4. FAILURE CRITERIUM 

It is particularly interesting to formulate some failure criteria based on the achievement 
of a given level of deterioration of the mechanical properties of the material. In fact, by 
means of such a collapse criterium, the limit state at which a structural component is 
considered out-of-service, can be a-priori defined. Such a situation, of course, may not 
coincide with actual collapse of the component. However, in order to be applied In 
standard design procedures, such a collapse criterium must allow an assessment 01 
the failure conditions as close to reality as possible, and always on the safe side. 

Some authors (Calado and Azevedo, 1989) proposed to adopt as unified failure 
criterium the reduction of the energy dissipated in a cycle to 50% of that dissipated by 
a structural component made of an elastic perfectly plastic material, cycled under the 
same amplitude. That criterium was formulated based on a number 01 numerical 
sinulations of the cyclic behaviour of steel members (Ballio and Calado, 1986). 

Based on the experimental results obtained during extensive testing programs carned 
out on beams, beam-columns, welded connections (Castiglioni , 1995, Ballio and 
Castiglioni, 1994) and on beam-to-column connections (Calado and Ferreira, 1994) 
the following failure criterium can be formulated having a general validity lor structural 
steel components under variable amplitude loading: 

(1 ) 

where '11 represents the ratio between the real absorbed energy at the last cycle before 
collapse (Ecf) and the energy that might be absorbed in the same cycle if the structural 

member had an elasto-plastic behaviour (Ecppt)' while '10 represents the ratio between 
the real absorbed energy in the lirst cycle in plastic range (Eco) and the energy that 
might be absorbed in the same cycle if the structural member had an elasto-plastic 
behaviour (EcppO)' 

In the case of constant amplitude displacement, Ecppt is equal to EcppO ' and equation 
(1) may be rewritten as follows: 

(2) 
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1 and 2 a is a parameter which value should be determined by fitting the 
"'trirnel,tal results. Based on the results obtained in a multi-specimen tests program 

beam-to-column connections under different levels of constant amplitudes It IS 
~:lO!;ed for a a constant value equal to 0.50. This means that the failure of the 
-:::;~~ took place when the ratio between the real absorbed energy and the real 
1M energy in the first cycle in plastic range is less or equal to 0.50. The value 

consistent results also in the case of beams and beam-columns made by 
and IPE300 profiles. Other types of profiles are presently under investigation. 

proposed value of a can be adopted for a safe assessment of the damage 
in the beam-to-column connections. Hence, this value is not to be 
as the best fit of experimental results, but can be regarded as possible 

_trencE value in damage assessment procedures. 

5. CUMULATIVE DAMAGE ASSESSMENT 

-~ tests carried out it was noticed (Ballio and Chen, 1993) that, in good agreement 
other previous studies (Coffin , 1954, Mason, 1954), for all structural components 

' fbe;ams. beam columns, welded joints, beam-to-column connections) , the relationships 
which best fitted the experimental results in terms of cycle amplitude 6v (normalised on 
the yield displacement Vy ) and number of cycles to failure Nf ' were exponential 

functions of the type Nf = a (6vlvy)b , with a and b constant parameters to be defined 

and calibrated on the experimental test results . If the cycle amplitude 6 v can be 

correlated to the stress range in the component 6cr, this kind of relationships become 
limilar to the Wohler SoN lines [Wohler, 1860] usually adopted in high-cycle fatigue 
design. 

Starting from these considerations, Ballio and Castiglioni (1994) recently proposed an 
approach to unity the design and damage assessment procedures for steel structures 
under low andlor high cycle fatigue. 

According to Ballio and Castiglioni (1994), if the material can be regarded as an elast iC 
perfectly plastic one (as in the case of steel) , it can conventionally be assumed that 
strains are proportional to the generalised displacement component s, and it can be 
stated that: 

- =- (3) 
E 5 
Y Y 

This equation defines the nominal strain range in a particular way, taking into account 
the local reduction of stiffness at plastic hinge location by an equivalent uniform 
reduction of stiffness along the total beam length, and can be re-written as follows: 

• 65 65 
6tJ = E= E-E = -cr(F ) 

5 Y 5 Y 
Y Y 

(4) 
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60' is an effective stress range, associated to the real strain range 6E in an ideal 
member made of an indefinitely linear elastic material and, in the case of high cycle 
fatigue (i.e. under cycles in the elastic range) coincides with the actual stress range M. 

Once determined the number of cycles to failure Nf, test data can be re-processed to 

plot in a log-log scale Nf vs . 60' given by eq. (4) . The domain log (60' =E6E) vs. log N 
is the usual domain for the Wohler (S-N) curves adopted by various International 
Codes and Standards for (high cycle) fatigue design of steel structures. In practice, by 
adopting the S-N curves of EC3, which can be mathematically expressed in the form: 

(5) 

(where K is a constant value depending on the fatigue strength category of the detail), 
and by substituting in eq. (5) to 60 the expression of 60' given in eq. (4), the 

relationship between Nf and the generalised displacement amplitude 6S becomes: 

(6) 

By comparing this expression to the Manson (1954) Coffin (1954) one (7): 

(7) 

it can be concluded that the two expressions are similar; the only difference is that in 
equation (6) the total cycle amplitude 6s is adopted while Manson and Coffin consider 
the excursion in the plastic range 6s p' 

The two expressions (6) and (7) coincide for C=1 /K, c=3 and 6sp= ~s o( F) . 

Y 
By considering equation (6) and adopting Miner's rule, the proposed damage model 
becomes: 

[ )

3 
I L 6s 

D = - In; -' o( Fyi 
K I s, (8) 

where ni is the number of occurrences of cycles having an amplitude 6si , and the 
summation is extended to the number L of different cycle amplitudes 6si to be 
considered. 

6. CONCLUSIONS 

If an equivalent stress range 60- = E 6E is considered, associated with the actual strain 
range in an ideal indefinitely elastic material, the S-N lines given by Codes for high 
cycle fatigue can be adopted for interpreting the low cycle fatigue behaviour of beam­
to-column connections, as shown if Figure 6 with regard the experimental results 
described in previous section 3. 
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.... , ... .... ... 
....\>1) 

Figure 6 - Faligue strength of beam-to-column connections. 

Miner's rule can be adopted, together with the previously defined SoN curves and with 
• cycle counting method (e.g. Rainflow) to define a unified collapse criterion, valid for 
both high and low cycle fatigue. 

The main issue became, in this case, the assessment of fatigue strength category of 
various typologies of the connections, i. e., of the appropriate SoN curve to be 
associated with each type of detail. This can be done either by means extensive 
experimental research or by numerical modelling. Such models should, however, be 
calibrated on tests results. 

In any case a reliable failure criterium must be defined, allowing conservative 
definition of the number of cycles to fa ilure, i. e. of the conditions corresponding to 
specimen collapse. 

A possible failure criterium having a general validity and giving consisting results for a 
number of structural components has been proposed In this paper. The validity of such 
criterium must however to be furtherly investigated and extended to other structural 
details. 
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LOPM ENT OF INTERIM RECOMMENDATIONS FOR IMPROVED WELDED 
MENT CON ECTIONS [ RESPONSE TO THE NORTHRIDGE EARTHQ AKE 

Michael D. Engelhardl ' 
Thomas A. Sabol' 

Riyad S. Aboulaha' 
Karl H. Frank' 

A shon lerm research and lesling program was conducled in response 10 damage observed al 
• large number of welded sleel momen! conneclions following Ihe 1994 Northridge Eanhquake. 
The lesl program invesligaled several changes 10 joinl welding and design procedures inlended 
10 improve earthquake response of sleel momenl frame conneclions. Sixleen very large scale 
beam-Io-column conneclions were cesced under cyclic load. The mosc successful conneccions 
tesled in this program were those in which Ihe beam flanges were reinforced with cover places 
or venical ribs. The cest results showed Ihac reinforcing Ihe conneclion to reduce stress al the 
beam flange groove welds, combined wilh reasonable care in welding can signiticantly enhonce 
joinc performance. 

J. STEEL MOME T CONNECTIO DAMAGE 

Following Ihe January 17, 1994 Nonhridge Eanhquake, igniticant damage was observed at 
beam-to-column momenl connections in sleel momenl resisting frames. More than 100 modern 
steel buildings suffered moment conneclion damage. This damage was observed primarily at 
the conventional welded flange-bOlted web Iype moment connection derail widely used in weSI 
coasl U.S. practice for Ihe pasl 25 years. A variety of different Iypes of fraclures were observed 
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at these connections, Ineluding fractures at the beam nange groove welds, and fractures in the 
columns within the joint region, typically initiating at the beam nange groove weld. Fraclures 
occurnng at or initiating at the beam bOllom nange groove weld appear to have occurred far 
more frequently than al the beam top nange. 

one of the conneclion damage resulted in collapse of a steel moment frame building nor did 
it result in loss of life. This damage, however, is contrary to the design intent of an earthquake 
resistant steel moment frame, and may represent a morc serious safety concern for ground 
motions that differ in intensity, duration, or frequency content from that experienced in 
Northridge. The causes of the observed connection damage have been the subject of 
considerable debate. It appears, however, that a number of factors related to welding, jOinl 
design, and steel material properties played a role in Ihe damage. More detailed descriptions of 
damage and discussions of contributing causes are available elsewhere (AlSC 1994b, Bertera 
et al. 1994, SAC 1994a, SAC 1994b, SAC 1994c, SAC 1995). In addilion to its poor 
performance in the Northridge Earthquake, the conventional welded nange·bolted web 
connection delail has also shown a history of poor performance in laboratory tests (Engelhardt 
and Husain 1993). 

2. TEST PROGRAM 

Wilhin approximalely three months following the Northridge Earthquake, a short lerm inlensive 
lesting program was initiated under the guidance of the AlSC Task Commillee on the 
Northridge Earthquake. This test program was intended to generate some immediate dala on the 
effectiveness of various measures intended to improve connection performance under canhquake 
loading. This program was directed towards steel moment frames Ihat were under design or 
construclion at the time of the earthquake, and that were in need of immediate guidance. Thus, 
the Objective of the test program was to develop inlerim guidelines for the deign and 
construction of improved steel momenl connections, in the shortest possible time. The test 
program emphaSIzed connection delails for new construction, and was not intended to 
invesllgate repair procedures for damaged joints. This paper provides a brief overview of the 
test program. More complete details are available elsewhere (AlSC 1994a). 

Tesls were conducted on single cantilever type test specimens, as shown in Figure 1. Slowly 
applied cyclic loads were applied al Ihe lip of the cantilever. Beam tip displacement was 
increased until connection failure occurred, or until the limits of Ihe testing apparatus were 
reached. Tesl specimen performance was judged primarily based on Ihe level of inelaslic 
deformation achieved in the beam prior to connection failure. All test specimens wert 
constructed of W36xl50 beams of ASTM A36 steel. and either W14x455 or W14x426 columns 
of ASTM A572 Gr. 50 steel. These member sizes resulted in joints with very strong panel 
zones, so that inelastic action at the joint was forced into the beam. 

A number of different connection details were investigated in the test program. The connections 
incorporated what were intended to be improvements both in welding and in connection design. 
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order to guide the test program, A1SC organized an advisory group representing a broad 
of expertise, including researchers, structural engineers, fabricators, erectors, steel mill 

~sen,tatives, welding specialists, and welding inspection and NOT personnel. Based on the 
of this group, improved connection design details and welding procedures were 

each connection investigated in this test program, two replicates were constructed by two 
structural steel fabricators in order to gain some confidence in the repeatability of 
A total of sixteen specimens were tested. Highlights for several of these tests are 

lIcussed below. 

fi rst connection detail investigated was the conventional welded flange - bolted web detail, 
~ligned in accordance with the seismic detailing provisions of the 1991 Uniform Building 

(Uniform 1991), the governing code in the western U.S. The detail for this specimen, 
ei8l,atl,d as Specimen I, is shown in Figure 2. Although the conventional connection detail 

used, several improvements were incorporated in the welding, including removal of backup 
and weld tabs, and close attention to welding workmanship. Welding was accomplished 

the self shielded flux cored arc welding (FCA W) process, as it was for all specimens in this 
program. The electrode used for the beam flange groove welds for Specimen 1 was 

dasified as E70T -4, typical of past field welding practice for this connection. This electrode 
II characterized by very high deposition rates, but can result in weld metal with rather low 
IDughness and ductility. The purpose of this specimen was to determine if the conventional 
IOIInection detail, when provided with very good welding workmanship, was likely to provide 
Mlisfactory performance. 

Both replicates of Specimen 1 showed poor performance, developing only very limited ductility 
In the beam prior to connection failure. The load-deflection response at the tip of the beam for 
one of the two replicates of this detail (designated as Specimen IA) is shown in Figure 3. 
Pailure of botb replicates occurred by sudden fracture at the beam flange groove welds, with 
!be fractures occurring near the weld column interface. No welding workmanship defects were 
visible on the fracture surfaces. 

The second connection detail investigated in this test program was an all-welded connection. 
II was similar to the first detail, except that the beam web, rather than being bolted, was welded 
directly to the column flange. As with the previous detail, the E7OT-4 electrode was used for 
the beam flange groove welds. Past test programs have typically shown better performance from 
III-welded connections, as compared to welded flange-bolted web details (popov and Stephen 
1972, Tsai and Popov 1988). This better performance has been attributed to the improved ability 
of the welded web connection to transfer bending moment at the connection, thereby reducing 
stress on the beam flange welds. Unfortunately, both replicates of this connection detail showed 
poor performance, with fractures occurring at the beam flange groove welds early in the 
inelastic loading history for the specimens. As above, no Significant workmanship defects were 
identified on the fracture surfaces. 

These first four test specimens showed unsatisfactory performance, despite very good welding 
wort;maoship, removal of back up bars, and removal of weld tabs. These results suggest that 
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the poor performance of these connections in the Nonhridge Earthquake likely cannot be 
attributed solely to poor welding workmanship. This observation does necessarily indicate thai 
workmanship was not a significant issue in the Northridge connection damage. It does indicate, 
however, that there are factors other than workmanship that significantly affect connectioa 
performance. The poor perfonnance of the first four specimens does not necessarily warrant 
condemnation of these connection details. These details may have shown better performance 
if, for example, a different welding eleclrode or welding process had been chosen. 
Unforlunalely, there was no opporlunily 10 invesligale Ihis hypolhesis as pan of this tesl 
program. The effecls of varying weld melal propenies, and mOSI notably weld metal toughness, 
is being investigated in a new test program currently underway by the authors. 

The majorily of the remaining connection details tested in this program were classified as 
reinforced conneclions. The beam flanges were reinforced with cover plates or with vertical 
"ribs". An example of a connection reinforced wilh venical ribs, deSignated as Specimen 6, is 
shown in Figure 4. An example of a conneclion reinforced with cover plates, designated as 
Specimen 8, is shown in Figure 6. 

The intent of these reinforced connections was to significantly reduce the stress on the beam 
flange groove welds and surrounding base melal regions, and 10 move the loc.1tion of the beam 
plastic hinge away from the face of the column. The design goal adopted for the reinforced 
connection was that the region of the connection at the face of the column should remaiD 
essentially elastic under the maximum bending moments and shear forces developed by the fully 
yielded and strain hardened beams. For the various re inforcement configurations tested, the 
section modulus of the reinforced cross-section was on the order of 1.610 2.0 times the sectioa 
modulus of the uoreinforced beam cross-section. [n addition to reinforcing the flanges, different 
FCA W electrodes were used for some of these specimens, and continuity plates were added for 
some of the specimens. 

Eight of the ten reinforced connections showed excellent performance, developing very large 
inelastic deformations in the beam wilhout connection failure. The beam tip load versus 
deflection response for a connection reinforced with ribs (Specimen 68) is shown in Figure 5. 
The response for a connection reinforced with cover plates (Specimen 8A) is shown in Figure 
7. These connections performed as intended. The beam plastic hinge formed at the end of the 
reinforcement, away from the face of the column, while the region of the connection near the 
face of the column remained essentially elastic. The connections were capable of developi .. 
the full flexural strength and ductility of the beams. 

Two of the connections reinforced with cover plates showed poor performance, experiencin, 
brittle failures at low levels of beam ductility. One cover plated specimen failed by a sudden 
fracture at Ihe top flangelcover plate weld to Ihe column. This fraclure occurred near the weld­
column inlerface, and showed no visible workmanship defects. [nspection data for this specimen 
suggested thai some of Ihe welding paramelers (vollage, eleclrical slickoul, elc.) were likely 
beyond Ihe range specified in Ihe Welding Procedure Specification. Studies of this failure 
suggesllhallhe improper choice of welding parameters lead 10 weld melal wilh unusually low 
loughness. The replicale of Ihis specimen, wilh Ihe same conneclion design and weldillJ 
electrode, but for which Ihe Welding Procedure Specificalion was followed, showed excelleal 
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performance. The Structural Welding Code - Steel, AWS 01.1-94 CAWS 1994) requires Ih.1 
welding be executed in accordance wilh a wriuen and approved Welding Procedure 
Specificalion. These lesl resulls emphasize Ihe importance of Ihis requirement. They also 
SUggesl a relationship between weld metal toughness and overall connection performance. 

A second cover plated specimen failed by a sudden fraClure within the column flange material 
at the beam's bottom flange connection, pulling out a ponion of the column flange material. 
The fracture surface suggested a possible problem wilh Ihrough-thickness propenies of the 
column flange. This test specimen indicaled Ihat even with a reinforced connection and careful 
welding practices, malerial propenies may represenl a "weak link" for Ihis Iype of conneclion. 

3. CO CLUSIONS 

The results of this test program suggest Ihat improved welding workmanship, by itself, may nOI 
be adequate to assure salisfactory performance of the convenlional welded flange - bolted web 
connection detail under inelastic cyclic loading. The results also indicate that a large 
improvement in cyclic loading performance is possible at steel moment frame joints by the use 
of. reinforced coonection combined wilh careful auent ion to welding. 

Based on the limited evidence provided by these tests, definilive guidelines for the design and 
construction of welded steel moment connections are nOl possible. However, based on their 
judgement and interpretalion of the available dala, Ihe writers recommend the use of reinforced 
connections as an interim measure until additional data becomes available. Sizing reinforcement 
so thai the section modulus of the reinforced cross-seclion at the face of Ihe column is on tbe 
order of 1.5 to 2 times the section modulus of the unreinforced beam cross-seclion appears 
reasonable. Items likely to be beneficial for welding include: removal of backup bars and weld 
tabs, use of electrodes that provide high toughness weld metal, careful inspection at the time 
of welding, including the rigorous enforcement of Welding Procedure Specifications, and 
thorough ultrasonic inspection. 

It should be noted that even with a reinforced connection and careful auent ion to welding, the 
test results indicate poor performance may still possible due to polential weaknesses in the 
column flange through-thickness propenies. Nonelheless, while perhaps nol guaranteeing 
success 100 percent of the time, the use of reinforced connections is expected to provide a 
mucb higher level of performance and structural safety, as compared to pre-Northridge 
practices. It is also clear from these tests that a large number of welding, design, and malerials 
related factors significanlly affect connection performance. A long term research effort will be 
needed to fully resolve all the issues raised by the Nonhridge Eanhquake. 
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POST-EARTHQUAKE STABILITY OF STEEL MOMENT FRAMES 
WITH DAMAGED CONNECTIONS 

Abolhassan Astaneh-Asi1 

Abstract 

objective of this study was to study seismic safety of welded steel moment frames 

I1118ged during the 1994 Northridge earthquake. A 4-story, a 14-story and a 27-story 

lICIilnas in los Angeles were studied. Inelastic 2-D models of the undamaged and 

l1118'ged frames representing the three buildings were subjected to various intensities 

leVeral past earthquake records. The results indicated that seismic behavior of the 

lImageld frames was somewhat similar to the behavior of steel semi-rigid frames. The 

in the bottom flange welds did not cause the study-frames to be more 

lIIC:eptible to collapse than the same frames before the damage. No tendency to 
IDIalpse due to pot. effects was detected in the three study-frames subjected to various 

"nsillies of the earthquake records that were used. 

1. INTRODUCTION 

Background 

' n"nM the January 17, 1994 Northridge earthquake the welded joints of more than 100 

lleel moment frame buildings in los Angeles cracked. The cracks in the welded rigid 

, Department of Civil and Environmental Engineering, 781 Davis Hall , 
of Califomia, Berkeley, CA, 94720, USA. 
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connections were mostly in the full-penetration welds or the heat-affected zone of the 

bottom flange of the girders. However, to lesser extent, cracks were also found in the 

top flange welds, column flanges , column webs and the panel zones. A few shear 

connections have also been cracked. In many cases, the damaged buildings did not 

exhibit visible out-of-plumbness or damage to their non-structural elements. A few 

weeks after the quake, this study of seismic safety of the damaged welded steel 

moment frames was initiated. The highlights of the study are summarized here. More 

information can be found in (Astaneh-Asl et aI. , 1995). 

1.2. Objectives of the Study 

The main objective of the study was to investigate life-safety aspects of the welded 

steel moment frames damaged in Los Angeles by the 1994 Northridge earthquake. 

More specifically, the objective was to develop information on the question of: is there 

a safety concern in case the damaged steel moment frame buildings are shaken by 
another earthquake or by a sizable aftershock of the Northridge earthquake before 

appropriate repairs or retrofits are done? 

2. RESEARCH 

2.1. Methodology 

To achieve the objectives and considering the public concern for the safety of the 

damaged steel structures, the research team conducted case studies and investigated 

seismic safety of three modern buildings that were damaged. The buildings were a 4-

story. a 14 story and a 27 story welded steel moment frame buildings in Los Angeles. 

The frames are shown in Figure 1. Table 1 provides major properties of the three 

build ings. The structures were designed according to the modern seismic codes and 

are representative of the current design practices in California. 

The study consisted of building inelastic computer models of one critical frame from 

each of the three buildings and subjecting the models to various intensities of 
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acceleration time history records. The acceleration time history records of the 1940 E~ 
Centro, 1952 Taft, 1978 Miyagi-ken-Oki, and the 1994 Northridge-Newhall earthquakes 

were used. Whenever the vertical component was available, the horizontal and vertical 

components of the earthquake were applied simultaneously. In selecting the past 

earthquake records for these studies the records representing pulse type near faull 

earthquakes, long duration earthquakes as well as long distance earthquakes were 

included. The results presented in this paper are only for various intensities of 

Northridge earthquake records. The responses of the frames to EI-Centro, Miyagi-ken­

Oki and Taft records were in general similar to Northridge results . 

2.2. Modeling of the Undamaged and Damaged Frames 

One rigid frame from each of the three buildings was selected to represent the 

structure. Then, two models were developed for each frame: one undamaged and one 

heavily damaged model. The undamaged frames represented the structures before 

the earthquake. In the damaged structure, the frame was modeled with the bottom 

weld in all of its connections cracked. A recently released survey of the damage in 59 

buildings in Los Angeles (Youssef et aI., 1995) indicates that, on the average, only 

about 20% of the connections in surveyed buildings had cracked. The assumption of 

all bottom flange welds cracked was a conservative assumption to represent the 

possibility that during future larger earthquakes more connections can develop cracks. 

The girders and columns in both damaged and undamaged frames were modeled to 

have a bi-linear cyclic moment-rotation behavior. The cracked connections were 

modeled as semi-rigid as explained in the fOllowing section. 

2.3. A Proposed Model to Represent Cracked Welded Connections 

The analysis program DRAIN-2DX used in these studies could only accept symmetric, 

bi-linear moment-rotation models for the connections. The actual behavior of the 

connections with one flange crack is unsymmetric. To overcome this limitation and still 

to obtain meaningful results, the unsymmetric moment-rotation behavior of the cracked 

connections was converted to their equivalent symmetric moment-rotation curves. At 

the time of these studies, February through July of 1994, no test data was available on 

the actual cyclic behavior of the cracked connections of welded steel moment frames. 

Therefore, by using the available information on cyclic behavior of steel semi-rigid 
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connections (Nader, and Astaneh-AsI , 1992), and by considering mechanics of the 

cyclic behavior of the welded connections before and after crack, the model shown In 

Figure 2(a) was developed and proposed by the author. 

Recently, four cyclic tests of actual cracked connection specimens, taken from a 

damaged building in Los Angeles. have been conducted (Anderson and Xiao, 1995). 

The results of these tests, although very limited in numbers, are very close to the 

proposed model and confirm the above assumptions. To be fit for DRAIN-2DX 

program, the model in Figure 2(a) was then converted to the symmetric model of 

hysteretic behavior shown in Figure 2(b). 

In developing the cyclic model of the moment-rotation behavior, it was assumed that 

the connection with bottom flange cracked can develop full strength of the girder if 

applied moment is negative (i.e. the weld crack is closed and is in compression) and 

the connection can develop 40-60% of the girder plastic moment capacity when 

moment is positive (i.e. the weld crack in the bottom flange is open). The value of 40-

110% moment capacity for the cracked connections was established by calculating Mp 

of the Tee cross section that is left after the bottom flange is cracked, see Figure 2(a). 

3. RESULTS 

3.1 Behavior of Undamaged and Damaged Frames From the 4-Story Build ing 

Figure 3 shows time histories of roof drift for the actual record of the 1994 Northridge 

earthquake obtained from a California Strong Motion Instrumentation Program (CSMIP) 

station located about 1.5 km from this 4-story building. The studies indicate that the 

base shear and roof drift responses of the damaged frame is less than the undamaged 

rigid frame. The exception is the first peak at about 4 seconds into the earthquake 

when damaged frame indicates a drift of about 3.5%. Up to the Point ' A' in Figure 3, 

the drift responses of both frames are almost identical. However, after the first peak 

the response of damaged (semi-rigid) frame is much less than the undamaged (rigid) 
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frame. Also, notice that the undamaged frame shows a permanent drift (out-of­

plumbness) of more than 1 %. 

During the Northridge earthquake, in the case of this 4-story building, probably at Point 

'A' in Figure 3, the connections have been cracked. After the frames were damaged at 

the time of about 4 seconds into the quake, the structure has become a semi-rigid 

llructure and has responded according to the substantially smaller "dashed" line 

response in Figure 3. This can be an explanation why the observed damage to the 

non-structural elements of this building was relatively minor and the out-of-plumbness 

after the quake was only about 5 cm ( less than 0.3% drift) at the roof level. 

3_2 Behavior of Undamaged and Damaged Frames From the 14-Story Building 

Figure 4 shows time histories of roof drift of the 14-story structure, when subjected to 

!he same Northridge-Newhall earthquake record used for the 4-story building. 

However, it should be mentioned that the 14-story building is located about 30 km from 

!he station that recorded the Northridge-Newhall ground motion. The results indicate 

that for this building, subjected to Northridge-Newhall records, the roof drift and base 

shear of the damaged semi-rigid frame is smaller than the roof drift of the undamaged 

but rigid frame throughout the response. 

The undamaged rigid frame develops a maximum peak roof drift of about 1.3% while 

maximum peak roof drift of damaged semi-rigid frame is about 1.1 %. Up to the Point 

A in Figure 4, the responses of both frames to Northridge-Newhall record are very 

close. However, after the first peak at Point A in Figure 4, the response of the 

damaged (semi-rigid) frame is less than the response of the undamaged (rigid) frame. 

This behavior is very similar to the behavior of 4-story building presented earlier. 

3.3 Behavior of Undamaged and Damaged Frames From the 27-Story Building 

As mentioned earlier. the stUdy-frames were subjected to ever-increasing maximum 

peak acceleration levels of the records from Northridge-Newhall , EI-Centro, Taft and 

Miyagi-ken-Oki earthquakes. In this section, the results of undamaged and damaged 

frame models of the 27-story building subjected to scaled-up Northridge-Newhall 

records with 1 .5g maximum peak acceleration are presented. 
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Figure 5 shows the results of dynamic ' response of the 27-story structure, (see Table 1) 

before it was damaged and after it is assumed that all bottom flange welds have been 

cracked. 

The results indicate that the roof drift of the undamaged and damaged frame models 

are very similar during the earthquake. After ground shaking has stopped at the time 01 

15 seconds, the response of the damaged frame (semi-rigid) is less than the 

undamaged (rigid) structure. Similar to previous cases, this indicates that after the 

frame is damaged, the response is 'slowed down'. The maximum value of roof drift 

for bolh undamaged and damaged frames subjected to Scaled-up Newhall record with 

1.5g MPA was about 2% 

The fact that the roof drift of the damaged (semi-rigid) frame is less than the roof drift in 

undamaged (rigid) frame might appear to be contrary to the belief of some structural 

engineers who feel that after the structure is damaged, it is more flexible and weaker, 

therefore, it Will develop larger drifts. This feeling might be correct for static loading 

and might have stemmed from the code based equivalent static load design concept. 

However, the available data on seismic response of steel structures do not support 

Ihis simplislic and somewhal erroneous view of the actual complex dynamic behavior 

of steel structures. 

Figure 6 shows the time history of axial load in one of the exterior columns of the first 

floor of the 27-story Undamaged and damaged frames. The undamaged (rigid) frame 

developed large tension during many cycles even after the earthquake had stopped. 

The damaged frame developed relatively small tension and only during the earthquake. 

Similar phenomenon was also noted when the frames were subjected to smaller 

Intensities and other earthquakes. 

The large value of axial forces in the columns of these moment frames was in part 

related to the inclusion of the vertical component of the ground motion. Often dynamic 

analysis is done by only applying the horizontal components of the acceleration 

records. However, these and other studies (Astaneh-Asl, et aI. , 1994) have indicated 

that in many structures including buildings and bridges relatively large vertical inertia 

forces can be developed. 
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4. CONCLUSIONS 

The study reported here was a relatively limited study conducted in 1994 as an 

emergency investigation to the seismic safety of the damaged buildings in Los Angeles. 

No generalized conclusions should be drawn from the results reported herein. 

However, the study resulted in better and more realistic understanding of the actual 

behavior 01 steel moment frames before and after their connections have been 

damaged. In this new field of 'Seismic Safety of Damaged Steel Structures' much more 

work is needed to establish what type of steel structure with what level of damage 

should be considered seismically safe and what type should be declared hazardous 
and be evacuated. 

Some of the findings of this study related to seismic safety of steel moment frames 
are: 

1 . The seismic behavior of damaged steel welded moment frames was found to be 

somewhat similar to the behavior of steel semi-rigid frames. 

2. Almost in all case studies done as part of this project, the response of damaged 

(semi-rigid) frames was less than the undamaged (rigid) frame. 

3. The fact that due to cracks in the weld, lateral strength and stiffness of a steel 

frame IS reduced does not necessarily mean that the structure cannot survive 

similar or stronger earthquakes. 

4. The concept of equivalent static lateral load (code approach) cannot be used to 

understand the complex seismic behavior of damaged (semi-rigid) steel moment 

frames. Particularly with regard to the drift values, realistic inelastic time history 

analyses are necessary. 

5. In any analysis of structures, particularly in dynamic analyses of semi-rigid steel 

structures, the connection models should be as realistic as possible. The model 

developed in 1994 for this study appears to have closely predicted the results 01 

the cyclic tests of damaged connections conducted in 1995. 
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6. The technology of computer analysis has advanced significantly In recent years. 

However, the art and science of predicting connection behavior and estabhshlng 

rational ground motions have not been advanced as much. As a result, uSing 

powerful computer analyses programs to analyze unrealistic structural models 

subjected to fictitious base excitations will not provide meaningful results. Much 

research work remains to be done in the field of seismic behavior and modeling 

of steel connections. 
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Table 1. Information on Three Buildings, the Subjects of This Study 

(Source: Youssef et al 1995) 

BUilding DIS!. to No. of Typical Framing Design codeI Connects. No. of Connects. 

10 EDlCenter Stones Floor Area SYstem Year bUilt Insoected Oamaoed 

EQEl 15km 4 23OO(m2) Partial UBC-881 112 4 BG. 16 BC, 

Frame 1992 8S 6CW 

NYA5n 15 km 14 3500(m2) Penm. Unknown! 29 2TW. 

Frame 1981 19 BW 

ESI4 15 km 27 1500m2) Partial UBC-851 20 5TW. 

Frame 1991 6BW 

Notes: 

BG: Bottom girder flange, BC: Column flange near bottom flange of girder, 

S: Shear connection, CW: Column web or doubler plate, 

TW: Top flange weld of the girder, BW: Bottom flange weld of the girder, 
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SERVICEABILITY LIMIT STATE 
FOR COLD-FORMED STEEL BOLTED CONNECTIONS 

Roger A. LaBoube' 

Wei-Wen Yu' 

Jeffrey l. Carril' 

Abstract 

Experimental studies were performed to investigate the tensile capacity, bearing 
capacity and the interaction of tension and bearing capacities of flat sheet cold-formed 
lIeel bolted connections . The influence of bolt hole deformation was also 
investigated . In the experimental investigation, single shear flat sheet connections 
were investigated for single bolt and multiple boit configurations. The intent of this 
investigation was to compare the current design equations for the nominal bearing and 
tensile capacities and to develop appropriate serviceability design criteria. The focus 
of this paper is the development of a serviceability limit for the nominal bearing 
capacity of cold-formed steel flat sheet connections. 

, . INTRODUCTION 

In the United States, the design of cold-formed steel bolted connections is governed 
by the Specification for the Design of Cold-Formed Steel Structural Members 
(Specification, '9B6). Development of the Specification, is based primarily on 
",earch on the behavior of bolted connections conducted at Cornell University, 
University of ivlissouri-Rolia (UMR), and University of Wyoming . This research studied 
only bolted connections in flat sheets . 

Specification's design provisions for the bearing capacity of a bolted connection 
based on the ultimate bearing capacity between the connected parts and the bolts . 

• , ..... ,,~. Prof., Dept. of Civil Eng., University of Missouri-Rolla, Rolla, MO, USA 
~~~~~~~ Prof. Emeritus, Dept. of Civil Eng ., University of Missouri-Rolla 
If Res. Asst ., Dept. of Civil Eng., University of Missouri-Rolla , Rolla , MO, 

403 



R. A. LaBoube ,I al. 

To reach the ultimate bearing capacity, large deformations commonly OCCUI around the 
bolt hole. Therefore, if the deformation around the hole is a critical design 
consideration, the Specification provis ion may be unconservative. 

When connecting thicker plates, research (Frank and Yura, 1981) has demonstrated 
that hole elongation, or ovalization, greater than 6.35 mm (0.25 in.) will be present 
when the ultimate bearing capacity is achieved . Therefore, both strength and 
serviceability limit states are addressed in the Load and Resistance Factor Design 
Specification for Structural Steel Build ings (Load, 1993). 

The purpose of the UMR investigation was to study the tensile capacity, bearing 
capacity, and the interaction of tensile and bearing capacities of connected flat sheets 
in bolted connections, and to develop appropriate strength and serviceability design 
recommendations. This paper w ill summarize the serviceabilty study. 

2. SCOPE OF INVESTIGATION 

The UMR investigation consisted of a review of pertinent literature, an analysis of 
available test data, an experimental study of bolted connections using flat steel sheets, 
and an analysis of the experimental results . 

The analytical study of available test data consisted of a comparison between tested 
failure load and predicted failure load, where the predicted load was computed by the 
United States, Canadian, and European design guidelines (Carril et aI., 1994) . 

The experimental phase of this investigation explored the bearing and tensile strength 
behavior of thin steel sheets connected by bolts. Particular emphasis was placed on 
defining the influence of hole deformation on load capacity of a connection. 

3 . vMR EXPERIMENTAL INVESTIGATION 

To evaluate the effect of hole deformation on the load capacity of bolted connections, 
experimental work was conducted to investigate further the bearing strength and 
tensile strength of bolted connections made of thin flat sheets. The test specimens 
were designed such that joint failure would occur due to bearing, fracture in the net 
section, or a combination of bearing and fracture in the net section. The specimens 
were designed for the following parameters: (1) nominal sheet thickness : 1.02 mm 
(0.04 in.), 1.78 mm (0.07 in.) and 3 .05 mm (0.12 in.); (2) ratios of dIs : 0.12, 0 .15 
and 0 .31; (3) 12.7 mm (112 in.) diameter A325T bolts; (4) bolt pattern configurations, 
as shown in Figure 1; and (5) with and without washers . All tests were single shear 
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~ectiorls and were performed using the 26.7 kN (120,000 lb.) Tinius Olsen 
."arsall Testing machine located in the Engineering Research laboratory of the 
........ ;,·v of Missouri-Rolla . 

.... 

~ r.r 
I ~ I . :-1 -1... 

.... ..., 

Figure 1. Geometry of test specimens 

1 Mechanical Properties Of Steel Sheets 

Tensile coupon tests were conducted to obtain the mechanical properties of the steel 
lheets . Table 1 shows the measured thicknesses and mechanical properties of the 
test specimens used in the investigation. The mechanical properties were determined 
by standard coupon tests following ASTM A370 procedures . 

Table 1 - Material Properties 

Thickness F, F, 
(in .) (ksi) (ksi ) 

0 .040 35 .80 55 .84 
0 .070 32.06 52.47 
0 .120 36.61 53 .0 2 

Note: F, and F, values are the average of tw o tests 
1 in. = 25 .4 mm; 1 ksi = 6.9 N/mm' 

% Elongation 

50 
50 
44 
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3.2 Preparation Of Test Assemblies' 

One hundred and two test assemblies were fabricated for this investigation. 
allowed for the testing of three identical tests of the thirty-four different 
connections. Each assembly consisted of two identical flat sheet test sD<ecimenL 
bolted together (Fig . 2). Figure 1 shows the various types of specimens tested. 

The purpose of fabricating three identical test assemblies of the thirty-four diiffp<rAnt 
bolted connections was to provide consistent results in identical bolted conn,ectioll 
tests. Initially all three identical test assemblies were tested. As the testing pro'gr ... 
proceeded, it became apparent that if the first and second tests gave conslste,l'II 
results, the third test was not providing any additional useful In formation. Thprp,fnr, •. • 
in order to provide for a more efficient testing program, if the first and second 
gave consistent results, the third test was not be conducted . Of the 102 
assemblies fabricated, it was only necessary to test seventy-five assemblies. Carrl 
et al. (1994) lists the dimensions and mechanical properties of the seventy-five 
that were conducted. 

All tests used 13.7 mm (1/2 in.) diameter A325T bolts w ith 14.29 mm (9/16 
diameter punched bolt holes. Washers were used on some of the assemblies, 
since it is more common in practice not to use washers under the head and nut of 
bolted connection, the majority of the tests did not include washers. Of the seventy­
five assemblies tested, twenty-five were tested with washers. 

-
o 

-

-- --
Figure 2 . Typical test assembly 
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4. TESTING OF CONNECTION ASSEMBLIES 

4.1 Attachment of Test Assembly to Testing Machine 

Because most of the test specimens that were used were too wide to be gripped by 
the testing machine, specially designed grip plates were connected to each end of the 
test assembly to transmit the applied loads. The specimens were connected to the 
grip plates using 12.7 mm (1/2 in.) diameter A325T bolts . 

4.2 Installation of Bolts 

Two identical test specimens, that is sheets , were bolted together to form a test 
Issembly. The bolts were snugged tight to simulate the bolt tightening procedure in 
practice. To insure the approximate same bolt t ightness between test assemblies, the 
same individual tightened the bolts for all test assemblies . 

Slippage between the two identical flat sheet test specimens was acceptable, but 
llippage between the test specimens and the grip plates was not. Therefore, the ends 
of the specimens, which were to be attached to the grip plates, were roughened using 
sandpaper. The test assembly was bolted to the grip plates using 12.7 mm (1 /2 in.) 
diameter A325T bolts with washers . These bolts were tightened to achieve a 
tightness much greater than snug, to aid in preventing slippage between the test 
specimens and the grip plates. 

4 .3 Measurement of Load and Elongation 

The elongation of the bolted connections was measured using a L VDT attached to the 
test assembly as shown in Fig. 3. A detail of the attachment is shown in Fig . 4 . The 
applied load ~nd elongation readings of the connection were recorded at one second 
intervals, using a computer data acquisition system. Typical load deflection curves 
are presented by Carril et al. (1994) . 

5. DEVELOPMENT OF DEFORMATION OR SERVICEABILITY LIMIT 

A detailed presentation of the connection test results are summarized by Carril et al. 
(1994) . The following discussion will focus on the serviceability limit state study. 

The results of the tests which failed in bearing or any combination that included 
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bearing were considered for the serviceability limit state evaluation. The results of the 
test assemblies whose failure mode included bearing are listed in Tables 2. 

The intent of this investigation was to develop an equation for the nominal bearing 
capacity. p •• of a bolted connection that would limit the amount of deformation around 
a bolt hole to an acceptable limit. For consistency with the AISC Specification (Load. 
19931. a deformation limit of 6.35 mm (0.25 in.1 was selected as an acceptable limit. 
To be consistent with existing design expressions. it was desired to have an equation 
in the form of: 

p. = cdtF. (Eq. 11 

where c = constant recognizing serviceability limit; d = nominal bolt diameter; t 

/"""---- -

--
t=:l--- t 7tw. t ' M .......... 

'---- -'..:- -

Figure 3 . Detail of LVDT attachment 
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- thickness of the thinnest connected sheet; and F. = tensile strength of connected 
pert. 

'The constant c for each test was determined using Equation 2 and is shown in Table 

(Eq .2) 

.mere P' = tested tensile load at 6.35 mm (0.25 in.) connection deformation; and n. 
- number of bolts. 

The constant c varied from 1.493 to 2.478 for the different connections as shown in 
Table 2. However, the mean, considering all the tests in Table 2, was found to be 
1.93 . Therefore, a proposed bearing strength equation that would limit the 
deformation around the bolt hole to approximately 0 .25 in. is given as follows: 

p. = 1.93dtF. (Eq. 3) 

where d, t and F. are previously defined. 

The accuracy of Eq . 3 to provide a 6 .35 mm (0.25 in .) deformation limit is indicated 
by the ratio of p' to Eq. 3 (Table 2); the rat io ranged from 0 .774 to 1.284, with a 
mean of 1.001, a standard deviation of 0 .127 and a coefficient of variation of 0 .127. 

6 . CONCLUSIONS 

Based on tests of single sheet bolted connections , a design equation for bearing and 
combinations that include bearing was developed for the serviceablilty limit state 
which was defined as 6.35 mm (0 .25 in.) of connection deformation . 
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Table 2 - Test Results for Serviceability limit State 

Assembly P' c P'/Eq. 3 

Number (kips) 

AY22-1 3 .90 2.065 1.070 

AY22-1 3 .87 2.107 1.092 

AY23-1 3 .85 2.096 1.086 

AY23-3 4.12 2.243 1.162 

BY1 3-1 4.82 2.055 1.065 

BY13-2 4.24 1.766 0 .915 

BY13-3 4 .00 1.628 0.844 

AN32-1 7.09 2.266 1.174 

AN32-2 7 .62 2.478 1.284 

AN33-1 7.29 2.330 1.207 

AN33-2 7.10 2.232 1.156 

BN33-1 12.62 2.000 1.036 

BN33-2 12.52 1.984 1.028 

ON12-2 3 .71 1.545 0 .801 

ON12-3 3.95 1.684 0 .873 

ON22-1 7.17 1.952 1.011 

ON22-2 7 .00 1.879 0 .974 

AY12-1 2.32 1.978 1.025 

AY12-2 2.17 1.807 0.937 

BY12-1 4.43 1.763 0.913 

BY12-2 4.17 1.659 0.860 

BY12-3 4.03 1.718 0 .890 

BY22-1 6.82 1.831 0 .949 

BY22-2 6.79 1.849 0 .958 

BY22-3 7.58 2.064 1.069 

BN32-1 13.74 2.196 1.138 

BN32-2 13.68 2.205 1.143 

DN32-1 13.42 2.109 1.093 

DN32-2 13.17 2.105 1.091 

EN12-1 7 .33 1.526 0 .791 

EN12-2 7 .17 1.493 0 .774 

EN22-1 12.59 1.690 0 .876 

EN22-2 12.77 1.690 0 .876 

EN32-1 23.17 1.852 0.959 

EN32-2 22.17 1.787 0 .926 

Mean 1.930 1.001 
Std . Dev . 0 .127 
COV 0 .127 

Note: 1 kip = 4 .5 kN 
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AN ATTEMPT OF CODIFICATION OF SEMIRIGIDITV FOR SEISMIC 
RESISTANT STEEL STRUCTURES 

Federico M. Mazzolani' 

Vincenzo Pilus02 

Abslracl 

In this paper, the attention is focused on the different behaviour of full-strength and 
partial strength connections from the seismic point of view. Wilh reference to the mosl 
common types of connections, by considering the experimental data collected in the techni­
cal literature, the relation between the flexural strength and the ductility of partial strength 
beam-ta-column joints is analysed. Successively, the main parameters governing the in­
fklence of beam-ta-column joints on the seismic behaviour of steel frames are brielly sum­
marized. 

Finally, taking into account the above state-of-art, an attempt of codification for seismic 
design purposes is made. 

1. INTRODUCTION 

The recent earthquake of Northridge (California, January 17, 1994) has seriously com­
promiSed, at least in U.S.A, the image of steel structures as the solution to seismic design 
problems. In fact, immediately after the earthquake it was reported that no significant da-

~ 
to steel buildings was occurred, but few weeks later alarming news began to be 

ished regarding significant dama es of steel members. Nowadays, it has been repor· 
(Bertero et aI., 1994) that these ~amages have concerned the fracture of column base 

plates leading to the failure of the anchor bolts, the overall buckling of lateral bracing 
members leading to the local buckling and in some cases to the fracture of their ends and, 
last but not least, the failure of welded beam-to-column connections of special moment 
resisting frames. This last is undoubtely the most important type of failure occurred in steel 
llructures during the Northridge earthquake. The investigations conceminll the causes of 
this type of damage have given rise to a wide discussion within the scientific international 
community. On one hand, it can be assumed that poor workmanship Is solely to blame 
1Ild, therefore, it is necessary to tighten the site supervision and to improve the welding 
details and procedures; on the other hand, damage causes can be attributed to defective 
design guidance leading to a rotation ductility supply lower than the earthquake imposed 
demand. Even if we can content ourselves by considering the fact that there have been no 
cases of collapse of steel structures, this latter point of view seems nowadays the most 
supported (Elnashal, 1994). 

By means of a review of the experimental tests carried out in USA and Japan, it has 
been evidenced (Bertero et aI., 1994) that the types of failure occurring in welded beam-to­
COlumn connections during the Northridge earthquake have been already observed in ex­
periments conducted in the laboratory. 1n addition, the numerical analysis of the seismic 
response of a Six-storey steel framed building damaged during Northridge earthquake has 
pointed out that there were several ground motions, recorded during the earthquake, able 
to significantly lead the structure into the inelastic range. In many cases, the flastic rotation 
demand at the beam ends exceeded 0.02 rad, therefore, on the base 0 the available 
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Fig. 1 - Typical structural scheme used by Fig.2 - TypIcal beam-ta-column joint for 
Califomia designers rnomen1-resisling frames in USA 

experimental data (Tsai and Popov, 1988 - Engelhardt and Husain, 1992, 1993), it is dear 
that the cracking occurring in Ihe connections cannot be considered unusual. 

In the experimental tests carried out in USA, a plastic rotation supply equal 10 0.02 rad 
has been used as a benchmark 10 judge lhe seismic performance of beam-ta-cOlumn con­
nections, because it was believed 10 be sufficient 10 wilhstand severe earthquakes (Tsai 
and Popov, 1988). As this limit value can be exceeded, it is clear that lhe attention should 
be focused on the design value 01 the q-factor which could be reduced in order to limit 
plastic rolation demands occurring during severe earthquakes or, as an alternative, on lhe 
Improvement of lhe seismic performances of dissipative zones. 

The following question can be raised: . Can the results of the american "on field" expe­
rience be applied to european practice?-. 

II has to be considered thai the sleel grade, lhe chemical composition and the mechani­
cal characteristics of the sleel can be different. Also the welding technique can be different. 
In addition, different strength requirements leads to different plastic rotation demands. 

Regarding the strength requirements, it has to be remembered that the american code 
UBC91 (Uniform Building Code, 1991) provides for special moment resisting frames a re­
duction lactor R .. equal to 12 which is equivalent to a value of the european q-factor equal 
to B. On the contrary, Eurocode B (Commission of the European Communities, 1993) provi­
des a q-factor value equal to 6 and the japanese code (AIJ, 1990) a structural coefficient 
D. equal to 0.25 which corresponds to q = 4. Therefore, the strength requirement given in 
the american code is the least restrictive. 

In addition, in the structural scheme used by Califomia designers (Fig. 1 ) the moment 
resisting frames do not involve all the bays (Bertero et al. 1994), thus reducing the number 
of dissipative zones and attracting more Inertial forces. 

Last but not least, it has to be considered that the beam-to-column connection detail 
used In USA for moment resisting frames does not correspond to the european practice 
(Fig.2). 

The recent "on field" experience due to the Northridge earthquake has to be capitalized 
by the international scientific community, but local conditions and design practice have to 
be accounted for. Taking Into account the above considerations and the available experi­
mental data concerning !he inelastic behaviour of beam-ta-cotumn connections, an attempt 
of codification of semi rigidity is herein presented on the basis of previous studies carried 
out by the Authors' research group. 

2. THE CODfFIED SEMIRIGIDITY CONCEPT IN EUROPEAN CODES 

Beam-ta-column joints have a fundamelltal importance In case of seismic resistant steel 
frames, because dissipative zones have to be located at the beam ends, so that their 
rotational ductility supply is strictly related to the detailing of connections. 

In Eurocode 3 (Commission of the European Communities, 1990) particular attention 
has been paid to the joint classification, in which two main parameters are involved: the 
flexural strength and the rotational stiffness. On the basis of these parameters and exdu­
ding the case of nominally pinned connections, which do not correspond to the case of 
moment resisting frames, lour fundamental cases can be recognized: a) full strength-rigid 
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joints; b) full strength-semirigid joints; c) partial strength-rigid joints and d} partial strength­
semirigid joints. 

From the seismic point of view, such a distinction is partlcula~y Important, because the 
seismic behaviour of moment resisting frames is considerably affected both by the strength 
and by the stiffness of the beam-te>-coIumn joints. Notwithstanding, the term semirigId fra­
me is often undifferently used both for frames with full strength-semirigid joints (case b) 
and for frames with partial strength joints (cases c and d) . On the contrary, the term ri!lid 
frame Is often adopted to denote frames with full strength-rigid joints, but the distinctJon 
between cases a and c should be made. 

It is evident that the case of full strength-rigid joints (case a) represents the reference 
case, i.e. the case in which the beam-to-column joints exhibit the ideal behaviour, so that 
they do not represent a frame imperfection (Cosenza et aI., t987). 

In particular, from the point of view of the location of the dissipative zones, completely 
different behaviours are developed in case of full strength joints and in case of partial 
strength joints. In fact, three different types of behavIour can be recognized depending on 
the ultimate moment of the Joint (Mu•J) and on the plastic moment of lhe connected beam 
(A/pII). 

In the case of full strength joints (Muj > MpII), a possible plastic hinge will develop at 
the beam end, while the joint remains in elastic range. Plastic rotations involve only the 
beam end. 

In the case of partial strength joints (Muj < Mpb) the dissipative zone is located within 
the joinl, while the beam remains in elastic range. In this case the joint has to be able to 
experience large plastic rotations. 

Finally, in the intermediate case (MuJ - Mpb), representing a transition condition. the 
yielding occurs both in the joint elements and at the end of the beam. 

In addition, Eurocode 3 gives in its Annex J (CENlTC2501SC3-PT9, 1994) simplified 
rules for evaluating both the rotational stiffness and the flexural resistance of the most 
common types of beam-tC>-column joints, providing the operative tool to apply the semirigi­
dIIy concept. Therefore, for static design, modem oodes such as Eurocode 3, have already 
opened the door to the use of semirigid frames, either with full strength or partial strength 
joints, provided that all code requirements are met. This new development has not yet 
been considered by seismic code drafting committees. 

In the european seismic oodes (ECCS, 1988 - Eurooode 8, 1993), It is requested that 
Ioints in dissipative zones have to possess sufficient overstrength to allow for yielding of 
i1e ends of connected members. It is deemed that the above aesign condition IS satislied 
In case of welded connections with full penetration welds. On the contrary, in case of fillet 
~ connections and In case of bolted connections the design resistance of the joint has 
to be at least 1.20 times the plastic resistance of the connected member. This means that 
lie use of ful~strength joints IS suggested and dissipative zones have to be located at the 
member end rather than in the connections. 

The use of partial strength connections, i.e. the contribution of the connections in dissi­
paling the earthquake input energy, is not forbidden. Notw,thstanding, it is strongly limited 
because, in such a case. the experimental control of the effectiveness of such connections 
In (jssipating energy is requested. 

Conceming the above overstrength level (1 .20) which is aimed at assuring the location 
01 the dissipative zones at the beam ends, it is important to underline, since now, that the 
Ibove level should be properly related to the width-to-thickness (bit) ratios of the beam 
1IICIion. In fact, the maximum flexural strength, that the beams are able to withstand is 
developed at the occurrence of local buckling. 

In both cases, either of full-strength or of partial-strength semirigid frames, codified rules 
lot evaluating the behaviour factor to be used In design are not stili available. 

3. REVIEW OF THE EXPERIMENTAL DATA ON BEAM-TO-COLUMN JOINTS 

Despite numerous experimental tests dealing with the cyclic behaviour of beam-te>-co­
-.mn joints have been carried out allover the wond, simplified rules for estimating the 
IIlIaIionaI ductility of beam-te>-coIumn joints are not at all oodified. This is probably due to 
lie great number of joint typologies to be tested and to the fact that even a small modifica­
Ian 01 a structural detail can lead to a significant variation of the joint behaviour under both 
IIIOnOtonic and cyclic loading conditions. . 

WIth reference to fully welded connections, it has been evidenced that the use of web 
copes at the beam end can reduce the ductility of the connections. Web copes are usually 
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Fig.3 - Detailing of fully welded connections 

localed at the beam end in order to avoid the interseclion of the fillet welding line of the 
beam web and the back running line of the beam flange. Recently, the influence of the 
web copes on the cyclic behaviour of welded connections has been experimentally Investi­
gated (Matsui and Sakal, 1992). Two groups of three specimens have been tesled. A 
group was detailed wilh web copes and the second one without web copes. Each group 
was composed by a specimen designed to develop plaslicity In the panel zone, a SpeCI­
men able to develop Ihe plastic hinge at the beam end and a specimen involving the 
plastic engage both of the panel zone in shear and of the beam end in bending. In case of 
specimens without web copes, a part of the web at the beam end was cut as a groove and 
butt welded to the column flange (Fig.3). The experimenlal teslS (Matsui and Sakal, 1992) 
have pointed out that the use of web copes leads to the cracking of the welding portion of 
the beam flange and finally to the fracture of the beam flange at the heal affected zone. 
The specimens without web copes exhibited a significant improvement both of ductility and 
energy dissipation capacity. Only Ihe specimens whose p1aslic zone was located in the 
panel zone in shear were praclically unsensitive to the presence of the web copes or not, 
developing a plastic rotation supply of about 0.06 rad. In the other cases, Ihe plastic rola­
lion supply was about 0.035 rad in specimens with web copes and about 0.055 rad in 
specimens without web copes. 

The importance of the detailing was already evidenced during the experimental prO!Jram 
developed some years ago within tihe activities of the technical committee TC13 . Selsmic 
Design- of ECCS (Ballio et aI., 1987). The experimental program was devoted 10 tihe 
analysis of the cyclic behaviour of the most common conneclion typo1ogies designed in 
order to develop the full plastic resistance of the beam: connections with double web an­
gles bolted to the beam web and to the column flange and with splices welded to tihe 
column and bolted to the beam flange, top and seat angle with double web angle connec­
tions, extended end plate connections and, finally, fully welded connections. From the ex­
perimental evidence, some general considerations were drawn about the use of additional 
stiffeners In the main connection types: 
- If stiffeners are added to the parts of the connection which are the most responsible of its 
flexibility, the amount of energy absorption is decreased but the load carrying capacity Is 
Increased; 
- If the added elements do not substantially modify the evolution of the deformation mecha­
nism but, on the contrary, Increase the local strength of the connection components (as for 
example an Increase of thickness), then there will be an Increase of energy absorption and 
strength, provided that the original type of collapse is ductile. 
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The plastic rotation supply ranged from 0.03 to 0.07 rad. In addition, by consideMng the 
_urad yield strength of the material, it has been evidenced that welded connections 
provided the greatest energy dissipation capacity (Mazzolanl and Piluso, (995) . 

As the experimental results have evidenced that a very satisfactory ductility and energy 
flssipation capacity is obtained through the plastic hinge formation In the beam, some 
_ rchers have proposed to reduce the beam flan!;)e width near the beam-to-column 
comections in order to force the formation of the plastiC hinge at the beam rather than in 
118 connection and/or in the panel zone. An expenmental program including also this type 
at beam-to-column connection detail has been recently developed (Banio and Chen, 
1893a, 1993b). 

The complete experimental program has been devoted both to bare steel joints and to 
composite joints with and without slab (Schleich and Pepin, (992). In particular, with refe­
I'IIlCe to the case of bare steel joints, the cyclic behaviour of bolted web-welded flange 
comections, end-plate connections and fully welded connections has been Investigated. In 
Iddltion, both exteMor and Interior Joints have been tested. All the specimens have develo­
ped a flexural resistance greater than the plastic moment of the beam. The plastiC rotation 
lUppiy ranged from 0.04 rad to 0.10 rad. In addition, the experimental results have confir­
med that, in fully welded connections, the reduction of the beam flange causes a linle loss 
at strength, but assures the formation of the plastic hinge in the beam leading to a very 
llIctile behaviour. 

The cyclic behaviour of partial strength connections has been experimentally investiga­
ted at the University of Trento (Bemuzzl et aI., 1992 - Bernuzzi, (992) . The attention has 
been focused on the connection only. In fact, the specimen consists of a long beam stub 
allached through the connection to be tested to a rigid counterbeam, so that the testing 
conditions are able to represent the case of beam-to-column Joints with negligible panel 
zone deformabUity. The test results show that this type of connections can provide a sati­
sfactory ductility, but a significant reduction of the energy dissipation capacity is exhibited 
In comparison with the fuf! strength rigid welded joint results, as it has been evidenced In 
(Mazzolani and Piluso, (995) by means of a comparison, in nondimensional form, between 
these experimental tests and the ones of full strength connections (Ballio et aI., (987). 

Even if monotonic tests do not provide any information about the stiffness and strength 
degradation which can occurr under repeated plastic excursions, such as the ones develo­
ped during destructive earthquakes, they are able to give a first look insight into the ductili­
ty supply of beam-to-column joints. This is particularly Interesting, because a significant 
number of experimental tests IS collected in data banks, such as the SERICON data bank 
(Weinand, (992) and the SCDB data bank (Kishi and Chen, (986). With reference to the 
data collected in these data banks and to the tests performed by Aggarwal (1994), Zoete­
meijer and Kolstein (1975), Zoetemeijer and Munter (1983), Simek and Wald (1991), Figs. 
4, 5 and 6 show a comparison between the experimental data and the following formula, 
proposed by Bjorhovde et al. (1990), relating the ductility supply to the joint flexural resi­
stance: 

5.4 - 3 iii 
~lIj = 2 

(1 ) 

where m is the nondimensional ultimate moment of the joint and q;1f Is the nondimensional 
ultimate rotation computed as the ratio between the joint ultimate rotation and the conven-
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tional elastic rotation given by 5 Mpb db 1 E I .. 
being db and Ib the beam depth and the beam 
moment of Inertia respectively. 

This relation should be applied for partial 
slrenglh Joints, because in case of full 
strength Joints the beam rolation capacity 
should be considered. 

Fig.4 refers to welded connections without 
continuity plates, while Fig.5 and Fig.S refer to 

\---j-=--==~,....,,=rl el<tended end plate connections. In particular, 
!----!-L--l----===~==~ in Fig.S only the joints corresponding to speci-

'. • -' mens satisfying the member hierarchy crite­
'1'\0) rion, requested by Eurocode 8 (1993) and 

. " ECCS Recommendations (1988), are conside-
F,g.6 - Flexural slrength versus du,cllhty: red. These figures, evidence that relation (I) 
extended end plate connect,ons .sa!,sfying can be interpreted, with larQll approximation, 
the strong column-weak beam cntenon as a lower bound of the ductility supply, provi-

ded that the connected members satisfy the 
hierarchy criterion required for seismic design, excluding weak-columns. In addition, the 
great scatter of the available data points out the need 01 further experimental tests, at the 
light of new interpretation rules which have to define the basic parameters to be recorded. 
The existing gap is also testified by the fact that Annex J of Eurocode 3 (CENfTC2501SC3-
PT9, 1994) does not provide any rule regarding the ductility supply. It is only stated that if 
the flexural strength of the joint is at least 1.20 times the one of the connected member, 
the control of the Joint rotation capacity is not requested. 

4_ SEISMIC RESPONSE OF SEMIRIGID FRAMES 

Despite numerous experimental tests on the behaviour of beam-to-cOlumn connections 
under monotonic and cyclic loads have been carried out by many researchers, the seismic 
behaviour of semirigid frames has not been exhaustively Investigated. 

For these reasons, aiming at a clarification 01 all parameters affecting the seismic inela­
stic behaviour of fulVpartial strength semirigid frames, a simplified model has been Introdu­
ced (Faella et aI., 1994a, 1994b) with reference both to full strength-semiri!jid connections 

Jo( and to partial strength-semirigid connections. 
,. This approach presents also the advantage 
M,.n ~~ to allow the use of the great amount of stu-
.4. I dies concemlng the seismic response of the 

1111 1111 SDOF systems and, therefore, Includes also 

r 
the effects of the random variability of the 

Ie ground motion. 
The analysed model represents a subas-

~ IGI2 semblages which has been el<tracted from an 
actual frame by assuming that beams are 

1111 1111 subjected to double curvature bending with 

rKo.I. 

-- -... --
I L I L I U1 U1 

Fig. 7 - The simplified model 

zero moment in the midspan section and by 
considering each beam as contemporary be­
longing to two storeys, so that their mechani­
cal properties have been halved. It is belie­
ved that this model is representative of fra­
mes failing in global mode. The flexural stiff­

ness of the columns of the original frame, from which the substructure has been derived, is 
equal to Elc/IT, the flexural stiffness of the beams Is equal to EloiL The moment versus 
rotation curve of the joint is modelled with a bilinear relation which Is completely defined by 
means of only two parameters: the elastic rotational stiffness K., and the ultimate moment 
M.Jj. It is evident that, with reference to the elastic range, the comparison between the 
semirigid substructure and the rigid one Is governed by the following nondimensional para­
meters: 

and: 

~=EI.IL 
EI, I h 

(2) 
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(3) 

the beam-to-column stiffness ratio and 1? the nondimensional rotational stillness of 

addition, with reference to the inefastic behaviour, the nondimens/onal ultimate flexu­
resistance of the joint: 

_ M'I 
m : M". (4) 

~ .. ~!les the dlstinc1lon between the two fundamental cases: the full strength connections 
> 1 and the partial strength connections for m < 1. 

By means of this model, closed form relations representing the connection Influence of 
.. elastic and inelastic behaviour of steel frames have been derived. In particular, In 
C'eeIIa et aI., 1994a) the connection Influence of the period of vibration, on the frame 
~vity to second order ellects and on the ductility of frames either with full strength or 
~ strength comections has been pointed out. In (Faella et aI., 1994b) the parameters 
lllecting the seismic response of the model have been undertined. The ideal case of mo­
dII with full strength rigid joints, where the connection does not represent a frame imper-
1Idion, has been used as reference case. It has been r~nlZed that the ratio between 
.. q-factor of the model with full strength semirigid joints ~ and the one of the referen­
ce case q!s, can be expressed as a function of four parameters: 

!If!!.. (5) 
t/!" :f(j( .~ .y_. R) 

being y_ the frame sensitivity to second order effects computed for the model with rigid 
joints (equal to the inverse of the critical elastic multiplier of the vertical loads) and R the 
beam rotation capacity. 

In case of partial strength connections, a significant Increase of the number of parame­
lets involved In the seismic behaviour of lhe model arises. In fact, the nondimensional 
value of the q-factor, i.e. the ratio between the q-factor of the model with partial strength 
semirigid joints q{Si and the one of the reference case, Is affected by six parameters 
(Faella et aI ., 1994b): 

t/{SJ _ I' - r - V.I· r- - (K,.,.y_.R.nI. Ub) 
(6) 

being Udb the beam span-to-depth ratio. 
In particular, this Simplified model has evidenced that the ratio between the beam plastic 

rotation capacity and the joint rotational ductility supply Is of paramount importance for 
evaluating the possibility \0 use partial strength joints in seismiC resistant structures. As an 
example, with reference to extended end plate connections, Fig.S represents the case 
R : 4, y_:O.025 and Udb: 15. It can be recognized a theoretical discontinuity correspon­

tt I' )I II .-
NOSOlME."lSIONAL COSl\'£cnON S'TIFFNESS 

Fig.B - Seismic response of the model: example 

" 

ding to the passage from partial 
strength to full strenQth connections. 
The location of thiS discontinuity 
mainly depends on the connection ty­
poiogy. The magnitude of the discon­
tinuity depends on the ratio between 
the beam rotation capacity, governing 
the ductility of the model with fun 
strength JOints, and the Joint rotation 
capacity, whose lower bound is given 
by e,quatlon (1), govemlng the model 
ductility in case of partial strength 
Joints. 

The reliability of the model for pre­
dicting the influence of beam-to-co­
lumn Joints on the seismic behaviour 
of actual frames has been demon­
strated elsewhere (Mazzolani and Pi-
luso, 1994). 
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5. ATTEMPT OF CODIACATION 

On lhe basis of Ihe exisling background, whose main points have been briefly summari· 
zed in the previous sections, it is the Authors' Opinion that the door can be opened to 
semirigid frames also for seismic design purposes, provided that disslpalive zones are 
located at the beam ends. The use of partial strength conneclions, i.e. the participation of 
the connection In dissipating the earthquake Input energy, should be avoided unless the 
capacity of the connection to dissipate the energy imposed by the desi9n earthquake is 
demonstrated by means of experimental tests. ThiS recommendation, which is already gi­
ven in Eurocode B, can be justified a posteriori by the great scatter of the available experi­
mental data on the ductility supply of partial strength connections as testified In Section 3. 
However, In case of partial strength connections, lhe yielding should be forced to develop 
in steel elements which compose the connection, such as angles and plates. On the con­
trary, the elements providing the fastening action, such as bolls and welds, should be 
dimensioned to remain In elastic range (Astaneh and Nader, 1992b). 

The following proposals for recommendations are aimed al the design of full strength 
semirigid connections. 

First of all, it has been already said that the required tevet of overstrength, which the 
connections have 10 be able to develop in order to assure the plastic hinge formation at the 
beam ends, has to be related to the W1dth-to-thickness ratios of the beam section. 

As it has been pointed out In a previous paper (Mazzolani and Piluso, 1992), the maxi­
mum flexural resistance that the beams are able to develop Is given by: 

M ... = • Mph (7) 

where the overstrength coefficient 5 (5 ~ 1 for first and second class sections) represents 
the ratio between the stress leading to local buckling and the yield stress. The coefficient 5 
can be computed by means of the following relation: 

• = t ~ !!. (B) 

0.695 + 1.633 1./ + 0.0621.! - 0.602 ~ I , 
L' 

where: 

" = ..!!.L ..rt; ).. = .l!!!. --Ii: (9) 
2'1 2 rw 1 

are the slenderness parameters of the flange and of the web respectively (being bt the 
flange width, d ... the web depth, 1/ and I ... the flange thickness and the web thickness 
respectively). In addition, L" Is the distance between the point of zero moment and the 
plastic hinge (approximatefy L" - U 2, being L Ihe beam span). 

The above relation evidences that if the width-ta-thickness ratios are strongly limited, the 
local buckling Is practically prevented, so that 5 = ""(1' In this case the value of 1.20 com­
monlv used as overstrength factor for designing beam-ta-column connections could not be 
suffiCient to allow the development of the whole beam rotation capacity, due to the prema­
ture collapse of the connection. 

It is also evident that the obtained overstrength level should be furtheriy amplified to 
account for random material variability. 

The above provision to use the parameter 5 (Eq.B) as overstrength factor instead of a 
given number (such as 1.20) should assure the compfete development of the beam plastic 
rotation capaCity, so that the controi of the connection ductility is not requested. 

Further proVisions should account for the Influence of the beam-ta-column connection 
deformability on the period of vibration, the frame sensitivity to second order effects and 
the frame ductility supply. All these effects can be taken into account by properly reducing 
the design value of the q-factor (Mazzolani and Piluso, 1995). 

Always with reference to full strength connections, the analysis of equation (5), repre­
senting the reduction coefficient T] of the q-factor to account for the influence of the beam­
ta-ooiumn connection deformability, allows to recognize that the most significant variations 
of T] = q{s,; q!s, are obtained by varying the beam-ta-column flexural stiffness ratio ~. This 
is evidenced in Figs. 9, 10 and 11 , where the Influence of ~, Rand r- Is anaiysed, respectl­
vely. 

Taking Into account that ~ = 0.5 provides a lower bound of the above reduction coeffl­
cient and that, at the same time, this value of ~ Is more close to the practicai situat ions, the 
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. tcbving formula for evaluating the reduction coefficient T\ of the q-factor as a function of K 
a.n be suggested: 

(10) 

The above proposal accounts also for the fact that K ; 25 Is the limit value commonly 
used (Eurocode 3, 1990) to define conditions for which the Influence of the beam-te-co­
lumn joint behaviour Is negligible and, therefore, the structure is considered as a rigid 
flame. 

The comparison between the above relation and the one suggested by other Authors 
(Astaneh and Nader, 1992B, 1992b) is given In Flg.12. It ean be noted that the Astaneh­
Nader's proposal practically is limited to a very small range K < 5 for the connection still­
ness. On the contrary, the phlsleal meaning, also supported by an extended numerical 
lIl8Iysls on the assumed model, Is In favour of a contin'Lous coverage of the semirigid 
range with a progressive reduction of the q-factor as far as K decreases. 

6. REFERENCES 

AX AgQllrw.t: .Behaviour 01 Flexible End Plate BearTrt~umn Joints-, Journal 01 Constructio­
nal Steet Research, VoI.16, pp.III -I 34, 1990. 

NJ: .Standard tor Umi1 State Design of Steel Structures- (Dreft), ArchHectural InstHuta of Japan, 
1990 (English version, October 1992). . 

A. AMlJMh, N. N_r. .Shaking Table Tests 01 Steet SemI-Rigid Fremes and Seismic Design 
Procedures-, 111 COST Cl Worl<shop, Strasbourg, October, 1992. 



422 F. M. Mazzolani and V . Piluso 

A. Astlneh. N. NIIdM: -Proposed Code proviSion for Sesimic Design of Steel Semirigid Frames-. 
Submrtled to AISC Engineering Journal for review and publication. 1992. 

G. Ballio. L. CII/ado. A 0. Ihrtlno. C. Faella. F. II. Ihzzot.nI: -Cyclic Behaviour of Steel Beam­
t<HXllumn Jotnts' Experimental Research-. Costruzionl Metalliche. n.2. 1987 

G. Ballio. Y. Chen: -An Experimental Research on Beam to Column Joints: Exterior Connections- . 
XIV Congresso C.T .A.. Vlareggio. 24-27 Ottobre 1993. 

G. Ballio. Y. Chen: -An Expenmental Research on Beam to Column Joints: Interior Connections-, 
XIV Congresso C.T.A .. Viareggio, 24-27 Ottobre 1993. 

C. &lmuzz/. R. b ndonlnl. P. bnon: -Sem~Rigid Steel Connections under Cyclic Loads- . Pro­
ceedings of the 1 st World Conference on Constructional Steel Design. Acapulco. Mexico. 6-9 
December, 1992. 

C. &lrnuzzl: -Cyclic Response of Semi-Rigid Steel Joints-. Proceedings of the 1st COST C1 Wor­
kshop. pp.I94-209. Strasbourg. 28-30 October 1992. 

V. V. &lrtero. J.C. AndMson. H. Krawlnkiflr: -Performance of Steel Building Structures during the 
Northridge Earthquake- . Earthquake Engineering Research Center, Report No. UCBlEERC-
94109. University of calWomia. Berkeley. 1994. 

R. BjorhovcJe, J. BrozzeNi. A. Colson: -ClassWication System for Beam-to-Column Connections- , 
Journal of Structural Engineering. ASCE, VoI.116. N." , November, 1990. 

CENfTC25(}ISC3-PT9: -Eurocode 3, Part 1: Joints in Building Frames (Annex J)-. 3rd Draft, 
CENfTC2501SC3 meeting, Dublin. September 1993. 

Commission of Ihe European Communltifls: - Eurocode 8: Structures in Seismic Regions- . Draft 
of October 1993 

Commission of lhe Euro"..n Communities : -Eurocode 3: DesiQn of Steet Structures- , 1990 
E. Cosenz.a. A. 0. Luee. C. Faella. F.II. IIazzolsnl: -1""",rfectlOns SensHivHy of Industrial Steel 

Frames- , In -Steel Frames Advances-. edHed by A. Narayanan. Elsevier Applied Science Publi­
shers. 1987 

ECCS-CECII-EKS: -European Recommendation for Steel Structures in Seismic Zones, Technical 
Working Group 1.3 (now TCI3): Seismic Design-, N.54, 1988. 

A. Elnashel: -Comments on the Perfoonance of Steel Structures In the Northridge (Southem Cali­
fOrnia) Eanhquake of January 1994-. New Steel Construction, VoI.2. n.5. October 1994. 

II.D. Engelhardt. A.S. Husain: -Cyclic Tests on Large Scale Steel Moment Connections-. Tenth 
World Conference on Earthquake Engineering, Madrid, Balkema Rotterdam. pp. 2885-2890, 
1992. 

11.0 . Enge/hardl. A.S. Husa in: -Cyclic-Loading Performance 01 Welded Flange-Bolted Web Con­
nectlons- . Journal of Structural I:ngineering, ASCE, VoI.119, pp.3537-3550, No.12, December 
1993. 

C. Faella, V. Pi/usa. G. R/zzlI no: -Connection Influence on the Elastic and Inelastic Behaviour of 
Steel Frames- , International WorI<.shop and Seminar on Behaviour of Steel Structures in Seismic 
Areas. STESSA 94. Timlsoara, Romania , 26 June-l July, 1994. 

C. Feelle. V. Pi/uso. G. Rlzzano: -Connection Influence on the Seismic Behaviour of Steet Fra­
meso. International Workshop and Seminar on Behaviour of Steel Structures in Seismic Areas, 
STESSA 94, nmisoara, Romania. 26 June-l July, 1994. 

N. Kishi. W.F. Chen: -Data Base for Beam-to-Column Connections-. I and II, Purous University, 
West Lafayette. Indiana. 1986. 

C. IIalsul. J. Selcal: -ENed of Collapse Modes on Ductility of Steel Frames-, Tenth World Confe­
rence on Earthquake Engineering, Madrid, 1992. 

F.M. Mazzolanl. V. Pi/uso: -Evaluation of the Rotation Gapacity of Steel Beams and Beam-Co­
tumns- , 1st COST Cl Workshop. Strasbourg. 28-30 October, 1992. 

F.M. Mazzolanl. V. Piluso: -Prediction of the Seismic Behaviour of Semirigid Steel Frames-. Se­
oond COST Cl Workshop. Prague, 26-28 October. 1994. 

F.M. Mazzolanl. V_ PI/uso: -Theory and Design of Seismic Resistant Steel Frames-. FN & Spon an 
Imprint of Chapman & Hall. 1995. 

J.B. Schleich. R. Pepin: -Seismic Resistance of ComposHe Structures-, Commission of the Euro­
pean Communities, Report EUR 14428 EN, 1992. 

I. Simek. F. Weld: -Test Results of End Plate Beam-to-Column Connections-, CTU, G-1121 Repon, 
Prague. 1991 . 

K. Tsal. E.P. Popov: -Steel Beam-Column Joints in Seismic Moment ReSisting Frames- . Report N. 
UCBlEERC-88i19. Earthquake Engineering Research Center, UniversHy of califomia. Berkeley, 
November. 1988. 

UBC: -UnWorm BuIlding Code-, 1991 EdHion. International Conference of Building Officials, WhHUer. 
CA. 1991. 

K. Weinand: ·SERfCON: clatabenk on joints in buiiding frames- . 1st COST Cl Workshop. Stra­
sbourg, October 28-30, 1992. 

P. ZoelemelJer. M.H. Kol. le/n: -Boned Beam-Column Connections wHh Short End Plate-, Repon 
6-75-20 KV-4, University of Technololly, Delft. 1975. 

P. Zoeleme/jer. H. MunIer: -Eldendea End Plate wHh Disappointing Rotation Gapacfly: Test Re­
suhs and AnaIySls- . Repon 6-75-20 KV-4, Universrty of Technology, Delft, 1983. 



ADVANCES IN CONNECTION DESIGN IN THE UNITED STATES 

Charles J . Carter' 

Abstract 

paper provides an overview of notable recent advancements in connection design 
in the United States. Topics to be addressed are: partially restrained (PRl 
connections, steel connections in high· seismic regions, blind bohing for tubular 

-""'''' electronic data transfer, and tee shear connections. As noted herein, many 
topics are addressed in greater detail by other authors at this same conference. 

1. PARTIALLY RESTRAINED (PRl MOMENT CONNECTIONS 

common approach to connection analysis and design in the United States has been 
idealize the moment·rotation characteristics of connections as either simple or fixed . 
double·angle simple·shear connection, for example, would be assumed to 

the simple-beam rotation while transferring shear, but no moment. A 
moment connection would be assumed to fix the end of the beam, 

"'IsfElffil1Q shear and moment. while allowing no relative rotation of the beam end with 
~pect to its support. 

assumption that a connection was either simple or fixed, as well as the construction 
01 connections to approximate that assumption, were both necessary for two main 
...sons. First, the tasks of analysis and design were greatly simplified and could be 
ICCOmplished with the tools available to the designer of yesterday: pencil, paper. and 
IIide rule . Second, the actual non·linear moment·rotation behavior of the connection fell 
outside the assumptions of the elastic allowable stress design approach. 

Current technology, however. allows innovative engineers to shed these limitations. 
Pencil , paper. and slide rule have given way to sophisticated computer·based second· 
order elastic analysis techniques wherein connections can be modeled as non·linear 
rotational springs. Furthermore. the advent of LRFD allows the designer to consider the 
actual behavior of the structure under ultimate loading to ensure its strength and stability. 

'Senior Staff Engineer, American Institute of Steel Construction, One East Wacker 
Drive, Suite 3100, Chicago, IL 60601-2001 . USA 
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One approach is to model today's standard simple shear connections as PR moment 
connections to quantify and utilize their inherent rotational stiffness. Swenson (1992) 
advocates the design of low-rise frames using bolted double-angle connections as the 
gravity and lateral system for the building, thereby eliminating the need for bracing or 
what would be considered today as a standard moment connection, i.e., nange welds, 
flange plates, etc. This system substantially reduced cost by eliminating field 
welding/inspection and column-web stiffeners while reducing foundation costs, simplifying 
beam-to-column connections, and reducing frame erection time. It is also noted that 
consideration of PR-connection behavior in the retrofit of existing structures often 
eliminates the need for additional bracing or other intrusive strengthening. 

The greatest advantage of PR connections, however, is in the potential to develop new 
connections which need not approximate the behavior of either simple or fixed ends. One 
such innovation is the semi-rigid composite connection (SRCC). Leon (1993) documents 
the development of this PR moment connection, which combines a typical web connection 
with a bottom flange angle and rebar in the slab above (Figure I). Since the cost to add 
the bottom angle is minimal and some rebar may be used in the slab anyway for crack 
control, this detail provides a very economical connection to carry both gravity and lateral 
load. Papers on this same subject will be presented at this conference by Leon, as well 
as Easterling and Rex. 

2. STEEL CONNECTIONS IN HIGH-SEISMIC REGtONS 

Traditional seismic design practice has utilized the prescriptive moment connection detail 
(illustrated in Figure 2) as the preferred connection for special moment frames in seismic 
regions. Given the perception that this connection offered both superior pertormance and 
economy, it is not surprising that it was used nearly exclusively in seismic steel 
construction. However, unexpected structural damage to more than 100 buildings in the 
Northridge earthquake demonstrated the susceptibility of the standard detail when large 
inelastic rotations are required. 

An emergency research project at the University of Texas-Austin confirmed some of the 
damage pattems and resulted in preliminary guidelines in the interim period until further 
research results are available. This information is available in AISC (I994b) and is the 
subject of the paper to be presented by Engelhardt, et ai, at this conference. 

Other research efforts have also been launched to determine long term solutions, such 
as bolted extended end-plate moment connections and PR framing. Additionally, an 
innovative energy dissipating connection called the slotted bolted connection (SSC) is 
now being tested (Popov, et ai, 1994). 

Illustrated in Figure 3, the SSC utilizes slots in the main connection plate (parallel to the 
line of loading), which is sandwiched between the brass shims and outer steel plates 
which have standard holes. When the tensile or compressive force applied to the 
connection exceeds the frictional resistance, the main plate slips relative to the brass 
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Figure 1. Typical semi-rigid composite connection 
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Figure 2. Prescriptive seismic connection for special moment frame 
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shims and outer steel plates, thereby·dissipating energy. This process is repeated w~h 
slip In the opposite direction upon reversal of the direction of force application. 

The resulting approximately rectangular hysteresis loops in Figure 4 demonstrate an 
elastic-perfectly-plastic behavior with consistently repeatable energy dissipallon. 
Calculations based upon test results showed that nearly 75 percent of the input energy 
is dissipated. 

3. BLIND BOLTING FOR TUBULAR MEMBERS 

While tubular members are less commonly used in the United States than in other 
countries, their use is increasing. Traditionally, connections to tubular members have 
been welded since bolting was possible only near the tube end due to inside 
inaccessibility. However, a product called the ' twist-off blind bolt' or TBB (Figure 5) has 
been developed by Huck International , a fastener manufacturer in Irvine, CA. Initially, this 
product was devised to meet a need in the Japanese market. 

Manufactured with no apparent head, a head is formed on the far (inaccessible) side of 
the grip in the initial phase of installation. Subsequently, the installation progresses 
through snug-tight and is fully tensioned when installation is complete. This fastener 
provides the strength equivalent of an ASTM A325 high-strength bolt. Refer to Sadri 
(1994) . 

4, ELECTRONIC DATA TRANSFER 

There is a great variety of software available to automate the analysis, design, and 
fabrication of steel structures. The exlent of coverage of anyone program, however, is 
usually quite limited. Thus, in the course of the structure from conception/analysIs 
through fabrication/erection, several different programs might be utilized. 

To facilitate the exchange of information between these programs, AISC has formed a 
Commit1ee on Software, which is responsible, among other things, to develop standards 
for such data exchange. As a pilot project, a tink protocol called DELink was developed 
for AISC's connection design software CONXPRT. 

The following is from the DELink User's Manual: 'DELink is a data transfer protocol that 
allows structural design programs to export data to DEsign Advisor (the shell system in 
which AISC's CONXPRTruns) . This data consists of a knowledge base specification and 
other information pertaining to the parameters being transferred; i.e., beam and column 
sizes, values of shear and moment, bolt and weld sizes, .. . etc. DELink is a process '" 
which a texl file is generated then read, interpreted, and executed by DEsign Advisor. 
The file consists of a set of keywords and program code fragments. The keywords direct 
DEsign Advisor to perform certain tasks, and the program code fragments are interpreted 
and executed by the loaded knowledge base.' 
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The pilot project for which this protocol linked gravity floor framing and column designs 
performed with RAM Analysis' RAMST££L to automated connection designs with AISC's 
CONXPRT. 

5. TEE SHEAR CONNECTIONS 

The Astaneh approach to design of tee shear connections (Nader and Astaneh, t 989) 
provided for ductile behavior through bending of the tee flange. Consequently, the use 
of many tee sections with thicker flanges was precluded by the assumed limitations. 
AISC (1994a) incorporates a new approach based upon requirements for ductile behavior 
(Thomton, 1995) which are also to be presented by Thomton at this conference. 

When the tee is welded to the support and bolted to the supported beam, for ductility in 
the tee connection , the 70 ksi weld size w must be such that: 

(1) 

but need not exceed '141,. In the above equation, I, is the thickness of the tee flange, I, 
is the thickness of the tee stem, and band L are as illustrated in Figure 6. 

For a tee bolted to the support and bolted or welded to the supported beam, the minimum 
diameter for bolts through the tee flange for ductility must be such that : 

F (b2 
) 0 ..... =0.163t, J. -+2 

b L2 
(2) 

but need not exceed 0.691.'''. Additionally, to provide for rotational ductility when the tee 
stem IS bolted to the supported beam, the maximum tee stem thickness should be such 
that: 

t, mu ' ~+1/16 in. (3) 

When the tee stem is welded to the supported beam, there is no perceived ductility 
problem for this weld. 

Eccentricity is considered as follows: For a flexible support, the bolts or welds attaching 
the tee flange to the support must be designed for the shear R,;. the bolts through the tee 
stem must be designed for the shear Ru and the eccentric moment RuB where a is the 
distance from the face of the support to the centroid of the bolt group through the tee 
stem. For a rigid support, the bolts or welds attaching the tee flange to the support must 
be designed for the shear Ru and the eccentric moment RuB; the bolts through the tee 
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Figure 5. Blind bolt installation steps 
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Figure 6. Variables for tee shear connections 
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stem must be designed for the shear R.,. 
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CRITERIA FOR THE USE OF PRELOADED BOLTS IN STRUCTURAL JOINTS 

J.W.B. (Jan) Stark " 

Abstract 

There are certain cases in which it is important to make sure that bolts in structural 
joints are so tightened that a minimum clamping force (preload) is ensured . In such 
cases controlled tightening is required . In practice there is no uniform opinion 
about the situations where preloading of joints is really necesary. Also there IS not 
agreement on the tightening procedures. In this paper an attempt is made to 
formulate objective criteria for the use and installation of preloaded bolts. 

1. INTRODUCTION 

In ENV 1993-1 (Eurocode 3) and ENV 1090-1, rules are given for the design and 
execution of bolted connections. Depending on the required performance of the 
joint, the bolts may be used as preloaded or non-preloaded ("snug-tight") bolts . 
In some cases, the performance specifications can only be met when the bolts are 
so tightened that a minimum clamping force is ensured. In such cases, controlled 
tightening is to be requested . It should, however, be realised that procedures for 
control of preload are cost-intensive and have, in principal, a negative influence on 
the speed of fabrication and erection. So, pre loaded bolts with controlled 
tightening should only be used in cases where It is absolutely necessary. In 
existing practice, controlled tightening is in the author's view unnecessarily 
required in many situations. This is of course not favourable for the use of steel. 
In the paper, a first attempt is made to objectively specify critena for the use of 
preloaded bolts . If controlled tightening is necessary, a choice has to be made 
between different methods. In ENV 1090-1, four methods are specified . These 
methods w ill be shortly described and pros and cons discussed . 
The subject of this paper has been intensively discussed in ECCS-TC 10 for a long 
t ime. Due to differences in tradition, quality level of the fabrication industry, 
control procedures and views on structural integrity in the various countries , it 
was, until now, not possible to reach full agreement on the best tightening 
procedure to be recommended . 
So, although the contents of this paper is influenced by the discussions in 
ECCS-TC1 0, it does not necessarily reflect the common opinion of that committee . 

" Professor Steel Structures, Delft University of Technology 
Deputy director, TNO Building and Consruction Research 
P.O. Box 49, 2600 AA Delft, The Netherlands 
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2. WHY PRELOADING 7 

By pretensioning of the bolts, a clamping pressure will develop between the 
connected parts. This clamping pressure influences the structural response. This 
will be illustrated for two basic load cases, e.g. shear and direct tension . 

Shear 
To faci li tate easy erection, the holes have a clearance with respect to the diameter 
of the bolt. The normal clearance is 2 mm. This hole clearance causes extra 
deformation due to slip if the joint is loaded in shear. The load-deformation 
response will be influenced by the preload in the bolts. 

F (kN) 
160 

shp 
120 ~---

80 

40 

00 2 4 

preloaded 

snug-tight 

6 8 10 12 

deformation ImmJ 

Figure 1: Load-deformation diagram of a lap joint 

This is illustrated in 
figure 1, where the 
load - deformation 
diagram of a lap joint 
is given for a low and 
high preload . 
The preload in the bolt 
causes clamping 
forces between the 
plates. Friction will 
prevent slipping of the 
connection . 

The friction resistance for each friction interface is equal to the clamping force ( ; 
pre/Dad) times the slip factor. So if the preload is small, a relatively low shear load 
will cause some slip in the order of a few millimeters. The connection "sets" until 
the bolts are "bearing" against the sides of the holes. If the relatively small 
deformation due to slip is not acceptable, a high preload in combination with a 
good and reliable slip factor cam be used to prevent the slip . Once slip occurs, a 
pre loaded connection progressively becomes a bearing type and at larger slips both 
types of joints behave similarly. The load transfer mechanism in a non-preloaded 
and in a pre loaded joint before slip is illustrated in figure 2. 

",/lnll 

" . 
F 

Figure 2: Load transfer mechanisme in a non-preloaded and a preloaded joint 
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Tension 
If a joint with preloaded bolts is subjected to an external tension force , the 
response is often illustrated with the "force t "angle" given in figure 3. 

F 

~ -----------------------

Lengthening 
of the bolt 

F, 

Figure 3: "Force triangle" 

F. 

F. 
T 

Short,nlng 01 
the plale pac:kag. 

This triangle gives the relation between bolt elongation and the shortening of the 
plate assembly due to preloading . An external load F, will cause an increase of the 
bolt elongation, but at the same time expansion of the plate assembly . As a result 
of that, the load in the bolt will increase by 6F, and the clamping force will be 
reduced by 6F,. 
The external load F, is the sum of 6F, and 6F,. The relation between 6F, and 6F, 
is dependent on the stiffness relation between bolt and plate assembly . Therefore 
the variation of the force in the bolt due to external load can be influenced by the 
location of the clamping force . 

In figure 4, a T-stub connection is shown, where the contact is concentrated in the 
central "stiff" region . In this case, the bo lt force will not increase until F, = F. and 
separation starts. So the location of the contact pressure is of crucial importance 
with regard to bolt fatigue. The right detailing as shown in e.g . figure 4 leads to 
static loading of the bolts, although the joint is subjected to fatigue loading . 

F, (kN) 

150 
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.., 2 F. 
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Figure 4 : Development of bolt tension in a T-stub connection 
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3. WH EN PRElOADING 1 

In some countnes It was common practIce to require that all high-strength bolts 
be Installed. so as to provide a high level of preload . regardless of whether it was 
really needed or not. In North America thIs was the case until 1985 and the 
sItuatIon in Europe differs from country to country. 
It may be that this practice was influenced by the use of the indication H5FG-bolts 
Ihlgh strength fnctlon grip bolts). This suggests that "high strength" and "friction 
grip" are directly related . 
As was noted In section 2. the ultimate strength of bolted joints is not dependent 
upon the amount of preload in the bolts . 50 If the joint has to conform with no 
other requirements than static strength I"resistance" in Euro-slangl. there is no 
reason to require preload ing. This is now accepted in Eurocode 3 by the 
Introduction of 5 categories of bolted connections as given in table 1. 
Use of non-preloaded high- strength bolts up to grade 10.9 is permitted for shear 
connections ICat .A) as well as tension connections ICat.D) 

Table 1: Categones of bolted connectIons in ENV 1993-1 IEurocode 3) 

S he.,. connections 

c.tOOO'Y Cntl "l R ..... n.. 

.. F..,.s. s F.", No p"lloMfing r.~red . 
beln ng type Fv .~ S F.J\o AI grad •• h om 4 .8 to 10.9. 

B F..,...sc..- ~ F •• AII ..... ",."'-dod high stJonqIII boIU. 
.1Q-t"e Si ItaM at servic .. bility F._ :S F ........ No .ip a t the HtVic: .. bility limit J1l t • • 

F .... s F ..... 

C F..,.S4 s F ..... Pr-'oaded high strength bolts. 
slip-t', . stant at ultunne F .... sF.".. No slip I t the ultJrMt l limrt lUte. 

T .neion capacity 

c.tlgory Cnterion Remon.. 

I 0 F, .Sd s F ..... No ptl loMfinO reQUired . 
non·prelolded AU grades from 4 .8 to 10.9. 

E FI .ScI S F ..... Pr,loaded hioh strength bolts . 
preloaded 

Key: 

F ... ....... - deSign sh •• r force per bott for the HNIC .. bility li""t stl te 
F . .. - a , _gn sh •• r forc , per bott for the utbmetl limit stat, 

F.", - d eSign Sh •• r ( . .. stance pet bolt 
F.", - d •• gn bearing , •• .uncl per bolt 
F.

AI
_ - d ... gn _ is) f •• stancl per bott I t m. .. Nlc.ability Itm.t sute 

F . J\o - d •• on .IAip , .. .unce per bolt at the ultimate ht stlt . 
Ft ... - a •• gn te nsll. forc . per bon for the ultlmat. limn SUt. 
F ..... - d ... on te nsion teaiSUlnt:. per bolt 
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In Nonh Amenca the RCSC (Research Council on Structural Connections) 
introduced In 1985 the requirement that only fasteners that are to be used in 
slipcritical connections or in connections subject to direct tension, need to be 
preloaded. Bolts to be used In bearing-type connections need only be tightened to 
the snug-tight condition. This is hopefully a first step. The next step should be that 
also in North-America non-preloaded bolts may be used in connections subject to 
direct tension when the loading is predominantly static . 

Now situations will be described where the use of preloaded bolts may be useful 
or even necessary. 

Shear connec tions 
Reasons for preloading may be: 
a. To avoid reduction of stiffness due to slip in the joint. 

When the deformation criteria are very stringent or when the deformation has 
to be determined very accurately it may be necessary to avoid slip in the jOints. 
Normally this will concern a serviceability criteria so that category B is 
sufficient . 
Deformation of joints may also influence the resistance as is the case for the 
stability of a slender unbraced frame (see figure 5) . In this case category C 
connections are required . 

I 
'--' I 

I 
I 

I 
I 

Figure 5: Beam-to·column connection in an unbraced frame 

The designer should realise that use of slip resistant connections is very 
expensive and therefore seek for another solution. This may be to accept the 
additional deformation of the joint and compensate this by extra stiffness of the 
members. A bit more steel (relatively cheap l) will almost always be more 
economic than considerable increase of fabrication cost. 

b. Sometimes the normal clearance of holes is not sufficient to compensate the 
tolerances on site. The use of oversize or slotted holes may then be necessary 
to facilitate easy erection. 
Oversize and slotted holes shall only be used in slip-resistant connections. 

c. When a connection is subject to frequent reversal of load, slipping is not 
acceptable and preloaded bolts in a slip-resistant connection, injection bolts or 
fitted bolts shall be used .An example is the bracing of a crane· runway. 
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For wind andlor stability bracing, bearing type connections may normally be 
used IEC3, clause 6.3 13)). A possibil ity to avoid reversal of load in bracing 
connections is to pretension the brace member by a turn buckle or by other 
means. 

d. When a joint is subject to impact or significant vibration loosening of the nuts 
should be prevented . This may be by preloading the bolts but other locking 
devices are available and may be less expensive then controlled tightening. 

e. Preloaded bolts in slip-resistant connections may be used to improve the fatigue 
resistance. 

For the decision to use slip-resistant connect ions the designer should realise that 
additional to cost-intensive controlled tighten ing procedures also special care for 
control of friction surfaces during fabrication and erection is required . 

Tension connections 
Reasons for preloading may be : 
a. To improve the fatigue resistance. 

The fatigue resistance of a single bolt in tension is rather poor. However, as 
explained in section 2, preloading in combination with the right location of the 
clamping force will reduce or even eliminate variation of bolt forces. 

b. By pre loading of the bolts the stiffness will increase as illustrated by the load 
deformat ion diagram of a T-stub given in figure 6. The designer should consider 
whether the required stiffness can possibly be obtained by redesign of the 
connection components without using preloaded bolts . Alternatively he can also 
consider to increase the stiffness of other structural components, for example 
by taking somewhat heavier members. These measures will almost always give 
more economic designs than use of preloaded bolts . 

F I kN I 
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F 

Figure 6: Effect of preloading on the response of a T-stub connection 

In summary the need to use preloaded bolts is typically in bridges, cranes, crane 
girders and other structures loaded by gatigue or dynamic loading . They should 
rarely be applied in buildings and other predominantly static structures. 
In the future the choice between preloaded and non-pre loaded bolts should be 
based on quantitative performance specifications for the joints instead of general 
qual itat ive indications as given above. 
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4 . HOW PRELOADI NG 7 

To provide the desired level of preload for bolts used in slip-resistant connections 
(cat . B and C) or preloaded connections subject to tension (cat. E) RCSC 
Specifications and Eurocode 3 require that the bolts be tightened such that the 
NSulting bolt tension is at least 70% of the nominal tensile strength of the bolt . 

F.c< = 0 .7 f ... A, 

The installation of bolts should comply with the following two requirements : 
8 . Tightening the bolts should result in at least the specified bolt tension (preload) 
b. Tightening should be stopped in time so that there is sufficient reserve against 

breaking of the bolt (overtightening) . 

In ENV 1090-1 the following installation methods are covered : 
- Torque control method 
- Turn of the nut method 
- Torque and turn method (combined method) 
- Direct tension indicator method 
- Special devices/bolts 

The first three "direct" methods and the" pros and cons are now discussed . 

Torque control method 
When the high-strength bolt was introduced, installation was primarilv by methodS 
of torque control. Approximate torque values were suggested for use in obtaining 
the specified bolt tension. 
For this method of tightening a calibrated torque wrench is required which may be 
hand operated or, for bolts of larger diameters, power operated . 

A - thread friedon 
B ~ bolt tension 
C - nut flee friction 

Figure 7: Distribution of torque 

The greater part of the torque applied is 
used to overcome the thread friction and 
the friction between the nut and the 
surface against which it rotates. 
Only a small portion is effectively utilized 
to develop the bolt tension (see figure 7). 
If the geometry of the screw head and 
the coefficient of friction between the 
various mating surfaces were known, It 
would be possible to estimate the tension 
induced by a given torque. 

The uncertainties concerning distribution of contact pressures, and the variabili t ies 
of coefficients of friction in practice, do not justify the use of anything other than 
a simple rule such as: 

M, - k d F. 
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where: 
M. is the applied torque (Nmm) 
d is the bolt diameter (mm) 
F. is the preload in the bolt (N) 
k is the coefficient of friction between mating surfaces 
In practice k values have been measured for new bolts which vary between 0,12 
and 0,20. 

Many tests showed the great variability of the torque-tension relationship as 
illustrated in figure 8 . 

F., 

>,' 1;~ "''' 
::s F¥ .. varlotlons In the coeffiCient K 

.... 

61enqth 

Figure 8: Preloading with the torque method 

Even bolts from the same lot yielded extreme values of bolt tension ± 30% from 
the mean tension derived . The variance is caused mainly by the variability of the 
thread conditions, surface conditions under the nut and lubrication. The water­
soluble lubricant supplied on bolts can be degraded by rain or moisture or threads 
can become contaminated on site with dirt or grease. 
The result is an erratic torque-tension relationship. 
Therefore, the torque method is not recommended by the ECCS and Eurocode 3. 
The best possible results will be obtained if the following recommendations are 
followed : 

the torque wrenches shall be checked at least every day using a bolt tension 
calibrator 
all bolts shall be from one manufacturer, at least per diameter group 
protect the bolts from contamination 
use a hardened steel washer under the part to be turned 
use reliable tightening tools 

Even if these recommendations are complied with it is questionable whether 70% 
of the nominal tensile strength can be consistently and safely achieved . 
It has been suggested to reduce the specified preload for this tightening method 
to as low as 50% of the nominal tensi le strength [Bouwman and Piraprez, 1989). 
In Germany 63% is common practice . 
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Tum-of-the-nut method 

This method is based on a specified or predetermined rotation of the nut after 
Initial tightening to "hand tight" or "snug tight" condition. 
Controlling tension by the turn-of-the-nut method is primarily strain control (see 
figure 9) . 
The purpose is to rotate the nut sufficiently to take the bolt well into the inelastic 
region . In the inelastic region the load versus elongation curve is relatively flat, 
with the consequence that the bolt tension is comparatively insensitive to variat ion 
in the nut rotation, while a large reserve exists against breaking the bolt. 
It should be noted that the ductility of the bolt largely depends on the length of the 
threaded portion . Care must be taken with short bolts which have only a small 
amount of thread in the grip (5 threads is a minimum) . 
Where the plates are not flat and parallel as indicated in Figure 9b, this method has 
the disadvantage that the preload will not be reached if not enough attention is 
paid to closing the gaps. A requirement of the method is therefore that the contact 
surfaces must fit snugly before the bolts are f inally tightened. 

(a) (') 

\ 
(a ) (' ) 

I Scan,r I Sea.,.r 

Fh it:;;,;===:~~-=--=--=-__ :.:.: __ ~A::, [ ~--:.:.:--:.:.:--:.:..::--__ _ 
Numb.r 01 turn. a 

(a ) Plat .. • t. flu AIt" tlght,nlng (Fill the requlr,d 
preload I, obtained ( a p pr.,crlbed number of lurnl ). 

(b) Plat ... r. ,tlU Ind not lIat, alt. t hInd 
IIgt'lllnlno (Fil l thl gap I, not cloud. The 
,.quired praload I, not obtainld 

Figure 9 : Preloading with the turn-of-the-nut method 
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Torque and turn method (combined method) 

In this method the torque method and the turn-of-the-nut method are combined . 
It is the most reliable method and recommended by ECCS and CEN-TC1 35 . 
The bolts are tightened by a two step procedure : 
Step 1: First tighten all the bolts to 75 % of the specified preload ( = 53 % of the 

nominal tensile strength) . As indicated in the dicussion of the torque 
method the danger of overtightening due to unexpected low friction is 
sufficiently low at this level of the torque. On the other hand the bolt 
tension will be in most cases sufficiently high to close the gaps between 
the connected parts. 

Step 2: Subsequently an add itional further turn is applied . In ENV 1090-1 
indicative values for the angle of the add itional rotation are given (values 
between 60 and 120 degrees, depend ing of the bolt length) . In case of 
doubt t he requ ired angle should be determined by testing . 

This method is logical because it is based on force control in the elastic region and 
on deformation control in the inelast ic region. The method is not very sensit ive to 
variation in fr iction . At the same t ime it is not very sensitive to variation in 
st iffness of the plate assembly . Th is is illustrated in figure 10. 

", 

Plat •• 
nat 

\ 

Plat .. no l 
flat 

\ 

."~~ ____ ""'''-~~-<_''' _________ .,,_,,-_--;~;-___ :~=-.ft.:----
" 

1. Torque --+O.75Fp 

2. Turn-o'. th. -nut ( i p• 90· ' 120-, -+ Fp 

u ( ' ) 

Figure 10: Pre loading w ith the torque and turn method 
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The Stiffness Model of revised Annex J of Eurocode 3 

Klaus Weynand ' 
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Abstract 

In 1994 a revised draft of Annex J of Eurocode 3 ent~eld 'joints in building frames' was 
approved by CEN. For this Annex a new model for the determination of the rotational 
stiffness was developed. This paper provides backgrounds to this new stiffness model 
and shows comparisons wnh test results. 

1. INTRODUCTION 

A major technical improvement in the revised Annex J of Eurocode 3 [1] (hereafter: 
Annex J) is the new model for the determination of the rotational response of joints. 
The objective of this paper is to provide backgrounds to th!s model. These are given 
in the first part of this paper. In the second part comparisons are made with test 
results. 

In general, the moment rotation characteristic (M-cjl curve) of joints is non-linear. 
M hough Annex J can be used to determine a simplified linear, bi-linear or multi-linear 
M-ej> curve, this paper will focus on its potential to predict a full non-linear curve. This 
is to enable a direct comparison between model and test results. 

The test results are taken from the databank SERICON [2]. This databank forms a 
collection of M-4> data from different laboratories all over Europe. The databank 
contains results for different types of joints (e.g. welded joints, joints with extended end 
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plates, 10lnts with flush end plates and cleated joints) and for different Joint 
configurations (e.g. single sided, double sided) . 

Key differences between the model in the new Annex J and the old Annex J [3) are 
the following: 
1) In the old Annex the calculated deformations of the components were those 

corresponding to the design resistance of these components (see chapter 3 for the 
definition of the word ' component') . The elastic deformations were calculated back 
from these deformations by dividing with a factor 2,25. In the new Annex, the 
elastic deformations are calculated direclly. 

2) Unlike in the old Annex, these elastic deformations are now only dependent on the 
lay-out of the joint and the Young modulus and not any more on strength 
properties or safety factors. 

3) The calculation of the full non-linear curve In the new Annex is simplified 
compared to the old one. 

4) In the old Annex , the stiffness prediction of a stiffened end plated joint could be 
below the prediction of an unstiffened one. This problem is now resolved . 

2. THE GENERAL MODEL 

Provided that the non-linear M-<I> curve of the new Annex J is not limited by the 
rotational capacity (<I>Cd), this curve consists of 3 parts, see figure 1. Up to a level of 
2/3 of the design moment resistance (M, ... ), the curve is assumed to be linear elastic. 
The corresponding stiffness is the so-called initial stiffness S,.". Between 2/3·M, ... and 
M

I 
... , the curve is non-linear. After the moment in the joint reaches MI .... , a yield 

plateau could appear. The end of this M-<j> curve Indicates the rotational capacity (<I>Cd) 
of the joint. Since the determination of MI .... and the rotational capacity in the new 
Annex J is not significanlly different from the old Annex J and backgrounds are well 
documented [4, 5), this paper will not focus on these aspects. 

moment 

M " ... 
M I .• tII 

% M J." 5 J (It 11.11 M , .• ,1 

rotltlon 4> co 

Figure 1: Non-linear M-<I> curve according to Annex J . 

The model assumes a fixed ratio between the Initial stiffness SI w and the secant 
stiffness at the Intersection between the non-linear part and the yield plateau (SI at 
level M,"'). For end plated and welded joints, this ratio Is equal to 3. For flange cleated 
joints, this ratio is 3,5, see figure , . These values are simplified values and result from 
numerous parameter studies and test observations [5). 
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The shape of the non-linear part for M,Sd betwe en 213·M,.Ad and M,Ad can be found With 
the fOllowing Interpolation formula: 

s · 
S,_ , 

1,5 M, .. ), 

M Ju 

where Ijr = 2,7 for end plate d and welded joints and 
ated joints. 3,1 for flange cle 

In this interpolation formula, the value of S, is dependent on M,.Sd' 

3. DETERMINATION OF THE I NITIAL STIFFNESS SI)"' 

(1 ) 

The Annex J stiffness model utilizes the so cal led ' component method' . The essence 
of the joint is determined based on the 
ents in the joint. The advantage of this 
e the mechanical properties of any Joint 

of this method is that the rotational response 
mechanical properties of the different compon 
method is that an engineer is able to calculat 
by decomposing the joint into relevant compon ents. Annex J gives direct guidance for 

r this decomposition. Table 1 shows an 
unt when calculating the initial stiffness 

end plated, welded and flange cleated Joints fo 
overview of components to be taken into acco 
for these types of joints. 

Table 1: Overview of compon ents for different joints 

Component Numbe End Welded Flange 
plated cleated 

Column web pan~ in shear 1 x x x 

COtumn web in compr8SSloo 2 x x x 

Cotumn flange In bending 3 x x 

Column web In ten5ton 4 x x x 

end plato in bend'ng 5 x 

lIange cleat in bendIng 6 x 

bolts In tension 7 x x 

baUs in shear 8 x 

bolts In beanng 9 x 

In the model It is assumed that the deformati 
flange and web in compression, b) beam we 

ens of the fOllowing components: a) beam 
b in tension and c) plate in tension or 
of the beam in bending. Consequently 

xibility of the joint. 
compression are included in the deformations 
they are not assumed to contribute to the fie 

The initial stiffness S ... is derived from ttie ela stic stiffnesses of the components. The 
ented by a spring. The force-deformation elastic behaviour of each component is repres 
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relationship of this spring is given by: 

F, = Ie, ' E . d , (2) 

where F, = the force in the spring i, 
k, = the stiffness coefficient of the component i, 
E = the Young modulus and 
d , = the spring deformation i. 

Chapter 4 gives backgrounds of the formulae to determine k,. 

The spring components in a joint are combined into a spring model. Figure 2 shows 
for example the spring model for an unstiffened welded beam-to-column joint. 

1===, 
• 

1===' 

Figure 2: Spring model for an unstiffened welded joint. 

The force in each spring is equal to F. The moment M, acting in the spring model is 
equal to Fz, where z is distance between the centre of tension (for welded joints 
located in the centre of the upper beam flange) and the centre of compression (for 
welded joints located in the centre of the lower beam flange). The rotation 4>, in the 
joint is equal to (d 1 + d , + d . ) / z. In other words: 

MJ Fz Fz 1 Ez 1 S :1: _ _ __ • __ . _ 

JUII . t 4 F 1 I 
J • -1:- 1: -

-,- E k, k, 

(3) 

For an end plated jOint with only one bolt row in tension and for a flange cleated joint 
the same formula yields. However, components to be taken into account are different, 
see table 1. 

Figure 3a shows the spring model adopted for end plated joints with two or more bolt 
rows in tension. It is assumed that the bolt row deformations for all rows are 
proportional to the distance to the point of compression, but that the elastic forces in 
each row are dependent on the stiffness of the components. Figure 3b shows how the 
deformations per bolt row of components 3, 4, 5 and 7 are added to an effective 
spring per bolt row, with an effective stiffness coefficient 1<. •.• (r is the index of the row 
number). In figure 3c is indicated how these effective springs per bo~ row are replaced 
by an equivalent spring acting at a lever arm z. The stiffness coefficient of this 
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eIIective spring is k... The effective stiffness coefficient k .. can directly be applied in 
bmula 3. The formulae to determine k ... " k", and z as given in Annex J can directly 

derived from the sketches of figure 3. The bases for these formulae is that the 
r momlent-rcltal:ior behaviour of each of the systems in figure 3a, 3b and 3c is equal. An 
Idd~ional condition is that the compressive force in the lower rigid bar is equal in each 
01 these systems. 

Figure 3: 

.) 

, 

Spring model for a beam-to-column end plated joint with two bolt 
rows in tension. 

4. DETERMINATION OF THE STIFFNESS COEFFICIENTS k 

4.1 Plates in bending and bolts in tension 

In the procedure for strength calculation included in Annex J, the three following 
components: (i) column flange in bending, (ii) end plate in bending and (iii) flange cleat 
in bending are idealized as T-stubs (see figure 4). These ones are assumed to be 
connected by means of bolts to an infinitely rigid foundation (figure 5 and 6.a) . Their 
so-called ' effective length I .. ' is such that the failure modes and the corresponding 
collapse loads are similar to those of the aclual joint components. The concept of 
' equivalent T-stubs' for strength is easy to use and allows to cover the calculations 
of all the plated components with the same set of formulae. 

The 'T-stub concept' may also be referred to for stiffness calculation as shown in [5J 
and [6J. The equivalence between the actual component and the equivalent T-stub in 
the elastic range of behaviour (initial stiffness) is however to be expressed in a 
different way then at collapse and requires the definition of a new effective length I ... n · 

In view of the determination of the related stiffness coefficients k, two problems have 
to be investigated: 

the response of the T-stub in the elastic range of behaviour; 
the determination of I.'.n,' 

These two points are successively addressed hereunder. 



446 K. Weynand el al. 

column flang. 
end plate 

web 

cle.t 

h7I L? 
;y 

", , 
'f " 

I 
L 

, 
, , , 

flange , , 

V ~ 
, 

Figure 4: T-stub idealizations Figure 5: T-stub on rigid foundation 

a) T-stub response 

When subjected to lens ion forces, the flange of the T-stub deforms in bending and the 
bolls mainly in tension (figure 6.a) . The elastic response of this system has been 
studied first by VEE and MELCHERS [6J. A slight refinement related to the location 
of the prying effect has been proposed later in [5J. The corresponding expressions are 
rather long 10 apply so simplifications have been introduced by the authors: 

to simplify the formulae: n is considered as equal to 1,25 m (m and n 
are indicated in figure 6.a) 
to dissociate the bolt deformability (figure 6.c) from that of the T-stub 
(figure 6.b) . 

Under these assumptions, it can be shown that: 
for the T-stub (figure 6.b) : 

I I) 
k :: ~ 

) ,5,' m ) 

for the bolts (figure 6.c) : 

A. 
k .... 1,6 -

L. 

(4) 

(5) 

where A, = bolt reduced area, L., = bolt length including half thickness of the bolt head 
and of the nut and t = T -stub flange thickness. The indexes of the k coefficients relate 
to the component numbers listed in table 1. In equation (5), a factor 2,0 instead of t ,6 
would be expected at first sight; in reality, the value 1,6 is defined in such a way that 
the prying effect is taken into consideration . 
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F 
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b) T ·stub lion. 

2. 

O,I3F O,13F 

c) Boltl . Ione 

Figure 6: Elastic deformation of the T-stub 

b) Definition of I .. ) .. 

447 

In figure 6.b, the maximum bending moment in the T-stub flange (points A) IS 

expressed as Mmax : 0,322·F·m. Based on this expression, the maximum elastic load 
F .. (fi rst plastic hinges in the T-stub at points A) to be applied to the T-stub can be 
derived: 

F.l • 
4 l,ft,IAI ~ '"' _1,,,,,,,,",,,''-'_' 

f, 
1,288 m 4 1,288 m 

(6) 

In Annex J, the ratio between the design resistance and the maximum elastic 
resistance of each of the components is taken as equal to 312 so: 

1 , ' 
F . lF _ "rr.aaa r 

. 4 2 d 0,859 m 't 
(7) 

As, in figure 6.b, the T-stub flange is supported at the bolt level, the only possible 
collapse mode of the T-stub is the development of a plastic mechanism in the flange. 
The associated collapse load is given by Annex J as: 

1 t 1 r 
F 

,. , .. . 
m 

where I", is the effective length of the T-stub for strength calculation. 
By identification of expressions (7) and (8), I ••. ,. may be derived: 

(8) 

(9) 

Finally, by introducing equation (9) in the expression (4) giving the value of k".: 

O,8S l,tt t) 
k" u • -'--"'--­

m' 
(10) 
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4.2 Column web panel in shear' 

In beam-to-column joints, column web panels are subjected to high shear forces V 
(see figure 7). The shear force V can be expressed as f3.F (F forces are statically 
equivalent to the applied moment M, see figure 7) . [3 values are dependent on the Joint 
configuration and loading; related values are given in Annex J . 

• 

,01 
Figure 7: Column web panel 

in shear 

, , .. .. 
tt-F 

, , 
: ' , 
, 

• 

Figure 8: Column web in tension 
or compression 

Through experimental and numerical research wort<s e.g. [5J, it has been shown that 
shear stresses T in column web panels are more or less uniformly distributed. The 
corresponding deformation y is therefore such that , = G·y. V can be expressed as 
A",,·t and y as t:Jz so: 

A .. r G 
--A 

P z 
(11 ) 

As G = El[2(1 +u)] and u = 0,3, the following expression of k, can be simply derived: 

k, 
A.. A 

-~:!-- .. 0 38 ~ 
2(1 ·uJ P z ' p Z 

4.3 Column web in tension or compression 

(12) 

In [5J, the elastic linear relationship between the tension or compression force F 
transversally applied to the column and the corresponding elongation or shortening /), 
of the web (see figure 8) is expressed as: 

(13) 

d, IS defined as the clear depth of the column web. The coefficient ~ depends on the 
relative stiffness of the column flange in bending and the column web in tension or 
compression; its expression - which differs for welded and bolted joints - is rather 
complicated so simplifications have been brought by the authors. These simplifications 
are based, as for the T-stub in section 4.1.b, on the ratio (= 312) between the design 
resistance of the web defined in Annex J as: 
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(14) 

Ind the maximum elastic resistance of the web expressed (from equation 13) as. 

• E !z. F.l • ( ' • • B d . ( I.e E f.1I C (I.e E (t •• f" 
• 

(15) 

From this ratio, an approximated value of ~ is derived: ~ = 213 b.,. By introducing Ihls 
value in equation (13). the following expression of the stiffness coefficient is obtained; 

(16) 

4.4 Bolts in shear and bolts in bearing 

Formulae for stiffness prediction are proposed in [5] ; they are based on prevIous 
works by PAVLOV and KARMALIN and are validated by comparisons with test results. 
Um~ed modifications (to avoid the use of specific units) have been brought to these 
formulae in Annex J. The reader is therefore asked to refer to [5] for background 
information. 

5. COMPARISON WITH TEST RESULTS 

This section shows comparisons of the presented stiffness model with test results. The 
test data are taken from the databank SERICON [2]. In order to enable comparisons 
of the complete stiffness model with test results it is necessary to show the full non· 
6near curves which are obtained by using the application rules of Annex J . 

For the determination of the joint properties, i.e Initial stiffness and design resistance, 
measured material and geometrical data obtained from tests are used. The value of 
the moment resistance Mp,. is calculated with safety factor y=I,O. The moment 
resistance is determined according to the most accurate model of Annex J, e.g. the 
altemative method to determine the resistance of the T·stub is used for JOints With 
bolted end plates. Both the rotational stiffness and the moment resistance are 
calculated by taking into account the actual forces in the shear panel of the column 
web through the exact values of the ~-coefficients. 

It can be seen from figure 9 that the prediction of the joint stiffness and resistance is 
in good agreement with the actual behaviour. The differences in the resistance are 
due to strain hardening and membrane effects which are not taken into account in the 
design rules of Annex J . In the stiffness model it is assumed that a joint remains 
elastic up to a level of 213 of MI."'" This assumption is confirmed by the curves . 
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Figure 9: Comparison with test results 
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6. CONCLUSION 

The new stiffness model of the revised Annex J allows for the determination of the 
initial (elastic) stiffness of a joint independently of a strength calculation. It also gives 
design rules for the determination of a full non-linear M-q, curve. Comparisons with test 
results show a good agreement between the predicted curves and the real ones 
obtained from tests. 

The model for the stiffness calculation is based on the so-called component method. 
Therefore it can be applied for many types of joints and joint configurations. Moreover 
it can be easily extended to new types of joints as for example composite joints 
provided that on one side the deformation behaviour is known for all components (I.e. 
stiffness coefficients k) and on the other side that the contribution of the different 
sources of deformability can be taken into consideration with the presented model by 
means of a set of springs. 
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Safety considerations of Annex J of Eurocode 3 

Markus Feldmann ' 
Gerhard Sedlacek' 

Klaus Weynand3 

Abstract 

The new Annex J of ENV 1993 -Eurocode 3 [1] presents rules for the design of joinls 
both for stiffness and strength. Due to the different components and materials of which 
a joint may exist, the safety assessment of structural jOints is rather complex and has 
80 far not been thoroughly clarified. This paper gives some considerations of the 
influence of unexpected overstrength on the ductility and safety of joints. For seismic 
loading a method is suggested which allows an extension of plastic design to joints 
with alternating rotations. 

1. INTRODUCTION 

The ULS-design of a steel structure consisting of elements and joints may be 
perfonned with two options: 

The first option is the consideration of the whole true moment-rotation characteristic 
01 the joints. This means the use of the original M-¢-curve from experiments or from 
FE-calculations, jjg,1 (curve (i)). It also means that both strength and rotations are 
considered in the most realistic way and model uncertainties are of no concern. 

The second option is the use of a standardized model which describes the moment­
rotation behaviour of a joint in a simplified way: the initial stiffness, the transition from 
the elastic part to the plastic part of the curve and the ultimate resistance level without 
an a priori limitation of the rotation . Annex J gives rules for such an approach, jjg,1 
(curve <%». Using this model in a plastic analysis with moment redistribution means 
taking account of rotation on the resistance level M,.R of a joint. This necessitates an 
additional check whether the actual rotation-capacity of a joint is able to fulfil the 
rotation requirement detennined from the calculation or not. 

Or.·lng., Institute of Steel Construction. RWTH Aachen, 52056 Aachen, Germany 
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Fig. 1: 

M. Feldmann ,I al. 
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J 

Moment-rotation-curves: Onginal curve from the test 
(1) and model curve according to. Annex J (2) 

The model deviation of the moment-rotation behaviour in the initial elastic range and 
In the transition from the elastic-plastic to the full plastic range is fairly small whereas 
in the full plastic branch w~h great rotations the model deviation becomes significantly 
larger. However the model resistance level is below the reat resistance and the actuat 
stiffness of this full-plastic branch remains posillve unless premature failure due to 
cracking or buckling occurs. 

2. EFFECTS OF OVERSTRENGTH OF JOINT COMPONENTS 

Performing a plastic analysis using Annex J of Eurocode 3 implies an additional check 
of the rotation-capacity of the jOint on the level of M ", !i9.J.. However Annex J onty 

I 

provides lump rules for a check of the rotation capacity. Sufficient rules for determining 
the rota lion capacity have not been established in Annex J so far. 

This chapter deals with the consequences of overstrength phenomena of single 
components in the joint. These considerations refer to both the local moment-rotation 
behaViour of the joint and the global load-deflection behaviour of the structure and 
allows to determine the safety elements to be applied. 

2.1 Effects of overstrength of joint components on the joint's behaviour 

Taking the general moment-rotation behaViour of a Joint according to Annex J, l!a..2. 
It IS possible to Identify several levels of resistance of each component of the JOint 
FollOWing the posilive stiffness of the fu ll plastiC branch of the actual moment-rotation 
curve (wh ich Annex J reduces to a constant tevel M R) It IS qUite obVIOUS that the 
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Intersection of the actuat M-<I>-curve with the resistance tevels M. _.' of the 
components limits the rotation capacity of the jOints to <1> ... , e.g. by the brittle failure 
of the bolts or wetds. These rotation capacities might be calcutated by 

M •.• _,,-M. 
s, ... 

(1 ) 

provided that the plastic stiffness Sj,p/ and the resistance levels M. """.' are known and 
no premature failure due to buckling occurs. 

M 

Fig. 2: 

~R ~3 ___ ---;;'~actool 
RCXITIP2-----..... I 

~CXlTlpl ---~ t I 
_.-( I I 

MjR /~. I I 

I i Annex J 
I I 
I I 
I I 
I I 
I I 
I I 

Moment-rotation-curve according to Annex J and 
rotation capacities influenced by maximum strength 
MR._' of different components 

The prediction of the characteristic behaviour of structural elements and joints is based 
on the nominal values for the yield stress fy. The nominal value for fy however is the 
lower 5%-fractile or less of the statistical distribution of the yield stress. The 
consequence is that the available rotation capacity becomes the smaller the more the 
actual yield stress exceeds the nominal one. Ei.9....a shows this significant reduction of 
available rotation capacity if the strength of one component of the joint (e.g. the bolts ' 
strength of a joint with an endplate remains constant and also the stiffness S,pl 
remains constant) . 

By introducing the overstrength as llfy or, directly expressed, as llM the rotation 
capacity becomes smaller. From the proportional relationship in the moment-rotation 
curve that reduction can be expressed as 

M •. ~_,~ - { M •• 11M ) 

s, ... 
(2) 
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Reduction of actual available rotation capacity of a 
joint introducing the actual yield stress 

In fig . 4a the curves are shown which represent the dependence of the rotation 
capacity ct>",p on the yield strength lIf, with different hardening stiffnesses S,.pl and 
constant MA """, . This sort of diagram may also be established for cases in which the 
rotation capacity is govemed by local buckling phenomena. fig. 4b [2]. 

~f--___ ®_a 

Iy ~ 
<Pc ® ~ ® 

~ 
dly 

~ 
Iy Iy 

Fig. 4. Dependence of available rotation capacity of 10lnts 
on the yield slress 
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2.2 Effects of overstrength of jOint components on the structural behaviour 

In fuL.S a statically undetermined structure (Continuous two span beam) with a partial· 
strength 10lnt above the support is shown. In plotting the load-rotation diagram 
(referred to the rota\Jon of the 101nt) the graph In fuL.S applies (thick line) 

p 

Fig. 5: 
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Load-deformation behaviour of a statically undeter­
mined structure without and with overstrength in the 
relevant plastic hinge (Ioint) 

In the very first elastic part of the graph the deforma\Jon follows proportionally the load 
until the first plastic hinge occurs. In this case this plastic hinge IS assumed to occur 
in the jomt. Afterwards the load· rotation curve Increases further With the remaining 
elas\Jc stiffness C, until the ultimate load Pu is reached by developing of the last plastIC 
hinge. DUring the moment redistribution process the ptastlc hmge In the JOint has to 
fulfil a certain plastic rotation . 

However this load-rotation behaViour is based on an idealized bl-linear moment­
rotation charactenstlcs In the plastic hinges, see !!9...Z. Assuming the actual moment­
rotation behaviour of joints, the global load-rotation charactens\Jc would become more 
smooth . 

Let's now consider also In this graph an overstrength t,f,. The first hinge would occur 
on the level P,+t,P. But the required rotation ¢ ..., is being significantly reduced from 
¢ ..., to ¢ ..., ..... With : 

p. - (P1·AP) 

c, 
(3) 
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2.3 Comparison of the effects of overstrength of the joint components on the 
joint-s behaviour with the effects on the structural behaviour 

Considering a design situation in which the available rotation capacity is fully exploited, 
I.e. 

... , .. ,-. (4) 

the question is whether an incremental change of strength towards larger Yield 
strength of the material leads to actual rotation capacities greater than the required 
rotation (this would be a safe situation) or to actual rotation capacities smaller than the 
required ones (this would be an unsafe situation) . To achieve the safe situation the 
following condition must be fulfilled, see fuL&: 

Id+"'1 < Id· .. ·1 dr, d f, 

I 
I 

~rs1rength 
I 
I 
I 

I 

: 4lreq , 

~,nom 

Fig. 6: Behaviour of required rotation and rotation capacity 
in view of overstrength 

(5) 

This condition can also be graphically shown for general cases. The 6$ ... - distance 
In the graph of ~ can be derived for all levels of P, which are possible, assuming 
that the calculated rotation requirement <1> ... remains the same. Then all 6<1>,.. - values 
or d<l> ... -values for all possible P, - levels for a certain overstrength LIP are obtainable. 
This is indicated in fuLl (dashed hyperbola). 

Introducing the value for d4l_ (dashed vertical line in fuLl) the intersection of the 
d$, .. - hyperbola and the d<l>".. - vertical line gives the distinction between safe and 
unsafe ranges With respect to the overstrength phenomenon of a component In a Joint 
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Incremental change of the considered Yield stress 
(=t.P): Comparison of the eHects side of reqUIre­
ment with the eHects on the capacity side, 
<I>...,=const 
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3. LOW-CYCLE FATIGUE ASSESSMENT FOR STRUCTURAL JOINTS 

In this second part of this paper the eHects of cyclic loading on the resistance of Joints 
are considered. These considerations are necessary when repeated or altemating 
rotations could be applied during lifetime, e.g. for wind actions or seismic actions. 

Having a joint with constant amplitude cyclic loading, see !!9......§, which can be 
modelled with Finite Elements [3J , the strains and in particular the plastic strains were 
investigated during the cycling loading. It appeared, that the relationship between the 
plastic strains at the hot spot (strain at the relevant place where the first crack occurs) 
and the plastic rotations are linear. This linear relationship gives rise to estimate a 
' Wohler-line-relationship' with logarithmic cycles on the abscissa and loganthmlc 
plastic rotations on the ordinate, the slope of which is the slope of the Manson-CoHin­
rule for steel material. The value for that slope was investigated [4J and determined 
to 

me a 2.0 (6a) 

for low alloyed structural steels. Due to logarithm laws the slope of the rotational 
Wohler-line is the same as the strain Wohler-l ine assuming that one strain cycle is one 
rotational cycle: 

Ill<j> a 2.0 (6b) 



460 M. Feldmann el al. 
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Fig. 6: 
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Cyclic moment-rotation characteristic of a joint, 
cyclic plastic strain-rotalion characteristic of the hot 
spot , strain Wohler-line and rol alional Wohler-line 

Having the slope of the rotational Wohler-line, however the level of failure with N=t 
(static case) is so far being unknown, but is gOing to be determined by experiments 
[5][6] . 

If the value of <l>Nol is known then a life cycle assessment for joints with altemaling 
loading can be derived allowing for plasticity i.e. energy dissipation in the joints. Using 
the Miner-rule, eq. (7), as a damage hypothesis, that has been already justified for 
beams [7][6][9], a damage equivalenl quaslslatic rotation capacity can be defined, jig. 

fl · 
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Fig. 9: Rotational Wohler-line approach with starting value 
et>N. , and damage spectrum 

The Miner-rule 
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(7) 

can be transformed into a comparison of damage using the slope of the rotational 
Wohler-line met> = 2,0: 

(a) 

such that an equivalent rotation requirement for the stalic case can be formulated: 

(9) 

With that rotation requirement a rotation check as for statically loaded structures can 
be allowed: 

+"0 ' ~ .I'~ .'." (10) 

This check limits the damage from altemating Yielding to safe values and allows to 
extend the application of the plastic hinge method to joints subject to seismic loading. 
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DESIGN OF FILLET WELDS IN RECTANGULAR HOLLOW SECn ON 
T, Y AND X CONNECTIONS USING NEW NORTH AMERICAN 

CODE PROVISIONS 

Jeffrey A. Packer' 

Abstract 

The effective length and design of the perimeter weld around the branch member in 
axially-loaded Rectangular Hollow Section (RHS) T and X connections is examined 
experimentally. By means of 16 full-scale connection tests which were designed to be 
weid-critical, guidelines for the effectiveness of the heel , toe and side welds are 
developped in terms of the principal connection parameters. It is found that more of the 
weld perimeter is effective for lower branch member to chord member angles, and more 
weld is effective for smaller width branch members (relative to the chord member size). 
The effective weld length recommendations advocated are shown to result in weld 
designs with an adequate level of safety using the current AISC LRFD or CSA 
specifications. 

1. INTRODUCTION 

It is well known that the flexibility of RHS connections results in non-uniform loading 01 
the welds around a joint. As a consequence, some recent intemational recommendations 
have required that welds to truss branch members develop the yield capacity of the 
member, to accommodate for any arrangement of loads in the member. Hence, on the 
basis of a 90° connection only, the Intemational Institute of Welding (IIW, 1989) has 
recommended that the throat thickness (a) of a fillet weld be <! 1.07 t" where t, is the 
thickness of the connected branch member, for tubes with a yield strength around 350 
Nlmm2 regardless of connection angles. This was modified slightly to a ~ 1.10 t, in 

, Professor, Department of Civil Engineering, University of Toronto, 35 St. George Street, 
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Eurocode 3 (1992). The safety level implicit in this recommendation is for the weld to 
have a safety Index W <! 3.8. In North America , on the other hand, connectors (e.g. 
welds) are required to have a safety Index p. <! 4.5 (Fisher et aI., 1978). 

Such a universal design provision for fillet welds, based solely on branch member 
thickness, Will be excessively punitive for many applications. By proportioning the weld 
on the basis of acting member forces, however, a designer has the ability to justify 
potentially smaller weld sizes but the connection deformation and rotation capacity must 
be taken into account, typically by imposing a weld reduced effective length. The 
advantages of this weld design approach can be significant in situations where aesthetics 
have controlled the member selection, or only a restricted number of bracing (web) 
member sizes have been chosen for reasons of cost optimization, or a long compression 
bracing member causes the member to be loaded well below its full section squash load, 
or the bracing to chord member angle is low thereby producing a much longer weld 
around the member. 

On the basIs of extensive laboratory tests, both on isolated connections and complete 
trusses, recommendations have already been made for the effective length of welds in 
gapped and overlapped K (or N) connections between RHS members (Frater and Packer, 
1992a, 1992b). These recommendations have been adopted in design guides published 
by the Comrte Intemational pour Ie Developpement et I'Etude de la Construction Tubulaire 
(CIDECT) (Packer et aI. , 1992), the American Welding Society (AWS, 1994), and the 
Canadian Institute of Steel Construction (Packer and Henderson, 1992). As no 
information was available, at the time, for weld effective lengths in RHS T, Y and X 
connections, speculative formulae were provided in these same design guides. The 
purpose of this paper is therefore to report on a study of weld design for RHS T, Y and 
X connections and to give appropriate weld effective length rules for use in designing 
such joints. 

2. EXPERIMENTAnON 

Four large-scale RHS 90° T connections and 12 X connections were fabricated, with plate 
attachments to the branch member ends for load application. All RHS members used 
were cold-formed to ASTM A500 Grade B. The connection parameters varied included 
the width ratio (P), branch member to chord angle (9,) and weld size. As the failure mode 
of RHS T, Y and X connections depends on the p value, and changes around p = 0.8 to 
0.85 (Packer and Henderson, 1992), one set of branch members was selected to be 
around this transition (P = 0.80) and another well below (P = 0.50) . Since thl 
experiments were intended to examine weld behaviour, failure was designed to always 
occur in the weld rather than by some connection failure mode. With all test specimens 
being proportioned to fail locally in the welds it was considered that the results obtained 
from tension-loaded X connections would also be applicable to Y connections, since a Y 
connection resembles an X connection with one less branch member. The properties of 
the 16 test specimens can be found in Cassidy (1 993). 
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Prior to fabrication of the test specimens, the perimeter lengths and individual side lengths 
were measured carefully for each branch member cut at different angles so that the 
actual weld length would be known accurately in evaluation of the test results. This is an 
important prerequisite to any eventual recommendation for effective weld length. 
Geometry dictates that the toe and heel of the RHS (sides c and d respectively) be of 
equal length and likewise the two branch member sides parallel to the direction of the 
chord (sides a and b) should be equal. These measured lengths are given in Cassidy 
(1993). A method has also been provided by AWS (1994) and adopted by CISC (1991 ) 
for determining the contact perimeter of an inclined RHS branch member. This assumes 
that a cold-formed member has an outside comer radius of 21, and multiplies the 90° 
perimeter by a factor K. to account for the sloping of the branch member. This gives the 
inclined RHS contact perimeter as: 

Perimeter = K. [ 4rr II + 2(bl - 41) + 2(hl - 41) J 

where K. = 

h, _ _ +b 
sine, r 

(h,-b,) 

.... (1) 

.... (2) 

Perimeters determined using Eqs. (1) and (2) showed that this ' K. method' is sufficiently 
accurate for connection designers to use (Cassidy, 1993). In this paper the more precise 
measured lengths have been used in subsequent analysis of results . 

The test welds were all made by the Welding Institute of Canada using flux-cored arc 
welding with a CO2 shielding gas. All final welds were checked and approved by a third 
party using magnetic particle inspection. For all connections having 9, < 60° the toe of 
each branch member was bevelled then welded to form what is olten considered a partial 
joint penetration butt (groove) weld. However, in this study all welds were considered 
fillets and measured as such. 

Weld sizes were determined by making a negative mould of each test weld then cutt ing 
tt at four or five locations along each branch member side and measuring the legs of the 
weld and throat size at each position. Over 1500 weld dimensions were taken for the 16 
connections and the average measured values, along with the mechanical properties of 
the as-laid weld metal determined by tensile coupon tests, are given elsewhere (Cassidy, 
1993) . 

Each of the four T connections was tested to failure in a quasi-static manner under 
tension loading on the branch member. This tension force was applied by a universal 
testing machine to a tongue welded into the branch member and to a special-purpose 
testing jig which applied a shear force to the chord . A typical testing arrangement is 
shown in Fig. 1. The 12 X connections were tested in a similar manner but with the two 
branch members loaded directly by the universal testing machine via tongue plates. Strain 
gauges were secured to the branch members of all test specimens to observe and record 
the strain distribution around the branch members adjacent to the welded joint. These 



466 J. A. Packer 

were positioned 10 to 15 mm away from the actual weld toe, to avoid the strain 
concentrations caused by the notch effect at the toe, and oriented in the direction of the 
branch member. Displacement transducers with a 50 mm stroke were used to mOnitor 
the overall connection deformation. (See Fig. 1). Strain gauges were also used on 
specimens to ensure proper alignment and therefore axial loading on the branch 
members, as well as to verify that the shear lag effect (caused by loading the RHS on 
only two Sides via tongue plates) had disappeared well before the joint region. For the 
X connections, each specimen produced a test on two branch member ' test welds' of 
similar size, so each X connection weld failure represents a lower bound of two samples. 
All test specimens failed In a sudden manner with fracture through the weld metal andlor 
base metal. A tYPical joint failure is shown In Fig. 2 and failure loads are given by 
Cassidy (1993). 

FIG . 1. T Connection in Testing Machine 
with Testing Jig Below 

FIG. 2. Typical Weld Failure 

3. DISCUSSION OF RESULTS 

Graphs of load versus strain for the transverse and side welds of test T2 (~ = 0.5) are 
shown In Fig . 3. It can be seen that the side welds a and b are completely effective in 
resisting load whereas the transverse welds c and d are only effective at the comer 
locations until high loads are attained. If the width ratio (P) is increased the transverse 
welds become even less effective, as is evident in Fig. 5(a) . In this case only the comer 
region of the transverse weld resists the branch member tension load, with most of the 
transverse weld actually remaining in compression for the whole load range. One would 
expect the branch member load to be transmitted to the chord member walls primarily 
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through sides a and b at high ~ values, yet the ineffectiveness of sides c and d is rarely 
recognized by welding engineers leading to some instances of very unsafe design. 

The X connection tests also confirmed that, for equal branch member angles, more of the 
perimeter was effective in resisting the applied tension load at the lower ~ value. 
However, for either ~ value (0.5 or 0.8) the X connections showed that a lower connection 
angle produces a larger effective perimeter length. This trend of more sides being 
effective at lower branch member angles is similar to the trend observed by Frater and 
Packer (1992b) for K and N connections, wherein the heel weld could only be considered 
fully effective for a, !> 50°. The influence of a, on the effectiveness of the transverse 
welds in T and X connections, particularly the heel weld, can be seen by comparing Fig. 
4 (T connection with ~ = 0.8) with Fig. 5 (X connection, a, = 30°, ~ = 0.8) . 

A study of the distributions of strain around the branch member adjacent to the "test 
welds" in all 16 T and X connections showed the trend for weld effectiveness given in Fig. 
6. The side welds a and b (refer to Fig. 5) can be seen to be fully effective for all joints, 
but the toe and heel welds (sides c and d respectively) are generally only partially 
effective. These partially effective sides are designated c. and d. with the length of these 
portions estimated by an existing RHS effective width formula (Packer and Henderson, 
1992): 

,but 'J b, .... (3) 

In view of the fact that only two width ratios were examined, and for a constant chord 
slendemess (be/to) ratio which also influences the effective length of the transverse welds 
(see Eq. (3)), the behaviour illustrated in Fig. 6 was simplified to the recommended design 
model also shown in Fig. 6. This also acknowledges the large scatter of data that is 
inherent in welding research as well as the difficulty that welding engineers would 
encounter in applying Eq. (3) correctly. Thus, it is suggested that the weld effective 
length around a branch member be determined for all ~ values by: 

2hl 
For a, !> 50° : Effective length = a + b + d = • bl .. .. (4) 

Sinal 

For a, ~ 60° Effective length = a + b .... (5) 

A linear interpolation is recommended between 50° and 60°. The lengths b, and h, 
should be based on the contact perimeter taking account of the rounded comers. For 
experimental analysis this can be done using the measured lengths, or in design practice 
using the K. formula (Eqs. (1) and (2)). The consideration of the branch member as 
having square comers can produce unsafe weld lengths, particularly for small, thick­
walled, RHS. 
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Predicted resistances for the failed weld of each connection were calculated using the 
proposed effective length guideline (Eqs. (4) and (5)) in conjunction with both the AISC 
LRFD (1993) and CAN/CSA·S16.1·94 (CSA. 1994) steel specifications. along with 
measured material and geometric properties. 

The Canadian Standards Association specification (CSA. 1994) gives the factored shear 
resistance of a fillet weld by the smaller of: 

• 

• 

For base metal 
V" = 9w 0.67 F", Am1 

or 
V12 = 9w 0.67 F~~ 

For weld metal 
V, = 9w 0.67 XuAw (1.00 + 0.50 sin' 5 0) 

... (6a) 

... (6b) 

... . (7) 

where 9w = 0.67 for all of Eqs. (6a) . (6b) . and (7) and 0 in Eq. (7) is the angle between 
the axis of the weld and the line of action of the force (0° for a longitudinal weld and 90° 
for a transverse weld) . Conservatively. one is allowed to set the function (1.00 + 0.50 
sin 1.5 0) to one. The latest American Institute of Steel Construction specification (AISC. 
1993) replicates Eqs. (6a) . (6b) and (7) although the (0.67)(0.67) term appears in the form 
(0.75)(0.60). allowing for shear rupture of the base metal (Section J4). and the (1.00 + 
0.50 sin 1 5 0) is only an optional function mentioned in Appendix J2. 

The correlation between actual failure loads and predicted resistances using the CSA or 
AISC LRFD methods. in conjunction with the simplified model of Fig. 6. is shown in Fig. 
7. The overall mean of the actual strength to predicted resistance ratios is 1.622 with a 
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coefficient of variation (COV) of 0.1 BO. This mean appears to be conservative because 
the test strength is compared with the predicted resistance, which includes the <l>w factor. 

To assess whether an adequate, or excessive, safety margin is inherent in the correlation 
shown in Fig. 7, one can check to ensure that a minimum safety index of P' = 4.5 (Fisher 
et aI., 197B) is achieved, using a simplified reliability analysis in which the resistance 
factor, <1>, is given by (Fisher et aI. , 1978; Ravindra and Galambos, 1978): 

.;. = mR exp (-uP' COY). .. .. (B) 

mR is the mean of the ratio: (actual element strength)/(nominal element resistance), COY 
is the associated coefficient of variation of these ratios, and u is the coefficient of 
separation taken to be 0.55 (Ravindra and Galambos, 197B). Considering that a <I> factor 
was initially included in the predicted resistance calculations, the value detenmined by Eq. 
(8) - which can be considered a resistance factor adjustment or <l>adJ - would be greater 
than 1.0 if the required safety index of 4.5 was achieved. The <l>adj. is actually 1.039 for 
both the AISC LRFD and CSA specifications, indicating that both provide just adequate 
levels of safety when used in conjunction with the effective length recommendations made 
herein. It should be noted that ';'adj values well below unity result if the total weld length 
(a + b + C + d) is used. The effective length recommendations above should also prove 
conservative when applied in Europe, given previous cross-calibrations with Eurocode 3 
recommendations for weld design (Frater and Packer, 1992a; 1992b). 
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FIG. 7. Actual Failure Loads v. Predicted Resistances by CSA (1994) and 
AISC LRFD (1993), with Simplified Model for Effective Weld Lengths. 

5. CONCLUSIONS 

Based on a series of careful laboratory tests on weld-critical, isolated RHS T and X 
connections, it is recommended that an effective length for the branch member weld given 
by Eqs. (4) and (5) be used in the design of RHS, T, Y and X connections. This 
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recommendation has recently prompted a revision of the AWS 01.1 specification and is 
incorporated in the forthcoming AWS 01 .1-96 (AWS, 1996). A speculative 
recommendation by Packer and Henderson (1992) also requires revision, as it is still 
unconservative for connections with 91 :s; 50°. Another recent pronouncement on this 
topic appears in a CIDECT Design Guide (Packer et al., 1992) and is overly conservative 
since it recommends the use of Eq. (5) for all 91 values. 
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8. NOTATION 

Am effective area of fusion in base metal number 1 (Am') or 2 (Am2) = effective leg 
length of weld x length of weld; 

Aw effective throat area of weld = effective throat thickness of weld x length of weld; 
a theoretical throat thickness of weld ; 
bl external width of RHS member i (i = 0, 1), 90° to plane of truss; 
Fu ultimate stress of base metal ; 
Fyr yield stress of member i (i = 0, 1); 
h, extemal depth of RHS member i (i = 0, 1), in plane of truss; 
i subscript to denote member of connection; i = 0 designates chord; 

i = 1 refers to a branch member for T, Y and X connections; 
K. relative length factor for weld around RHS branch according to AWS (1994, 1996); 
mR mean of ratio: (actual element strength)/(nominal element resistance); 
t, thickness of RHS member i (i = 0, 1); 
V, factored resistance of weld; 
Xu ultimate strength of electrode material; 
a separation factor = 0.55; 
~ width ratio between branch member and chord = b,tbo; 
W safety (reliability) index for LRFD and Limit States Design; 
6, angle between branch member 1 and chord; 
$w resistance factor used for base and weld metals. 



Requirement Ind Capabiliti .. for Compo ite Connt<tion. in on- way Fra m .. 

David A Nethereot ' 

Abstract 

Developments aimed at improving understanding of both the achievable levels of moment 
capacity, rotational stiffness and rotation capacity for composite coMections and the values 
required from these quantities to achieve economy when using the semi-continuous approach to 
frame design are described. In both cases emphasis is on the provision of design expressions that 
link performance and requirements directly to the main physical parameters of the cOMections 
and the fTame members respectively. 

I INTROOUCfIO 

The past 20 years have seen the development of a substantial body of knowledge on the 
behaviour of composite cOMections. This has led to a situation in which the role of variations 
to the principal items that make up a composite cOMection in controll ing the key measures of 
the structural performance of the joint is now generally appreciated. Understanding the 
behaviour of the coMecOon is. of course. not an end in itself; the real need is to be able to profit 
from this improved understanding by developing more realistic approaches to the design of 
composite fTames. that by recognising the actual contributions of the joints give the designer a 
competitive edge. 

The opportunity to use more advanced design approaches of this type and yet to operate within 
the fTamework of an accepted design code has been provided by the inclusior. in EC4 (I) of the 
"Semi-Continuous" approach to frame design. This extends the concepts of "Panial Strength" 
and "Semi-Rigid" Joints that are currently rather more rigorously developed for bare steelwork 
via Annex J of EC3 (2) to composite construction. At present the approach is limited to non­
sway fTames. thereby reflecting the fact that almost all testing of composite cOMections has 
employed non-sway anangements. Of the few exceptions to this, the most notable example is 
Ibe work of Leon (3,4), who has utilised his findings in developing a design approach for 
composite sway frames employing U.S - style details 

'Professor and Head, Depanment of Civil Engineering, University of Noningham. University 
Park. oningham N07 2RD, U.K. 
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In frame design the objective must be to· match the levels of perfonnance that are readily 
achievable from connections to the requirements of the joints necessary to achieve a competitive 
design. Essentially this centres around the need to redistribute high elastic moments from the 
beam to colwnn support regions into the mid-span regions of the beams so as to utilise the large 
saggmg moment capacity of the composite section. This mus!, of course, be achieved without 
exceeding the capability of the joint regions - either In teons of strength or of defonnauon. Thus 
complementary studies of the levels of perfonnance required from connections when operating 
in a frame environment are just as important as work to investigate connection behaviour itself. 

It is the purpose of this paper to bring together the findings of several recent studies of both 
connection behaviour and connection requirements as a way of demonstrating the progress that 
has been made towards the development of comprehensive design lreaUDents for semi-<:antinuous 
composite frames. 

2 CO ECnO PERFORMANCE 

It is now widely accepted that the important measures of connection perfonnance as defined on 
Figure I are: 

M. 
K 

•• 

M 

M. 

Moment Capacity 
Rotational StitTness 
Rotation Capacity 

" 

'0 • 

Figure J Simplified M-. curve fo r a composite connection 

and that the most comprehensive representation of connection performance is its complete M-+ 
curve shown as Figure 2. Compared with the equivalent bare steel detail, composite action 
generally increases M. and K but because it changes the eventual mode of failure it nonnally 
stgnificantly reduces ••. Indeed, re-examination of the vast body of test data on steel jOints 
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shows that in a large nwnber of cases actual failure· in the sense of reaching a peak on the M·. 
curve· did not occur. the test being stopped once very large deformations had been achieved 
andlor the available rotation provided by the particular testing arrangement had been exhausted. 

M 

D. Ind. 

M. 
M, 

M. 

o 

Figure 2 Mosl general form of momenl . rolalion characlerislic 

All available composite connection test data. amounting to some 150 test histories. have been 
included in a database linked to a spreadsheet calculation facility (5) that permits the verification 
of design approaches. Methods are now avaIlable (5) for predicting both M, and . , . the two 
propenies whose values influence the uh imate load carrying capacity of the semi-continuous 
frame through their effect on the achievable final pattern of moments. The availability of these 
design models has. in tum, permitted the study of practically achievable levels of connection 
performance. 

3 REQUIREME TS 

Compared with the extensive studies of connection performance referred to in the previous 
section. very little worle: had, until quite recently, been undenaken to study the relationship 
between frame properties e.g. suppon and span moment capacities, hogging and sagging beam 
stiffne:sses. span lengths, pattern of moments etc., the percentage of moment redistribution 
necessary to achieve the desired final moment distribution and the suppon rotations needed to 
achieve this. Starting with the separate consideration of elastic and plastic behaviour illustrated 
in Figure 3 recent theoretieaJ worle: at Nottingham (6,7) now permits the determination of the 
required suppon rotation e, for several different arrangements, linking this directly to the final 
level of design moments selected within the span. Exploratory calculations have been used to 
investigate the sensitivity of these rotations to the various problem parameters; from these the 
key quantities have been identified as: 

M'/M,, · ratio of suppon i.e. connection, moment to span design moment. 
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R,. ( M •• Nt,) I ( M.' My) • telative moment ratio 

1Il which M. span design moment 

My = span yield moment 

Mp span plastic moment, calculated using the stress block approach 

R,. implicitly includes the ratio MjMp, the chosen level of span design moment. 

q 

~!I!!j!j!!!!!!!III!!jj!llj!!!!!I!II!!~ 

I L I 
(a) 5111&Je span bam Wlth SCJN+npi conno:oons 
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dune reqwnd roDtJON 

I 

(d) dasac: deiormaDOn and e1.asoc: reqwmi rotanon 

pLun= requtnd roUooons 
( 

I lie' a, \ ~ 

Figure 3 Subdivision of required rotation 

Funher work has pennined the "inversion" of these findings so that explicit fonmulae have been 
provided to give not just required rotations in terms of beam propenies but, more usefully, the 
avwlable percentage of moment redistribution (or the final value of M'!M.J for selected values 
of e, and Mo. Thus starting from an appreciation of reasonable levels of connection perfonmance 
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M' and 0, - the designer can work directly with the final moment diagram. Alternatively, by 
ensunng that cenain limits are observed. rather uke the restrictions on cross-sectional geometry 
to give a "c1assl section" when using plastic design. a quasi-plastic approach (8) that parallels 
the mechanism method of simple plastic theory may be adopted. 

4 CAPABILITIES 

Based on behaviour observed in the tests (5). including the II ditTerent, possible failure modes 
listed in Table I. design models for M. K and cJ>. bave been established. In the case of M. and 
•• a consistent approach using the stress block concept and assuming: 

no tensile contribution from cracked concrete 
ii all reinforcement at yield (but neglecting strain hardening) 
111 a unifonnly distributed compressive force 

has been employed. 

Test tennanated due to excessive Joint defonnauon 
Excessive defonnation of column fl ange 
Buckling of beam flange 
Shear connector failure 
Anchorage failure of reinforcement 
Failure of slab in shear 
Fracture of slab reinforcement 
Local buckling of column web 
Finplate twisting 
Bolt failure 

Table I Failure Modes Observed in Tests 

Using basic concepts of mechanics. the pattern of force transfer through each component in a 
composite connection may be constructed : Figure 4 illustrates the concept for an endplate for 
wbich the neutral axis (of the connection) falls between the level of the first and second bolt 
rows. Each of the component resistances - suitably linked to the possible modes of failure - may 
be expressed in tenns of an appropriate fonnula, the neutral axis located. the lever arm 
detennined and hence the moment capacity calculated. 

Full procedures have been worked out within the context of the Procedure Guides and 
Engineering Bases approaches of the EUREKA elMsteel project for the 4 cases: 

endplates 
flO plates 
web cleats 
web cleats plus seating cleat 
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Validation was by direct comparison with test data and Table 2 shows the findings to be 
generally on the safe side. More recently the approach has been extended to take account of 
unbalanced moment loading (9.10 ). 

Connection types Number of tests Standard Deviation Coefficient of M,.)M ...... 
checked (SO) Varialion ( I( ) 

Flush endplBtc 30 0.17 14% 1.18 

3 0.04 4% 1.10 
( lOp position I 

Pamal depth 
endplate 5 0.04 4% 1.11 

(middle posit iOn) 

7 0.08 8% 1.03 
(bottom posItion} 

Clealcd 7 0.09 7% 1.25 

Fmplalc 4 0.08 7% 1.26 

Total 59 0.08 7.3% 1.16 

Table 2 Summary of Comparisons fo r Prediction of Moment Capacity 

A compatible method for calculating the available rotation capacity <1>. has also been devised (5). 
Starting from the same determination of the location of the neutral axis. the elongation of the 
reinforcement together with any slip of the shear studs is calculated. Based on records of 
reinforcement strains from tests the assumption has heen made that the region up to the second 
set of shear studs will be yielded. The model is illustrated in Figure 5. Validation has again been 
by direct comparison against test data and the results are summarised in Table 3. When studying 
this it should be borne in mind that the method is effectively attempting to predict the extent of 
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!be plateau region on the M-. curve of Figure 2. an inherently more difficult task than to predict 
that the deSIgner is interested in the question of 

se value. 
!be peak of t1us curve \.e. M,.. It is also the case 
odequate rotatIon capacity - not in using the preci 

Availability of these design models pennits the e 
connection to be readily studied. As an example. 

ffect of changing cenain key parameters in the 
Figure 6 shows the iniluence On M. of varying 
th endplate arrangement. For the 120mm deep !be percentage of slab reinforcement for a full dep 

slab 1.7% is required to develop a connection ca 
the beam. a figure that increases to 2.1 % for a 

pacity equal to the hogging moment capacity of 
slab depth of IOOmm. The different rates of 

may readily be eKplained by considering the increase of connection and beam moment capacity 
movements of the neutral axis. 

Using these calculation methods it is possible to . Identify "sensible" arrangements i.e. levels of 
ity that are readily achievable with practical 
entify unattainable levels of perfonnance e.g. 
or the middle of the beam cannot have their 
level through the addition of ever more 

connection moment capacity and rotation capac 
connection arrangements. It is also possible to id 
panial depth endplates welded to eIther the top 
moment capacity Increased beyond a cenain 
reinforcement or funher increases In slab depth. 

- r""" v 
Reinforcement 

LI 
dons_non 

F, LI 

;:c .., '/\ T/\ 

- Slip 0{ uuds 

, .-

t t, , , , 
-

, 
• -Lr.., 'tot 

Figure 5 Beam-to-column rotation capacity model 

Connectton Type I No of tests tandard Devlallon 

Flush endplale 19 1.29 0.54 

Ftnpl'l< 4 1.21 0.19 

Clt.led 6 1.10 0.35 

Table 3 Connection Rotati on Capacity Predictions 
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Figurt 6 Influence of reinforcement ratio on moment resis tance 

5 CONCLU 10 

The essential requirements of composite connections in non-sway frames designed according to 
the prinCiples of semi-continuous construction have been identified as: 

Sufficient moment capacity M' to reduce the design moment within the span of the 
beams. 

II Adequate rotation capacity e, to permit the associated redistribution of suppon moments 
to the span. 

Methods that link e, to M' and to the basic beam propenies have been identified and coupled with 
methods to predict available levels of connection moment capacity M, and rotation capacity • •. 
These procedures may be re-arranged in a variety of ways e.g. to operate in terms of percentage 
redistribution of suppon moments as is commonly used in the design of continuous composite 
beams and frames or as justification for the use of a quasiplastic design approach. 
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THE USE OF THE ISO BOLTS, 

IN ACCORDANCE WITH THE EUROPEAN STANDARDS 

Eugene PIRAPREZ I 

Abstract 

The "ISO bolts" are now proposed, instead of the "DIN bolts", in the European pre­
standards. The good quality of these bolts and their excellent behaviour during 
tightening are shown on base of nearly 500 tests results. 

Consequently, the rotation applied dunng the tightening can be reduced and the 
different components of the bolts can be supplied by severa l manufacturers. 

any case, the reliability is improved. 

1. INTRODUCTION 

The so-called bolts "ISO Bolts" in contrast with the "DI N Bolts" were defined since 
several years but were considered in application standards of only In few countnes 
They are now Included in the draft of the European Standards and the question is 
are they compatible with the other norms relative to the execution of the steel 
structures? 

Several researches have been carried out to check the influence of the threaded 
length of the screw on the behaviour of the global bolt. But this larger length is 
adopted to reduce the stocks of bolts and to avoid problems due to a bad positioning 
of the nut; this threaded length cannot have an important influence on the preload of 
the bolt. 

I Engineer at the CRIF. Steel Structures Department. LIEGE. BELGIUM. 
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On the other hand, It IS often forgotten that the nut IS also an element of the bolt and 
that ItS height is of the most importance on the tightening characteristics 

DUring the last years, the height of the nuts used In Europe increased significantly 
Until recently, most of them were manufactured in accordance with DIN 6915 (1), 
they were usually called "DIN nuts" and they had a height (m) equal to 0.8 d (d = the 
nominal diameter). Only nuts manufactured in U.K. had a height equal to 0.9 d and 
In France equal to 1.0 d. Now, In the European standards (2) [3], the values which 
have already been in the ISO standards, are considered (respectively mid = 0.9 and 
1 0) and they are recommended in the pre-standard 1090 [4] concerning the 
execution of the structures. 

Obviously, the height and therefore the "bending rigidity" of the nut can influence the 
global behaviour of the bolts not only during the tightening but also during all the life 
of the construction 

The determination of this possible influence was the goal of a very Important 
research 480 bolts were tightened and the main conclusions of the analyse of their 
behaviour are given below. 

2. PARAMETERS 

Three values were considered for the height of the nut 

m = 0.8 d in accordance with DIN 6915 [1]. 
This value IS the same for non-preloaded bolts; 

m = 0.9 d (or a bit less) In accordance with prEN 783 [2] concerning the 
style 1 of nuts; 

m = 1.0 d in accordance with prEN 780 (3) devoted to nuts for preloaded bolts 

It must be pointed out that for 8.8 bolts another parameter is linked to the height of 
the nut It IS the hardness of the material. The relation between the two factors is 
shown In figure 1. It will be very difficult to make a distinction between the Influence 
of each of the two parameters Meanwhile, we have already shown that a higher 
hardness of the nut improves the behaviour of the bolt [5]. 

The influence of the height of the nut has been evaluated by looking at saveral 
parameters, particularly : 

the validity of the tightening methods; 
the geometrical conditions when tapered washers are required; 
the use of components (screws and nuts) supplied by different manufacturers 
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0.. •• , . 
Figure 1 - Relation between height and hardness of the nuts. 

3. INFLUENCE ON THE TtGHTENING CHARACTERISTICS 

When the nut is higher, its bending rigidity is larger and the repartition of the forces 
on the thread IS more uniform. Consequently, the plastic deformations along the 
thread are smaller and it is possible that the required rotation of the nut (a) to reach 
the nominal preload (Fy) must be reduced. On the other hand, if the threaded part of 
the screw is larger, the zone with a small plastic deformation is also larger and it is 
possible that the required rotation must be increased 

tn addition, the maximal pretoad is determined by the rupture of the net section and 
not by stripping of the thread. That means that the "reserve of rotation" (au) from the 
point reached by an usual tightening till the maximal load on the diagram (F p - a) 

cannot be sufficient 

Al l these parameters have been considered dUring the evaluation of the tests 
results. It appears that when using nuts with a height equal to 1 0 d instead of 0 8 d . 

• the value of the coefficient k is about 10 % lower. 
This coefficient links the applied torque to the preload by the relation 
M. = k dFy: it depends upon the frict ion between the threads and between 
the rotated part and the washer. 
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the maximal stress (" max) is about 10 % higher for 8.8 bolts and the same 
for 10 9 bolts; 
the stress induced by the combined method (()' comb) is 1 0 % higher for 
8 8 bolts and the same for 1 O. 9 bolts. 
This method is defined by the relation 0.75 M. + ac; 

it consists in applying a torque equal to 3/4 of the required torque to reach 
the full preload and then in applying a further rotation equal to a c , 
the reserve of rotation (au ) is much higher (between 10 and 40 %); 
the "ductility" of the bolt in the elastic range is a bit lower for 8.8 bolts; 
the stresses due to torsion are nearly the same in all cases. 

The conclUSions can be illustrated by the figures 2 and 3. 

G 

Figure 2 - Influence of "new" nuts on the behaviour of 8.8 bolts. 

G 

Figure 3 - Influence of the height of the nuts on the behaviour of 10.9 bolts. 
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If we compare the diagrams shown in these two figures, it seems that the behaviours 
of B.B and 10 9 bolts are different, but this difference IS due to the hardness of the 
nut and not to ItS height. For 10.9 bolts, the hardness of all the nuts was the same 
and It IS clearly shown on figure 3 that the height of the nut Increases only the 
"capacity of rotation" 

It is eVident that the behaviour of a B.B bolt with an ISO nut is very similar and that 
the increase of the maximal stress and of the "rigidity" is due to the variation of the 
hardness of the nut. This phenomena was already remarked a few years ago, when 
the hardness of grade 10 nuts was modified [sJ. 

About the calibralion of the combined method of tightening, these results confirm the 
conclUSions of prevIous researches [s,e.g.J : since the manufacturers have a quality 
control system, the quality of the bolts is higher and the angle of rotation (n. ) to 
apply on the nut during the second phase of the tightening can be reduced The 
standardized values and the proposed values for n . are given in table 1, where 1: t 
is the total nominal thickness of parts to be joined (Including all packs and washers) 

Table 1 - Values of n . 

2 5 6 10 

Standardized values 60 90 120 ? 

Proposed values 60 90 ? 

If the values of n. are reduced In this way, the required preload can be garantied for 
all the bolts and the deformations of the thread are lower, which improves the long 
duration behaviour of the bolt, even if the "reserve of rotation (au)" is very large 

4. INFLUENCE ON THE USE OF TAPERED WASHERS 

In accordance With the norms [4J, .... a taper washer must be used under the rotated 
part of the bolt when the surface is not normal to the bolt axis. without mentioning 
the limit angle. In the ECCS recommendations [6J, it is stipulated besides that such a 
washer is also required under the non-rotated component when the taper is larger 
than 3" These requirements are based on very few tests results. Moreover, only two 
types of taper washers are standardized : with a taper equal to 8 % (= 5") and to 
14 % (= 8") which correspond to the tapers of the flanges of IPN and U profiles It 
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was necessary to check if these values were stili adequate for nuts with a larger 
rigidity. because the secondary effects could be larger too. 

Tightening tests were carried out with Uniform plates and washer(s) with a taper of 
8 % A taper washer was installed : · under the head 

under the nut 
under head and nut. 

The diagrams of the figures 4 to 7 give an overview of the results. 

I~ 
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Figure 4 - Influence of the taper on the k value 
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Figure 5 - Influence of the taper on the reserve of rotat ion (au) 
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It is evident that when the surfaces of the assembled parts are not parallel (8 %, In 
this case), the behaviour of the bolt can be very different. When using the torque 
method of tightening , the loss of preload can be larger than 30 %. When using the 
combined method, the preload is also lower (= 10 %) but sufficient in any case 
Nevertheless, if no taper washer is used when the angle between the surfaces is 
equal to S' (or higher), the further rotation applied during the second step of the 
tightening must be increased. But the security is reduced. 
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The height of the nut has no InflUence on the effect of the non-parallelism of the 
surfaces, but the parallelism is a parameter to check carefully on site before the 
Installation of the bolts and the limit value of 3° given in the standards about the 
permitted taper seems to be appropriate. 

5. COMPONENTS FROM DIFFERENT SOURCES 

It IS usually stipulated in national standards that all the components of a bolt must be 
provided by the same supplier. But now, regarding to the high quality level of the 
fabncatlon, the question is : "Is this requirement still necessary ?". 

Screws and nuts coming from 3 different suppliers were combined and their 
behaviour characteristics during tightening were determined. 

A very Important conclusion can be established from this tests sene : 

"The behaviour of the bolt is influenced by the nut and not by the screw" : the same 
nut applied on different screws gives exactly the same results, but on the other hand, 
the results obtained by the same screw with different nuts are scattered. 

The general conclusions regarding to the use of different nuts are : 

the range of the preload obtained by the torque control method of tightening IS 
more than 20 %; 

the range of the preload obtained by the combined method of tightening is about 
10 % for 8.8 bolts and less than 2 % for 10.9 bolts. 

The difference between the results obtained by the two methods of tightening is In 
line with the results of the previous researches and the values of the ranges of the 
preload are similar with the results obtained about 10 years ago when the controls 
dunng the fabrication were not so severe 

The rather large range of the results obtained with 8.8 bolts is not due to the height 
of the nuts; it proves again the very important influence of the hardness of the 
material. The scattering is maybe also due (for a small part) to the tolerances of 
fabrication which are not so closed for 8.8 bolts as for 10.9 bolts. 
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6. GENERAL CONCLUSIONS 

The ISO bolls have a very good behaviour; Ihe quality of their fabrication IS now very 
hlQh 

This level of quality IS mainly due to the nut Improvements 

The quality of the nut IS much more influenced by ItS hardness than by Its height. 

The rotation applied during the second step of the combined method of tightening 
should be reduced 

The control of the parallelism of the surfaces of the assembled elements must be 
severe 

The source of the different components of the bolt (according to ISO standards) has 
no Importance when the combined tightening method IS used 
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FROM DESIGN DRAWINGS TO STRUCTURE 
THE ROLE OF THE FABRICATOR'S ENGINEER IN 

DEVELOPING CONNECTIONS IN USA 

LAWRENCE A. KLOIBER, P.E. 1 

ABSTRACT 

Trad~ionally the structural engineer establishes the strength and stiffness requirements 
for the connection on the design drawing along with the preferred method of force 
transfer. The fabricator's engineer is responsible for developing a constructable 
connection that complies with these guidelines. The Scope of this work may vary from 
merely establishing detail dimensions to selecting the type of connector and locating 
and sizing the connection material. Examples of the fabricator's role In developing 
connections are reviewed. 

1. THE FABRICATORS ROLE 

The structural engineer of record (EOR) is by law the person responsible for the deSign 
of a structure. His role is well established both by law and custom. Less defined and 
understood is the role of the fabricators engineer in converting the design Into an actual 
lIructure. This is a multifaceted role that includes interpreting the design draWings. 
reviewing for conflicts and inconsistencies, checking constructability, serving as a 
technical resource, providing value engineering, developing connections, details, 

quality control, preparing repair procedures for fabncallon 
IlOll-CC)nfc)rrTlanCeS and helping solve field problems. The fabricator assists the EOR by 
'aervirlc as a steel expert with knowledge of matenal properties, matenal availability, 

procedures, fabrication methods, and erection procedure. All of these roles are 
of being a contractor and builder and are a complement to the EOR's role as 

drawings are intended to convey the EOR's concept of the structure to Ihe 
As in any communication there are always ample opportunities for 

."in!","r"!.,!inn,, or even a failure to communicate important information. The chance 
a communication failure increases when constraints such as time or budget Impact 
drawing preparation and when the structural system involves unique, complex or 
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heavy members. Typically most of the engineer's design efforts involves positioning 
members, structural analysis and designing the members. Connections are often a I 
minute addition to the drawing. They are usually communicated by use of schedules 
and standard details or in the case of unique connections a representative detail. 
In a complex structure it is almost impossible for the designer's details to show all the 
variations required to accommodate the various connections. A world class structural 
consultant using the latest computer programs can analyze and design the structural 
frame for a complex 50 story high rise in a few weeks. A steel fabricator would need 6 
months to prepare shop drawings, detailing all of the connections needed for this same 
structure. 

Converting these design drawings into a structure requires a partnership between the 
EOR and the fabricator. Each has their role, the EOR as the designer and the 
fabricator as the builder. While they may assist each other they remain solely 
responsible for their separate duties. The fabricator may size connections and 
proposes changes in details and material but this is done as a builder not a designer. 
The engineer may help with construction by providing dimensional information but the 
fabricator remains responsible for the fit of the structure. 

The fabricator begins the construction process with an overall review of the structu 
design drawings to understand the scope of work, sequence of construction and t 
structural system arrangement and function. This includes a review of specifications, 
structural notes. members sizes, loads and forces and connection details. The 
fabricator looks for conflicts , inconsistencies, missing information and anything that 
does not look right. Special attention is given to the lateral load resisting system. 

Bracing systems usually involve some of the most complex shop details, require the 
most labor to fabricate and are the members most likely to have field fit-up problems. 
These members, however, are probably shown with the least detail on the design 
drawing. Typical bracing elevations show members sizes, the axial forces in the 
diagonal member and a standard connection with a concentric work point. The 
fabricator must be able to determine what the complete load path is from the origin r:A 
the force to the foundation in order to detail all of the connections for the appropriate 
forces. This includes knowing diaphragm shears and chord forces, collector forces and 
pass through forces at bracing connections. The designer's failure to provide I 
complete load path may require the application of the trickle theory of load transfer. 
The use of concentric work points at bracing joints makes the analysis of the frame and 
the design of members easier but may subject the detail material to eccentric loads or 
result in awkward details. This usually occurs when bracing slopes are extreme or 
member sizes vary substantially in size. It is important when reviewing bracing to 
determine if the work points shown will result in reasonable details. 

Moment frame systems are usually very conservatively shown with notes calling for 
connections with a strength equal to the full section, often a complete joint penetration 
weld , along with column stiffners equal in th ickness to the beam flange. The fabricator 
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wants to know actual moments and shears in order to develop connections that are 
efficient and erectable. It is important when detailing connections for wind frames to 
know the size of the moment in each direction. Typically the reverse moments are less 
due to gravity load moments. When checking for stiffners and detailing bottom flange 
moment connections the use of these reduced tension loads may provide simpler more 
economical connections. 

Shear wall systems are simpler to detail and normally involve knowing only drag strut 
or diaphragm forces. Neither of these are usually clearly shown or detailed. 
the structure depends on shear walls . precast panels. or horizontal diaphragms 

lateral stability it is important that the general contractor and erector know this. The 
_ctor by standard practice only provides erection bracing for lateral loads on the bare 

The construction sequence may require the general contractor or his erector to 
additional temporary bracing because the permanent lateral load system is not 

~n,iP.t" 

load systems are reviewed to be sure all the needed connection information is 
seems reasonable. Any special conditions involving heavy loads or large 

_ntri.cai,.~ are studied. If typical connections are scheduled the fabricator reviews 
to see if they can be efficiently built using the available equipment and provide 

safe erection. 

framing systems such as long span trusses. arches or space frames get a 
o.Am;n,~n, constructability review along with a general review of forces . connection 

and bracing. 

fabricator then usually contacts the EOR to verify his interpretations of drawings, to 
_lest additional information needed to prepare connection details. and to discuss 

the various connections should be detailed. Preliminary sketches of some 
~r,ectinr,. may be submijted at this time. Th is initial review by the fabricator is not a 

review but it is an effort by an experienced professional to understand the 
".",,,,,,1 concept, verify whether all the needed information is shown, and determine if 

are any obvious constructability problems. 

plans are then prepared for every member in the project. Even where the 
drawings are used as the framing plans. all of the dimensions are reviewed and 
possible checked. Point to point dimensions are calculated for all sloping or 
members. Design drawings prepared by computer aided drafting can present 

problems when down loaded. If the operator puts the cursor on the wrong point 
machine will scale the wrong dimension. If manual changes have been made they 
not be picked up. Because the fabricator is responsible for the fit of the structure it 

lIl!enltial that all of these dimensions be verified before connection detailing begins. 
during this stage that dimensional discrepancies and conflicts show up. Members 

in plan may conflict with members shown only in elevation. Columns may be 
and members may not intersect as shown in connection details on the design 
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drawings. Each issue must be satisfactorily resolved before the connections can be 
detailed. 

While framing plans are being prepared connection details are developed. The details 
and schedules shown on the designs are again reviewed for constructability and 
economy and where possible used as shown. Special connections are usually shown 
In concept only and actual detail dimensions, bolt sizes, and weld details are left to the 
fabricator to detail. When the EOR attempts to fully detail connections the fabricator 
often finds constructability problems or judges the connection to be uneconomical to 
fabricate. Standard competitive bidding practice dictates the fabricator anticipate using 
the most economical connections suitable for the structural needs unless more 
stringent requirements are indicated on the designs. In order for the owner to benefit 
from this practice it is necessary to clearly show what the minimum connection 
requirements are. Many EOR's are convinced that regardless of what type of shear 
connections they show, the fabricator will want to change them. What they should 
realize is that often the fabricator has to evaluate several options before deciding on the 
type of connection to use for a particular project. This should not be a real problem 
because it is easy to provide for these options. The EOR can simply specify the 
requ ired reactions and allow the fabricator to use any of the standard connections In 
the AISC manual. This includes the use of single plate and single angle connection to 
Improve economy and erection safety. Single side connections are becoming more 
important as erection safety rules get more restr ictive. 

The solution for special connections is for the EOR to show representative connections 
that have the type load path that is needed and then show all of the reqUIred 
connection forces. The fabricator then sizes connections for these forces and provides 
all of the detail dimensioning. The EOR can then review and verify the connections a,.. 
adequate for his design. This method of developing connection details utilizes 
knowledge and experience of both the EOR and the fabricator in the most efficient way. 

Unique connections such as space frame connections, heavy plate connections a 
splices in Group IV and V shapes present special problems. Standard connectio 
have been refined over the years and the problems are known. Every time you deve 
connections for new special systems you have to be on the alert for unfores 
problems. Heavy connections may have material and structural compatibility problem 
Space frames connections have access and dimensional tolerance problems. 
fabricator must be able to determine the strength and stiffness requirements for th 
unique connections before constructabil ity problems can be solved. As loads 
eccentricity increase, it becomes more difficult to develop flexible connections and t 
may change the forces on the member. The EOR and the fabricator have to share th 
knowledge to develop these connections. 

Connection design does not stop with the approval of shop drawings by the EOR. 
beginning of shop fabrication presents additional challenges. Material ordered for t 
project may not conform to specifications, fabrication errors may occur and unfores 
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... n,,,,,,bility problems might be discovered. The fabricator must evaluate each 
to determine if a modification or repair is necessary. Even though shop 

_rvi,:inn or quality control personnel may Identify the problem it IS Important that the 
IbncatIOr'S engIneer review and document any modification. Where It IS determined 

the connection even after repair or modification will not meet the orlgtnal standards 
proposed action must be submitted to the EOR to make the determination If the 

III1nlecl:ion as fabricated will be fit for purpose. 

erection of the steel frame serves as a check of the fabricators efforts to detail and 
connections that fit perfectly. If the erector cannot put the bolt in the hole it 

be necessary to modify the connection. Most minor fit up problems can be 
_OIvEld with reaming, slotting, or shimming. Larger dimensional errors or other 
DOf1lStr1uct.ability problems may require the fabricator to develop a new connection detail 

requires the approval of the engineer. Aga in, it may not be feasible to provide a 
IfXMmecti·( In that meets original design standard and the EOR will be called on to make a 

for purpose determination. 

2. EXAMPLES OF CONNECTIONS DEVELOPED 

fabricator's role In developing economical and constructable connections that fulfill 
of EOR's structural design requirements can be further explained by some examples 

partnership. 

first project is a 42 story office building that uses a perimeter moment frame 
.,...pletd with a braced core as the lateral load resisting system. When the fabricator 

to detail connections for the braced core he realized that horizontal strut axial 
given in the connection schedule were substantially less than the horizontal 

IDrnpcment of the brace diagonal. When the fabricator asked about this difference It 
discovered that when the structure was modeled an arbitrary stiffness was 

•• iarled to the floor to simulate the interaction between the moment frame and the 
!ralced core. In the model the floor was carrying part of the brace force. The EOR was 
not willing to rely on this type of composite action so all of the horizontal struts and their 
axial forces were increased in size. The fabricator then developed connections for 
these new forces. 

The second project is a sports arena using a skewed chord space truss supported on 8 
cofumns with the roof located at the bottom chord of the trusses. Each type of 
connection was clearly shown on the design drawing along with the forces to be used to 
determine the number of bo~s and weld required for each connection. The fabricator in 
_iewing the forces given for the bottom chord discovered that the bottom chord 
members had been modeled as axially loaded pin ended members with end shears due 
10 the transverse loading of the roof. The actual connection which consisted of double 
web plates welded between the flanges of W27 sections was extremely rigid . After 
_iewing this compatibility concern with the EOR the fabricator proceeded to size the 
oonnections for only the axial forces and shears given using N type values for all of the 
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bolls. A check of the connections' for fixed end moments using an assumed shffness 
and X type values for the bolts indicated there was adequate strength even if a rigid 
connection was assumed. 

. -

-
~, 

~, 

IOTTOI OKlRD CO~~ECTOR 

If If Ivr--
, fL. li\ , 
I:~ .:-J ... _. 

'v-• 

""'"""'" aOTIOM CHORD 

, 
i---J 
t-

TOP CHORD 

FIGURE 1. SKEWED CHORD TRUSS DETAILS 

The top chord and all of the diagonals of this same truss were circular tubes of ASTM 
A588 material left unpainted to weather. While the fabricator was detailing the 
connections for these members the EaR became aware of a study (Brockenbrough, 
1983) describing possible problems in weathering steel jOints. The study indicated that 
under certain conditions where moisture had access to the inside of a joint the 
expansive pressure of continuing corrosion could over stress the connection bolts. 
Connection details were reviewed to make sure the material thickness and fastener 
spacing recommendations were complied with. Special restrictive fabrication 
tolerances were established for connection material flatness in order to insure that the 
connection bolts would be able to clamp the full surface together. The fabricator, by 
using techniques such as pre-bending, compensating heats, and special fixturing, was 
able to eliminate almost all of the weld shrinkage effects. The in-place connection fit 
tightly together with virtually no gaps. 

The th ird project is a 57 story office building that uses a number of unique lateral load 
systems. The wind in the longitudinal direction is resisted by a series of 5 story bands 
of vlrendlel trusses spanning 97 ft to reinforced concrete super columns. The virendlel 
frames were designed as a series of horizontal trees with the verticals spliced at 
mid-height between floors. The design drawings called for the splices of these verticals 
to be partial penetration groove welds. The shop connection of these same verticals to 
the horizontal were CJP welds. Even if the verticals were milled to length after welding 
there was no way to maintain the alignment needed for the proper field weld joint. Since 
the field splice was at the inflection point the connection forces were rather modest 
axial and shear loads. The fabricator developed an end plate splice with slip critical 
bolts in oversize holes. All of the verticals were detailed short to allow for a standard 
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WELDED SPLICE 

FIGURE 2. TREE BEAM DETAIL 

inch shim pack. This connection allowed enough adjustment in all three directions 
'eccornmod;ate fabrication tolerances. This extensive reduction in field welding was 

of the keys to completing erection ahead of schedule. 

fourth project is a 37 story mixed use structure that uses a mega truss bracing 
for lateral loads. The bracing nodes are at 5 story intervals with wide flange 

_mals sized for compressive loads. The EOR designed the connection of the 
III;lon;al to column and the horizontal strut as a groove welded butt splice. Because of 

experience with poor fit up the EOR indicated joint fit up had to comply with AWS 
.1 tolerances with no buildout permitted. There was no way the combination mill , 

~;"-"tinr , and erection tolerances would allow the erector to achieve this type of fit 
"been nodes. The fabricator added a splice at the midpoint of the diagonals utilizing 

welded lap plates for adjustment. This allowed the erector to jack each segment to 
exact required fit up at the nodes. Adding this splice also made it necessary to add 

temporary column to support the lower half of the brace until the midpoint connection 
ClDUId be welded. 

UCT ,ONAA 

FIGURE 3. MEGA TRUSS ~ONNECTION DETAIL 
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The mega truss also serves as part of the gravity load structure where the building 
changes from a hotel to office use. One of the interior columns drops off and the truss 
diagonals carry the column load to the exterior columns. The horizontal tie at this level 
is a plate girder with an end reaction of over 200 Kips. The connection shown on the 
design drawings utilized a large gusset sized to accommodate the connections of the 
W14 diagonals and the plate girder without over lapping. Stiffners were sized to match 
the flanges of each member. this detail placed the connection of the plate girder 
approximately 3 ft from the center of the column. The web splice of the girder 
consisted of lap plates in double shear. The EaR directed the fabricator to size this 
connection for the specified reaction with an eccentricity of 3 ft. This resulted in a 
connection with two rows of 16 - 1" diameter A490 bolts each side of the connection. 
The EaR then refused to allow the fabricator to transmit any of the 1000 Kips axial 
tension through the flanges because he did not want to make the connection too rigid. 
The final detail developed by the fabricator used a drag strut consisting of 2 plates 
2 1/2" x 10" field welded at the mid depth of the girder. 

The fifth project is an exhibition hall which consists of three lamella domes 210ft in 
diameter surrounded by hollow structural tube (HST) space trusses. Each dome was 
supported by a series of sloping pipe struts from four columns. The domes vertically 
supported the inside edge of the space truss and the space truss laterally restrained 
the domes. 

FIGURE 4. EXHIBITION HALL FRAMING SYSTEM 

The EaR was directed by the owner to design all connections. The design specified for 
all space frame connections was a CJP weld. Many of the connections were "K" type 
joints where CJP welds could not be made because of restricted access. Even where 
access was adequate this type of detail required special welder certifications and was 
very difficult to inspect. 
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The fabricator's engineer working with industry experts Dr. Jeffrey Packer and Omar 
Blodgett developed weld details for each "K" type joint using fillet welds combined with 
partial penetration groove to provide the required strength. "r type joints and butt 
joints were detailed with special internal backer bars so all welds could be made by 
welders with standard 2 and 3 G certifications. 

SPACE TRUSS lortON CHORD CONNECTION DOME l ASE RING CONNECTION 

FIGURE 5. SPACE FRAME AND DOME CONNECTIONS 

dome base ring connections were complex welded heavy plate assemblies 
..... lic:tilnn of 6 inch plates with two wide flange diagonals and a series gusset plates 

welded to opposite faces and tie plates welded to the edges. The EOR had 
experience with brittle fracture of heavy welded connections so he had 

peci~ed ASTM A588 material with standard Charpy-V-Notch (CVN) testing in an effort 
provide material toughness. When the fabricator reviewed material specifications 

the producer it was determined that standard CVN testing would not provide 
_",,,nee of through thickness toughness. The fabricator with the owners approval 

Dr. John Fisher and Dr. Alan Pense to work with Dr. Jrhn Barsor,l to develop a 
lIII:iflCaU'c In for material properties needed to provide adequate through thickness 

test procedure calling for through thickness samples taken at the geometric 
of the plate was developed. Yield stress was reduced to 46 KSI but a 20% 

in area was specified for through thickness tension tests. CVN minimum 
were set at 15 ft Ibs @ 700 F in all three directions. The producer supplied a fully 
low sulfur. vacuum de-gassed, and normalized material with inclusion shape 

All material was 100% ultra sonically inspected at the mill. There were 
lOIutely no through thickness problems due to welding strains. 
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A different problem with these weldments was discovered during the erection stage. 
Each of these weldments had a series of gusset plates up to 4 ft long CJP welded to 
the 6 Inch plate as described above. The angular alignment of the gussets required the 
CJP welds to be made from one side. The weld shrinkage from this type of JOint 
caused the plate to rotate. Even with fixturing and compensating heat spots It was 
impossible to maintain the actual position of the ends of the gussets to a tolerance of 
less than 1 Inch. Because of the flexibility of the plates the erector was still able to slide 
the slotted pipe structs over the gusset plate. The fabricator noted, however, that this 
misalignment resulted in an eccentricity in the gusset and thought this eccentricity could 
be enough to cause some of the gussets to buckle under compression loads. The 
fabricator notified the EOR of this problem and u~imately convinced him that the only 
reasonable solution to this problem was the addition of field welded stiffners to the 
critical gusset plates. 

The sixth project is a multi-use sports facility. The roof is framed with three 26 II deep 
trusses spanning 206 ft and framed at one end to a jack truss spanning 185 ft . All of 
the truss members were W14 sections oriented with the flanges vertical and connected 
with lap type gusset plates. The work point of the connections of the roof trusses was 
shown at the neutral axis of the top chord of the jack trusses. This resulted in an 
eccentricity of 13 + inches to the center of the connection bolt group with reaction of 
450 Kips. It was impossible to design a field bolted connection capable of developing 
these moments and shears. By moving the work point to the face of the jack truss 
gusset plate the connection eccentricity was reduced to 4 1/2 inch and a heavy framed 
angle connection was capable of developing the required strength. The eccentricity of 
the reaction in the jack truss was easily balanced by adding a 14 Kip horizontal force to 
the bottom chord connection of the truss to the jack truss. 

1':1" ... . 

CONNECTION WITH CONCENTRIC WORIPOINT CONN!CTtON WITH WORK PO INT ON FACE OF TRUSS 

FIGURE 6. ROOF TRUSS CONNECTIONS 
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seventh project is a discount store prototype that uses a moment frame to resist 
loads in one direction and shear walls in the other direction. The moment frame 

ists of a fixed base column and a continuous joist girder field welded to the column. 
original design had the joist girder and intersecting joists supported by stiffened 

on the column. The joist girder top chords were tied together with field welded 
es and the bottom chords were field welded to a heavy through plate. The 
. tor revised the detail so the joist girder sat on the column cap plate and the loists 
on the joist girder thereby eliminating all of the stiffened seats. The top chords were 

connected together using angles field welded under each side. Small connection 
es transfer the wind moment force to the column cap plate. This redesign saved 

t $7,000 per store and at approximately 90 stores per year the owner saves over 
,000 annually. 

2 e~~.'1 JOtST CIRO£R SECTION 
COMIlNATlOH END PL. , CJP WELD CONNECTION 

RE 7. WIND MOMENT CONNECTION FIGURE 8. MODIFIED END PLATE 

fabricator's knowledge of connection design coupled with his experience in solving 
ication and erection problems can give a unique insight into solving special 

connection problems. The eighth project is a recently built linerboard mill to recycle 
dboard boxes. The main paper machine building is a conventional mill building 

UBing heavy wide flange step columns to support the crane runway and building roof . 
"TIle operating floor girders which are designed for minimum floor load of 400 psf are 
moment connected to crane columns to provide lateral load support. All of this material 
II blast cleaned and receives a two coat paint system in the shop because of the 
corrosive operating conditions. Because of the special paint system every effort is 
made to avoid field welding. 

The girder moments in several cases, however, were beyond the capacity of a stiffened 
• batt end plate connection. Standard field welded moment connections would have 
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had to have the backer bars removed or seal welded prior to field cleaning and palntong 
the connection area. 

A review of the actual moments showed the reverse moment was only 1/3 of the 
maximum connection moment. A standard end plate connection could easily handle 
this reduced tension load at the bottom flange. The connection was then detailed with 
CJP weld for the top flange with an end plate serving as a permanent backer for thIS 
weld and also as the web and bottom flange connection. The use of an end plate for 
the bottom flange connection sized for the smaller tension load also eliminated the 
need for column stiffner plates at the bottom flange. 

3. CONCLUSION 

The fabricator. the erector and the EOR must work together to develop connections 
that can be fabricated and erected to the required tolerance and quality and meet all of 
the structural design requirements. Each party must be able to rely on the other to fulfill 
its role. When this partnership works well It is a win win propositoon for everyone 
involved. There is nothing quite like the satisfaction that comes from being part of a 
successful team responsible for making an idea become a reality. 
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PR Connections In Design Practice 

Arvind V. Goverdhan, Ph .D.' 
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Abstract 

The use of PR connected un braced frames is discussed from the viewpoint of design 
practitioners. The features of a computer program and a procedure designing PR 
frames using composite connections is presented with an example. Issues for further 
research to assist designers have been Identified, based on this example. 

1. INTRODUCTION 

This paper outlines the design of unbraced frames with partially restrained (PRI 
~nnections as practiced In an engineering design office. At the very outset, It should 
be emphasized that the design of PR unbraced frames is only viable with computer 
eoftware that specifically allows modeling the connection restraint. A computerized 
method for the deSign of PR frames eliminates tedium and encourages creativity . 

The economic incentives for partially restrained connections in structural steel frames 
. e found in the reduct ion of steel tonnage due to end restraint and in simpler and less 
expensive connection details. The idea is simple - make use of the inherent stiffness 
of connections that have tradi tionally been ignored, perhaps with minor modifications 
110 details that enhance connection performance or improve the predictability of 

ponse. This approach IS feasible for low to moderate height structures built in the 
United States. In the authors' experience, the best results require the mobilization of 
more (PR) frames than would normally be required with fully rigid (FR) frames . The 
lateral stiffness IS, therefore , distributed over the floor plan as opposed to being 
Isolated along a few column lines. Widespread use of PR frames in the U.S. is 
hindered by the absence of guidance on the moment-rotation response of connections 
in the design specification . There is also a lack of understanding of nonlinear analysis 
and software tools required for design. 
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The design engineer is concerned 'with the serviceability and strength of the unbraced 
system at specified combinations of loading. The questions that must be addressed 
Include: 

1) What does the design specification sanction? 
2) Where is information obtained on connection sti ffness and response? 
3) What software tools are needed? What are the minimum analysis requirements 

and modeling guidelines? 
4) How are the various elements of the frame designed- the beams, the columns 

and the connection elements? 

These POints are discussed in the following sections. 

2. SPECIFICATION AND BUILDING CODE ISSUES 

The use of partially restrained connections is explicitly permitted by the AISC Load 
and Resistance Factor Design (LRFD) Specification for Structural Steel Bui ldings . This 
is predicated on evidence of predictable end restraint by the connections and " ... the 
capacity of the connections to provide the needed restraint shall be documented in the 
technical literature or established by analytical or empirical means." (LRFD 1993). 
There is no further guidance or reference to published works . The commentary 
cautions the designer to "take into account the reduced connection stiffness on the 
stability of the structure and its effect on the magnitude of second order effects ." The 
limit states approach of the LRFD specification is better suited for the analysis and 
design of PR frames than the Allowable Stress Design (ASD) specification. W hile the 
ASD specification allows PR connected frames , it does not provide a rational basis for 
their analysis and design when nonlinear effects are dominant. 

The use of PR frames in seismic zones is permitted; however, there is no codified 
design procedure. Minimum lateral forces which are a function of system ductility and 
lateral stiffness are specified by code for basic prequalified systems. Presently there 
is only limited published research upon which to draw. Until there is a codi fied 
procedure for design , the use of PR frames in regions of significant seismic risk is not 
recommended unless time history studies are used and the connections used do not 
exhibit severe degradation due to cycl ic loading . 

3. CONNECTION BEHAVIOR 

Connection response is quantified by a characteristic moment-rotation relationship for 
each type of connection . Figure 1 shows a typical moment-rotation curve . This 
relation is nonlinear due to inelastic deformation of the connection components. The 
degree of nonlinearity is dependent on connection type. This characteristic moment­
ro tation rela t ionship is an atomic input to the analysis and design of PR frames. 
Without access to this basic information it is not possible to pursue the design of PR 
frames . From the connection curve the following information is obtained : 
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1) The secant stiffness, K. = M/¢ 
2) The tangent stiffness, K, = dM/d¢ 
3) The unloadong stiffness, Ku 
4) The ultimate moment capacity, Mu 
5) The ultimate rotation capacity, ¢ u 

A connection is said to be full strength when the ult,mate moment capacIty exceeds 
the moment capacIty of the connected beam. Otherwise, the connection is classified 
as partial strength. Several researchers have also found use for the quantity , K" 
defined as the initia l stiffness of the connection . Most of the experimental work on 
connections has focused on the 
monotonic loadIng response of the 
connections and there is insufficient 
data to quantify the unloading stiffness 1 K t 
Ku. This is usually assumed to be equal 
to the initial loading stiffness K,. 

0-
Z 
W 
:::; 
o 
:::; 

ROTATION 

Ku It was recognIzed in the early 1930' s 
when research on the semi-rigid nature 
of connections was pursued in earnest 
that designers needed to know the 
characte ristic moment - rotation 
relationship. Since then, substantial 
work has been undertaken to quantify 
this relationship for various types of 
connections. Currently the designer 
wishing to use PR connections must 
research the literature to determine the Figure 1 Typical Moment-Rotation Curve 
moment-rotation relationship and 
document predictable end restraint. Experimental data from tests dating from 1936 
were digitized by the first author (Goverdhan, 1983) to facilitate the study of the 
moment-rotat ion relationship of connections and the various attempts to quantify it. 
This data also appears in the connection data-bank established at the University of 
Purdue and is available in electronic form (Chen and Toma, 1994). There has been 
more experimental work on connection response since the initial compilation, but the 
authors are unaware of any attempts to keep the database up to date. 

Ideally, connection behavior models should be established on the basis of geometrical 
and material parameters. Some calibration constants may be required to smooth the 
variation in nominally identical connections and deal with influences of material 
overstrength in seismic construction . The accuracy of representation of a moment­
rotation relationship should be assessed from its influence on overall frame as well as 
individual element behavior. This involves basic research which should be the focus 
of institutions such as the AISC to promote the use of PR frames . Work is underway 
under the direction of the first author to collect and standardize connection models for 
design use. 
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4 . ANALYSIS AND DESIGN SOFTWARE 

Several papers have outlined computer analysis techniques which incorporate the 
effect of PR connections. While some of the formulations include the consideration 
of large deformation theory and material Inelasticity, these are not believed to be 
necessary for routine design office use. According to the lRFD specification, a first 
order linear elastic member response is acceptable to determine the distribution of 
forces in a structural framework. Higher order effects must, however, be considered 
in the design of a member of the framework. The specification outlines a method to 
convert first order linear elastic forces to design forces before applYing the design 
interaction equation check to ensure adequate strength capacity . This method, called 
the B, -B, method, may be avoided by conSidering P-t. and P-O effects directly In the 
analysis using a second order linear elastic member response . 

There are other higher order effects which are significant to the response of the 
imperfect structural frame that cannot be practically or realistically modeled. Some of 
these effects, such as those due to residual stresses, member imperfections and 
lateral-torsional buckling, require computer resources beyond those that are readily 
available to the design engineer. These are best handled by empirical factors in the 
design equations from the specification. From a design office perspective, analysis 
software is needed that closely ties in the design specification . 

The following is a list of features useful in the analysis and design of PR frames. 
These have been incorporated into a program used regularly in our design practice. 

1) Three-dimensional modeling capability with or without rigid diaphragm 
assumption . 

2) Explicit modeling of connections at member ends. Connection stiffness and 
response are internally evaluated from a library of connection models, e.g., 
piecewise linear, polynomial, power, modified exponential models etc. 
Connection response may be different under positive and negative moments. 
Unloading behavior may be specified. 

3) Second order linear elastic element stiffness formulation. The member material 
obeys Hooke's law and the P-t. formulation assumes that displacements are in 
the realm of small displacement theory. Bi-symmetric prismatic members are 
assumed thereby decoupling the bending effects about the two axes. The 
tension stiffening effect of aXial forces is typically ignored. Member stiffness 
assignment is under the control of the user. Within a single model some 
elements may ignore the P-t. effect (beams attached to a concrete floor) while 
others include it (columns). 

4) Member in-span loadings are consistent with the stiffness matrix formulation. 
5) Independent primary loading cases may be constructed from other primary 

loading cases input, as the principle of superposition may not be used to post­
process the results. 



PR Connections in Design Praclice 509 

6) Live load reductions may be computed internally for floor framing members and 
column members. The live load reduction is generally different for these 
members. 

7) The solution algorithm allows incremental andlor iterative strategies and 
includes equilibrium correction. For research purposes staged loading can be 
considered and path dependent connection response can be traced. 

8) Implementation of the LAFD design specification for member design and 
checks . Serviceability deflection checks are an integral part of member design. 

5. DESIGN APPLICATION 

illustrate the various issues involved with designing PA frames a six-story structure 
used as an example. A composite floor slab system is used with composite PA 

r:~::i~~~t~~.~ to develop resistance to lateral loads through frame action. The roof 
I system is considered identical to the floor system to minimize the complexity 

the example. Usually a noncomposite roof deck with lightweight insulating concrete 
rigid insulation would be used introducing another connection type. Figure 2 

the layout of a typical floor. The moment-rotation response for the composite 
~Inections is taken from Leon (Leon 1994). The "wet" loads at service level are 

to cause no moments in the composite connections but are a major 
_nn"n,>n' of the axial loads and contribute to P-6 effects which amplify the 

moments. Since lateral loading is due to wind on ly, the columns are 
"nt"d to provided more lateral stiffness in the north-south direction . For comparison 

the FA design approach Figure 3 shows a framing layout with rigid frames. 

suggested procedure for the analysis and design of frames with PA composite 
M.n,nA,o' ;" nc is now outlined. 

1) Set all composite PA connections as pinned and beams at "bare" steel inertia. 
Analyze the service level DL load case which consists of the "wet" loads on the 
frame. This provides information for cambering, ponding, etc. 

2) Compute the live load adjustments for the columns. This requires one or more 
iterations of analysis of the live loads. A procedure similar to that described by 
Ziemian and McGuire (Ziemian and McGuire, 1992) is used. We choose to 
separate the live load into two distinct primary loadings, those that are 
reducible (LL) and those that are not (NALI. due to the different load factors 
applicable. 

3) From the axial loads in the columns under the DL case create a new primary 
loading, DLJT. This new primary load consists of joint loads only which when 
applied results in the same axial forces in the columns as those due to the 
primary DL. Simplistically this can be a loading vector generated by summing 
the beam reactions with the applied joint loads and ignoring the fixed end 
moments. 
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4) Analyze the factored "wet" load condition to check for strength under 
construction. If simple connections are assumed under these conditions design 
forces are related to service level forces by a simple factor. 

5) Set all the composite PR connections to use the Leon model. Revise the cross­
section moment of inertia of all composite beams to the effective composite 
inertia. The effective composite inertia is computed as a weighted average as 
described by Leon. Revise the column stiffness matrix formulation to include 
stability effects. 

6) Analyze loading conditions to determine service level lateral displacements. 

1.0 OLJT • 1.0 SO + 0 . 5 LL • 1 . 0 NRL • 1 .0 WX 
1.0 OLJT + 1 . 0 SO + 0.5 LL 1.0 NRL 1.0 WX 
1.0 OLJT + 1.0 SO • 0.5 LL 1.0 NRL • 1.0 WZ 
1.0 OLJT • 1.0 SO 0 . 5 LL + 1 . 0 NRL 1.0 WZ 

Since the PR connection stiffness is a function of the moment at the connection 
which is a result of the superimposed dead loads, live loads and lateral loads, all 
loads must be applied . In the absence of any guidance on a specific combination 
of these loads only one-half the live load is considered with full lateral and 
superimposed dead loads. If drift limits fail , revise beams, columns, connections , 
etc. and start again. 

7) Analyze service level gravity loading conditions . As a minimum consider 
1 .0 SO • 1 . 0 LL • 1.0 NRL 

8) Analyze loading conditions to satisfy ultimate strength criteria. Consider the 
following combinations 

1.4 OL 1.0 OL • 1.0 OI.JT • 1. 4 so 
1. 2 OL 1.0 OL • 1.0 OI.JT • 1.2 SO 1.6 LL • 1.6 NRL 

1. 2 OL 1.0 OL • 1.0 OI.JT + 1.2 SO + 0.5 LL + 1.0 NRL 1.3 WX 
1. 2 OL 1.0 OL + 1.0 OI.JT + 1.2 SO + 0 . 5 LL + 1.0 NRL 1.3 wx 
1. 2 OL 1.0 OL + 1.0 OI.JT + 1.2 SO + 0.5 LL + 1.0 NRL • 1.3 WZ 
1. 2 OL 1.0 OL 1.0 OI.JT + 1.2 SO • 0 . 5 LL • 1.0 NRL 1.3 WZ 
0 . 9 OI.JT • 0 . 9 SO • 1.3 WX 

0. 9 OI.JT • 0.9 SO 1.3 WX 
0. 9 OLJT + 0 . 9 SO • 1.3 wz 
0. 9 OI.JT 0 . 9 SO 1.3 WZ 

Other combinations specified by the code may be important as well. In the 
above combinations only the portion of dead load above the 1.0 factor is 
assumed to be carried by the composite section thereby generating moments 
in the connections. The full factored dead load is accounted for by including 
the primary DLJT so that Pt. magnification is properly considered. 

9) For strength design of the beams, the simple moment diagram due to 1.0 DL 
(or 0.9 DL as appropriate) is superposed on the results of the analyses in Step 
8. The column design forces are directly available from Step 8. 
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The design of beams follows the ' provisions of Section 13, 15 and Chapter F of the 
LRFD Specification with supplementary serviceability deflection checks . Design 
engineers should be familiar with these provisions from traditional composite and rigid 
frame design The location of inflection points is tracked so that the reinforcing steel 
In the negative moment region can be adequately anchored and the requirements of 
Section 15.5 on shear stud spacing satisfied. 

Design of columns fall under the provisions of Chapter H of the LRFD Specification 
which requires that the design forces satisfy the interation equation . To apply the 
interaction equation properly one needs to determine the nominal axial capacity of the 
column in the frame in the absence of moments and the nominal flexural capacity in 
the absence of axial loads. The effective length factor or K-factor method is one way 
to determine the nominal axial capacity of a column in a frame. The K-factor of a 
column is determined by using the solution of the nomograph equation . The traditional 
nomograph equation can be used with modified G-factors (Driscoll 1976). The 
modified G-factors are a function of connection restraint which is a function of 
connection moment. Thus, the K-factor is a function of the loading condition under 
consideration. For rigid moment frames in-span beam loading does not significantly 
alter the buckling load capacity of a frame. However, in PR frames this is not the 
case, in as much as the connection restraint is a function of in-span loading. The 
Inelastic action of columns should be considered while computing the effective column 
stiffness. The effect of leaner columns on the nominal axial capacity of a column 
resisting lateral loads has been described (LeMessurier 19771 . The commentary to the 
LRFD specification also describes a modification of the nomograph equation to 
approximate this effect. The second effect of leaner columns on the amplification of 
moments is easily accounted for by including them in the analytica l model and 
performin9 a second order analysis . 

The analysis of PR connected frames assumes that the connection stiffness is 
represented as the secant of the moment-rotation curve and that the response is path­
independent. This is only an approximation of convenience to capture the global 
response of the frame. A connection unloads almost linearly and, therefore, the 
connection state is altered after the application and removal of load. The virgin loading 
path on the moment-rotation curve always represents the maximum moment state for 
the connection. The maximum positive moment in a beam, however, is obtained after 
a full cycle of application, removal , reverse application and removal of loading. The 
connection state can change further on continued cycling of the load . The first cycle 
of load represents the worst case condition for drift criteria as well as the end 
restraint for column buckling . A step-by-step path-dependent analysis is unsuitable for 
design purposes as the actual t ime sequence of the loading is unknown . In the case 
of frames with composite connections under quasi-static loading, the increase in 
positive design moment has been found to be insignificant to the design. Further 
studies on this phenomenon is suggested to provide a rational design procedure for 
the positive moment region for the general case. 
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5.1 Design Summary 

The tYPIcal Infill beam is the same in both desIgn approaches. The Intenor tYPIcal 
composIte gorder IS a W21 X44 Gr 50 assuming sImple connectIons . ThIs sectIon wIth 
composite PR connections is adequate to resist the lateral loads due to wInd In the 
north·south directIon. The sizes selected for the frame elements in the FR desIgn are 
governed by drift criteria . A tradeoff is made by increasing the member sizes to l,m,t 
the number of frames and welded rigid moment connections . In lieu of detailed design 
results, a summary of differences in total member weight is presented below in tons 
with reference to Figure 3. Infill E·W beams which do not participate in lateral 
resistance are not Included in the member weights. 

FR PR Difference 
N-S Girders 232.9 213.8 29.1 
E-W Beams 80.4 63.0 17.4 
Leaner Columns 56.5 59.0 (2.4) 
N-S Columns 68.4 58.8 14.6 
E-W Columns ....!.J...Q ...1M ~ 

TOTAL 491 .2 430.6 65.7 

The lateral drift cnterion was set at a liberal 0 .5 inches per floor (approximately 
h/300). Despite the increased steel weights for the FR design, lateral displacemants 
were marginal, and some further increase in steel weIght is required. 

LATERAL DISPLACEMENTS (inches) 

LEVEL EW-DIR NS-DIR 
PR FR PR FR 

ROOF 2.14 2.67 1.96 2.73 
6 2.03 2.43 1.85 2.47 
5 1.79 2.02 1.61 2.05 
4 1.43 1.50 , .25 1.58 
3 0 .94 0.92 0 .84 1.03 
2 0.44 0.42 0 .37 0 .50 
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STRENGTH AND INSTALLATION CHARACfERlSTICS OF 
TENSION CONTROL BOLTS 

GeotITey L. Kulak' 
Scott T. Undershute2 

Abstract 

Tension control bolts are a configuration of high-strength bolt in which a splined end extends 
beyond the threaded portion of the bolt To install the bolt, a special electrically powered wrench 
that has two coaxial chucks is used. The inner one slips ovet the splined end of the bolt and the 
outet one envelops the nut The two chucks tum relative and opposite to one another to tighten 
the bolt. At some point, the splined end of the bolt shears off at an annular groove that is located 
between the threaded portion of the bolt and the spline If properly calibrated, preload is achieved 
at this point Factors that control the preload include bolt material strength, thread conditions 
such as lubrication, din, and thread damage, the diameter of the groove, and the surface condition 
at the nut-to-washet intetface. The testing program reported hetein measured the preload in a 
large sample of bolts (about 850) taken from several different manufacturers Differing conditions 
of bolt age and exposure before installation were included. 

1. INTRODUCfION 

Preloaded high-strength bolts are required when slip of the joint would produce an unaccept.ble 
change in the geometry of the structure, when the joint is subject to load reversals, or when bolts 
are loaded in direct tension. In the case of a bolted joint in a bridge structure, for example, it 
would be required that the connection resist slip. In such an application, the capacity of the joint is 
a function of the slip coefficient of the faying surfaces and the clamping force provided by the 
high-strength bolts While the condition of the faying surfaces may be reasonably apparent from a 
visual inspection, the preload in a bolt is not. 

Specifications for the design of steel structures (Research Council on Structural Connections, 
1988, Eurocode 3, 1993) generally permit the use of one or more of the following techniques for 
achieving the required preload in a bolt : tum-of-nut installation, calibrated wrench installation 
(control of torque), use ofload-indicating devices, the use of alternative design bolts, or the part­
tum part-torque method. In North America, Japan, and elsewhere one of the so-called alternative 
bolt designs is the "tension control" bolt. This paper reports on a study of bolt tension achieved in 
a large sample of tension control bolts acting under a broad range of practical parameters. 

, Professor, Dept. Civil Enarg. University of Alberta, Edmonton, Canada T6G 2G7 
1 Canam Manac, 270 Cbcmin du Tranblay, Boucherville, Quebec, Canada l4B SX9 
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2. n: SIO CO TROL BOLT 

Tension control bolts are a relatively new type of alternative design high-strength bolt The bolt 
has a splined end that extends beyond the threaded length of the bolt and an annular groove 
between the threaded ponion of the bolt and the splined end (Figure I) A special electrically 
powered wrench is required to install the bolts This wrench has two coaxial chucks- an inner 
chuck that slips over the splined end of the bolt and an outer chuck that envelops the nut The two 
chucks turn relative and opposite to each other to tighten the bolt At some point, the torque 
developed by the fi"iction between the nut and bolt threads and at the nut- washer interface 
exceeds the shear resistance of the bolt material at the 
annular groove and the splined end of the bolt shears off If 
the system has been properly manufactured and calibrated, 
preload (to some specified level) is achieved at this point 
The installation procedure is carried out from one side of the 
Joint only, is relatively independent of operator control, and 
use of the light-weight electric wrench can be economical as 
compared WIth an installation using an air-operated impact Figure 1 Tension ontrol Bolt 
wrench 

Factors that affect the preload of a tension control bolt are bolt material strength, thread 
conditions (such as lubrication, din, and thread damage), the diameter of the annular groove at 
the splined end, and friction conditions at the nut- washer interface Consider two hypothetical 
extremes for illustration At one limit, friction will be assumed to be very large In this case, 
torsion will build up rapidly and the splined end will shear off before any significant amount of 
preload is attained At the other limit, friction can be assumed to be very low Since the torsion in 
the bolt will therefore also be low, the bolt could fail in direct tension before the splined end has 
sheared off Clearly friction will playa major role in determining the level of preload achieved 

The purpose of the testing program was to invesugate the preload of tension control bolts as it 
may vary from manufacturer to manufacturer and under different conditions of aging and 
",eathering The results of the tests are used to evaluate the reliability of the bolts for use in high­
strength bolting and to set out guidelines for the physical handling and care of tension control 
bolts 

There IS very little literature available on the behavior of tension control bolts The studies that 
have been reponed generally were commissioned by manufacturers of tension control bolts and, 
moreover, are confined to a narrow range of test parameters A summary of these studies can be 
found In ndershute and Kulak (1994) There are no national standards that address the tension 
control bolt 

3. EXPERIMENTAL PROGRAM 

3.1 pecimen Description 

Bolts were received from seven manufacturers or suppliers, five were American, one was 
Japanese, and one was a Japanese company that operates in the United States In total, there were 
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\3 lots tested The target fastener was a 20 mm diameter by 70 mm long ASTM AJ25 bolt 
(ASTM AJ2S and ISO Grade S.S are very similar bolts) This si1.e was suggested by the sponsor 
of the program, The Research Council on Structural Connections, as one in common use in 
fabricated steel construction. Eight of the \3 lots were of this size. Of the other five, four were 
20 mm diameter with lengrhs of 57 nun, 64 mm, 76 nun, and 83 mm, and one was 22 mm 
diameter with a length of 102 mm The target age of the bolts was that they be as new as possible 
Obtaining newly manufactured bolts was difficult, however, because it was not practical for the 
manufacturers to produce a keg of bolts just for this program. As a result, the age of the bolts at 
the start of the test program varied from approximately one month to two years. The suppliers, 
bolt sizes, quantities, and bolt ages upon receipt are given in Table I. Suppliers or manufacturers 
are not identified by name, however. 

Table I Bolt Lot Information 

Manufacturer Lot Bolt SIZe QuonlllY Age Upon 
Number d,o. X length Supplied R~ce;pt 

mm (months) 

A 2 20 x 70 250 3 

B 3 20x 70 75 21.5 

4 20 x 70 75 21.5 

5 20 x 83 120 5.5 

C 20 x 70 130 305 

6 20 x 70 250 28.5 

7 20 x 76 130 4 

8 20 x 57 125 unknown 

9 22 x 102 59 unknown 

0 10 20 x 70 125 2.5 

E 11 20 x 70 125 5 

F 12 20x 70 100 unknown 

G 13 20 x 64 125 05 

3.2 Testing Regime 

A typical testing regime consisted of the following: 

• Hardness (Rockwell C) and direct tension characteristics (five bolts). 

• Torqued tension characteristics (five bolts). 
Measurement of bolt preload in each of the following categories (nine bolts tested in each 
category)· 

• As-delivered condition. 
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• Bolts aged in a sealed keg in the labOratory for two weeks and four weeks 

• Bolts exposed to outside humidity for two weeks and four weeks 

• Bolts weathered for two weeks and four weeks with full exposure to the elements 
• Bolts weathered for two weeks and four weeks in a joint with full exposure to the elements 

The numbers actually tested varied somewhat from lot to lot, depending on the number of 
specimens available in total in each lot. Most of the bolt lots were exposed to the weather during 
the month of September, but Lots 6, 7, 8 and 9 received their exposure during the months of July 
and August and Lot 13 was exposed during February. 

Only the results of the as-delivered and exposure (aging) tests to establish preload will be 
presented in this paper All bolts met the requirements of the relevant material specifications. Full 
details of these aspects can be found in Undershute and Kulak (1994) 

3.3 Bolts ubjected to Various Cond itions orE'posure 

Bolts from each lot were tested upon arrival to obtain the preloads of the as-delivered product 
Funher tests were then perfonned on bolts from the same lots but which had been stored in a 
sealed metal keg in the laboratory environment in order to determine whether there was any 
tendency for the thread lubricant to deteriorate with time Storage such as this is quite likely to 
occur For example, one of the lOIS received was already over two years old 

Other bolts from each lot were subjected to the ambient outside humidity, but protected ITom 
direct contact with rainwater, in order to detennine the effect of humid storage This was 
considered to be representative of field storage conditions where the bolts may be stored in a shed 
but without a lid on the keg. Some of the bolts from each lot were given direct exposure to all of 
the atmospheric weathering elements (precipitation, humidity, wind and temperature) Again, this 
could be a possible field condition ifbolts are left out in the open 

Often, an erector will initially install bolts in a coMection only to a snug-tight condition and the 
final tightening will be done later To examine the effect of this time delay, the weathered joints 
tests were established The joints consisted of a three-plate assembly in which bolts were brought 
to snug-tight and then the joint put out to weather in direct exposure to the elements After 
various periods ohime, the final installation of the bolts was then completed. 

Determination of preload was done in either a solid block, using a hollow (20-mm iMer diameter) 
load cell, in a hydraulic bolt load indicator, or in the simulated joints, also using the hollow load 
cell The solid blocks actually consisted of three plies, and they were proponioned to be 
representative of a symmetric splice. (plates for the weathered joint tests were of the same 
thickness as those used for the solid block tests.) A bolt was first installed to finger-tight 
Tightening then proceeded with the electric tension control installation wrench in a continuous, 
one-step process until twist-off of the splined end, thereby establishing the preload. 

Bolts that were aged in the laboratory were placed in a metal keg with the lid securely fastened 
After the specified amount of time (two or four weeks), the bolts to be tested were removed. [n 
addition to these shon-term indoor storage periods, long-tenn indoor storage periods were also 
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examined for Lots I, 10, and II. Lot I was stored for 32 weeks, while Lots 10 and II were 
stored for 24 weeks. After these periods of storage, the ages of the bolts were approximately 132 
weeks for Lot I, 46 weeks for Lot 10, and 34 weeks for Lot II. Lots I and I 1 were stored as 
previously described Lot 10, however, was stored in a metal keg with the lid only loosely 
attached so that the bolts were exposed to the environmental conditions of the laboratory 

Bolts that were exposed to humidity were placed in a metal keg with the lid resting on top of the 
keg and the keg was then placed outside. In this way, the bolts were subjected to the ambient 
outside conditions but not exposed directly to rainwater. The bolts that were to be weathered with 
full exposure to the elements were laid out flat on a piece of plywood in a location that did not 
interfere with their exposure. 

In the weathered joint tests, as-delivered bolts were placed in the connection with filler plates 
under the bolt head and then brought to snug-tight The filler plates were a substitute for the load 
cell so that when the bolts were subsequently tested with the load cell in the grip length, the 
position of the nut on the bolt would be identical to its position when the joint was being 
weathered. Silicone was used to seal potential water entry points created by the presence of the 
filler plates wi thin the grip length so that the only locations at which water could penetrate the 
joint were under the bolt head, between the plies of the plates, or under the nut This corresponds 
to field conditions. The joints were then placed outside to weather, with the axis of the bolts in a 
horizontal position After the specified period of exposure, the joints were brought inside and any 
rust that had accumulated on the bolt threads between the nut and the splined end was removed 
This was done to avoid transfer of rust to the nut threads since, in practice, the nut would not be 
removed. 

4. TEST RESULTS. OBSERVATIONS AND D1SCUSSIO 

4.1 Bolt Material Propert ies 

The ultimate tensile strength of all bolt lots met the requirements of the ASTM Standard (ASTM, 
1992) The average value of the non-dimensional ratio of measured ultimate tensile strength 
divided by the specified minimum ultimate tensile strength is 1.21, with a standard deviation of 
0.07. This is reasonably close to the published value for A325 fasteners (Kulak, et al ., 1987), 
namely 1.183, standard deviation of 0.045 . It was concluded that these A325 tension control bolts 
are substantially the same as regular A325 bolts, as would be expected . 

4.2 Bolt Preload. 

Unless otherwise noted, when normalized preloads are given they have been normalized with 
respect to the specified minimum preload. This gives an explicit description of the bolt 
performance and allows the preload of bolts with different diameters to be grouped. In a broad 
sense, any normalized value of preload above 1.00 is acceptable since the result shows that the 
specified minimum preload has been exceeded Of course, a preload of exactly 1.00 may not be 
very desirable, as will be discussed later. 
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In some cases it is useful to nonnalize a bolt preload with respect to the ultimate tensile strength 
of the bolt lot This type of number is essentially an efficiency factor for the friction conditions on 
the bolt (lubricant, rust, thread damage, contamination) and calibration of the bolt (the annular 
groove diameter). Theoretically, in the best case a bolt preload would reach a value of I 00 with 
respect to the tensile strength of its parent lot This is unrealistic, however, and as will be seen 
later, most bolts reach a preload that is about 70010 of Its ultimate tensile strength 

Table 2 is a summary of the bolt preload results. There was considerable scatter within individual 
lots, but space does not pennit inclusion of those data herein. Details are available in Undershute 
and Kulak (1994). 

Table 2 Bolt Preloads for the Various Test Series 

As - Stored Indoor.; 
Exposed 10 Full Exposure Weathered 10 a 

Item 
Delivered 

Humidity 10 the Weather Steel Joint 

2 wetksl4 U't:eks 2 Weeks 14 Wuks 2 Weeks 14 Weeks 2 Weeks 1 4 W •• ks 

Number Tested 8 1 79 105 79 105 76 105 93 124 

Preload (kN)' 153 149 152 149 149 143 140 136 134 

Standard Dev. (kN) ' 14.6 23. 1 14.9 189 17.5 14.5 14.3 17.9 17.1 

Preload 
Specified Mm Preload 1.20 1.16 1.20 1 16 1.1 7 1.12 1.10 1.05 1.05 

Standard Deviation 0.11 0. 17 0. 12 014 0 13 0.11 o II 0. 10 0. 12 

Preload 
Vlt. Tens.Slr Dtrect Tens. 0.70 0.67 0.70 068 068 065 064 0.61 0.6 1 

• The values do not include Lot 9 sinoo Its diameter was different from all other lots . 

5. SUMMARY AND CONCLUSIONS 

5.1 Installation C haracteristics and Delivered Preload 

The preload that will be attained in a tension control bolt is controlled by the size of the twist-off 
groove, the conditions of lubrication, and the bolt material strength. The test program reponed 
herein used bolts as supplied by the manufacturers. As such, the dimensions of the twist-off 
groove, tbe quality and location of the lubrication, and the strength of the bolt were already 
established The preloads measured reflect the conditions oflubrication and different conditions of 
storage of the bolts. In the repons of preload that follow, the figures reponed are average values 
for all lots. Examination of the specific data will show that there can be significant variations 
between lots (Undershute and Kulak, 1994). 
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5.2 Preload: As-Delivered Boits 

The average nonnalized preload for all the bolts tested as-delivered in this test program was I 20, 
standard deviation O. II. 

The age of the various bolt lots upon receipt was not constant Ideally, it would have been 
desirable to have all lots of bolts lubricated by the manufacturer and then immediately shipped to 
the laboratory. Examination of the data from individual lots shows, however, that the bolt age, 
per se, may not necessarily be important. For example, Lot 13, which was only one-half a month 
old upon receipt, reached 70"10 of its average ultimate tensile strength, whereas Lot I, which was 
about 30.5 months old, attained 75% of its average ultimate tensile strength. It appears that 
lubricant quality and durability are more important than the age of the bolts 

The average nonnalized preload for the individual lots ranged from I 05 to 1.31 Of the ten lots 
tested as-delivered (Lots 6, 7, and 8 were not tested in this condition), five attained a preload 
ratio greaterthan I 20 and four reached values of between 1.12 and I 17. Lot 9 reached a preload 
ratio of only 1.05 . This range of values between bolt lots can be attributed to two factors 
lubrication and, to a lesser extent, bolt strength. 

Bolt strength can also affect bolt preload. Lot 2 attained an as-delivered preload of I 17, 
corresponding to 77% of its ultimate strength. Lot I reached a much higher preload of I 31, and 
this corresponds to 75% of its strength, which is nearly the same as the value for Lot 2 This 
reflects the fact that Lot 2 had a ratio of ultimate tensile strength to specified ultimate tensile 
strength of 1.06, while for Lot I this ratio was I 23 . 

5.3 Preload: Indoor Storage 

This study showed that indoor storage in a sealed metal keg for up to four weeks does not cause 
any significant decrease in bolt preload. The average nonnalized preloads for the as-delivered, 
two-week, and four-week indoor storage periods were I 20, 1.16 and I 20, respectively These lie 
between the reported values of preload for the tum-of-nut and calibrated wrench methods (Kulak 
et al, 1987) 

Long tenn indoor storage in an unsealed keg may be deleterious. For example, Lot 10, which was 
2.5 months old upon receipt, had nonnalized preload values of 1.27, 1.34, and 1.31 in the as­
delivered, two-week, and four-week indoor storage tests, respectively After 32 weeks of indoor 
storage (in a metal keg with the lid loosely fitted), the nonnalized preload value dropped to 1.21 

5.4 Preload: Exposure to Humidity 

Allowing bolts to be exposed to humidity for two and four weeks resulted in only slightly lower 
preloads than for the cases of as-delivered and the two and four-week indoor storage periods. The 
two and four-week average nonnalized preloads in a humid atmosphere (about 62% relative 
humidity) were 1.16 and 1.17, respectively (see Table 2). It can be anticipated that longer storage 
periods or higher humidity will lead to lower preloads 
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5.5 Preload : Bolts With Full Exposur. to the Weat her 

Subjecting individual bolts to full exposure to the weather had a measurable effect on the preloads 
anained, as seen in Table 2 The two and four-week average normalized preloads are I 12 and 
I 10, respectively. The bolts did rust, but less than might normally be expected for the periods of 
time involved The amount of rust and lubricant degradation will affect the preload allained, of 
course, and the amount of degradation will depend on the local climate 

5.6 Preload: Simulated Joints 

Tension control bolts in the simulated joints provided the lowest bolt preloads of all the different 
typeS of exposures The two and four-week average normalized preloads were both I 05 
Obviously, these preloads are close to the specified minimum preload. The preloads are lower 
than those reponed for calibrated wrench installations, and very much lower than those obtained 
by tum-of-nut installations (Kulak et aI., 1987) 

5.7 lip-Critical Relationships and lip Probability 

In the case of a Slip-critical joint, the probability of slip is a reflection of the slip coefficient of the 
COMected material and the clamping force provided by the bolts Both quantities have a 
dispersion about their mean value. Thus, the actual slip probability depends on the method used 
for bolt installation and on the condition of the faying surfaces in the joint. 

The equation for the slip resistance of a joint given in the GUI(/e (Kulak, et ai , 1987) and the basis 
of design rules for Nonh American specifications is 

P, = m n ex T1SJlCC k, 

where P s = slip load 

m = number of slip planes 

n = number of bolts 

ex = TilT 1SJlCC 

T""", - specified minimum preload 

ks - slip coefficient of the connected material 

(I) 

The Guide provides information for a wide variety of cases· there are 54 combinations of slip 
coefficient, bolt grade, and slip probability level listed. It is impractical for design specifications to 
provide this much flexibility, however In Nonh American practice, for example, if the mean slip 
coefficient is 0.33 (clean mill scale) and A325 bolts are installed using the tum-of-nut method, 
then the design rules infer a slip probability level of 5%. For the same conditions except that a 
calibrated wrench installation is used, a 10"10 probability of slip is predicted. The rules reflect a 
desire for simplicity, and the difference in slip probability for these two cases is just an outcome of 
that philosophy. 
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The tum-of-nut method of installation produces normalized bolt preloads of 1.35 with respect to 
the specified minimum preload for A32S bolts installed to one-half tum in laboratory experiments 
However, studies on real structures show that the actual preload in the field may be less For 
example, Kulak and Birkemoe (1993) determined the ratio to be I 27 for A32S bolts in bridges 
The calibrated wrench method gives a normalized preload ratio of I 13 For this case, only 
laboratory studies are available. It seems reasonable to expect that the preload attained by any 
installation method (e g , tension control bolts, load-indicating washers) should attain preloads 
that are at least as high as those reponed for the calibrated wrench installation Otherwise, design 
specifications would have to make it clear that a greater probability of slip exists for these cases 
Based on the study reponed herein, the following comments can be made regarding the suitability 
of tension control bolts: 

• As-Delivered and Indoor Storage Bolts 

The tension control bolts tested in the as-delivered condition, after indoor storage in a sealed 
keg, and after exposure to ambient, indoor humidity had average non-dimensionalized 
preloads that were between the average values for the tum-of-nut and calibrated wrench 
method of installation. The lowest average value of measured preload to specified minimum 
preload in any of these categories was I 16 (Table 2) It should be noted, however, that a few 
individual lots were much lower than this (Undershute and Kulak, 1994) 

• Bolts Exposed to Humidity 

The average preloads for the bolts exposed to humidity are only slightly less than those 
corresponding to the as-delivered and indoor storage cases. The lowest average preload 
measured was 1.16 with respect to the minimum specified preload (Table 2). However, 
detailed examination of the results (Undershute and Kulak, 1994) shows that humidity had a 
more pronounced effect on some lots. the preload ratios were as low as I 03 in several cases 
Overall, the preloads were slightly better than those provided by the calibrated wrench method 
in a laboratory environment, but much less than the preloads obtained from the laboratory 
tum-of-nut method results The tension control bolt preloads can also be significantly less than 
tum-of-nut installations in the field (Kulak and Birkemoe, 1993) 

• Bolts Given Full Exposure to the Weather 

The tension control bolts that were given full exposure to the weather gave non­
dimensionalized preloads significantly lower than those obtained by tum-of-nut and marginally 
lower than those delivered by the calibrated wrench method After two and four weeks of 
exposure, the tension control bolts gave average preload to specified minimum preload ratios 
of 1.12 and 1.10, respectively (Table 2) As in all of these comparisons, the results for the 
individual lots should also be examined. Of the 23 lots in this category, five showed values of 
the preload ratio less than 1.0 and eleven lots were less than the figure I 13 that penains to 
calibrated wrench installations. However, field studies of bolts installed by calibrated wrench 
are not available, and the comparison with tension control bolts should be viewed in that light 

• Bolts Weathered in a Simulated Steel Joint 

The tension control bolts that were weathered in the joints prior to final installation produced 
preloads that were much lower than those that would be obtained by the calibrated wrench 



524 O. L. Kulak and S. T. Undershute 

method and very much lower than those for the tum-of-nut method in a laboratory 
environment After both two and four weeks of exposure, the average preload ratio was I .OS 
(Table 2) Eight of the 23 lots tested had preload ratios that were less than I 0, while another 
six reached preloads ranging between 100 and lOS . In total, 16 lots gave preload ratios that 
were much less than the calibrated wrench method ratio of 1. 13 Overall, the preloads seem to 
be much less than the preload of standard bolts installed in bridges using the tum-of-nut 
method (Kulak and Birkemoe, 1993). 

Installation of tension control bolts in a way comparable to that used in the weathered joint 
tests, that is, installing bolts in a joint with a snug-tight load in the bolt and then later (two or 
four weeks) performing the final tightening, means that the majority of the tension control 
bolts will have a preload that is less than that for bolts installed by calibrated wrench 
Funhermore, recalling that the average preloads for the two and four-week weathered joint 
tests were both 1.05, it is quite likely that a significant number of tension control bolts 
installed this way will have a clamping force that is even less than the specified minimum 
value. As previously noted, eight of the individual 23 lots in this category had values of this 
ratio less than I ° 

5.8 Conclusions 

Considering the results reponed herein, the following conclusions are presented: 

I The as-delivered preloads of the tension control bolts fall between the preloads reponed for 
laboratory studies of comparable A325 bolts installed by tum-of-nut and by calibrated wrench. 

2 Thread and washer lubrication are imponant to the performance of tension control bolts 
Torsional friction at the nut-washer interface accounts for as much as 90"10 of the total torsional I 

friction Thus, proper lubrication of the washer is a crucial factor for the attainment of preload. 

3 Bolts stored indoors in a sealed metal keg for shan periods (two and four weeks) produced 
preloads that are comparable to those for as-delivered bolts 

4 Depending on the age of a bolt at the stan of a storage period, long-term indoor storage can 
have an effect on installed preload. Bolts stored in an unsealed keg attained lower preloads than 
those tested as-delivered. 

5. Exposure to outdoor humidity for two and four weeks reduces the preload of a tension control 
bolt compared to its as-delivered preload. The preload after two or four weeks of exposure was 
comparable to that for standard bolts installed by the calibrated wrench method, although some 
individual lots were less than that value 

6 Bolts fully exposed to the weather for two or four weeks generally had preloads slightly less 
than those provided by the calibrated wrench method and significantly less than those produced by 
the tum-of-nut method. 

7 Bolts exposed to the weather while snug-tight in a joint for two or four weeks and then 
installed suffered the most serious degradation in preload of all conditions tested The average 
bolt preload after the exposure was only marginally greater than the specified minimum preload. 
The preloads measured here were less than those produced by the calibrated wrench method and 



Strength and Installation Characteristics 525 

.,,;tanltiallyless than those produced by the turn-of-nut method Almost one-third of the bolt loIS 
in this condition gave preloads that were less than the specified minimum value 

test program has illustrated that the performance of a tension control bolt is strongly a 
:ftflec1jon of the conditions of friction that exist on bolt threads and the washers supplied with the 

AJJ the quality of the lubricant decreases, resulting in a higher coefficient of friction between 
bolt and nut threads and at the nut- washer interface, the installed preload also decreases 

'UI,h".""nro, as the effectiveness of the lubricant decreases, the preload allained after a given 
Ilql()Sllretype and length of time also decreases. Superimposed on this is the fact that the majority 

fric1ional torque occurs at the nut-washer interface If a proper amount of lubrication is not 
' lIII,nU,;ntod on the washer (or the washer side of the nut face), clamping force will be less than 
otherwise. Since the preload allained is also dependent on the type of exposure, specific 

~iDstailati(," techniques may have to be dictated by specifications Thus, proper manufacturing in 
~ cclmblin~ltion with proper installation is required in order for this fastener system to perform 
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ECONOMIC COMPARISO S BETWEEN SIMPLE A D PARTIAL­
STRE GTH DESIGN OF BRACED STEEL FRAMES 

David Anderson t 

Mahmood Md Tahii 

Abstract 

Semi-continuous construction of braced frames is known to result in significant savings in 
frame weighL To be attractive to designers though, calculation methods need to be 
straightforward and savings are required in overall frame COSt, not just weighL The paper 
describes the advantages of plastic design using partial-strength joints. This approach has 
been used in comparisons with simple design, resulting in average COSt savings for planar 
frames of approximately 5.5%. Such savings are worthwhile in comparison with other 
opportunities available for reductions in the cOSt of fabricated steelworlc:. 

1. INTRODUCfION 

Steel frames for buildings have usually been designed on the basis that bearn-t<H:Olumn joints 
are either pinned or rigid. The actual stiffness though will often fall between these extremes, 
giving what is generally termed 'semi-rigid' behaviour. A joint may also have a moment 
resistance less than that of the connected beam; such behaviour is termed 'partial-strength '. 

Frames which contain semi-rigid or partial-strength joints are termed 'semi-continuous' by 
Eurocode 3 (1992). "This code has encouraged the use of this approach to design by including 
• method to predict both the rotational stiffness and moment resistance of some types of joinL 
Some national codes, for example BS 5950 (1990), also permit semi-continuous design but the 
British Standard fails to provide a method to predict the joints' propenies. 

End plates provide a common form of coMection (Fig. I). For semi-continuous unbraced 
frames they can be used without the stiffening associated with rigid design. It is widely 
accepted that this leads to tOtal cost savings on a plane frame of the order of 20% (Bjorhovde 
and Colson. 1992; Anderson et ai, 1993; Girardier, 1994). However, if it is possible to brace 
the frame against sides way , designers will usually avoid unbraced construction. 

I . Reader, Department of Engineering, University of Warwick, UK 
2. POstgraduate Student, Depanmem of Engineering. University of Warwick, UK 
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Q) Flush ~fld plole b) E;.:u:n<!cd end plote 

Fig ." End plate connections 

For braced frames the potential advantages of a semi-<:ontinuous approach compared to 
traditional "simple" construction are reductions in beam depth and an overall reduction in 
frame cost. These reductions vary from frame to frame though, partly due to the limited range 
of rolled sections. 

The reductions in beam depth may be up to around 75mm. However, where a significant 
number of sections of different mass have the same nominal serial size, it is possible to find 
that no significant reduction in depth occurs. In such circumstances though an appreciable 
saving in beam weight would be expected. 

This paper repons the ftrst phase of a study being carried out to evaluate the likely reductions 
in cost for a range of planar frames within braced multi-storey buildings. By examining a 
range of structures, it is hoped to give designers better overall information on savings than are 
possible with more limited studies. 

2. PLASTIC DESIGN OF SEMI-CONTINUOUS BRACED FRAMES 

For ultimate limit states, plastic design provides an attractive approach, particularly if linked 
with partial-strength joints providing a moment resistance 30-50% of that of the connected 
beam. As will be shown, such resistance still provides worthwhile reductions in beam weight 
and overall frame cost. The advantages of this approach are: 

(i) The moment resistance required at the connection is readily determined from a beam­
type plastic hinge mechanism (Fig. 2). 

, 

,., 

Fig.2 PIO$tic QflalystS of beam WIth portlo\.strmgth COMtChOM. 
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(ii) Ductility can be provided through use of relanvely thin end plales (I2-15rrun) in rruJd 
slccl, in conjunction wilh approprialely strong bolt and welds (Bose and Hughes, 
1995). 

(ill) For typical relative values of dead and live loading, pallem loading need nOl be 
considered because each joinl will allain its design resistance MRd under Ihe faclored 
dead load (Fig. 3). 

:b. 
'Cd 

Ftg 3 B .• llneartt-_ chciroctrtrlstic. 

(iv) Joinl resistance will usually be independent of column size, thereby asSlSoog the 
preparation of concise design tables for standanl connections and pennilting beam 
design 10 be completed before the columns are considered. 

(v) Although the beam's compression flange is unrestrained adjacenl 10 the supportS, the 
limited joinl resistance will reduce the likelihood thallaterai buckling wiU occur. 

3. DESIG RECOMMENDATIONS 

The studies so far have been concerned with COSIS associaled with fabrication in the UK, and 
use has therefore been made of British design rules CBS 5950, 1990) and resistance tables for 
joints (Sleel Construction Institute, 1995). The laller are based on Eurocode 3's design model 
bul with strength checks modified to suit BS 5950. 

Two aspects of British practice favour semi-continuous design: 

(a) In "simple" design, beam end reactions are assumed to aCI al an eccentricity of lOOmm 
from the face of the column (Fig. 4), 10 account very approximately for the observed 
semi-rigid nalure of nominally-pinned joints. So unbalanced beam loading causes 
bending moment in columns, although the beams themselves are still designed as 
simply-supported. The eccentricity moment 10 some eXlent offsets the moments 
induced in columns with semi-eontinuous construction. 

Flg.4 "Eccentricity' moment 
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(b) The denectlon limits in BS 5950 apply under Imposed load only. Consequently. 
rviceability calculations for semi~ntinuous design can be simplified, often by 

retainmg the assumption of pinned joints. without sacrificing economy. Calculations of 
jOmt stiffness w;U not normally be necessary. 

Another aspeCt of current British practice works against semi-continuous de ign. though. nus 
concerns the type of connection used in "simple" design. 

Rush end plates have been used extensively in the past as nominally-pinned joints. sometimes 
with designers specifying relatively thick plates. It is well-known that such joints possess 
sigruflcant strength and stiffness. On this basis. semi-continuous design can use these inherent 
characteristics to obtain "something for nothing". However recent guidance (Steel 
Construction InsUlute. 1991) has encouraged the use of partial-depth end plates with web 
welds only (Fig. 5). With such connections used for "simple" construction. it becomes more 
difficult to realise significant savings from semi~ntinuous design. whose connections are 
expected to be made with full-profile welds. The studies do still show wonhwhile savings in 
cost. but these will be greater for those fabricators who continue to prefer full-depth end 
plates in imple joints. 

F.g 5 Partial-depth end plate 

4. THE ST DIES 

4.1 cope 

A series of two bay and four-bay braced frames. of two. four. six and eight storeys. has been 
used to compare the two design approaches. The structure was assumed to comprise a series 
of plane frames at 6m centres. Floors and roof were assumed to span this distance between 
the plane frames. and therefore the longirudinal beams were designed only to tie the frames 
together and to provide lateral restraint to the oolumns at each noor level. Figure 6 shows a 
general arrangement for a typical plane frame of two bays. within a two-storey structure. Figs. 
5 and I (a) show typiCal arrangements for the two contrasting types of connection. namely a 
panial-depth nexible end plate for "simple" construction. and a full-depth end plate for the 
semi~ntinuous approach. Bolts were taken as M20 Grade 8.8. S275 steel was chosen for 
all end plates and the connected members. Typical plate thicknesses used for partial.<Jepth 
nexible end plates were 8mm or IOmm thicle. In order to achieve economy in the semi­
continuous design. the oolumns were unstiffened at the joints. the forces transmitted to the 
oolumns being limited by the partial-strength nature of the connections. Beams spans were 
varied from 6m to 9m. The column height per storey was fixed at 5m for the bottom storey 
and 4m for each storey above. Dead load was based on precast concrete noor units w;th 
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finishes. giving a total characteristic dead load of 4.0 kN/m2
• Imposed load for the roof was 

1.S kN/m2 and for the floors 4.0 kN/m2
• Load due to cladding was taken as 50 kN applied to 

each external column at each storey. Reduction in live load was made when a column 
supported more than one level. in accordance with BS 6399 (1 985). 

.' . 
.' 

. ~ ... , 

.:-. 
0": .. ' :.~., 

Fig 6 Typtcal fro.llt layout 

4.2 Simple Construction 

" 

. ~ .... 
.' 

'This foUowed usual practice according to BS 5950. Hence, although the connections were 
designed for shear only. external columns were designed for a nominal moment due to an 
assumed eccentriCity in the application of beam end reactions. This was taken as 100mm from 
the faoe of the column. The effective length factor for the columns about the minor axis was 
taken as 0 .85. 

4.3 Design of the Beams in Semi·continuous Construction 

These members were designed for a local plastic hinge mechanism, taking into account the 
design moment resistance of the joints. Beams were assumed to be IateraJly·restrained by the 
floor or roof units. UnliJce conventional simple design. where the effective beam span is taken 
between centres of columns, in the semi-eontinuOlls design the beam was taken to span 
between column flanges. 'This was because accurate account was taken of the moment 
developed at the faoe of the column in the panial·strength connection. Beam sizes were 
selected from the list of Universal Beams in order to provide adequate resistance and stiffness 
for minimum depth. 

4.4 Design of the Columns in Semi·continuous Construction 

For design of the columns the effective length factor about the minor axis was taken as 0.85 as 
for simple design. The moment applied to a column was taken as the moment resistance of the 
connection plus the additional eccentric moment arising from the presence of the joint at the 
face of the column. The Ianer moment was therefore determined using an eccentricity of half 
the depth of the column section. The external column thereby carried axial load and end 
moment whereas the internal columns carried only axial load. All column members were 
Universal Columns. . 
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S. ANA[;YSIS OF RESULTS 

In comparing the two fonns of construction, the moment-resistance of the flush end plate 
connections meant that beams with panial-strength connections were of smaller depth. 
However, in this study there was no increase in weight of external columns because the beam 
end moment was limited by the connections. The internal columns were also not affected by 
moments being transferred from the beams because pattern loading did not result in 
unbalanced moments at ultimate limit state. Percentage weight savings and cost savings are 
shown in Fig. 7. The overall steel weight saving against "simple" construction ranged from 
5% to 9%. The cost savings were detennined by a UK fabricator. An overall cost saving for 
the fabricated plane frame delivered and erected within a I ()() miles rndius of the shops 
averaged about 5.5% against "simple" construction. 
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Fig. 7 : Percentage weight and cost savings 

For the frames with 6m beam span, a reduction in the depth of the floor beam of 14% was 
achieved, although the percentage reduction of the total floor depth would be significantly 
less. For a 9m span, semi-eontinuous design resulted in a floor beam from the same serial size 
as for "simple" construction (both were from the 533 UB range), but the beam mass was 
reduced by 16%. 

6. CONCLUSIONS 

The benefits of semi-eontinuous construction are difficult to quantify because they depend 
upon what practice is followed in "simple" construction, and on the range of available 
sections. 

Panial-depth end plates with only web welds provide a very economical form of connection 
for "simple" design. Even so, studies have shown an average overall cost saving for a planar 
frame of 5.5%. ntis was achieved using plastic design methods in conjunction with published 
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resistance tables for standard connections. With experience, design calculations therefore take 
little longer than those for "simple" design. 

The flush end plate connections used for the semi-continuous designs were of limicod moment 
resistance, with the result that the same column sections could be used for the twO design 
approaches. Further studies are in progress to examine the economy of other design 
strategies. These include the use of extended end plate joints of greater resistance, the 
selection of the beam sections with the lowest mass/resistance characteristics (rather than 
sections of minimum depth), and the use of S 355 members. 
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A REVIEW OF CO ECTIO RESEARCH AND DEVELOPMENT IN THE UK 

DB Moore' 

ABSTRACT 

The development of design methods for steelwork connections in the UK is described with 
the emphasis placed on the background research undertaken to validate and/or develop these 
methods. Research on the validation of the design rules for simple connections including 
work on fin plates and robustness is described in detail. A new procedure for the design of 
moment connections is introduced. This procedure is based on a combination of the rules 
given in BS5950:Pan I and those given in EC3. Some of the main differences between this 
new approach and both EC3 and the UK's traditional method are identified and discussed. 

It is concluded that both publications given recommendations that produce economic 
connections and give realistic estimates of strength. 

1.0 INTRODUCTION 

The cost of fabricating a typical steel structure is approximately two-thirds of the total cost 
of the complete steel frame. One might also expect the distribution of design effon to be 
weighted towards components such as the connections but all too often the design of the 
connections is neglected. Current UK Codes of Practice do little to redress this undesirable 
situation as many of them give little guidance on connection design. In many cases the 
engineer is not involved in the design and detailing process which is frequently left for the 
fabricator to complete. 

Most connections have to be made and assembled by conventional fabrication and erection 
techniques. Therefore to reduce costs a connection should be as uncomplicated as possible 
to fabricate and ereet and still satisfy the appropriate performance criteria. 

In 1987 the Steel Construction Institute (SCn and the British Constructional Steelwork 
Association (BCSA) set up the joint SCI/BCSA connection group. This group comprised 

, Head of Metal Structures, Building Research Establishment, UK 
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engineers from all sections of the steel coristruction indu try and was set up to achieve the 
following objectives:-

"The definition of a range of connection types whose behaviour and area of 
application will be clearly understood 

The development and publication of standard methods for designing each of 
these connections 

The laying of a framework which will lead to the widespread adoption of 
rationalized connections using standardi7.ed components" 

During the past eight years this group has been very successful and has produced the 
following publications:-

Joints in Simple Construction 
Volume I : Design Methods''' 

Joints in Simple Construction 
Volume 2 : Practical Applications(' ) 

The fir t of these publications was revised in 1993. This revision included changes to the 
design procedures for both block shear and local notch stability. In the case of block shear 
the existing method was replaced by the method in Eurocode 3. Two changes were made to 
the procedure for checking local notch stability. The first change was an improvement in the 
method for checking the local stability of single notched sections and the second change was 
the inclusion of a new procedure for checking the local stability of double notched sections. 
Both of these improvements were based on the work of Cheng'''. 

The group is also preparing a single book on moment connections") which incorporates both 
design methods and practical applications. 

2.0 CO NECTIO PUBLICATIO S 

All of the above documents can be used for both manual and computer-aided design and 
detailing. Although a number of computer detailing systems were in existence prior to the 
publication of these documents they employed different approaches. Therefore one of the 
aims of the publications was to present standard design methods for most commonly used 
connections. 

The design methods in each publication are based on a combination of the latest design 
theories and practical aspects associated with current fabrication and erection techniques and 
produce realistic estimates of a connections strength. 

one of the publications give the background information on which the design methods are 
based. Each provides design guidance in the form of an easy to use step-by-step check list 
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for a set of standard and commonly used connections. These design checks arc supplemented 
by detailed examples for each connection type. 

2.1 Joints in Simple Construction 

All the technical work in the publications on joints in simple construction are based on the 
British Standard BS5950:Part I: 199(f'). However. the design methods can be used with the 
ENV vcrsion of Eurocode 3(1) provided certain changes are made. 

This set of pubUeations gives design guidance for web angle cleats. flexible end-plates and 
fm-plate beam-to-column or beam-to-beam connections. bolted column splices and column 
bases. Figure I gives details of each of these connection types. The number of different 
connection types was deliberately limited to the most commonly used connections to 
encourage both designers and fabricators to use one of the preferred types. to increase 
standardization and improve economy. 

2.1.1 Web Angle Cleat and End-plate Connections 

Web angle cleats are a popular form of connection because they have the facility to provide 
for minor site adjustments when using untorqued bolts in 2 mm clearance holes. 

The flexible end-plate connection consists of a single plate fillet welded to the end of the 
beam and site bolted to either a supporting column or beam. This connection is relatively 
inexpensive but has the disadvantage that there is no room for site adjustmcnt. Overall beam 
lengthS need to be fabricated within tight limits although packs can be used to compensate 
for fabrication and erection tolerances. The end-plate is often detailed to extend to the full 
depth of the beam but there is no need to weld the end-plate to the flanges of the beam. 
Sometimes the end-plate is welded to improve the stability of the frame during erection and 
avoid the need for temporary bracing. This type of connection derives its flexibility from the 
use of relatively thin end-plates combined with large bolt cross-centre. An 8 mm thick end­
plate combined with 90 mm cross-centres is usually used for beams up to 457 x 191 UB's. 
For UB's of 533 x 210 and over a 10 mm thick end-plate combined with 140 mm eross­
centres is recommended. 

2.1.2 Fin-plate Connections 

A more recent development which follows both Australian and American practice has been 
the introduction of the fin-plate connection. These connections are primarily used to transfer 
beam end reactions and are economical to fabricate and simple to erect. There is clearance 
between the ends of the supported beam and the supportmg beam or column. thus ensuring 
an easy fit. 

Figure I shows a typical bolted fin-plate connection. This connection comprises a single plate 
with either pre-punched or pre-drilled holes. that is shop welded to the supporting beam or 
column. 
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Before developing a design method for fin plaleS an extensive literature survey was carried 
out to identify practice in other countries. The most appropriate and best research design 
method was found to be that developed by AlSC'''. Thi was adopted as the starting point 
for the K approach. The principal difference between the AISC method and that adopted 
in the UK concerns the line of action for the hear. Many researchers have invested 
considerable effon in trying to identify an appropriate line of action for the shear. This has 
necessitated c1as ification of the suppon to the fin plate into nexible or stiff categories. with 
different design models for each category. This was considered to be unacceptable as it 
required a subjective judgement by the designer which may bring him into dispute with the 
checking authority. The solution was to require that all critical sections be checked for a 
minimum momenl taken as the prodUCl of the vertical shear and the distance between the face 
of the column and the centre of the bolt group. The section was thcn checked for the 
resulting moment combined with the vertical shear. 

The validation of thi and other design assumptions were checked again't a series of tests on 
fin plates undenaken by the UK's Building Research Establishment. A senes of ,""ened 'H' 
frames with dIfferent fin -plate connections were tested. The results from these tests showed 
that the design method was conservative and gave adequate predictions of strength with safety 
margin varying between 1.57 and 3.57"·'. The tests also showed that long fin plate had a 
tendency to twist and suffer lateral torsi nal buckling. A check on this buckling mode was 
therefore introduced into the de ign procedure. 

This check was based on theoretical work by Owens(Il ' who suggested the following limitation 
on the length of fin plates:-

where 
t = SO.15a 

i the thickness of the fin plate 
a IS the distance between the weld line and the 

centre of the boh group 

Fin plaleS which sati fy this limitation should be designed as shon beam and checked for 
lateral-torsional buckling. In the absence of a detailed study into this mode of failure the 
following rationalized approach was recommended. 

When checking a beam for lateral torsional buckling the following two parameters need 
careful consideration:-

• The effective length of the fin plate 

The shape of the bending moment diagram 

At its connection to the column the fin plate is rigidly welded in position and it is reasonable 
to assume that this connection i capable of preventing both lateral denection and twisting. 
The connection between the fin plate and the supponed beam i more problematic. Most 
practical connection in which restraint is applied to the web of the beam only ane capable 
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of preventing lateral deflections provided the conneclion is alleasl 0.6 limes the depth of the 
beamm. Sludies"" on the amount of lorsional restrained nceded 10 assume thaI Iwisling al 
the end of Ihe beam is prevenled, suggesl a figure of approximalely Iwenty times the torsional 
stiffness of the supponed beam. II is likely Ihal fin plates would nOI normally satisfy this 
requirement. The design rules(J) Iherefore recommend thallhe beam is laterally restrained al 
ilS lOP flange immedialely above the conneclion 10 the fin plate. This siluation will normally 
be found 10 exist in Ihe majorilY of floor construclions. In such cases the restrainl againsl 
laleral defleclions of the compression edge of the fin plate is provided by the bending 
sliffness of the beam web. However. for deep fin plates this may be inadequale 10 prevent 
buckling of the fin plate and cross-sectional dislonion of the beam. 

Provided the above recommendations are salisfied the fin plate is assumed 10 have an 
effeclive lenglh equal 10 Ihe dislJInce between Ihe weld line and the centre of the bolt group. 
That is:-

where 
L, = 1.0a 

a is the distance between the weld line and the cenlre of 
the bolt group 

The distribution of moment in the fin plate is difficult to predicI with any degree of accuracy. 
A conservative approach is to assume uniform bending. However, leslS"O) indicate that a 
linear varying distribution is more common. A lriangular distribution of moment is therefore 
recommended as a reasonable compromise bel ween safety and economy. 

Adopling the above recommendations the laleral-torsional buckling resistance of a long fin 
plale can be calculated as follows: -

where 

M, is the lateral-LOrsional buckling resislance of a long fin plale 
S. is the plastic modulus of the fin plate about ilS major axis 

II' 
= 

4 

P, is the bending strength of thc fin plate oblJlined from 
BS5950:Pan I, Table 12 and based on AcT 

[ ]

"1 
L,I 

\T = n x 2.8 x tT 

n is the slenderness ratio correction factor which depends on 
the distribution of the bending moment. (Take as 0.77) 

L, = 1.0a 
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The lateral-torsional buckling of long fin plates has been the subject of a recent investigation 
by Dr Peebles of Dundee University"" . The main aim or this study was to develop design 
rules for long fin-plate connections to either the minor axis of universal columns or beams 
without the need ror notching. Tests were carried out on thirteen dirrerent fin-plate 
configurations using a propped cantilever arrangement. 

A comparison of the experimental results with the design procedure given in the publication 
'Joints in Simple Construction' showed that in every case where the fin plate was tested to 
either failure or the capacity of the laboratory floor the capacity of the fin plate exceeded the 
predicted failure load. Furthermore. none of the fin plates exhibited lateraHorsional buckling, 
even though all the fin plates had va ratios significantly smaller than the limiting value of 
0.15. Peebles suggests two reasons for the difference in behaviour. Firstly the triangular 
moment distribution assumed in the design or the fin plate does not occur in practice and 
secondly the method or evaluating A"T assumes an errective length equal to the length of the 
fin plate between the centre of the bolt group and the weld line. which neglects the more 
complicated interactive buckling efrects between the heam and the fin plate. Peebles 
concludes by suggesting that a beller understanding of the buckling behaviour of long fin 
plateS can be obtained by adopting an analysis which considers the interactive behaviour of 
the combined fin plate and supported heam. 

The recommendations for fin plates given in the publication 'Joints in Simple Construction' 
arc limited to connections to beams less than 610 mm deep. This is because it was thought 
that the deformations available from bearing railure of either the fin plate or beam web would 
give insufficient rotational capacity ror heams larger than 610 mm deep. This limitation has 
also been the subjcct of a recent experimental investigation carried Out by the UK's Building 
Researeh Establishment"··"I. A series or six connection tests were carried out on fin plates 
connected to 914 mm deep beams. Each specimen consisted of two 914 x 305 x 224 
Universal beams connected by a fin plates to the nanges or a 305 x 305 x 118 Universal 
column. A cruciform test arrangement was used to test each specimen. With this 
arrangement the applied loads and beam reactions were designed to vary the ratio of 
connection bending moment and shear to simulate a practical range of beam lengths and load 
configurations. 

The results rrom the first rour tests showed that the standard connection details given in the 
design guide"l produced a connection with insufficient ductility to develop the full plastic 
collapse mechanism for many practical beam span to depth ratios. This is because the 
standard details have a 10 mm gap between the end of the beam and the column nange which 
limits the rOlation capacity of the connection to approximately 0.02 mds. Once this gap is 
closed significant moments arc developed in the connection. To overcome this problem the 
following modifications were made to the last two teSts:-

• The gap between the column flange and beam was changed 
from 10 mm to 20 mm 

• To eliminate bolt slip the bolts were not torqued up. 
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These tesLS had rotations up to 0.04 rads. However, Jarrett"!) poinLS out that even With a large 
gap between the beam and column the moment in the connection can be signilicantly larger 
than the design moment Qa Jarrett goes on to say that because the existing guidelines are 
based on a conservative rule for the calculation of bearing failure in either the lin plate or 
beam web the existing procedure can still be used d pile the higher than assumed connection 
momenl. 

2.1.3 Robustness of Simple Connections 

In preparing the design rules for simple connections it was found that there was insufficient 
experimental evidence to develop sound design rules for simple beam-to-column connections 
subject to the tying forces recommended in BS5950:Pan l,n. 

A series of tesLS was therefore conducled by the Building Research Establishment in 
collaboration with the Steel Can truction Insutule' I6'. The aim of this tudy was to invcstigale 
the robustness of simple connections and theIr ability to resist tying forccs. The programme 
was deVised to cover a representative range of practical buildings. The smallcst test 
specimens were chosen as the lighlest connection that would occur in practice and the largest 
are representative of medium-scale construcuon. The test programme comprised II tesLS on 
double web cleat beam-to-column connections and 10 tCSLS on nexible end-pia Ie connections. 

Each specimen was IeSICd in an invened Tee arrangement to simulale the behaviour of a 
connection subject to accidental axial load and to allow the resulLS to be compared directly 
with the recommendations for robustness given in BS5950:Pan 1'7'. 

The resulLS of all the eleven tesLS on web cleat connections showed four different modes of 
failure :-

bolt pulling through the web cleat 
bearing failure of the web cleat 
bearing failure of the beam web 
fracture of the web clear close to heel. 

All of these connections had a failure load Ignilicantly greater than the 75 k mInimum 
tying force recommended in BS5950:Pan I and had maximum axial displacemenLS in excess 
of 30 mm. 

The resulLS of the ten end-plate tesLS showed two different modes of failure :-

• bearing failure of the end plate 
fracture of the end plate close to the toe of the weld. 

The lirst mode of failure was observed in two of the single bolt pair specimens. All the multi 
bolt pair specimens failed by fracture of the end plates at the weld toe. Deformation of this 
mode of failure varied considerably. 
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In concen with this experimental work Owens' '') developed analYlical procedures for 
calculating the tying resistance of both double web angle cleat connections and end-plate 
connections. Both procedures were based on a large displacement analysis and allowed for 
the changes in geometry observed in tests. membrane effects and the combined action of 
shear. tension and moment on the components of each connection. 

The solution for the double web cleat produced a pair of simultaneous equations. However. 
because of cenain approximations these equations cannot be salisfied simultaneou Iy and an 
iterative approach must be used. Owens recognised the limits of this method and developed 
a safe and simple to use procedure for use in the design office. This approach recognises that 
in the limit the cleats would be pulled straight and all the tying force would be carried in 
membrane action. The tying force is. therefore. based on the net seclion of the cleats in 
tension. A comparison of this method with experimental results shows the method to be 
conservative with safety margins between 1.04 and 1.95. 

The method for end-plate connections was based on the formation of plaslic hinges in lhe end 
plate. This approach is considerably simpler than the iterative method developed for the 
double angle web cleat and has been adopted directly for design. Comparison with 
experimental results show the method to be conservative with safety margins varying between 
1.42 and 3.16. 

From observations made on these tests and the analytical work. Owens and Moore"6\ 
concluded that the minimum tying resistance required by BS5950:Pan 1 can be achieved by 
all practical conneclions comprising double web cleats or end plates provided they satisfied 
the following simple rule :-

• The bolt cross-centres do not exceed 140 mm 

The connecting element thickness is not less than 8 mm 

At least two M20 grade 8.8 bolts are used to resisl the tension. 

2_2 Moment Connections 

The publication for moment connections'" gives lhree approaches for designing conneclions. 
These are:-

• "A rigorous and comprehensive method which should be used 
primarily as a reference and for the development of computer 
software 

• A set of capacity tables based on the rigorous approach which 
can be used to determine the capacity for a standardised range 
of full-strength and partial-strength connections 
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• An abridged method which is a simplified version of the more 
rigorous method and can be used to detenntne the capacity of 
a connection by hand calculation." 
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This publicalion gives guidance for boIted end-plate connections (both extended and flush end 
plateS). wind moment connections. welded beam-to-column connections. bolt beam-to-column 
splices and column base connections. Figure 2 gives details of each of these types of moment 
connection. 

The technical guidance on end-plate connections is based on a combination of the rules given 
in BS5950:Pan 1(7) and those given in ENV Eurocode 3:Pan 1.1'''. The capacity checks for 
bolts. welds and sections are all based on BS5950:Pan I. However. the checks for 
calculating the capacity of either the end plate or column flange in the tension region of a 
bolted end-plate connection are based on the design model gi ven in Annex J of ENV 
Eurocode 3:Pan 1.1. Unlike the linear boIt force distribution used in traditional UK practice 
this method adopts a plastic distribution of boIt force. These two approaches are illustrated 
in Figure 3. In the traditional UK approach the centre of compression is assumed to be in 
line with the compression flange of the beam and a linear distribution of boIt force is also 
assumed. with the bolt row furthest from the centre of compression attracting the mo t 
ten Ion. One dl advantage of this method is that to achieve the assumed bolt force 
distribution the designer often has to tiffen the column flange. In the Eurocode 3 approach 
no assumption is made about the distribution of boIt forces. Instead. each bolt row is allowed 
to allain its full design strength (on the basis of the strength of the column flange or end pate. 
whichever is the lowest). This model relies on adequate ductility of the connecting part in 
the uppermo t boIt rows to develop the design strength in the lower boIt rows. To ensure 
adequate ductility an upper limit is set on the thickness of the column flange or end plate 
relative to the strength of the boIt. Where S275 steel is used with grade 8.8 bolts the 
maximum thickness of either end plate or column flange should nOt exceed 18.3 mm. 
21.9 mm and 27.5 mm for M20. M24 and M30 bolts respectively. If this criterion is nO! 
sati fied then the force in the lower bolt rows is limited to a value resulting from the linear 
distribution shown in Figure 3. 

... 
Figure 3 Distribution of bolt forces 

A major difference between the guidance given in the publication on moment connections and 
Eurocode 3 is the way in which connections are classified as rigid. 
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Annex J of ENV Eurocode 3:Pan 1.1 .includes a procedure for classifying connections as 
either pinned, semi-rigid or rigid. The limilS set by the Eurocode vary depending on whether 
the structure is braced or unbraced. This procedure is further complicated by the need to 
determine the stiffne s of the connection before it can be classified, and although Annex J selS 
out a procedure for calculating the stiffness of end-plate connections the method is 
complicated and difficult to use. Funhermore, this method has been shown to give inaccurate 
resullS"" and an improved version of Annex J is expected in 1995. For these reasons the 
publication on moment connections takes a more pragmatic approach and gives the designer 
simple rule-of-thumb guidelines which in most case do not invalidate the assumptions used 
in the design of the frame . An example of one of these rules is 'Well proportioned 
connections designed for strength alone may be assumed to be rigid'. It is difficult to prove 
that this type of 'semi-intuitive' rule will produce satisfactory connections for all situations. 
However, test evidence has shown that connections which designers traditionally assume to 
behave as either pinned or rigid perform satisfactorily. The main reason for this is probably 
due to a combination of the inherent tolerance that steel structures have to large variations in 
connection behaviour, that buildings rarely receive their full design load and that buildings 
designed and constructed to normal commercial practice rarely behave as assumed in design. 

There are also some significant differences between the new method and the traditional UK 
approach. Probably the most imponant difference concerns the treatment of prying forces. 
[n end-plate connections prying forces are developed due to the flexural distonion of the end 
plate or column flange. The edge of the end plate bears against the column flange, which 
resullS in additional forces being induced in the boilS. The value of prying force varies 
widely depending on the geometry of the connection. But rather than give a general equation 
for calculating prying action the traditional UK approach'" limilS this action by limiting the 
geometry of the connection. Furthermore to avoid the need to calculate the prying forces in 
these connections the allowable boll stresses in Table 32 of BS5950:Pan I'" are reduced. 

The rigorous method in the new procedure makes no specific mention of prying action nor 
are any equations given to calculate ilS value. This is because prying action is implicit in the 
equations for predicting the strength of either the column nangc or end plate. For this reason 
the enhanced bolt tension capacities are used with the new design method (450 N/mm' 10 the 
traditional approach compared with 560 N/mm' in the new method for grade 8.8 boilS). 

In Table I the new method for the design of moment connections" ) is compared with 
published experimental data on flush and extended end-plate connection. For the majority 
of teslS the design model gives an adequate prediction of moment capacity with the safelY 
margin varying from 1.19 to 2.56. However, for test 6 Laken from referenee 25 the value of 
the ratio ME lMo is below 1.0. This particular test failed by buckling of the column web in 
the compression wne. Inspection of photographs and drawings of the test specimen indicateS 
that the length of column below the compression nange of the beam was insufficient to 
develop the full buckling capacity of the column web. In most practical situations the column 
continues past the connection to the floor below and a higher buckling capacity would be 
expected. 
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Test Connection Experimental Design Tradillooai 
No Type Moment Moment ME UK 

CapacilY CapaciIY MD Approach 
(kNm) (kNm) (kNm) 

24 Rush 100 50 2.00 52 

25 Rush 140 87 1.61 92 

30 Rush 200 78 2.56 80 

33 Rush 240 137 1.75 142 

36 Rush 280 229 1.22 175 

17 Rush 130 84 1.55 72 

18 Rush 95.4 84 1.19 72 

2 Rush 90 53 1.70 51 

I Rush 64 33 1.94 32 

I Ex..,nded 92 54 1.70 57 

Jl EXlende<l 97 60 1.62 54 

J2 Ex..,nded 88 57 1.54 54 

13 Extended 79 33 2.39 29 

6 Ex..,nded 100 117 0.85 132 

9 Ex..,nded 210 98 2.14 86 

10 Ex..,nded 228 134 1.70 132 

14 Ex..,nded 268 146 1.84 132 

15 Ex..,nded 186 74 2.51 55 

18 Ex..,nded 243 134 1.81 131 

22 Ex..,nded 192 III 1.73 108 

28 Extended 158 III 142 108 

28 Ex..,nded 161 122 1.32 lOS 

Comparison between experimental results and design model 
for a range of flush and extended end-plate connections 

Table I also compare Ihe UK's traditional approach with Ihe new method. When Ihe mode 
of failure is eilher yielding of Ihe end plaIe or column flange bolh melhods predici similar 
momenl capacities. But when Ihe failure mode involves Ihe fraclUre of the bolls Ihe new 
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method in general gives ignificantly higher moment capacities. This difference is a direct 
consequence of the difference in the treatment of prying forces and the enhanced bolt 
strengths used with the new method. 

2.2.1 Wind-Moment Connections 

The wind-moment method has been used for many years both 1M the UK and Amenca to 
design unbraced multi-storey steel-framed buildings. In this method the connections are 
assumed to be pinned under gravity loads and under wind loads they are assumed to behave 
as rigid joints with points of contraflexure at the mid-height of columns and mid-length of 
beams. The advantage of this method is that the frame is statically determinate and the 
internal forces are therefore not dependent on the relative stiffness of the conncctcd members. 
A full description of this method together with detailed design rules is given in the SCI 
publication 'Wind-Moment Design for Un braced Frames""). 

The connecuon in a wind-moment frame will generally be only parual-strength with respect 
to the strength of the beams. A key requirement for such connections is that they should be 
ductile and must be able to form plastic hinges and particIpate in failure mechanisms. The 
moment connections publication'· ' presents design rules which ensure that wind-moment 
connections have adequate strength and ductility. The connection is designed for strength 
using the methods outlined in the previous section. Adequate ductility is designed into the 
connection by ensuring that it fails in a ductile manner. These ductile modes include yielding 
of either the end plate or column flange (without bolt fracture) in the tension region of the 
connection (Mode I failure) and shearing of the column web. Non-ductile modes, particularly 
those involving failure of the bolts or welds in tension, should be prevented. 

Four tandard wind-moment connections are presented in the draft publication. These 
connections are based on Universal beams and are presented in simple look-up tables which 
give the designer a quick and easy method of designing connections for the majority of wind­
moment frames. To en ure adequate ductility the geometry of the connection together with 
the bolt izes and end-plate thicknesses have been chosen SO that the connection fail '" a 
ductile manner. A horizontal bolt spacing of 90 mm has been adopted for all bolt sizes 
(ie M20 and M24) to improve stiffness and still maintain adequate ductility. The end plate 
must be made from S275 grade steel and its thickness is approximately 60% of the diameter 
of the bolt. 

To verify the ductile performance of these standard connections the SCI commissioned 
Dr B Bose of the Dundee Institute of Technology to carry out an experimental 
investigation' ''''"'. Bose tested a total of fourteen cruciform connections. A summary of the 
results from these tests is given in Table 2. From these tests Bose' " '''' concluded that the 
rotation capacity of standard connections with beams up to 686 mm deep was well above the 
desired range of 0.02 to 0.04 radians. However. for deeper beams it is doubtful that the 
standard connections can be classified as ductile. 
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Experiment 
M De .gn • 

Test Moment M, 
No Failure Rotation at Mode of CapaCIty 

Moment Failure failure (kNm) 

(kNm) (rods) 

I 231 0.05 boll 102 2.26 
stripping 

2 425 0.034 bolt fracture 189 2.25 

3 250 0.03 1 end-plate 147 1.70 
fracture 

3 274 0.033 end·plate 147 1.86 
fracture 

4 413 0.061 column web 214 1.93 
buckling 

5 . . . 399 . 

6 282 0.033 column web 200 1.41 
buckling 

58 689 0.019 column web 306 2.25 
buckling 

7 413 0.039 bolt fracture 208 1.99 

8 665 0.085 bolt fracture 389 1.71 

9 125 0.036 boll 68 1.84 
stripping 

10 247 0.013 bolt 182 1.36 
stripping 

II 185 0.034 bolt fracture 

12 557 0.007 column web 
buckling 

Table 2 Comparison between experimental results and design model 
(or wind-moment connection 

549 
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3.0 CONCLUSIONS 

The background to the development of a series of design guides for a set of standardised and 
practical steelwork connections has been reviewed. The recommendations given in each 
publication are based on a combination of the latest design theories. current UK practice and 
engineering judgement, and have been validated against experimental data. 

In general the recommendations produce economic connections and give realistic estimates 
of connection strength. 

It is hoped that the general acceptance of the methods and standardised connections outlined 
in these publications will rationalise connection design within the construction industry. 
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PERFORMANCE OF MOMENT RESISTING STEEL FRAMES IN 
THE JANUARY 17, 1994 NORTHRIDGE EARTHQUAKE 

James O. Malley' 

ABSTRACT 

Over one-hundred moment resisting steel framed buildings suffered structural damage 
In the M6.8 January 17, 1994 Northridge earthquake. The majority of damage 
documented to date occurred in the beam-to-column connections of these buildings 
A small number of braced frame buildings also suffered structural damage. None of 
these buildings suffered collapse or caused any injuries as a resutt of the earthquake. 
This damage to steel frame bUildings is important for the engineering community to 
consider, because of both the popularity of steel frame buildings in modern 
construction In areas of high seismicity, and the somewhat unexpected type and 
extent of damage which occurred. This paper will attempt to summarize the damage 
which occurred, describe the potential causes of the damage, discuss the difficutties 
encountered in assessing the damage to steel frames, and describe efforts which will 
attempt to improve the future performance of steel frame construction in areas of high 
seismicity. 

INTRODUCTION 

The January 17, 1994 Northridge earthquake caused over sixty deaths and over $15 
billion In property damage. This tolal included significant damage to a large 
number of steel framed buildings. The extenl of this damage was somewhat 
surprising to the engineering community, since steel frame buildings have exhibited 
excellent performance in past earthquakes. It should be noted that the Northridge 
earthquake, while of short duration, produced very intense ground shaking In a heavily 
urbanized area. As such, it was the first earthquake in Ihe United States which 
subjected "modern" steel frame buildings to ground motions which approached or 
exceeded that anticipated in seismic design. Although none of these buildings 
collapsed, the structural damage was significant enough that many were evacuated 

' Principal, Degenkolb Engineers, 350 Sansome Street, 
Suite 900, San Francisco, CA 94104 
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until necessary repairs could be made. In many cases. the cost of repairi ng these 
buildings has been significant. approaching the cost of the original structural system in 
a few instances. Even with this level of structural damage. many of the buildings were 
re-occupied following the earthquake because of the limited nonstructural damage 
which occurred. This damage presents a special challenge to engineers in 
determining appropriate repair procedures in the affected area. improved design 
methodologies for new construction. and a comprehensive approach for evaluating the 
thousands of similar existing steel frames structures located in areas of high 
seismicity. 

SUMMARY OF DAMAGE NOTED TO DATE 

Over one-hundred moment resisting frames were reported to have suffered structural 
damage in the earthquake. This damage generally consisted of tearing at the welded 
connections between girder and column flanges. Most of the buildings were located in 
the San Fernando Valley near the epicenter of the event. although this type of 
damage has been reported in other areas. including West Los Angeles and Santa 
Monica. Buildings from one to twenty-seven stories have suffered damage . although 
the majority of damage has been reported to buildings of six stories or less. The 
majority of the affected buildings were constructed during the mid to late 1980s. Note 
that this was the era when the majority of large commercial buildings were built in the 
epicentral region . 

Steel moment resisting frames have been a widely used form of construction in 
regions of high seismicity for a number of reasons. First. they were believed to 
capable of reliable . ductile response in severe shaking. They also have less impact 
on building functions and programs than systems with bracing or shear walls. Finally. 
over the years . they have developed into an economical structural system. As a result 
of these considerations. moment reSisting steel framing has become a predominant 
form of U.S. construction in regions of high seismicity. 

The vast majority of steel moment resisting frames constructed since the mid-1970s 
have included connections consisting of complete penetration welds of the girder 
flanges to the column flanges and high strength bolting of the girder web for the 
design shear forces. Figure 1 shows th is typical detail configuration. This detail came 
into widespread practice following research testing done on W18 and W24 girder 
sections at U.C. Berkeley (Popov and Stephen. 1972). This detail was "pre-qualified" 
in the 1988 Uniform Building Code (ICBO. 1988) as meeting the intent of providing a 
connection which is capable of developing the capacity of the girder. 

Since the incorporation of this detail in the early 1970s. design practices have 
changed in an effort to make this system more economical. These changes have 
included reducing the number of frame bays which participate in the lateral force 
reSisting system. This reduction in frame bays has resulted in member sizes in actual 
buildings which are much larger than any condition which had been tested in 
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laboratory simulations (W36 girders and group 4 or 5 W14 columns, e.g.). Size 
effects and the reduction in frame redundancy which resu~ed from these design trends 
may have contnbuted to the extent of the damage which occurred. 

As noted above, the damage to these frames consisted of the cracking or teanng of 
the complete penetration welded connections between the girder and column flanges. 
The extent of this teanng ranged from minor cracking in the weld matenal, to 
separation of the welded material from the column flange, to removal of "divots" of 
steel from the column flanges, to cracking through the flange(s) and web of the 
columns. The great majority of this damage occurred to the girder bottom flange 
connection, although there have also been a number of locations of top flange 
connection damage. In almost all cases, where damage to the top flange damage did 
occur, it was accompanied by similar and more extensive damage at the bottom 
flange. In some cases the flange connection damage led to cracking in girder web 
connection. See Figure 2 for a sketch of a tYPical damaged connection. 

POTENTIAL CAUSES OF DAMAGE 

Matenals - Damage to column members which was demonstrated In the 
form of removal of "divots" and cracking across the flange and web, IS 
related to the material properties of the steel. In general , the material 
properties of the structural steel appears to have met the appropriate ASTM 
material specifications. Note that the matenals typically used in building 
construction does not have minimum impact toughness requirements , nor 
special properties for ductility in the through thickness ("z") direction. This 
issue may be more significant for conditions with jumbo column sections, 
because of the difficulty encountered in obtaining ducti le materials at the 
web-flange juncture. 

2, Welding Procedures - A number of Issues related to typical field welding 
procedures have been Cited as pOSSible contnbutors to the damage. 
Welding back-up bars that are left In place resun In a notch condition which 
causes a stress concentration that can lead to a pOint of Initiation for 
cracking to occur. Dam tabs were also noted at a number of complete JOint 
penetration weld locations. Lack of fusion, both In the initial weld pass and 
between passes, has been observed in the damaged connections. 
Inadequate preheat, large diameter welding Wires , welding wire matenal 
toughness, and other welding procedures have also been cited as potential 
contributors to the damage. In many cases, conditions which do not meet 
the standards of AWS 01.1 were observed. 



COLUMN 

CONnNUrTY PLATES. 
WHEN PROVIDED 

Performance of Moment Resisting Steel Frames 

" 

o 
o 
o 
o 
o 
o 

...... I 

SIMIlAR wnD CRACKING 
NOITD ON A FEW JOtNTS 
AT TOP FlANGE 

1 
VERnCAL CRACK 
TIiRU SHeAR TAB 

, 
-'--'---"/,---'--'~(NLARGED GIRDER 

DETAIL 
DCTAlL0 

ELEVATION A 

COLUMN FlANGE 
CIRDER WEB 

COLUMN WEB 

KORlZO:-ITAl -...:~:::+:..------: ~_-.-_~ 
CRACK IN -
COlUMN FlANGE 

PUll our...../"· 
Of COLUMN 
FlANCE 

\ , GIRDER BOTTOM 
FlANGE 

BACKING BAR 

0DIFFERENT OBSERVED JOINT FAILURES 

Fig.2. ketch of typical connection damage experienced during the 1994 
North-ridge earthquake. 



558 J. O. ~.lIey 

3. Connection Detailing - Armost all of the damaged connections included the 
bolted web/complete penetration field welded flange detail which has been 
predominant in California steel moment frame construction for the last 
twenty years. Since the bo~ed web connection has little capacity to develop 
the web bending moment, increased stresses are reqUired in the flange 
welds to develop the strength of the girder section. Provisio'n, size and 
detailing of girder flange continuity plates may also have contributed to the 
damage. 

4. Design Issues - Many of the damaged buildings relied on the moment 
resistance of only a small number of the frame bays. Use of these partial 
moment resisting frames leads to very large column and girder sizes in 
order to meet the strength and stiffness provisions of the building codes. 
Such designs reduce the redundancy of the lateral force resisting system, 
resulting in increased reliance on the competency of anyone moment 
resisting connection. In addition, the large members and plate thicknesses In 

these frames resu~ in other potential problems such as increased 
we lding restraint and decreased material ductility. 

PROPOSED REPAIR TECHNIQUES 

The repair techniques which have been and are presently being performed on the 
damage connections varies depending on the type and extent of the cracking and 
teaflng , and the Engineer responsible for the repair work. In some cases, the repairs 
consist of simply gouging out the affected areas and rewelding . Other procedures are 
including the complete revision of the connection detail with reinforcing plates, 
haunches. etc. In general , undamaged connections have not been modified to be 
consistent with the repair of damaged locations. 

Revised Details for New Construction 

Engineers are presently attempting to develop a~ernate details and specifications for 
these moment frame connections. A wide variety of approaches are being considered 
to improve the performance of this connection, including revised details for both the 
girder web and flange connections, improved welding procedures, and a combination 
of both detail and procedure improvements. Some of the proposed detail improve­
ments have been previously suggested by University researchers. There is presently 
no consensus for the revisions , and it may take a lengthy period of time before one is 
reached , since there are so many parameters which affect the performance of these 
connections. 
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Testing research on full scale connections occurred at the University of Texas at 
Austin led by Professor Michael Englehardt during the months which followed the 
earthquake. This research tested 16 full size sections (W36 girders and Group 4 W14 
columns) similar to that of a building project which suffered damage from the 

orthndge earthquake. Various connection details and welding procedures were 
employed. A summary of the preliminary observations from this testing include the 
following ' 

1) Improved welding alone may not be adequate to assure satisfactory 
performance of the connection . 

2) ReinforCing the connection to force the plastiC hinging to form away from the 
connection appears to very beneficial. 

3) Removal of run-off tabs and bottom flange back-up bar is likely to be 
beneficial. 

4) Development and strict enforcement of a complete Welding Procedure 
SpeCification (WPS) appears to be very beneficial. 

5) The need for weld filler metal with minimum specified impact properties IS 

unclear 

6) The need for removal of the top flange back-up bar is unclear. 

7) Passing an ultrasonic test does not necessarily indicate a weld which will 
exhibit ductile performance. 

8) Column flange through thickness properties may be an important 
conSideration in the connection design. 

Note that these observations are based on the results of the tests on these large size 
connections. The general trends observed in these tests support the observallOns 
listed above. But. extrapolation of these observations to general conclusions for all 
forms of steel moment frame construction should only be made with extreme caution 
until future research is completed. 

DAMAGE ASSESSMENT DIFFICULTIES 

In the first few days following the Northridge earthquake. there were very few reports 
of steel frame buildings which had suffered any structural damage. In fact. many of the 
buildings were reoccupied prior to the discovery of any structural damage. At the time 
of this workshop. sixteen months after the earthquake. the number of steel frame 
buildings identified with structural damage IS still growing. The reasons that identlfl, 
cation of this damage have taken such a long period of time Include the follOWing: 
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A The steel frame elements and their connections are almost always hidden 
from view by ceilings and or architectural cladding . In some cases 
architectural walls were separated by a distance large enough that they did 
not show any signs of the buckling to braced elements which they enclosed 

B These elements are also almost always covered with fireproofing matenals. 
In many cases, there was no cracking or other damage to fireproofing which 
encased damaged moment frame connections. 

C. Many of the moment frame buildings which had damaged connections 
experienced very limited nonstructural damage. Initial post-earthquake 
damage inspectors would have typically concluded that the lack of 
nonstructural damage was a good indicatIOn that no structural damage 
occurred. 

The California SeismiC Safety CommiSSion Issued a warning to steel frame building 
owners of the potential for this "hidden" damage. The City of Los Angeles is presently 
conSidering reqUiring the owners of such buildings in areas which were subject to 
strong ground shaking to perform inspections of the moment resisting connections. 

ONGOING RESEARCH EFFORTS 

The damage to steel moment resisting frame buildings has significantly reduced the 
confidence of the engineering community in this form of construction. In addition , in 
the United States there are thousands of existing buildings of similar construction 
which may be subject to similar damage in future strong earthquakes. As a result , the 
need for a major research effort was identified by the SAC Joint Venture. This jOint 
venture IS a partnership of the Structural Engineers Association of California , the 
Applied Technology and the California Universities for Research in Earthquake 
Englneenng. The goal of this joint venture was stated to be the follOWing : 

Develop professional practices and recommend standards for the repair, retrofit 
and deSign of steel moment resisting frame buildings so that they provide reliable, 
cost-effective seismiC performance in future earthquakes. 

Three objectives will be met to achieve this goal : 

t . Characterize and understand what has happened to steel moment frame 
buildings in the Northridge earthquake; 
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2. Prepare interim procedures for professional practices and standards 
application to : 

a) Identification of buildings that may have been damaged for 
investigation 

b) characterize the safety condition of inspected buildings; and 
c) rehabilitate damaged buildings to provide life safety: 
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3. Prepare recommendations for the repair, retrofit and design of buildings 
based on rational understanding of seismic behavior. 

The SAC Joint Venture has developed a detailed work plan to develop interim 
guidelines for inspection and repair of damaged buildings and design of new buildings. 
Longer range tasks will focus on procedures for repair, retrofit and design of steel 
frame buildings. These tasks will include extensive analytical and testing research 
which will lead to the development of guidelines for these items. 

The first phase included in the proposal to develop interim guidelines has been 
funded , and should be completed by the middle of 1995. The longer range objectives 
which will follow should be completed within the next few years. It is hoped that with 
the completion of this project , that the pre-Northridge confidence of the engineering 
community In the seismic resistance of steel moment resisting frame buildings can be 
restored. 
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Abstract 

Australian standards relevant to the design of connections in both hot-rolled and 
cold-formed steel structures are reviewed. Design manuals and publications used 
by design engineers in Australia for hot-rolled, cold-formed and hollow section 
member connections are summarised. Current research topics on connections in 
steel structures in Australia are summarised. 

1. INTRODUCTION 

Steel structures consisting of hot-rolled and fabricated members down to a 
thickness of 3 mm are designed in Australia to the limit states standard for Steel 
Structures AS 4100 (Standards Australia , 1990). Hollow section members 
including cold-formed hollow sections down to a thickness of 1.6 mm are also 
designed to AS 4100. Cold-formed steel structural members other than hollow 
sections are currently designed to the Cold-Formed Steel Structures Standard AS 
1538 (Standards Australia, 1988) which is in permissible stress format. This 
standard Is soon to be replaced by a limit states standard currently in committee 
draft form (Standards Australia/Standards New Zealand, 1994). 

AS 4100 provides design rules for bolted and welded connections in Section 9. 
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Bolts are either of strength grade 4.6 to AS 1111 (Standards Australia, 1980) or 
more usually strength grade 8.8 to AS 1252 (Standards Australia, 1983). Grade 
4.6 bolts may only be installed to the snug-tight condition (4.6/S) . Grade 8.8 (ie 
high strength structural) bolts may be used In either the snug-tight condition (8 .8/S) 
or fully tensioned bearing type (8.8ITB) and fully tensioned friction type (8.8rrF). 
Welds are designed to AS 4100 and welded and inspected to AS 1554.1 
(Standards Australia, 1991 a) and may be of two categories, SP (structural purpose) 
and GP (general purpose). The difference in the two categories lies in the level of 
permissible Imperfections allowed. A higher level of weld quality may be specified 
for welded joints subject to fatigue loading (Standards Australia, 1989). AS 4100 
also contains design provisions for the design of bolt groups and weld groups, as 
well as some general requirements for the design of connections. 

AS 1538 gives design rules for bolted and welded connections in Section 5. This 
section IS similar to Section E of the Specification for the Design of Cold-Formed 
Steel Structural Members (AISI. 1989). Design examples for connections to AS 
1538 are given in Hancock (1994) . The draft limit states cold-formed steel 
structures standard is based mainly on the Load and Resistance Factor Design 
Specification for Cold-Formed Steel Structural Members (AISI, 1991) except that 
design rules for screwed and riveted connections will be included using design 
Information based on Eurocode 3, Part 1.3 (CEN, 1992). 

The Australian Institute of Steel Construction (AISC) has published four editions of 
ItS manual ·Design of Structural Connections· since 1978, the latest edition (Hogan 
and Thomas, 1994) being in limit states format. Further details of this manual are 
given in Section 2.1 of this paper. The Australian Institute of Steel Construction 
has published three editions of its manual ·Standardized Structural Connections·, 
the latest edition being 1985 (AISC, 1985), further details of which are given in 
Section 2.2 of this paper. The Australian Institute of Steel Construction is soon to 
publish a new limit states design manual entitled ·Pre-engineered Connections for 
Structural Steel Hollow Sections·. The baSIS of this manual is given in the paper 
·Development of Pre-Engineered Connections for SSHS· (Chapman et aI., 1994) 
and further detail is given in Section 2.3 of this paper. 

Research into structural steel connections IS being undertaken in Australia, mainly 
at the University of Sydney (USyd). Queensland University of Technology (QUT), 
Monash University (MonU) and the Commonwealth Scientific and Industrial 
Research Organisallon (CSIRO). A brief summary of current projects is included in 
Section 3 of this paper. 

2. DESIGN MANUALS 

2.1 Design of Structural Connections 

ThiS section summarises the material in the manual ·Design of Structural 
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Connections· (Hogan and Thomas, 1994). The manual contains recommended 
design models for a range of connections commonly used for structural steelwork 
in Australia . The recommended design models presented were originally 
developed as a necessary component of the manual ·Standardised Structural 
Connections· (AISC, 1985) described briefly In Section 2.2 following. The design 
models presented in the first three editions of the manual were used to generate 
safe load tables for the range of standardised connections included therein , and 
were in permissible stress format. The latest edition is written in limit states format 
in conformity with AS 4100. Attention is given primarily to applications involving 
rolled steel channel and I-sections in orthogonal frameworks. The models have 
been developed with Grade 250 steel (250 MPa yield stress) in mind for the 
members and connection components but should be capable of extension to Grade 
300, Grade 350 and Grade 400 steel although no test data is available for these 
grades at present. 

The recommended design models are built up from general design 
recommendations for: 

bolts and bolt groups 
welds and weld groups 
components (cleats, gusset plates, brackets, etc) 
supported members at connections 

The connection types covered in the manual and shown in Fig. 1 are: 

FLEXIBLE CONNECTIONS (SIMPLE CONSTRUCTION) 
Angle seat 
Bearing pad 
Flexible end plate 
Angle cleat 
Web side plate 
Stiff seat 
Bracing cleat 

RIGID CONNECTIONS (RIGID CONSTRUCTION) 
Welded moment connection 
Bolted moment end plate connection 

SPLICES 
Welded splice 
Bolted splice 

BASE PLATE 
Column base plate (pinned) 

Two limit states require consideration in the design of bolted connections. These 
are: 

STRENGTH LIMIT STATE (requires consideration for all bolted connections, 
4.6/S, 8.81S, 8.8/TB, 8.8/TF) 

Bolt in shear 
Bolt in tension 
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Bolt in shear and tension 
Ply in bearing 

G. Hancock., aL 

long bolt groups in lap splice connections 
SERVICEABILITY LIMIT STATE (requires consideration only for that category 
of connection (B.8fTF) which is required not to slip under serviceability loads) 

Bolt in shear 
Bolt in shear and tension 

}J ][1 
I-NGLE SEAT BEARING PAD 

P }1 
FLEXIBLE END PLATE ANGLE CLEAT 

17 IT 
WEB SIDE PLATE STIFF SUPPORT 

IF 17 
WELDED MOMENT CONNECTlON BOLTED MOMENT END PLATE 

00 (][] 
WELDED SPLICE BOLTED SPLICE 

~ ¥ 
BRACING CLEAT COLUMN BASE PLATE 

Fig. 1 Rolled Section Connection Types 
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The capacity factor (resistance factor) . <1> . used in limit states design depends upon 
the limit state. For example. the capacity factors for bolt strength vary between 0.8 
and 0.9. and are 0.7 for bolt serviceability. 

The WELD TYPES used in AS 4100 include: 

Complete penetration butt weld 
Incomplete penetration butt weld 
Fillet weld 
Plug weld 
Slot weld 
Compound weld 

For statically loaded welded connections. only the strength limit state needs to be 
considered. The capacity factor (resistance factor). <1> . depends upon the weld 
category type. For example. the capacity factors for a complete penetration butt 
weld are 0.90 for weld category SP and 0.60 for weld category GP. 

Connection components (cleats. gusset plates. brackets) must also have their 
strength assessed in order to detemnine the strength of a connection as a whole . 
Clause 9.1 .9 of AS 4100 specifies that connection components shall have their 
capacities assessed using the provisions of the member design Sections 5. 6. 7 or 
8 as applicable. The component design covered in the manual includes shear 
capacity. moment capacity. axial compression capacity and axial tension capacity. 

For the design of some connections. an assessment is required of the design 
capacity of the supported member in bending, shear, bearing. etc. The manual 
provides design recommendations for: 

Uncoped sections 
Single web coped sections 
Double web coped sections 
Block shear in coped sections 

The computer program LlMCON has been developed by Engineering Systems pty 
Limited in association with the Australian Institute of Steel Construction. The 
program runs on IBM compatible computers and has been designed to assist in the 
design and checking of connections according to the method set out in the manual. 
LlMCON is driven with pull-down menus. Data is entered into screen "forms" 
where it is grouped and displayed in context. Help infomnation is provided for all 
data entry items. LlMCON can display and print 3D views of connection details. 
LlMCON provides printed reports with all design infomnation. 

2.2 Standardized Structural Connections 

This section summarises the status of the manual "Standardized Structural 
Connections' (AISC. 1985). The first edition of this manual was published in 1978, 
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with subsequent editions in 1981 and the most recent in 1985 (AISC, 1985). The 
manual provides information on standard forms of connections, standard bolting 
configurations, standard components and designations. 

The aim of the manual is to rationalise connections so that current economic 
design and fabrication practice can be incorporated. This permits increased 
efficiencies and a reduction of cost of fabricated connections in Australia. The 
manual also satisfies the requirement that . design shall be on the basis of a 
recognisable method supported by test evidence'. 

The first three editions of the manual were based on the permissible stress method 
of design. The connections considered within the manual are shown in Fig. 1. 
AISC is currently working on the fourth edition of the manual which is in limit states 
format and is also based on the design models of Section 2.1. Additionally, a 
change in the base grade of steel (from 250 MPa to 300 MPa) has highlighted the 
need to assess the details of these connections. 

The standardised connections concept has been readily accepted by both 
designers and fabricators in Australia. With time, the following improvements have 
been made: 

(i) a reduction in the number of standard components 
(ii) a rationalisation of some dimensioning to improve design capacity 
(iii) a heavier rationalisation in simple connections to reflect the almost 

exclusive current use of 8.8/S bolting category and E48XX weld metal 
(tensile strength of 480 MPa) in the standardized connections 

(iv) the introduction of greater detail and standardization into the area of rigid 
connections, base plates and sp lices 

2.3 Pre-Engineered Connections for Structural Steel Hollow Sections 

This section summarises the material in the soon to be published manual "Pre­
Engineered Connections for Structural Steel Hollow Sections" (PCHS). This 
publication was commissioned following requests to AISC from the steel 
construction industry for a publication which presents design models and 
corresponding tables of maximum design loads for a range of pre-engineered 
connections commonly used to connect structural steel hollow sections. In the last 
30 years there has been extensive research and testing of hollow section joints, 
particularly welded connections. Much of this research has been sponsored and 
published by Comite International pour L'Etude de la Construction Tubulaire 
(CIDECT) and the International Institute of Welding (IIW). Despite the availability of 
design recommendations from these organisations, the design of connections for 
structural steel hollow sections can still be an area of uncertainty for practising 
engineers, and this uncertainty has restricted their use in structural applications. 
The PCHS has been prepared principally using the CIDECT and IIW research. 
This has been achieved by providing design models, detailing dimensions for each 
connection and tabulated maximum design loads for a range of common pre-
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engineered hollow section connections as shown in Fig. 2. 

The steel hollow sections which are considered wrthin the PCHS comply with 
Australian Standard AS 1163 (Standards Australia, 1991 b) . The primary design 
reference is AS 4100. Until recently, AS 4100 only applied to sections of thickness 
3 mm and greater, and AS 1538 had to be used for thinner sections. However, 
research at the University of Sydney, for member design (Key et aI., 1988; Hasan 
and Hancock, 1989; Zhao and Hancock, 1991b) and for connection design 
described in Section 3 following , has shown that the weld design rules in AS 4100 
are applicable to hollow sections in the thickness range 1.6 mm to 3.0 mm and so 
the recent Amendmenl No.3 to AS 4100 has been made to allow hollow sections 
In this thickness range to be designed to AS 4100. 

The presentation of information for each connection type follows a standard format 
as follows: 

1. The reference for the design model. 
2. A detailed explanation of the failure mode for each component in the 

connection. 
3. The procedure for determining the maximum design load for the 

connection. 
4. An example to illustrate the use of the tables. 
5. Tables which contain the maximum design loads and detailing dimensions 

for the connection. 

The pre-engineered connections are organised by member type. The PCHS has 
adopted standard parameters for materials, detailing and design criteria . However, 
the level of standardisation is kept to a minimum to provide structurally efficient 
solutions and to give the designer or fabricator the flexibility to further standardise 
components to suit individual situations. The connection types covered in the 
PCHS and shown in Fig. 2 are: 

COLUMNS 
Base plate 
Cap plate 
Side plate 
Bracing cleat 

TIES AND STRUTS 
Flattened end 
Welded tee end 
Slotted end plate 

BEAMS 
Bolted moment end plate 
Welded portal knee 

WELDED JOINTS 
K-connection 
Y - and T - connections 
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Further areas for research are clearly identified In the paper describing the manual 
(Chapman et ai. , 1994). 
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3. RESEARCH 

3.1 Tubular Connections 

Five substantial research programs are underway or have been recently completed 
in Australia on connections in tubular structures. These are being performed at the 
University of Sydney and Monash University. 

As stated earlier, connections in tubular members in the thickness range 1.6 mm to 
3.0 mm were previously required to be designed in Australia to the Cold·Formed 
Steel Structures Standard AS 1538-1988. A substantial test program (USyd) on 
butt welds and fillet welds (both longitudinal and transverse) in thin cold-formed 
RHS members was undertaken to show that these connections could be designed 
to AS 4100. The test program on cold-formed RHS sections of Grade C350LO 
(350 MPa yield stress) is described in Zhao and Hancock (1994). The test 
program on cold-formed RHS sections of Grade C450LO (450 MPa Yield stress) is 
described in a paper at this 3rd Intemational Workshop on Connections in Steel 
Structures (Zhao and Hancock, 1995). It is shown in the papers that existing 
capacity (resistance) factors can be used except for longitudinal fillet welds where 
the capacity factor has to be revised downwards from 0.80 to 0.70. 

At Monash UniverSity, a detailed parametric study of local joint flexibility and stress 
concentration factors has been performed on connections in circular hollow 
sections. The joint configurations include Y-, YT-, K-, X- and KT-joints. For each 
of these configurations, four types of joints were considered, including profile-cut, 
flattened-end , grouted profile-cut and grouted flattened-end. The flattened-end and 
grouted joints are regarded as innovative. Results of the work are included in Ure 
et al. (1993). 

At Monash University, tests on five types of X-joints have been performed (Eimanis 
and Grundy, 1993). Profile cut (with and without grouting), flattened end (with and 
without grouting), and flat plate insert joints were tested statically in both tension 
and compression and their strengths compared to identify the joint with superior 
strength. 

At Monash University, an experimental program was devised to provide some 
relevant data on the capacity of tubular jOints under slowly varying, high amplitude 
cyclic loading. Under such loading conditions, the tubular joint may achieve 
'shakedown' in which the existence of permanent residual stress in the Joints 
permits it to behave in a purely elastic manner. Conversely, the joint will undergo 
incremental collapse or altemating plasticity failure modes if it fails to achieve 
shakedown. The experimental program was carried out on CHS YT-joints. The 
shakedown limit was found to be less than the static collapse limit by up to 18%. 
Further details of this research can be found in Kwong and Grundy (1994). 

A research program on bolted moment end plate connections is currently being 
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performed at the University of Sydriey by Clarke and Wheeler. End plates are 
welded to SHS and RHS tubular sections which are then bolted together and 
subjected to pure moment. The major variables in the test program are the 
number and position of the bolts in the end plates and the plate thickness. The 
purpose of the test program is to provide strength and serviceability limit states 
data and to quantify the nonlinear moment rotation responses for Ihis connection 
type. No publications have been produced at this stage. 

3.2 Thin-walled and Cold-formed Sections 

As discussed in Section 1 of this paper. a new limit states cold-formed steel 
structures standard is being prepared jointly by Standards Australia and Standards 
New Zealand. Australian hot-dipped zinc-coated or aluminium-zinc coated steels to 
AS 1397 (Standards Australia, 1993) have yield strength values in the range 250 
MPa to 550 MPa. For the highest strength grade (G550) which is similar to ASTM 
A449 and A611 Grade E Steel, tests on screwed and clinched connections for use 
in steel framed housing are currently being performed to see whether the design 
rules In the draft Australian Standard (Standards Australia/Standards New Zealand, 
1994) are applicable to these steels. New standard tests for shear and cross­
tension have been developed and are descnbed by Macindoe and Hanks (1994). 
Research is continuing at the CSIRO in Australia on G550 steel connections. 

3.3 Stainless Steel 

Research into the strength and behaviour of welded connections in stainless steel 
structural hollow sections has been undertaken at Ihe University of Sydney. Tests 
were performed on planar X- and K-joints in square and circular hollow sections, as 
described in Rasmussen and Young (1994) and Rasmussen and Hasham (1994). 
The research on square hollow sections with and without superimposed loads in 
the chord is described in detail in Rasmussen et al. (1993) and Rasmussen (1994). 
Based on a reliability study, it has been shown that stainless steel SHS and CHS 
can be designed using the CIDECT Recommendations for carbon steel joints by 
replacing the yield stress by the 0.2% proof stress of stainless steel based on the 
properties of the finished hollow section. 

3.4 Hollow Flange Beams 

A new structural steel section called a Hollow Flange Beam (HFB) has been 
developed in Australia by Palmer Tube Technology Pty Ltd. The section consists 
of two triangular flanges connected by a straight web, cold-formed from flat strip. 
The Iriangular flanges are closed by two electric resistance welds (ERW). The 
HFB is very different from conventional hot-rolled and hollow sections. A detailed 
design manual has been prepared to allow engineers to safely design structures 
from HFB sections (Palmer Tube Mills, 1993). The design manual contains an 
extensive section on connections. 

Two research programs have been undertaken to Investigate the structural 
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behaviour of HFB connections. These are bolted moment end plate connections 
(Dempsey, 1993) and web side plate connections (Syam, 1994). 

4. CONCLUSIONS 

Limit states design information for connections between hot-rolled members in 
orthogonal frameworks has now been prepared in the form of design manuals in 
Australia for use by design engineers. Standardised structural connections have 
been detailed and are described in a manual. A computer program LlMCON is 
available to assist design engineers in performing the complex calculations required 
for connections. 

A design manual for pre-engineered connections for structural steel hollow sections 
is in preparation. It will contain detailing information and maximum design loads as 
well as the design models used to compute the maximum design loads. There is 
considerable ongoing research in tubular connections for both RHS and CHS in 
Australia. 

A limit states standard for cold-formed steel structures is in draft form and includes 
design rules for bolted, welded, riveted and screwed connections. Investigations 
are underway to ascertain the applicability of the connection rules in the draft 
standard to high strength steels such as Grade G550. 

Innovative areas of research in steel connections include hollOW flange beams and 
stainless steel tubular connections, as well as grouted and sleeved connections in 
circular hollow sections. 
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CURRENT RESEARCH NEEDS 

FOR 

CONNECTIONS IN STEEL STRUCTURES 



INTRODUCTORY COMMENTS 

The research and development needs listed in this Section were determined 
from the technical papers that were presented at the Workshop, and from the 
extensive and lively discussions by the Workshop participants subsequent to 
the paper presentations. The list represents the essence of the work of the 
Research Reporters . Although no explanatory notes are provided with each 
topic, it is felt that the subjects give a realist ic reflection of the work that 
needs to be done . 

The research topics are categorized according to the areas of emphasis of the 
Workshop sessions, and are not prioritized in any way. Several of the topics 
are broad in scope, and may require multiple research projects . 

Besides the gaps in the present knowledge of steel connection behaviour and 
the developments required to improve design approaches. the Workshop 
papers and discussions stressed an increasing demand of a closer 
collaboration among researchers, practitioners and fabricators. This would 
enable a finer identification of the priorities and goals of research projects, 
and would strongly enhance the practical effectiveness of the research 
outcomes . 

RESEARCH AND DEVELOPMENT NEEDS 

1. Composite Connections 

Modeling of interface slip between the steel beam and the concrete slab 
and its effect on the composite connection behaviour for various types 
of composite joint details. 

577 



578 Curren! Research Needs 

Improvements of models of 'concrete tension stiffening effects prior to 
and at the ultimate capacity of the connection. 
Determination of the available rotat ion capacity of composite semi-rigid 
connections under monotonic loads and the ductility under cyclic loads. 

Analysis and testing of load history or load sequence effects 

Study of long-term loading effects . 
Analysis of shakedown and incremental collapse behaviour in 
composite semi-rigid frames . 

Quantification of typical rotation demands on composite semi-rigid 
connections . 

Development of design methods and criteria for partially-restrained 
beam-to-girder connections and partia lly continuous floor systems. 

Testing of the load-deformation behaviour of bolts in single-shear and 
consideration of their influence on the moment-rotation behaviour of 
partially-restrained beam-to-girder connections. 

Validation of theoretical work and analysis models on frames against 
suitable experimental tests of frame subassemblies, and comparison of 
connection performance when tested in isolation and when functioning 
as part of a complete structure. 

2. Special Connections 

Quantification of the effects of deformations of the lateral face of the 
column section in connections to concrete-filled RHS . 

Study of fatigue performance of connections to concrete filled RHS. 

Testing of the fatigue behaviour of mismatched welds (i.e., use of low­
strength electrodes to improve the fatigue behaviour or resistance to 
crack initiation) for welds of large th ickness sections with a minimum 
yield strength of 460 Mpa . 

Study of the effect of the effect of welding sequence on fatigue 
behaviour for welds of large thickness sections with a minimum yield 
strength of 4 60 Mpa. 



Current Research Needs 579 

Execution of tests on connections of wide-flange beams to CFT 
columns to assess the force transfer mechanism. examining the effect 
of various structural details on the connection strength. stiffness and 
ductility . 

Performance of subassemblage tests of wide-flange beams to eFT 
columns to assess cyclic load effects. beam attachment details. and 
contribution of the connection to the behaviour of the assembly . 

Evaluation of deformation limit criteria for design of connections 
between I-shaped beams and RHS columns. 

3. Design Methods 

Development of approaches for selection of semi-rigid connections that 
generally give significant benefit by simplifying joint details . thus 
reducing shop and erection costs . 

Assessment of the variability of connection properties. 
Development of connection models for linear and nonlinear design 
analysis . 

Assessment and application of stiffness-based approaches for 
preliminary design of semi-rigid frames. with the ultimate strength 
checked by second order rigid plastic analys is. 

Evaluation of approaches to ensure an adequate margin of safety 
against loss of ductility in composite joints. including (a) applying a 
factor when comparing required capacity against that available. (b) 
relying on the reduced rotation capacity required at a joint when the 
moment resistance achieved in practice exceeds the design value. 

Investigation of the economics of designing exterior beam-to-column 
connections as composite versus non-composite. 

4 . Modelling of Connections 

Development and validation of FE models enabling a reliable 
approximation of the response of joints under more complicated 
situations than have been examined so far. for example unbalanced 
loading. 



580 Current Research Needs 

Refinement of the material mOdels to be adopted in FE analysis. with 
partIcular reference to the properties of the confined concrete in 
composite joints. 

Study of the mechanical models for approximating the cyclic response 
of joints in order to improve their accuracy and extend their range of 
applicability . 

Development of standards for connection testing and reporting in order 
to provide suitable benchmark data for the calibration of the connection 
prediction models of connections under static and cyclic loading . 

5. Frame Behaviour 

Assessment of the need for shakedown analysis of frames with semi­
rigid joints. 

Evaluation of the potential use of semi-rig id construction to reduce or 
even eliminate bracings. This should also Imply research to be carried 
out into the economics of semi-rigid un braced frames in comparison 
w Ith sImple braced frames . 

Investigation of the effect of the various aspects of structural behaviour 
(such as ductility demand to members and connections). which can be 
influenced by connection overstrength. 

ReliabIlity assessment of semI-rigid frames. based on a statistical 
cal ibration of partial safety factors for the joints . 

Parametric study (numerical and experimental) of the influence of the 
response of column bases on the performance of frames . 

Large-scale testing of subframes and full frames in order to provide 
benchmark data for calibration of joint models. 

6. Cyclic Response 

Extensive study of different welded connection solutions aimed at 
better defining effective and reliable detailing . 
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Development of retrofin,ng criteria and techniques of joints damaged 
by earthquakes. 

Developments of assessment procedures for a realistic understandlnlj of 
the actual behaviour of steel moment frames after their connections 
have been damaged by an earthquake. 

Extensive investigation of bolted (rigid as well as semi-rigid) joints In 
order to provide design methods, and detailing and fabrication criteria, 
for their use in aseismic structures . 

Validation of the proposed criteria for low cycle fatigue failure of joints. 

7. Design Standards 

Development of comprehensive recommendations for the design of 
joints for thin walled cold-formed sections, including members in high 
strength steel grade. 

Development of specifications for the use of innovative fasteners (e.g., 
the blind bolts) as well as for design of joints of innovative sections, as 
for example the Hollow Flange Beams. 

Validation of design provisions for partial strength semi-rigid joints in 
aseismic frames. 

Assessment of the different design criteria for the use of preloaded 
bolts in structural joints. 

Refinement of the code specifications related to the design of fillet 
welds in RHS T, Y and X connections . 

Development of simple design approaches consistent with Codes 
recommendations for the design of semi-rigid joints and frames . 

8. State of Practice 

Cooperation among all parties involved in steel construction (I.e. , 
scientists, designers, fabricators, erectors and engineers of record) in 
the "education" to new techniques and design concept. 



582 Current Research Needs 

Preparation of tools. in particular software and publications. enabling 
design guidance on the moment-rotation curve of connections. 

Extensive site testing of pre-tensioned bolts in order to better 
understand the influence of various installation parameters. 

Study of possible standardization of the most popular connection types . 

Development of guidelines for the inspection and damaged assessment 
of connections in bui 
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