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FOREWORD

This book is the Proceedings of the Third International Workshop on Connections in Steel
Structures: Behaviour, Strength and Design, held at the Hotel Villa Madruzzo in Trento, Italy,
during the period 29-31 May, 1995, under the auspices of the Department of Structural
Mechanics and Design Automation of the University of Trento. The First International
Workshop was held at Ecole Normale Superieure de Cachan, in Cachan, France, 25-27 May,
1987, and its Proceedings was published by Elsevier Applied Science Publishers in 1988. The
Second Intemational Workshop was held at the Westin William Penn Hotel in Pittsburgh,
Pennsylvania, USA, during the period 10-12 April, 1991, under the auspices of the
Department of Civil Engineering of the University of Pittsburgh. The Proceedings was
published by the American Institute of Steel Construction in 1992,

The workshop organizers wish to express their sincere thanks to the organizations tha. made
the workshop possible through co-sponsor support and other assistance. Thus, the keen interest
of the American Institute of Steel Construction and the Commission of European
Communities, through the COST C1 project, directed by Professor André Colson, and the
European Convention for Constructional Steelwork, is much appreciated.

The Department of Structural Mechanics and Design Automation of the University of Trento
was the official host of the workshop, through its Head, Professor Riccardo Zandonini.
Extensive logistical and other support was provided by the department, in particular through
the work of Mrs. Rosanna Verones and research associate Claudio Bernuzzi.

A number of the workshop participants served as technical session chairmen and reporters.
In particular, the efforts of Messrs. Donald W. White, Purdue University; David Anderson,
University of Warwick; and Jean Pierre Jaspart, University of Liege, who accepted the
demanding assignments as Research Reporters for the workshop, are acknowledged.




xiii
The support and technical contributions of the participants, without which the workshop
would not have been possible, are sincerely acknowledged and appreciated. It is hoped that
the kind of international cooperation that has been facilitated by the First, Second and Third
International Workshops will continue to enhance research and development efforts in steel
structures worldwide.

Trento, Italy
August, 1995

Reidar Bjorhovde André Colson Riccardo Zandonini
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The success of the First and Second International Workshops on
Connections in Steel Structures provided the impetus for the Third. The
first was held in 1987; this event was conceived by Messrs. Bjorhovde,

~ Brozzetti and Colson, and following the invitation of 40 internationally
_recognized research and design experts in the area of steel structures and
~connections, 37 individuals accepted the challenge to present state-of-the-

Xv



xvi

art reports on this important specialty of the structural engineering
profession. Representing 15 countries, these researchers and their
colleagues presented a total of 41 papers, co-authored by 76 individual
authors. The Proceedings of the 1987 workshop, which was held in
Cachan, near Paris, France, document the technical papers as well as the
discussions and the research needs that presented themselves at the time.

The second workshop was held in Pittsburgh, Pennsylvania, USA, in 1991,
Using the same type of attendance by invitation only format, 60
internationally recognized research, design and fabricated steel
construction experts accepted the challenge to present state-of-the-art
reports. Representing 19 countries, these researchers and their colleagues
presented a total of 60 papers, authored or co-authored by 81 individuals.
A number of the papers were the result of true international cooperation,
with authors coming from different countries. The Proceedings of the 1991
workshop document the technical papers as well as the discussions and
the research needs that presented themselves at the time.

Preparing for the third workshop, it was decided to retain the format of
attendance by invitation only. The original rationale was that restricted
participation would allow for the most advanced topics to be considered,
without the need to bring everyone to a common base of knowledge, so to
speak. In other words, by gathering expert only, it was felt that it would be
possible to move the farthest and fastest in the assessments of ongoing
research, developments, and research needs. The first and second
workshops proved this format to be an unqualified success, so much so
that since then, a number of restricted attendance workshops have been
held, dealing with many and diverse subject areas.

A total of 53 internationally recognized experts were invited to participate
in the third workshop, and 51 accepted the challenge, representing 18
countries. 52 papers with 92 authors and co-authors were submitted;
these represent the primary contents of this book.

In the initial planning of the workshop program, some of the subject areas
addressed in 1987 and 1991 obviously had such broad interest that it
would be important to consider what further progress had been made.
Thus, sessions on connection modeling, cyclic response and frame
behaviour were selected. Similarly, subjects in the general area of semi-
rigid connections continue to be important. Much work over the past 4
years has been dedicated to the development of design code criteria and
practical implementation; a total of four sessions were organized to
address such issues. Finally, research on connections for composite
construction has continued in several centers around the world; one of the
workshop sessions dealt with these topic.
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As was done for the first and second workshops, Research Reporters
monitored all technical sessions for suggestions for needed research and
development. The topics that were identified are presented in the last
section of this book; they indicate the state-of-the-art as well as the
broader outlook on the future of steel construction, considering
connections as key elements.
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FINITE ELEMENT MODELING OF PARTIALLY RESTRAINED
BEAM-TO-GIRDER CONNECTIONS

Clinton O, Rex'

W. Samuel Easterling’
Abstract

In recent years the design of steel framed composite floor systems has been controlled more
often by serviceability criteria than by strength. It has been suggested that a partially
mlous composite floor system would improve serviceability limit states; and that, partially
trained beam-to-girder connections are the key to such a floor system (Rex and Easterling
m A research project aimed at developing design methods and criteria for partially
ained beam-to-girder connections and partially continuous floor systems is currently in
rogress at Virginia Polytechnic Institute and State University (VPI). This paper focuses on a
nite element modeling technique that is being used to predict the moment-rotation behavior of
pus beam-to-girder connections. This method relies heavily on the behavior models of
s connection sub-elements (bolts, welds, etc...). These connection sub-element models
e also discussed.

1. INTRODUCTION

in many cases concrete floor systems are chosen over steel framed composite floor systems in
design situations where the overall floor depth is limited. Shallow concrete floor systems can
. be designed to meet both strength and serviceability design criteria while still remaining
CONOM: Shallow steel framed composite floor systems can meet strength design criteria
remain economical thanks to advancements in composite beam design and the availability
hcost high strength steel. However, in many cases these systems are unable to meet
2ability design criteria while still remaining economical

ne pouibla method to improve both the strength and serviceability design aspects of a steel
ned composite floor system is to design the system as partially continuous. The key to
jigning a partially continuous floor system lies in the design and analysis of the beam-to-
jer connections. A research project investigating the design and analysis of partially

Via Doctoral Fellow in the Charles E. Via, Jr. Department of Civil Engineering, Virginia
ytec Institute and State University, Blacksburg, VA, USA

iate Professor in the Charles E. Via, Jr. Department of Civil Engineering, Virginia
ic Institute and State University, Blacksburg, VA, USA

1




2 C.0O. Rex and W. Samuel Easterling

restrained steel and composite beam-to-girder connections is currently in progress at Virginia
Polytechnic and State University (VPI).

To date, four full scale composite beam-to-girder connections have been constructed and
tested to failure (Rex and Easterling 1994). These four connections are shown schematically
in Fig. 1. Connection #1 is a standard single plate shear connection which is commonly used
in the United States. To enhance the moment resistance of beam-to-girder connections, both
before and after concrete hardens, it was believed that the details of the connections would
have to be changed from typical, currently used, details. Connections #2 through #4 represent
varying degrees of departure from the typical connections. The results of the tests showed
that these simple connections could develop significant rotational restraint and thus justified
additional development.

CONNECTION -l - CONNECTION #2
= — == —
S & o *"' :#'
L WiSxd0 WIsx40
== T—
W 24255 W24x55
CONNECTION #3 CONNECTION ¥4

T— — - —

Wisxd0 WI18x40
iwmss W24s58

Figure 1 Partially Restrained Composite Beam-To-Girder Connections Tested

An analytical technique to model the moment-rotation behavior of the connections is needed
to develop design methods and recommendations for partially restrained beam-to-girder
connections. Currently, non-linear finite element analysis is being used.

2. FINITE ELEMENT MODELING

Finite element analysis is currently being used to model the partially restrained beam-to-girder
connections. Certain simplifications have been adopted so that the finite element models do
not become excessively complex. First, the three dimensional connection behavior is reduced
to a two dimensional problem by ignoring out-of-plane effects. This is a common assumption
made in most research involving connections. Second, the two dimensional problem is then
further simplified by using only one dimensional finite elements placed in two dimensional
space. The elements used are beam, truss, and non-linear spring elements. Beam elements
are used to represent the beam and rigid links. Truss elements are used to represent
reinforcing steel, concrete, and steel plates. Non-linear springs are used to represent shear
studs, bolts, and welds. Schematics of the finite element models of Connections #1 through
#4 are shown in Fig. 2.
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: Connection #1 o Connection #2
s | [ Shear St Springs [Reinforcing Steel l [ Shear Stud Springs
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i Heam Beam
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ire 2 Finite Element Models Of Partially Restrained Beam-To-Girder Connections

-

these models have many assumptions and simplifications incorporated into them
ignoring out of plane effects (such as shear lag in the slab and instabilities in the

y in plane effects have been ignored as well. First, the flexural contribution of the

e slab to the overall rotational resistance of the connection is considered negligible
it is assumed that the composite deck remains in contact with the top flange of the
at all times (i.e. no slab uplift). Third, shear deformations of the beam are ignored and
is assumed to remain elastic. Finally, the vertical shear strength of the connection is
sufficient to ensure that a shear strength failure at the connection does not occur and
shear deformation at the connection is small. These assumptions are justified as

L3

T

shear lag in composite slab: The results of the tests so far showed that within a
design strip that shear lag was not significant.
instabilities in the steel: Connection #1 failed as a result of distortional buckling of
 section; but, subsequent connections and connections that are currently being
all have some restraint on the bottom flange (such as a seat angle) and
of this type has been eliminated. Connection #4 ultimately failed in web crippling
s similar to Connection #4 are no longer being considered. In general, proper
design details will ensure that instabilities do not occur.
_ flexural contribution of slab: The center of rotation for the connections tested to
ate was near or below the centerline of the bare steel beam. This places the reinforced
' te slab in almost pure tension. As a result, the axial stiffness of the slab is far
dominant than the flexural stiffness of the slab when considering the overall
c behavior.
Neglecting slab upliftt Because the composite slab is attached to the steel beam with
' headed shear studs the slab cannot separate from the beam without first failing
of the shear studs. This will typically only occur after significant rotational
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deformations have occurred and the connection is near failure. The ability to predict the
behavior of the connection beyond failure is not of current interest.

« Ignoring shear deformations of beam: The beams in partially continuous composite floor
systems are going to be long and shallow. This is a situation in which shear deformations
are known to have little effect.

+ Assuming beam remains elastic: Currently it is believed that the beam-to-girder connection
will be detailed such that the connection moment capacity will be less than the elastic
moment capacity of the beam.

+ Assuming connection has sufficient shear strength: Proper design guidelines will ensure
that a shear strength failure does not occur prior to @ moment strength failure in the
connection.

« Assuming vertical deformation at the connection is negligible: Proper design of the
connection to ensure proper shear strength should also ensure relatively small vertical
deformations.

Despite the fact that the connections tested to date violated some of the above assumptions,
analytical and experimental results generally compared very favorably, as indicated in Fig. 3,
with three notable exceptions

Connection #1 Connection #2
i Connection Mowsent (K-in) i Connection Mement (K in) < 7
1600 A o,
2900 S
1400 . LA . t e
1200 it b L 2000 e i
-® - s 8
1000 o ]
00 S North Cornection 1500 < e - Conmsction
3 4 « South Connection
600 s » South Connection 1000 v % — FE With Concrete
400 — FE With Concrete
200 300 :: .o
0 : S - 0 ' e - -
0 3 10 u” B W B 0 2 4 6 8 10 12 M 16 13 N
ation (mrad
-ty Rotation (mrad)
Connection #3 Connection #4
1500
Connection Moment (K-in) 2300 Connection Moment (K-in) . oy et Lt
1000 3000
L]
.
2300 23500 e
)
2000 2000 f 4
N o North Compection
1300 1500 » » South Connection
1600 w000} [3 — FE With Concrete
w0 $00
0 4 0 1 ] - e
23 0 2 4 6 5 0 12 u »
Rotation (mrad) Rotstion (mred)

Figure 3 Finite Element Model Results Vs, Test Data

First, the analytical stiffness for the non-composite connection behavior of Connection #1 is
not as stiff as that measured during testing. The authors are currently not sure of the reason
for this deviation. Possible reasons include bad load measurement for this stage of the
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in loading and stiffening effects of materials not accounted for in the model such as
, Steel decking and reinforcing steel in the wet concrete. Because later steel
ons were much stiffer than Connection #1 these stiffening effects were probably less

. This is more fully discussed by Rex (1984). Second, the model response was
) ! than the measured response in the latter stages of the test on Connection #1

m Connection #1 failed as a result of distortional buckling of the section. Once
ng began the connection response softened. Because nothing in the model currently
-lueh a response it would be expected that the two behaviors would diverge at this
-:',i- he third notable difference is the non-composite connection behavior of Connection
model behavior was much stiffer than the measured behavior. It is currently believed
of this difference may be a result of the method used to measure the experimental
It is believed the accuracy of measurement was insufficient to measure the very
s associated with this rather stiff steel connection

e

should note that both the data and the models have two stages of behavior. These
ent the two stages of connection loading associated with construction loads (loading
h_.fon the composite slab hardens) and subsequent imposed loading (loading that
a the composite slab has hardened). The ability to design and analyze the
gtion for both stages of behavior is very important.
hpomm assumption in the finite element modeling is that we have the ability to
t the behavior of the fundamental elements of the connection (bolts, welds, etc...)
} fundamental elements are referred to as “sub-elements”. The term “elements” has
L 2d for connection parts that are combinations of the sub-elements such as a seat
ction and a reinforced composite slab. Clearly the ability to predict the behavior of
ction as a whole is directly linked to the ability to predict the behavior of the
B sub-elements. So the question arises, how well can we predict the behavior of the
Jus connection sub-elements?

3. SUB-ELEMENT MODELS

sub-elements are essentially the materials and fasteners used in any non-
Dsite or composite connection. This section summarizes current models used to predict
ihavior of sub-elements and points out where some of these may need additional

tion before being used in general modeling of partially restrained beam-to-girder
. Schematics of the load-deformation behavior and the stress-strain behavior
d into the finite element models are presented in Fig. 4

y. the ability to predict the strength of a connection sub-element is the first problem to
. Then, based on the predicted strength, a method to predict the load-deformation or
s- behavior is developed. For brevity, the focus of the following paragraphs is on
$ of predicting the load-deformation or stress-strain behavior of the connection sub-
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Bolt Losd Vs Deformation Weld Load Vs Deformation Stud Load Vs Deformation
. Bolt Load Weid Load Load
T I/_’.’_H_—. //_
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Figure 4 Behavior Of Connection Sub-Elements Used In Finite Element Models

3.1 Boits

The 1994 Load and Resistance Factor Design (LRFD) Manual (Manual of 1994) uses the
following equation to predict the load-deformation behavior of high strength bolts.
R = Ra(1-¢*)’ Eq(1)
Where:
A = Total deformation of fastener and bearing deformation of the connected material (in.)
u=10
A=0.55
Ru = Ultimate shear strength of a single fastener
e = Base of natural logarithm

The form of the equation was originally developed by Fisher (1965), while the values of the
coefficients were determined by Crawford and Kulak (1971) based on six single bolt shear
tests. The bolts in these shear tests were fully tensioned A325 3/4-in. bolts placed in double
shear and the test specimen was loaded in compression.

Despite the fact that the coefficients of Eq 1 are based on only six tests, the equation is used
to predict the bolt load-deformation behavior in the eccentrically loaded connection design aids
in the LRFD Manual (Manual of 1994). This is done without regard to bolt diameter, whether
the bolt is in single or double shear, whether the elements being bolted together are in
compression or tension, whether the failure mode of the bolt is shear of the bolt or bearing
tearout of the plate, and other parameters that could be associated with this type of element.

To better determine the load-to-deformation behavior of bolted plates in single shear, Richard,
et al (1980) conducted a series of 126 bolt tests. These tests consisted of fully tensioned
single bolts being placed in single shear and the plates were loaded in tension. Thirty different
combinations of plate thicknesses, plate strengths, bolt diameters, edge distances, and bolt
strengths were studied. Three typical failure modes were observed in the elemental tests:




Finite Element Modeling of Beam-to-Girder Connections 7

_ shear failure of the bolt, bearing failure of the plate, transverse tension tearing of the plates.
_ Linear regression analyses were performed to determine coefficients for an equation that could
be used for additional analytical modeling. This equation is referred to as the Richard Formula

,:d the coefficients determined from the regression analysis are K,, R,, and n. The equation

given by:

..

s A

R = e 8K Eq(2)
. " \QuJ

» [H[AK‘] ]

E Re

-!s-Total bolt and plate deformation

K‘-tKK,

8 K= 2E —-+—1-* initial stiffness of the response
; 1 2
. :g.. t = Plate thickness of the two attached plates
E= Modulus of elasticity for the attached plates
- K; = Plastic stiffness of the response
-5 e = The Y-axis intercept of the plastic response
~n=Curve fitting parameter
~ These coefficients were determined on a case by case basis and a general method of
~ predicting the load-deformation behavior of bolts in single shear was never developed.

b (:m'rentlyr believed that the load-deformation behavior of bolts in single shear has a
nt impact on the moment-rotation behavior of partially restrained beam-to-girder
C ctions. To better understand this behavior, a series of single bolt tests is currently being
gonducted at VPI. However, the results of Richard's tests were used in the connection finite
models previously discussed.

3.2 Fillet Welds

b

- The 1993 LRFD Specification (Load and 1993) uses the following equation to predict the load-
- geformation behavior of fillet welds.

= f(p) Eq(3)
Pe

" P, = Strength of weld loaded at angle 8
f(p) = [p(1.9-0.9 p))**
- 'NA'
A = Deformation of the weld element in direction of loading
A, = 0.209(8+2) °* d = Deformation at ultimate load of fillet weld
= Leg size of fillet weld

This equation was developed by Lesik and Kennedy (1990) based on the research by Miazga
ind Kennedy (1989). It is currently believed that this equation predicts the load-deformation
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behavior of fillet welds with sufficient accuraty for finite element modeling of the partially
restrained beam-to-girder connections. Consequently, this model was used in the connection
finite element models previously discussed.

3.3 Shear Studs
Rounded headed shear studs are currently the most common shear connector used in

composite beams. Two of the most commonly used analytical models to predict the load-
deformation behavior of these shear connectors are;

805
Q‘Q”'[usoa] Ea )
Q = Qufi-e™]” Eq (5)

Where:

Q = Load on shear stud

Q. = Ultimate strength of shear stud
& = Deformation (in.)

Eq 4 and Eq 5 were developed by Buttry (1965) and by Oligaard, et al (1971) respectively for
continuously loaded shear studs in solid slabs. It is uncertain at this time whether either of
these equations have sufficient accuracy for use in finite element modeling of partially
restrained connections. A large data base of push-out tests conducted at VPI (Sublett, et al
1992, Lyons, et al 1894) is currently being reviewed to evaluate the load-deformation behavior
for rounded headed shear studs in steel deck. Eq 4 was used to estimate the load-
deformation behavior of shear studs in the finite element models of the partially restrained
beam-to-girder connections discussed previously.

3.4 Mild and Reinforcing Steel

Partially restrained connections should have sufficient rotational ductility to allow proper
moment redistribution in partially continuous composite floor systems, It is therefore desirable
in most instances to design the connection so that yielding of the steel connection elements
occurs prior to any sudden strength or instability failures. To assure that yielding does occur
before a sudden failure, it is necessary to consider actual (or at least average) yield stress
rather than the minimum specified yield stress,

Recent mill surveys of rolled beams showed that the mean yield stress of A36 (minimum
specified yield stress of 36 ksi) steel is approximately 48 ksi (AISC 1994). Mill test data of
standard deformed reinforcing steel reviewed by Mirza and MacGregor (1979) showed that the
mean yield stress of grade 60 bars (minimum specified yield stress of 60 ksi) was 71 ksi.

In addition to considering more accurate estimates of the steel yield stress, reasonable
estimates of the full stress-strain behavior are believed to be necessary. This is based on the
fact that reinforcing steel starts into the strain hardening region very soon after yield and that
the ductility of the connection at failure may be limited by the available ductility of both
reinforcing and mild steel. Methods of estimating the stress-strain behavior based on the yield
stress are currently being considered. Measured stress-strain behavior from coupon tests was
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: h ﬁn finite element modeling of the partially restrained beam-to-girder connections

flost efforts to model composite partially restrained connections to date have typically ignored
nsion behavior of the concrete. Review of the moment-rotation behavior of Connection #3 in
Fig. 3 shows that including the tension behavior of the concrete provides a better estimate of
)@ connection behavior up to the point where the moment in the connection is near the
imate capacity of the connection. In this latter region the tension stiffening model used for
jost concrete cracking behavior appears to slightly over predict the connection stiffness. A
'mmodtlofmnmhtcnsimbehaviorgiven by Collins and Mitchell (1991) was used in
@ finite element models of the beam-to-girder connections discussed previously.

4. CONCLUSION

restrained steel and composite beam-to-girder connections are currently being
gated. A simplified finite element analysis technique has been shown to model the
o behavior of these connections with reasonable accuracy. This technique

& hllvily on the ability to determine and analytically represent the behavior of the
C tal connection elements (connection sub-elements), Review of current methods 1o
dict the sub-element behavior shows that there is a need to further develop some of these

ds before they can be used for general modeling of connections. Future investigations
| cor te on the behavior of the connection sub-elements. This behavior will then be

to further investigate partially restrained beam-to-girder connections so that proper
ign procedures and recommendations can be developed.

5. ACKNOWLEDGEMENTS

research was made possible through the generous financial support of The American
sttute of Steel Construction, The American Iron and Steel Institute, and The National
Sience Foundation (# MSS-8222064). The writers would like to thank the project advisory
immittee of Dick Heagler (United Steel Deck), Matt Henderson (Commercial Erectors), Barry
Barger (Southemn Iron Works), and Kurt Swensson (Stanley D. Lindsey and Associates) for
their helpful suggestions. The suggestions and technical assistance provided by Professor T.
‘M. Murray are gratefully acknowledged.




10 C.0. Rex and W. Samuel Easterling

6. REFERENCES

AISC Advisory Subcommittee on SMRF Research (1994). “Earthquake Update, AISC
Technical Bulletin No. 2: Interim Observations & Recommendations On Steel Moment
Resisting Frames,” Modem Steel Construction, 34(12), 22-31.

Buttry, K. E. (1965). “Behavior of Stud Shear Connectors in Lightweight and Normal-Weight
Concrete,” MS Thesis, University of Missouri

Collins, M. P. and Mitchell, D. (1991). Prestressed Concrete Structures, Prentice Hall, 142-154.

Crawford, S. F. and Kulak, G. L. (1971). “Eccentrically Loaded Bolted Connections," Jounal of
the Structural Division, 97(ST3), 765-783.

Fisher, J. W. (1965). "Behavior of Fasteners and Plates With Holes,” Journal of the Structural
Division, 91(ST6), 265-286.

Lesik, D. F. and Kennedy, D. J. L. (1990). "Ultimate Strength of Fillet Welded Connections
Loaded in Plane," Canadian Journal of Civil Engineering, 17(1), 55-67.

Load and Resistance Factor Design Specification for Structural Steel Buildings, (1993).
American Institute of Steel Construction, Chicago, Illinois.

Lyons, J. C., Easterling, W. S. and Murray, T.M. (1994). “Strength Of Headed Shear Studs "
Vols. | and Il, Report CE/NVPI-ST 94/07, Virginia Polytechnic Institute and State
University, Blacksburg, VA.

Manual of Steel Construction, Volume 2, LRFD (1994)

Miazga, G. S. and Kennedy, D. J. L. (1989). “Behavior of Fillet Welds As A Function Of The
Angle Of Loading,” Canadian Joumal of Civil Engineering, 16, 583-599. .

Mirza, S. A. and MacGregor, J. G. (1979). “Variability of Mechanical Properties of Reinforcing
Bars,” Jounal of the Structural Division, 105(ST5), 921-937.

Ollgaard, J. G., Slutter, R. G., and Fisher, J. W. (1971). “Shear Strength of Stud Connectors in
Lightweight and Normal Weight Concrete.” AISC Engineering Journal, 8(2), 55-64.

Rex, C.O. (1994). "Behavior of Composite Semi-Rigid Beam-to-Girder Connections," Master
Thesis, Virginia Polytechnic Institute and State University, Blacksburg, VA.

Rex, C.O. and Easterling, W. S. (1994). "Semi-Rigid Composite Beam-to-Girder Connections,"
Proceedings of the National Steel Construction Conference, Pittsburgh, AISC, 6.1-6.20.

Richard, R. M., Gillett, P. E., Kriegh, J. D., and Lewis, B. A. (1980). “The Analysis & Design of
Single-plate Framing Connections,” AISC Engineering Journal, 2nd Qtr., 38-52.

Sublett, C. N., Easterling, W. S. and Murray, T.M. (1992). “Strength Of Welded Headed Studs
In Ribbed Metal Deck On Composite Joists,” Report No. CE/VPI-ST 92/03, Virginia
Polytechnic Institute and State University, Blacksburg, VA, 257 pages.




INFLUENCE OF SLIP OF THE SHEAR
CONNECTION ON COMPOSITE JOINT BEHAVIOUR

Jean-Mane Anbert

Absiract

plts on flush end plate composite joints with different degrees of shear connection are reported and
d with regard (0 modelling aspects. A numerical simulation using an original finite element is then
med, which illustrates the important influence of interface slip even when the shear connection is full.
an attempt of simplified analytcal procedure is proposed to determine the moment-rotation curve of a
e joint taking account of the interface slip explicitly.

1 - INTRODUCTION

cognized in a lot of studies (for example, see the synthesis [1]) that interface slip between concrete slab
beam may affect substantially the behaviour of a composite joint ; intuitively, this slip effect will be
d when the composite beam adjacent to the joint is in partial shear interaction. Moreover, for a
on of double-sided beam-to-column joint with approximate symmetrical loading, the interface slip
e 1o the joint rotation as the most important component. Unfortunately, it seems that no full-
slasto-plastic analysis is yet available to determine simply an equivalent translational spring reproducing
b slip component with good accuracy near the steelwork joint. To our knowledge, the first elaborate
pach on this topic was developed by JOHNSON and LAW (2] ; they evaluated the elastic stiffness of a
mummaamm.mmemwmmmmwby
et al[3] and neglecting the tensile resistance of concrete. But these authors did not provide any
mdm:forlbcd:mmmmo(thcmmnmtmnmcmvcofacompouw}oml.mthllhcmopcof
murel.wwylumwd.
& more recent paper [4], ANDERSON and NAJAFI assumed that the slip at the joint depends initially on the
rest shear connector 10 the column ; under increasing load, this alone connector provides resistance to slip
hmplnuc Additonal loading is then assumed to be resisted by the next shear connector
ming elastically, and so forth. Such an assumption does not appear well comprehensive in so far as any
(by using a numerical model for example) demonstrates clearly that the end slip at any stage is the
dmmearmmauwﬁmmmormwmm.
5, TSCHEMMERNEGG ual[S]puimummcmdmmmufaudipmnzdwpofmmw
mmmmummmm can be obtained from the system
n" (item 4.2.3.1, of [5]) ; but no practical procedure is given by these authors to do that,
Mpw some basic ideas are presented briefly, which may be useful 10 make progress in the
elevant problem. First, conclusions are deduced from tests carmed out in Rennes (6,7), only considering the
2 m-h-culnmnjommwnmbolladﬂubendphm(becanseofmclnnmdmmwﬂheplpu’}

b -

or, Structures Laboratory, Institut National des Sciences Appliquées (LN.S.A.),
pe des Buttes de Cotsmes, 35043 Rennes - FRANCE
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Then, numerical simulations using an onginal fmite clement are performed for joints having similar
charactenistics as the tested ones ; in addition, these joints are simulated when being subject to other conditions
of working and loading than the experimental ones. Finally, a simplified analytical procedure is proposed o
determine with good accuracy the full-range moment-rotation curve of a composite joint in which the rotation
component due to slip cannot be neglected.

2. CONCLUSIONS FROM TESTS

Reference 1s made here (o partcular tests called A2, C1, C2 and C3 which are extracted from a research
programm already presented in papers [6, 7]. As a reminder, the specimens were major axis joints and a
symmetrical cruciform arrangement with two cantilevers was used 1o test them, as shown in figure 1.

Column web shiffener

[CT] voap ceu
—=i TRANSOUCER
o STRAIN GAUGE

Figure I - Arrangement of specimens and instrumentation.

Common charactenstics to the tested specimens were ;
- beam ; IPE 360, and column : HEB 200 in steel grade $235 ;
- bolted flush end plate (grade S235) with :

« dimensions : 15 mm thick, 200 mm wide, 400 mm deep ;

* 3 rows of H.S. bolts of 18 mm diameter and grade 10.9 ;
- welded transverse stiffeners in the compression zone of the column web, perfectly aligned with the
corresponding beam flange ; y
- composite slab with ribs transverse to the steel beam and dimensions : 120 mm deep overall, 1000 mm wide ;
- reinforcement consisting only of one layer of rebars of high ductility and grade S500 (Jocated 88 mm above
the upper flange of the steel beam) ;
- concrete of strength class C30.

Other characteristics peculiar to each specimen are collected in table 1 (symbol N is the number of shear
connectors in each cantilever).



Influence of Slip on Composite Joint Behaviour 13

. D [ Reinl
Hi-Bond 55 More than full 10 rebars

(1.2 mm thick) (N=9) ¢8mm
Cofrastra 40 More than full 14 rebars

(0.8 mm thick) (N=17) o8 mm

Full
» (N=12) #

Table |

Mmmummmmm&mmmrm Rotations were
oed mmmmmwmmdmwmmm the part

j'f are given in figure 2 ; in fact, these curves are envelope curves resulting from several successive
fings and unloadings so that they show a realistic rotational stiffness in the serviceability domain due t©
2 cracking of the concrete near the column flange. In comparison with the above-mentioned curves, it
80 given in figure 2 the moment-rotation curve of the bare steelwork joint, deduced from a reference test

¢ trd)

—— >

0030

Figure 2 - Experimental moment-rotation curves

regard (o the rotation capacity of the joints, the failure mode was fracture of tension bolts for test Al,
fmacture of rebars for tests A2 and C1, and fracture of shear connectors for tests C2 and C3,

s additional instrumentation, a lot of strain gauge measures on all the rebars allowed to investigate the
distribution of axial forces in reinforcement at different composite cross-sections near the column (figure 1).
‘The main conclusions are :

All rebars within the total width of the slab participate approximately equally in resisting tension. This
prvation tends (o prove that the effective width of slab in hogging moment region is at least equal to the
ter distance between points of zero bending moment, in spite of the semi-continuous effect produced by

composite joint.
The variation of the total tensile force in the rebars close to the joint versus loading is affected by the
ree of shear connection, as shown in figure 3. Degrees of shear connection greater than unity (see tests A2,
C1 and possibly C2) cause greater force in the rebars at intermediate stages of loading ; but the final force in
the rebars is independent of the precise degree of connection bechuse their plastic resistance can be reached.
On the contrary, for parial shear connection (see test C3), the plastic resistance of the rebars cannot be




14 J-M. Aribert

developed. Moreover, independently of the degree of connection, all the curves show a sudden change of slope
at low loading due 1o concrete cracking whose nature appears much more severe than in continuous beams.

3
L
w04
;‘.“"P""h
p /' wam[(M=F d) i.
0+ ' =ETe
K =
!,'} ‘:g/( et P 2 1
/A
0 !’Jf / Curve of fest A

Test €1
Tesi €2

«‘/"{'! » .
..'H‘/ . = Tes! C3
o F i

/‘/, SH— sl Test A2

o rp o e |

&,

| | M
. - % 0 . awe  adm  w@w ¢ i
Figure 3 - Total tensile force in the rebars Figure 4 - Contribution of the steelwork joint.

(111) For the concerned tests, the moment-rotation response of the steelwork part of composite joint resembles
closely that of the bare steel joint. Using values picked up on the available curves (M ~ ®)and (F;, = M) in

figures 2 and 3, corresponding values of the moment M: of the steelwork part can be calculated from the
relationship

M3 (@)= M(®)- F (@)X, m

where d  is the lever anm between the layer of rebars and the mid-thickness of the compression flange. In

figure 4, the so-calculated values M (®) are compared with the curve M,y (6) of reference test Al

(without slab) ; there are in rather good agreement with the curve, which tends 10 confirm the intrinsic
behaviour of the steelwork part.

An explanation of this experimental result may be the following :

« for the bare steel joint (see figure 5-a), assuming the bolt-row number i subject 1o the intemal force F; and
the centre of compression of the end plate located at the mid-thicknesss of the compression flange, the moment
M, applied o the joint is equal to :

n
M,=1 Fy; @
1=l

where Y is the lever arm of the bolt-row number i.
* For the associated composite joint (see figure 5.b), assuming the same joint rotation @D and the same
position of the compression and the rotation centres as previously, the valve of moment M, applied o the

steelwork part depends on the point of end plate where it is considered. For example, at the rotation centre
(R.C.) of the composite joint, this value is :
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A
My=X Fyj+Fe ,
i=

M; =M, +F, ¢ @)

B is the eccentricity between the rotation centre and the compression centre. When ¢ is small, which can
mably assumed for joints with transverse stiffeners in the column web, relationship (3) gives then the
2 M, =M, .When the eccentricity is not negligible and may depend on the level of loading, it is worth
that the contribution of the steelwork part o the moment of the composite joint can be evaluated again
he principle of the « component method » of Annex J in Eurocode 3.

Figure 5.a - Internal forces in the bare Figure 5.b - Internal forces in
~ steel joint. the composite joint.

3-NUMERICAL SIMULATION

Numerical procedure

ERT et al [8] have formulated a finite element for composite beams taking account of interface slip and
s semi-continuous rotation at one of the element ends ; semi-continuity may be due 1o occurence of
ckling or 1o fastening of the element to a semi-rigid joint. Uplift being neglected, only four degrees of
'nﬁuﬁddhm“@u(uﬂﬂmwwmwm
for slab, and common rotation), as shown in figure 6-a. To simulate interaction with a
jﬁ.mmbmcunmnmdwnmmmmdmm
u ﬁumn(mﬂ;m&b)

awmmmm ko mwnndmem(M.+Mb)dmemmmu

jlied 10 the steel beam and the concrete slab ;

_ atranslational spring with variable stiffness ky, 0 control the axial force in the slab ;

| arigid truss element in front of the rotation centre of the composite joint (see figure 5-b) ; the node of
adiacent sicel beam element being translated from the centroid of the steel section to the position of the

’ centre, it is easy to satisfy the kinematic condition : ug')
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At any level of loading, an iterative procedure must be introduced to determine the unknown values of
stiffoesses k g and k, . At iteration number ¢ based on known values kg")mdkg").mem
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rotation of the jount
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Figure 6.a - Composite beam finite element Figure 6.b - Intermediate spring
element
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leads 10 rectify the rotational stiffness so that relationship (3) for moment-rotation behaviour of the steelwork

part is satisfied at best ; hence a new value kg).m. kb may be adopted here as the usual axial
stiffness of the slab element (essentially the rebars) filling up the space defined by the column mid-depth.

iz

Simulation

A numerical simulation has been performed on cantilever tests C1°,C2" and C3" relatively similar o the
above-presented tests Cl, C2 and C3, considering the same global arrangement as in figure 1 and the measured
propertics of the matenals :

* for structural steel : f, =310N/mm’ , A = 435N/ mm?;
« for concrete : {4 =30 N/mm® ;
» for remforcing steel : f,, =540 N/mm’ , g, =008

BqMTMMMNWMMMNWwWW
casier :

® the stress-strain diagram of reinforcing steel is elastic-perfectly plastic, and the tensile resistance
of concrete is neglected.

* The force-slip curve of the shears connectors (cold-formed angles) consists of two branches : a
first branch stanting from the origin with a constant slope equal to k. = 70 kN / mm ; a second
branch, which is horizontal, corresponds 10 the shear resistance of a connector, Pg =30 kN, and
is limited to the ultimate slip capacity s, =7 mm.

* The shear connectors are spaced uniformly.

* The rotation centre of the composite joints is located at the mid-thickness of the compression
flange (e = 0).

In consequence of the above assumptions for the shear connectors which are clearly ductile according to
Eurocode 4 [9], the degree of shear connection N / N; can be specified without ambiguity, namely 1.34 for
case C1°, 0.95 for case C2* and 0.63 for case C3°.
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Figure 7 - Curves of moment, slip and extension of rebars versus rotation for joint C1°,
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Figure 8 - Curves of momen, slip and extension of rebars versus rotation for joint C2™
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Figure 9 - Curves of moment, :&vmdmﬁmqfnbmwuummﬁrmcf.
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Munluoflheminlﬁmﬂuhmﬁ;m?.&mdBmMn‘mﬁulybjdmCl'.CZ'ud
C3" show the moment-rotation curves M(®) in continuous line and also the curves (@) and A(®) where
§ is the contribution of end slip to the joint rotation and A that due o extension of the rebars.

Even for N/ Ny = 1.34, the contribution of slip to the rotation is significant, remaining about 33% when the
rotation  capacity 1s reached due w fracture of the rebars. For partial shear connection, even for
N/ N; = 0.95, the contribution of slip becomes predominant at any stage of loading ; in this case, the
rotation capacity is systematically the consequence of fracture of the shear connectors.

The previous conclusions should be considered realistic, comparing the ideal joints C1°, C2* and C3* with the
tested ones C1, C2 and C3 ; there is a close similarity between their failure modes and main properties of
curves M(®), as initial rotational stiffness, ultimate resistance moment and rotation capacity. In particular, it
is recommended that the cracked section should be used to evaluate the initial rotational stiffness of a
composite joint in hogging moment region.

i3 Simulation of other arrangements

In the previous simulation, the shear connectors were ideally assumed to be spaced uniformly along the
cantilever length. Another simulation has been performed keeping the same number N of shear connectors but
spacing them differently ; so, the density of connectors in the four ribs of steel sheeting by the side of the joint
has been adopted twice that in the other ribs. For all the joints C1°, C2* and C3°, it has been observed that
this new arrangement has negligible influence on the moment-rotation curves, which may be explained by the
highly-ductile behaviour of the shear connectors.

hadﬁﬁmwhmﬁ;npsﬁﬂeﬁﬂamdmwhwmm“wnﬂhlh’mo{mk
a composite beam of 10 metre span has been considered, introducing successively the joints C1°, C2° and C3
at both ends (any rotation of the end supports being restrained, but translational displacement allowed). The
m;dﬂwmnmbmwmemumw&l.hﬁuhuwnmwd
connectors equal 0 110, 76 and 50 in the beams with joints C1°, C2" and C3~ respectively. The beams have
been subject 1o uniformly distributed loading which is more significant for buildings than concentrated loads.
Comparisons of behaviour of the joints in the beams and the cantilevers are shown in figures 10, 11 and 12.
For high degree of shear connection (see figure 10 dealing with C1%), the M(®) response is virtually

unchanged, although the end slip is slightly higher owing to occurence of a steep gradient of the slip
distnbution along the interface very close to the joint ; moreover, the rotation capacity of the joint is slightly
increased in consequence of the corresponding reduction of extension of the rebars.

*
M P
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Figure 10 - Behaviour of joint C1° in a beam




100 4

Influence of Slip on Composite Joint Behaviour

Figure 11 - Behaviour of joint C2* in a beam
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Figure 12 - Behaviour of joint C3" in a beam
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be same observation is valid again for the M(®) response of the joint C2° (see figure 11), although the end
and the extension of the rebars change in reverse order. For low degree of shear connection (see figure 12
gling with C3), even a more favourable M(®) curve is observed in the beam ; the reason of this increase
resistance moment is the higher force F, in the rebars which is supplied by redistribution of the
inal shear force from the ends of the connection towards the middle.

lly. it seems possible to conclude that the cantilever grrangement with a triangular distribution of bending
ment is suitable to characterize the moment-rotation curves of composite joints ; generally, the so-obtained
are accurate enough for practice and on safe side. Moreover, it is recommended to adopt the cantilever
qual to 15% of the beam span.
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4 - SIMPLIFIED ANALYTICAL PROCEDURE

For the type of composite joint considered up 1o now with ductile shear connectors, a simplified analyucal
procedure is proposed hereafter o evaluate the moment-rotation curve. The application of this procedure is
illustrated in figures 7, 8 and 9 by the tri-linear curves OABD which appear in very good agreement with the
numerical curves. Points A, B and D can be determined as follows :
(1) _Pomt A : It corresponds to the first yielding of the shear connection. Assuming cracked composite cross-
sections and founding upon the elastic interaction theory [3], four equations are used which concemn :

» the end slip at the joint :

,:i.[(l ::)dl-c.,{ﬁ.ch,/ﬁz] . @

» the tensile force in the rebars at the joint

—-Csh T 5)
F = (1+ VB (

« the rotation of the joint (here assuming : ¢ = () :
d=(A+s)/d, (6)
 and the moment applied to the joint (see equation (1)) :
M=M,(®)+F d, . o

In these equations, £ is the cantilever span, d is the distance between the rebars and the centroid of the steel
section, kc and a are respectively the stiffness and the spacing of the shear connectors, and :

a=5,1,:(d25,A,) . B=(1+a)ked? /(aEy1,)

where E, and E, are the moduli of elasticity of structural steel and reinforcing steel, I, is the second
moment of area of the steel section, and A is the effective area of the rebars. In addition, for elastic
behaviour of the rebars, the extension A is given by :

A=F,E,I(E,A,) . wilh.t,-hcr‘z 8)
where h,: is the column depth.
The unknown coefficient C for a given value of § may be calculated by means of a short iterative procedure,
for example in the following order :

Mo o B0 EOmE) o B0,y

The final results for the elastic limit slip s(A) = 042 mm are collected in table 2.
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C (A) (A) (A)

N F; ] M
TEST [N] [N] [rd] [kN.m]
or -2600 187300 1.27x107* 110
c?’ 4145 155480 1.21x10°* 95
<3 -6090 124108 L16x10~* 80

Table 2

(i) Point B : It corresponds to the stage of maximum interaction force between the rebars and the steel beam.
So:

F®) =A,f, when: N/N;>1 ; ©)

F,(B)=N.PR when: N/Ng<l | (10)

where Pp is the shear resistance of a connector. Moreover, the end slip is magnified owing to the elasto-
plastic behaviour of the shear connection, Practically it may be assumed :

s(a) = s(A)(FSB) / F,(A))  te AP (1

Equations (6), (8) and (7) are valid again,

(iii) PointD : As a preliminary, the point C corresponding to the rotation capacity @4 of the bare steel joint

s Goemined (the moment M(C) is given immediately by equation (7). Then, point C is replaced by point
D on the straight line BC if fracture occurs in the rebars or in the shear connection before reaching
otation P, . The rotation associated with point D may be calculated on the safe side by :

¢[D]=[Au+s(3)]a’d, when: N/Ng>1 , a2
with: A, =€, f, (ultimate extension of the rebars) ;
¢(D}=[a(3)+;“);d, when: N/Ngp<l | (a3

where §,, is the slip capacity of the shear connectors.

5. CONCLUSION

The present investigation based on observations from tests and numerical simulations is a belp 10 analyse
better the contribution of interface slip to the rotation of composite joints which appears relatively imporant
even for full shear connections, The arrangement of cantilever to characterize the moment-rotation curve of
the joints has been demonstrated significant for practical design. Considering ductile shear connectors and
double-sided composite joints with symmetrical loading, a simplified analytical approach has been proposed to
evaluate the moment-rotation behaviour in the shape of a tni-linear curve. It is likely that this approach could

e generalized without great difficulty 1o other types of joints, for example single-sided joints by adding the
rotation component due 1o the shear of web panel, also joints with unstiffened column web by taking account
of the variable position of the rotation centre of joints (use of thé eccentricity e in equations (6) and (7)), and
possibly cleated joints (assuming no slip in bolt holes).
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THE USE OF A ROLLED WIDE-FLANGE AS A BRIDGE SUPPORT BEARING

Joseph M. Ales Jr.!

Joseph A. Yura®

Abstract

The design of the connection between an integral steel cap girder and a concrete pier in a bridge
structure requires careful attention to detail. The bearings will be subject not only to vertical dead
and live loads but also to imposed displacements, such as rotation caused by alternate span vehicle
- loading and horizontal translation caused by temperature-induced expansion and contraction of the
superstructure. Though a bearing can be designed fairly easily to resist vertical loads, complex
designs and details are often required to accommodate the imposed displacements. A simple and
cost-effective detail has been developed; in place of a machined rocker bearing, a rolled wide-flange
section is used. The research presented herein describes the results of tests pertaining to the use of
the rolled wide-flange section as a bridge support bearing

1. INTRODUCTION

1.1  Problem Statement

Rocker bearings have been used as part of the connection between a concrete pier and a steel cap
girder supporting continuous steel bridge girders. Figure | is a photo of a typical connection and a

: 'Design Engineer, Walter P. Moore and Associates, Inc., 201 East Kennedy Blvd., Suite 300,
Tampa, Florida, 33602, USA

*Warren S. Bellows Centennial Professor in Civil Engineering, The University of Texas at
Austin, Department of Civil Engineering, Austin, Texas, 78712, USA
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schematic drawing 1s shown in Figure 2. Twin bearings at each concrete pier are designed to resist
moments in the transverse direction caused by eccentric truck traffic, as shown in Figure 3 In the
longitudinal direction (the direction parallel to traffic flow) the rocker bearing combined with long
anchor bolts are designed to produce an ideal pin support so that the continuous longitudinal bridge
girders are not restrained at the pier. The main reason for the free rotation concept is to avoid fatigue
in the steel cap girder details caused by alternate span loading. This connection, which is essentially
a fixed support in the transverse direction and a pinned support in the longitudinal direction, is fairly
complex and costly A research project was undertaken to determine experimentally the static
strength, the fatigue strength, and the stiffness of the connection in both the transverse and
longitudinal directions. The primary objective of the research was to develop a simpler and more
cost-effective connection. The new detail that was developed uses a wide-flange section as a bearing
in place of the machined rocker. This paper presents the results of the phase of the research
concerned with the use of a wide-flange section as a bearing support
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Figure2  Connection with Rocker
Bearing

—
L

: x
-
r

Figure 1  Connection Between Integral Steel Cap Girder Figure 3  Vertical Loads on Bearings
and Concrete Pier
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1.2  Longitudinal Direction Behavior

The bearing must support the compressive
load associated with the bridge live and dead
loads. In the longitudinal direction, the cap
girder is subject to rotation caused by the
longitudinal girders. If the connection
restrains the rotation, moments and forces
will be produced in the cap girder, the
connections, and in the pier. The resisting Figure 4 Horizontal Displacement of Bearing
moment is proportional to the rotational

stiffness of the connection. The center of rotation of a cap girder that is free to rotate is about the
neutral axis of the longitudinal girders. Since the bearings are located near the bottom flange of the
cap girder and are not coincident with the center of rotation, a horizontal displacement is produced
at the bearings. This is shown in Figure 4 Additional horizontal displacement will be produced by
the expansion and contraction of the superstructure caused by temperature changes

13 Replacement of Rocker with Rolled Wide-Flange Section

rocker bearing and the connection with the |

mbwmgushownmﬁgwcs The
wide-flange section is simpler and less l ‘

AeCHOA B0 TE RTMOVY D
—————e————

A eompuison of the connection using the ,; \
expensive than the machined rocker bearing l

_ and it provides a positive connection between e
. the steel cap girder and the concrete pier cap,  AUE 4 : R
eliminating the need for the anchor bolts P Tt
Though the wide-flange section does not j L J

allow free rotation, the web should be less stiff e
with respect to horizontal translation than the Figure S Comparison of Existing Connection and
rocker bearing. The tests on the wide-flange New Connection, Longitudinal Direction
sections were used to determine compressive

strength and out-of-plane stiffness and fatigue strength and led to the development of a design

{ ¥ocedure.

2. COMPRESSIVE STRENGTH OF WIDE-FLANGE SECTION

21 Test Program and Test Setup
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Three sizes of wide-flange sections were selected as bearing specimens for the compression tests

The sizes were a representative sample of the standard sections classified as the W12 and W14
column sections in the AISC Manual of Steel Construction (AISC, 1989). The sizes tested were
WI2X87, W12X152, and W12X230 (W310X310X129, 226, 342). The material used was AS72
Grade 50, Yield strength F, = 50 ksi (345 MPa). The primary variable for the compression tests was
the slenderness ratio of the web. The slenderness ratio of the web was defined as the height
of the web between the flanges, h, divided by the radius of gyration of the web, r. The range of the
slenderness ratio for the W12 and W14 sections varies from 14 to 80 for web thicknesses between
0.5 in. (13 mm) and 2 in. (51 mm). Nine tests were conducted, the average measured values of
the web thicknesses were 0.51 in. (13.0 mm) for the W12X87 specimens, 0.89 in. (22.6 mm) for the
WI12X152 specimens, and 1.30 in. (33.0 mm) for the W12X230 specimens. The slenderness ratios
of the test specimens varied from 28 to 71. An additional variable was considered, the length
of the bearing. Two lengths of bearings were tested, 24 in. (607 mm) and 36 in. (914 mm),
to determine whether the length of the bearing had any effect on the buckling stress. Replicate
specimens were tested for each category. The length effect was examined using the W12X87
bearings

A schematic of the test setup is shown in )

L T
Figure 6. The bottom platform supported a TR —
half section of a concrete pier cap and the top b1 4 N ‘
platform supported a 2 million pound (8900 E | i

kN) capacity hydraulic ram. A steel bearing Lt / T
plate transferred the compression load from ¥ -t e wecaen— |
the test specimen into the pier cap section. It y e
was assumed in the original design of the VA ety
loading frame that the test specimens would

fail in the fixed-fixed buckling model; in this T
failure mode, the top and bottom flanges are i
restrained from both rotating and translating, o
The frame, however, lacked sufficient stiffness Figure6  Schematic of Test Frame
to prevent lateral sway of the top flange of the
test specimen. The instrumentation used on
the specimens consisted of strain gages, linear
potentiometers, and servo inclinometers
Whitewash was applied to each specimen to
accentuate the yield lines.

2.2  Compressive Strength of Bearing
Web

°86 o2 04 o8 oe 10 12 1

The results of the bearing compression tests A = Kive (Fyef-
are shown in Figure 7 as a plot of the non- Figure7 Non-Dimensionalized Buckling Stress vs.
Slenderness Parameter
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dimensionalized buckling stress vs. the slenderness parameter, an effective length factor of 1 is used
The critical buckling stress, F_, is defined as the maximum static load divided by the area of the web
All of the specimens failed in the sway mode A graph showing the non-dimensional axial stress vs
the top flange lateral deflection for the W12X230 specimens is shown in Figure 8 The failure loads
of the specimens in each group are repeatable and the
length of the specimen, which was varied in the W12X87
group, had no effect on the results. All of the specimens
buckled in the inelastic range and strain hardening occurred
in the W12X152 and the W12X230 groups A photo of a
failed specimen is shown in Figure 9

[*F.
200
eoo aor oo oo 004 008
B/n
Figure 8  Non-Dimensionalized Axial Stress vs. Lateral Figure 9  'WI12X230 Specimen
Deflection, W12X230 Specimens P = 1800 Kips (8000 kN)

The bearing web will not be subject to axial loading only; the horizontal forces due to temperature
change and live load rotation will produce bending in the web. The design of members for combined
bending and axial loading is governed by an interaction equation. The AASHTO allowable stress
design specification (AASHTO, 1992) requires the check of two interaction equations, one of which
govemns for failure due to instability and one which governs for yield failure. The high compressive
loads in bridge bearings will necessitate the use of wide-flange sections with thick webs and
correspondingly low slenderness ratios. The test results showed that for webs with low slenderness
ratios, buckling occurred in the strain hardening range. Therefore, it seems reasonable 1o base the
design on yielding. To ensure that yielding will always control the design, the slenderness ratio of
the wide-flange will be limited such that general yield failure will occur prior to buckling failure 1f
the allowable compressive stress is 0.472F, (a safety factor of 2.12 is used) and the effective length
factor of the web is set to one, the limiting slenderness ratio becomes

A B
_,]qu_ (1)
r F

v

where E is the modulus of elasticity. If F, = 50 ksi (345 MPa) the maximum slenderness ratio is 29
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Since r = t / V12 for a rectangular section, the hmmng slenderness ratio can be converted to a
minimum thickness limit. If the allowable bending stress is set to 0.55F, the interaction equation to
be used for the design of the bearing web is

F
. S 1,2 2.85 A \J: (2)
0472F, 0.55F E
¥y r
2.3 Behavior of Bearing Flange

The compressive loads in steel bridge bearings
are typically transferred to the concrete pier
through bearing plates, which are designed
based on the assumption of uniform stress
distribution in the concrete. This assumption is
valid only if the bearing plate is flexurally very
stiff in relation to the concrete; this is typically
not the case and the result is a very conservative
design. The flange of the rolled wide-flange
section acts as a bearing plate to distribute the
concentrated web load to either another bearing
plate or directly to the concrete. The load in the
web is a point load applied to the center of the
flange and since the flange is not infinitely stiff it
will bend, in 2 manner similar to a beam on an elastic foundation. Figure 10 shows the ratio of the
end deflection of the plate to the center of the plate vs. the quantity pl, where § is a measure of the
modulus of reaction of the concrete to the flexural stiffness of the beam (or plate) and | is the length
of the plate. The graph shows that as the beam becomes less flexurally stiff, i.e. the length increases,
the stress distribution in the concrete becomes less uniform. At a certain length the ends of the plate
begin resisting tension, since a bearing plate is not designed to resist tension, a portion of the plate
becomes ineffective. This behavior was confirmed during the compression tests through the use of
strain gages placed on the bearing plate. The stress in the plate as calculated based on a uniform
stress distribution was many times larger than the recorded stress. The tests also showed that the
concrete bearing stress can reach several times its allowable value (for the tests, 0.6 f.) with no signs
of distress. A design procedure was developed for determining the required thickness for the bearing
plate based on a modelling of the bearing plate as a beam on an elastic foundation.

yend | yoant

Figure 10 Ratio of End Deflection to Center
Deflection vs. Bl

3. OUT-OF-PLANE FATIGUE STRENGTH OF WIDE-FLANGE SECTIONS

3.1  Test Variables
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The bridge bearings will be subject to out-of-
plane distortion due to horizontal movements
and rotations. ~ The primary horizontal
movement is due to contraction and expansion
caused by temperature changes. This
movement, however, is not considered likely to
cause fatigue damage Fatigue damage is
caused by the movements and forces produced
m:‘h’;‘:;“"“n 2 ‘sdigmc':d';'i Figure 11 Loeation of Maxisum Stress
a rotation, at the bearing location (shown in
Figure 4) The maximum stress in the bearing occurs at the intersection of the web and the flange,
as shown in Figure 11. Rolled structural shapes have an approximate parabolic fillet transition from
the web to the flange. Stress risers will be present in this transitional area, the magnitude of which
will depend on the geometry of the transition. A sharper transition will produce a larger stress riser
Fatigue cracks may develop at these stress riser locations. The edges of the fillet are defined by two
dimensions, k-t,and k,-t,/2. There is not much variation in these dimensions for the W12 and W14
sections. The fatigue specimens comprised the same three sizes that were tested in the compression
tests. The objective of the fatigue tests was to determine if a wide-flange section, when subject to
cyclic out-of-plane shear distortion, would exhibit a fatigue life consistent with an AASHTO category
A detail  The category A detail encompasses details described as "Plain material, Base metal with
rolled or cleaned surfaces”. The allowable stress range is 24 ksi (165 MPa) for an infinite life rating
~ Since a category A fatigue detail rarely controls the design of a bridge detail, a classification of the
wide-flange section as such would simplify the design procedure by eliminating the requirement of
- checking for fatigue. Given that the allowable stress range for a category A detail for infinite life is
24 ksi (165 MPa), the fatigue specimens were tested at stress ranges above this value, 30 ksi, 40 ksi,
and 50 ksi (207, 276 and 345 MPa)

32  Test Program .
g 'I BUTTRESS
The test frame, shown in Figure 12, was = i TEST SPECIMEN  cax1i s
~ designed to simulate the horizontal | : =
displacement caused by the longitudinal > WT10.5X50.8 \ .s
girder rotation. The individual test | ! T |

Laxex1 2
LOAD CELL

specimens were 12 in. (305 mm) wide.
In most cases, two specimens were

= — =
imultaneously located ’
Mmgove and btl:low l:ecr;ld = 0" EXTINNON OFRAM numznmL 1
iStcation poiat. The top flangs of the WT10.5X80.5 e
upper specimen and the bottom flange 5
of the lower specimen were bolted to |=J
 the test frame and were restrained from ' v i Iz e ¢ l¢ i I s

Figure 12 Schematic of Fatigue Test Setup
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rotation and displacement. The bottom flange of the upper specimen and the top flange of the lower
specimen were bolted together, but separated by a | in. (25 mm) thick loading plate. The loading
plate was attached to a hydraulic ram that applied a constant amplitude sinusoidal load. The two
speummﬁeeloumulme,butmﬂomme,nthelondnpplmmpmm Some tests were also
conducted with only one specimen in the lower position. These tests were necessary to produce a 40
ksi (276 MPa) stress range in the W12X230 (W310X310X342) specimens and in the single specimen
tests a rotation as well as a horizontal displacement was produced.

Strain gages were used to measure the stress ranges at the anticipated peak tensile stress locations,
assumed as the point of tangency of the web and the fillet, or the dimension k from the bottom flange.
The constant amplitude, sinusoidal cyclic load was applied by means of a closed-loop hydraulic
system. A load controller was used to define the mean load and the tensile load range. The minimum
load was set 10 produce a minimum stress of approximately +4 ksi (28 MPa) for the fillets in tension.
The load frequency varied from 3.0 Hz to 4.5 Hz and the number of cycles was recorded by a
counter. Limits were placed on the load so that the system would turn off if a limit was exceeded.
A fatigue crack typically activated the limit mechanism. If no fatigue crack occurred at 2 million
cycles, the specimens were loaded to a 4 million cycle limit. If no fatigue crack occurred at the 4
million cycle limit, the stress range was increased and loading continued at this higher stress range
until a failure occurred.

3.3 Test Results

The results of the fatigue tests are shown in Figure 13 as a log-log plot of the stress range vs. the

100
T CATEGORY A
_‘80 = ! —
g% "
w 40 * .‘!5 * :s‘_‘ﬁ
g N R
4—3
w " * .
w
£ 2
@ . u WI2X87
*WI2X152
® Wi2X230
10 | 1
0.1 1 2 3 4 .66 10

CYCLES TO FAILURE (millions)

Figure 13 Stress Range vs. Number of Cycles to Failure




The Use of a Rolled Wide-Flange 3

number of cycles to failure. One data point represents the results from each group of fillets. The data
points for the fillets that did not fail are accompanied by an arrow. Superimposed on the graph is the
equation for the category A detail. In all cases, the experimental data points lie above the category
Aboundary. The data points for the tests in which only one specimen was tested are indicated by an
* The results do not seem to be influenced by the test configuration. In all cases, the crack initiated
at some point within the center two-thirds of the web. There was usually more than one crack
mnitiation site and typically more than one crack plane. The cracks usually occurred just above or just
below the anticipated cracking plane (at distance k from the outer surface of the flange) and the crack
propagated as an ellipse. In some cases the crack was visually observed before the loading system
shut down. The specimens typically went through a few
hundred thousand cycles from the time the crack was
observed to the time it propagated through most of the
thickness of the web or 1o the edge of the specimen. The
fatigue life of a cracked specimen was taken either as the
cycle count at the time the crack was visually observed or
the last observed cycle count before the system shut down
(this was usually the case if the specimen failed during the
night). There is not much apparent difference in the
performances of the different sections, though the W12X87
(W310X310X129) sections had longer fatigue lives for
higher stress ranges than the other two sections. This may
be because the size of the fillet, which has dimensions (k,-
/2, k-1)) that are larger than the web thickness, provides a
smoother transition from the web to the flange and
therefore has a smaller stress concentration. Experimental
thermoelastic stress analyses, conducted during the fatigue
testing, showed no obvious stress concentrations in the
fillets of any of the specimens. It should also be noted that
all of the W12X87 (W310X310X129) and WI12X152
(W310X310X226) specimens that failed had a peak stress
above the yield stress. A photo of a cracked specimen is Figure 14 Fatigue Crack in WI2X152
shown in Figure 14 Specimen

4. CONCLUSIONS

The research presented in this paper showed that a rolled wide-flange section can be used as a bridge
support bearing. A simple interaction equation is used to design the bearing for static strength and
the fatigue tests showed that a rolled wide-flange can be classified as a category A detail when subject
to out-of-plane shear distortion. Also described in a qualitative manner was the behavior of the flange
as it acts as a bearing plate to distribute the web load to the concrete. The flange acts more as a beam
on an elastic foundation than as a rigid plate. The primary advantages of the wide-flange section
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compared with the rocker detail are its simplicity and cost-effectiveness.
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PREDICTION METHOD FOR MOMENT - ROTATION BEHAVIOUR
OF COMPOSITE BEAM TO STEEL COLUMN CONNECTION

Pind Ren!

Michel Crisinel?

Abstract

The moment-rotation relationship of a composite connection is the end product of a
complex interaction between the composite beam and the steel column, through the
steelwork connection and the reinforced-concrete slab.

Based on numerical analysis and experimental study, simplified calculation methods
to predict rotational stiffness and moment resistance of composite connections have
been developed. The simplified spring model includes the steelwork connection, the
horizontal shear connection and the reinforced-concrete slab. Applications of the
proposed prediction methods validated using the test results are the following :

1. Calculation of the moment redistribution for composite frames, considering the
partial-strength end connections and using the predicted moment resistance.

2. Calculation of the beam deflections in composite frames, considering the semi-
rigidity of end connections and using the predicted rotational stiffness.

1. INTRODUCTION

Joints in composite structures comprise the following load transfer components

(Figure 1):

- steel beam and column via the steelwork connection (endplate, cleats, bolts, etc.)
- reinforced-concrete slab and decking (if used).

At present it is customary in structural frame design, to simplify actual beam and
column connections and assume that they behave as ideally fully rigid or pinned. The
ideally pinned connection implies that no moment will be transmitted between the

'Dr, Commercial Intertech, Diekirch-Luxembourg (former Ph. D. Student at ICOM EPFL)
Manager, ICOM-Stee! Structures, Swiss Federal Institute of Technology (EPFL), Lausanne
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beam and the column, and the fully rigid connection implies that no relative rotation
will occur between the beam and the column. Although, it is recognised that even
pinned connections possess some ability to resist moment, and rigid connections
also have some flexibility, these two ideal assumptions are rarely encountered in real
structures.

In this study, connection types have been limited to the double web cleat and the
flush end plate connections. These two types of connections are typical pinned and
semi-rigid connections, they are also the most common connections used in
Switzerland (Figure 1).

—A

T 1 h T T I
WM .
s B L
a) b)

Figure 1 - Composite joints with typical steelwork connections

The performance of frames being strongly influenced by the behaviour of the
connections, there are advantages to consider their semi-rigid behaviour in the
design, which can lead to more economical structures and to a more reasonable
estimation of the structure strength.

Composite connections can achieve significant stiffness and strength being provided
by the longitudinal reinforcement placed continuously in the slab. According to the
european prestandard for composite steel-concrete structures (Eurocode 4, 1992),
semi-rigid composite connections are allowed. However, no application rules are
given for the calculation of moment resistance, rotational stiffness or rotation capacity
of composite semi-rigid connections. In addition no application rules are given for
analysis of frames with such connections, existing methods are not sufficiently
developed to be included in this code and the prediction of moment-rotation
characteristics for composite connections is not well established.

The main problems existing when modelling the composite connection behaviour are
the steelwork connection under bending moment and axial compression, the slip
between the slab and the steel beam, the reinforced-concrete slab under tension, the
interaction between the reinforcing bar and the concrete, the interaction of slab with
column, etc.

Based on above consideration, the objectives of the study carried out at ICOM-EPFL
(Ren, 1995) were as follows:
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- To develop a numerical model which can analyse the non-linear composite joint
behaviour, taking into account the flexibilities governing the composite joint

= To conduct experimental investigation of bare steel connections and composite
connections for supporting the proposed numerical model.

- To identify the relative importance of the parameters affecting the composite
connection behaviour.

- - To develop simplified methods to predict the key values required for the design of
composite connections.

The present contribution emphases especially the development of this simplified

prediction method.

2. THEORETICAL AND EXPERIMENTAL INVESTIGATIONS

A numerical model to analyse the non-linear composite joint behaviour including all
the flexibilities governing the characteristics of this type of joint has been developed
- ((Ren & Crisinel, 1994, Ren, 1995). By incorporating this numerical model into an
existing composite beam analysis program COMPCAL (Ren & Crisinel, 1992), a new
program COJOINT has been developed to simulate the semi-rigid behaviour of
composite joints. The program COJOINT has been verified with 14 tests of
specimens having a wide range of member geometries, types of steelwork
connections, degrees of shear interaction and ratios of reinforcement. The
comparisons demonstrated a very good moment-rotation agreement between the
tests and the numerical simulations. The relative importance of the parameters
affecting the composite joint behaviour has been identified by a parametric study with
the use of the program COJOINT.

Two series of tests have been conducted (Ren & Crisinel, 1994). The first series
(bare steel beam-to-column connection tests) involving 11 individual specimens was
initially carried-out to assess the interaction between bending and normal forces as
well as the contribution of the steelwork connection to the composite connection
behaviour. The second series (three composite joint tests) was then performed in
order to understand the influence of the slab on the steel connection behaviour with
respect to the amount of reinforcement used in the slab and different types of
steelwork connections.
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3. MOMENT-ROTATION RELATIONSHIP

For the analysis of structures, the characteristics of composite connection moment-
rotation curves should be known. For design purposes, the characteristic curve is
divided by a safety factor. For simplification, this design curve is often replaced by a
tri-linear diagram as shown in Figure 2. The three properties needed for the design
are:

- the moment resistance, M (calculated plastic moment of the composite
connection),

- the rotational stiffness, S, (secant stiffness of moment-rotation curves which
corresponds to the elastic bending moment of the “cracked" composite connection
cross-section). It is assumed that, at this moment, the concrete is cracked, the
reinforcement is in the elastic state and the steelwork is in the elastic state (rigid
connections) or in the elasto-plastic state (flexible connections).

- the rotation capacity 8, (defined here as the rotation achieved before the
resistance moment falls below its plastic value M; as shown in Figure 2).

M

b S S

J+ 1t i

{ - 0
0 8,

Figure 2 - Main properties for moment-rotation curve

The proposed prediction method is based on a mechanical model, and the key
elements of the composite connection are simulated by a spring system. The
important parameters which influence the moment-rotation behaviour of a composite
joint and partial shear interaction can be included in this method .

Figure 3a shows a composite connection with an applied moment M. In the
connection cross-section, this moment is represented by two component moment
Msgiab and Meonn. plus a couple of forces Fg and Fe. The following simplifications are
made :

- The moment Mg, taken by the slab is ignored.

- The tensile force Fy is acting in the reinforcement.
- The compressive force F. and the bending moment Mconn, are acting at the
neutral axis of the steelwork connection.
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The equilibrium of the system is written as follows :

M= Fs - T+ ann_ (1)
Fs = Fc (2}
z : distance between the neutral axis of steelwork connection and the axis of

the reinforcement.

At initial elastic state, it is assumed that the compression centre of the steelwork
connection is located at the bottom flange of the steel beam for the flush end plate
connection (Figure 3b), and at the lower bolt row level for the double web cleat
connection. This further assumption can be expressed as follows :

Meonn. = Fe - @ (3)
e . distance between the neutral axis of the steelwork connection and the

compression centre (bottom flange of the steel beam in case of flush end
plate connection).

Substituting the Equations (2) and (3) into (1), this one can be written in the following
form :

M=Fs -2+Fc-e=Fg(ys + yc) (4)
ys @ distance between the axis of the reinforcement and the interface
Yo : distance between the bottom flange of the beam and the interface
Msilh
ge=——1=p F, ===
| L

!z '

3 Eins
| X e.)- F ~¥- ) X |__
] . ]| Mconn. | e

A '

I neutral axis of l
steelwork connection A

a) b) c)

Figure 3 - Simplified spring mechanism for a composite joint

|

For modelling the deformation of this composite connection, a spring system shown
in Figure 3c is used. A tension spring is used to simulate the behaviour of the
reinforced-concrete slab in tension. A compression spring is used to simulate that of
the steelwork connection in compression. A horizontal shear spring is used to
simulate the behaviour of shear interaction between the concrete slab and the steel
beam. This shear interaction is provided by the shear connectors of the composite
beam. It is equal to the transferring force between the slab and the steel beam.
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If there is no interface slip between the slab and the steel beam (full shear
interaction), the spring stiffness of the shear interaction should be equal to infinity. If
there is no shear interaction between the slab and the steel beam, the spring
stiffness should be equal to zero. Each component has its proper equilibrium
condition.

Each spring can be assumed to be elastic or elastic-plastic. In Figure 3c, kg is the
tension stiffness of the reinforced-concrete slab, k. is the compression stiffness of
the steelwork connection, and k, is the stiffness of the shear connectors. Au is the
interface slip between the slab and the steel beam. After deformation, the cross-
sections of the reinforced-concrete slab and the steel beam are assumed to remain
in plane with the same rotation.

From the Figure 3c, the interface slip between the slab and the steel beam can be
written as :

Au = ~uc - ug+ 0 (yc + ys) (5)
Ug, U and Au are, respectively, the deformation of the springs representing the

reinforced-concrete slab, the steelwork connection and the horizontal shear
interaction. They can be written in the following form :

Fs
Ug = ks
Fe

- LS 6

Ug Ke (6)
Fy
au=-Y
Ky

F is the shear interaction force transferred from the reinforced-concrete slab to the
steelwork connection,

Substituting Equation (6) into Equation (5), and considering the equilibrium condition
of forces Fy = Fg = F¢, the following relation can be obtained :

Fy Fe Fs
k—:’-—z—g'Fe(Yc*Ys)
(7)
Fp (o4 o+ ) =0 (Yo + ¥e)
ky ke ks

Replacing the above Equation into Equation (4), the moment is calculated as
follows :

2
YT T e ®)
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This can be expressed in the form of rotational stiffness as follows:

_M_ (ye +ys)®
e e T T ©)

— + +
kv, ks ke

- If the springs represent the elastic “uncracked” behaviour of the connection cross-
section, the initial stiffness S, i, can be defined (Figure 2).

- If the springs represent the plastic “cracked” behaviour of the connection cross-
section at moment resistance M, the rotation capacity 6, at the ultimate limit state
can be determined.

- If the springs are assumed to represent an elasto-plastic behaviour, for a given
design moment, the rotational stiffness S;at serviceability limit state can be
determined.

4. PREDICTION OF ROTATIONAL STIFFNESS
AT SERVICEABILITY LIMITE STATE

From Equation (9), calculation of the rotational stiffness of the composite connection
can be converted to determine the stiffnesses of the tension spring of the reinforced-
concrete slab, the compression spring of the steelwork connection and the shear
interaction spring of the connectors. Knowledge obtained from experimental results
on bare steel connections and from numerical calculation results of the internal force-
deformation relations is required.

Stiffness of reinforced-concrete slab

The stiffness of the slab is given by :

ke= =208 (10)
L
Es modulus of elasticity of the reinforcement (mesh and reinforcing bars)
Ag section area of the reinforcement
L length of the slab element with the extension ug. L is calculated using the
following formula, which consider the effect of cracking of the concrete (see
Ren, 1995) :
L=2nk=21n(60+13k-s) (11)
n : coefficient depending on the cohesive characteristic between the

reinforcement and the concrete, normally approximated as 0.35
lr : length of transmission of the cohesive force between steel bar and concrete
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k : coefficient equal to 1.0 in thé case of pure tension and 0.5 in the case of
simple bending (slab is the case)
§ © spacing distance between the reinforcement (mesh and reinforcing bars)

Stiffness of shear connectors between slab and steel beam

The load-slip behaviour is determined using “push-out* tests of connectors. The
typical load-slip behaviour of welded shear connectors is shown in Figure 4.

0.61-

0 - : . & slip [mm|

0 05 | 2 3
Figure 4 - Typical load-slip behaviour of welded stud shear connectors

It is assumed that at the serviceability limit state, when the corresponding shear
interaction force is 0.6 the ultimate shear force, the slip at the interface is
approximately equal to 0.5 mm for welded shear connector, see Figure 4 (Bucheli &
Crisinel, 1983). The stiffness of the shear interaction is then expressed as follows :

It V,=Fg < X Pgy, representing a full shear interaction, then

06 Fs

Ky =
" Au

(12)

If Vi, = Fs 2 X Prg representing partial shear interaction, then

ky = O%P“d (13)

L Prg ' resistance of the sum of the shear connectors placed over the composite
beam length of hogging moment

Fs . tension resistance of the reinforced-concrete slab

Au . interface slip at serviceability limit state (taken here as 0.5 mm for welded
shear connectors, see Figure 4)

v, . total longitudinal shear force
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Axial stiffness of steelwork connection

The simplified elastic stiffness equations for these connections are proposed as
follows :

For double web cleat connection,

_Ea A¢

Ke L

(14)

modulus of elasticity of structural steel

lateral bearing area of the beam web (A/= n tyy - d)
length of the connection element ( L = he/2)

row number of bolts

thickness of the beam web

bolt diameter

height of the column cross-section

Feg>3r»m

For flush end plate connection, the stiffness is taken as the smaller of the following
two values:

k. = Ea Awe Ea Aab
x L

¥ or ke = (15)

-

Awe = betf - twe
(16)

bett = {2 (tp + tic) + tip} - 2 J

effective compression area of the column web
cross section area of the steel beam

effective length of the column web

thickness of the beam flange

thickness of the column flange

thickness of end plate

thickness of the column web

For double web cleat connections, the steelwork connection may reach the plastic

~ stage at the serviceability state. The proposed stiffness in the plastic stage is as
! m M

k = -2 (17)




42 P. Ren and M. Crisinel
Rotational stiffness of composite ¢onnections

Applying the above three kinds of individual stiffness calculation methods to Equation
(9). the predicted rotational stiffness of composite connections can be calculated.
Some problems particular to different types of connection should be noted :

- For the joint with a double web cleat connection, and at serviceability limit states,
the steelwork connection is probably yielded and the beam does not touch the
column. The plastic compression stiffness of the steelwork connection should also
be calculated. The rotational stiffness of the composite connection can be
recalculated from Equation (9), substituting the elastic stiffness of steelwork
connection by the plastic stiffness from Equation (17).

- For the joint with a flush end plate connection, the location of centroid of
compression y. can be considered at the lower flange level of steel beam. For the
joint with a double web cleat connection, y. can be considered at the lower bolt
row level. The location of centroid of tension can be considered at the same level
as the reinforcement.

5. PREDICTION OF MOMENT RESISTANCE

The proposed method is based on an existing one (Xiao et al, 1992), but has been
modified for the calculation of the compressive capacity of the steelwork connection,
and extended to double web cleat connections.

Flush end plate connection

The moment resistance calculation, in the case of a flush end plate connection, is
based on the failure mode being controlled by the tension resistance of the
reinforcement, Fy 5. It is assumed that full shear interaction is provided between the
slab and the steel beam. The tension resistance of bolt row, F, 4, is determined as
described in Annex J of Eurocode 3 [6]. The available compression resistance at the
compressive zone of the steelwork connection, F., is determined by the critical
section of the beam flange or the effective column web. This approach is illustrated in
Figure 5a.

- —_—— — — FI.I e —— —_— Fl.i
. Zg
% 4 LR Fl & I i 3 Iy F‘_|
| | | c
R 5 T + . e B
— F.a . ‘ I .

, a) b)

Figure 5 - Plastic analysis of moment resistance of composite joinr_s with
(a) flush end plate connection and (b) double web cleat connection
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The moment resistance of a composite connection, M;, is predicted using the

s hlowhg equations:

(@ HFgF21:

Fis - Fec
S P (18)
t
s Moj= Fis - 2s = (Fis~ Fec) (5 + 2 (19)

() WFs/Fee <1andFis + Fyy = Fee 2 0

Fis+ Fus - F
= LS: (A cc (20)
wb - Typ
Mgj= Fis - 25 + F1 - Z¢ - Fis+ Fu-Fcc)(§+%) (1)
" Fis : tension resistance of the reinforcement
Fis = Asg- fys (22)

compression resistance at the compressive zone of the steelwork
connection taken as the smaller of the following two values:

Feto=bm -t - o
(23)

FC.W!::’VC"WC'DG"

tension resistance of the bolts, as given in Annex J of Eurocode 3

yield strength of reinforcement steel

yield strength of beam steel

yield strength of column steel

: effective width of the column web in compression, as given in Annex J of
' Eurocode 3

, Maymbolsaregiven in Figure 5a.

”m web cleat connection

', l similar procedure as that of flush end plate connections is adopted for the
_ prediction of the moment resistance of the double web cleat composite connections.
5b represents the tension and compression resistances in the composite
ction section. It is assumed that the centre of compression is located at the
lower row of bolts. F, ; is the tension resistance in the higher row of bolts and F ; is
the compression resistance of the lower row of bolts. The bearing resistance of bolts
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on the beam web, the shear and tension resistances of bolts are determined
according to Eurocode 3.

The moment resistance of a composite connection M is predicted using the
following equations:

(@) If Fig /Foz 2 1:

Fis - F
x = —=__t2 (24)
twh - fyb
/ X
Mo = Fis - 25~ (Fis - Foz) (3] (25)
{b) If Fts ."IFC.2 < 1z
F Fi1 - F
& ts + L1 c,2 (26)
Mg =Fis - zs + Fyy - z¢ - (Fis + Fry - Fe2) (;) (27)

6. ROTATION CAPACITY

Equation (8) gives the relationship of the moment-rotation of a composite connection.
It can be written in the following form :

(28)

For a given moment, the corresponding rotation can be determined. At ultimate limit
states, the moment resistance of the composite connection can be calculated as
described above. If it is assumed that the reinforced-concrete slab is at the plastic
cracked state, the stiffness of the slab can be calculated from Equation (10). The
shear connectors can be assumed to have reached its maximum slip, the
corresponding stiffness of the shear connectors can be calculated from Equations
(12) or (13). The steelwork connection is not the critical factor for causing failure of
the composite connection, its stiffness can still be calculated from Equation (14).
After calculating the three stiffnesses and the moment resistance of the composite
connection, the rotation capacity may be determined from Equation (28).
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7. COMPARISON OF PREDICTION WITH TEST RESULTS

A typical comparison between predicted and tested M-8 relationship is shown in
Figure 6. The numerical calculation result is also shown in this figure.

The comparison of the moment-rotation curves obtained by the prediction method
and the tests has been made using 12 experimental specimens. A generally good
agreement has been found between the predicted behaviour and the test results.
The predicted rotational stiffness does usually correspond to moments equal to 0.5 to
0.7 times the maximal moment. Therefore, this predicted rotational stiffness can be
regarded as the stiffness of composite connections at the serviceability limit state.
The predicted moment resistance can be regarded as the maximum moment of the
composite connections at the ultimate limit state.

300 -

Test Numenical model

Moment (kNm)

Rotation (mrad)
Figure 6 - Comparison for test No.1 (specimen CP01)

8. CONCLUSIONS

. Having conducted a numerical analysis and an experimental study, simplified
~ calculation methods have been developed for the design of composite connections to
- predict the rotational stiffness at the serviceability limit state and the moment
_ resistance at the ultimate limit state. The prediction methods have been validated
using test results. These methods can be used for the following practical design

‘applications :

- For the ultimate limit state, calculating the moment redistribution for composite
~ frames, considering the partial-strength end connections, using the predicted
moment resistance.

- For the serviceability limit state, calculating the déflections of beams in composite
frames, considering the semi-rigid end connections, using the predicted rotational
stiffness.
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PERFORMANCE OF MIXED CONNECTIONS UNDER COMBINED LOADS
Yasuhiro Ohtani'
Yuhshi Fukumoto®

Bunzo Tsuji’

Abstract

Steel-concrete mixed connection is studied. The type of connection is endplate type. The
e ion is proposed for jointing steel members. To clarify the performance of the
 connection. series of experiments are carried out. Through the experimental observation.

. capability are examined.

1. INTRODUCTION

On site work, bolted joint is usually used for connecting steel members of structures. Since
! mnnnfncturing tolerance allowed to the bolted joint is the same in spite of size of the
. difficulty may arise when large structures are built up or erected on site. It must be
"eat interest to develop a method of connection which allows larger tolerance in the ficld
work without any degradation of performance compared with the bolted joint

ion of steel-concrete mixed type joint may be one of the solutions to the above issue.
bnsic concept of the joint is an usage of reinforced concrete instead of bolts for the
ion. Since concrete can take any shape by nature, fairly larger tolerance allowed on
g work is possible. The connection can be designed so as to have smooth transmission of
pes from one member to the other, and to have certain capacity required. In addition,
mlﬂll ductility may also be expected if the mutual restraint due to the interaction of steel
d concrete materials is effectively used.

-
A
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Performance of Mixed Connections
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Fig.2 Beam-to-Beam Joint Specimens

Table | Parameters

Categoly Item Notations used in name of specimen
Type of beam | C : Composite beam
S : Steel beam
Main beam — S B —
Number of 1 : Single beam
beams | 3 ¢ Three beams
Type of 11 : Inside (flush)
arrangement | 2 : (Qutside (extended)
Connection | of steel 3 : Equally both side  (extended)
profile bars (Fig.3) i4 : Not equally both side (extended)
Width of RC | W ¢ Widened
segment None : Same as frange width
Type of ! ¥ : Bending moment
loading Q : Shear load
Loading | N : Thrust
condition 4 —
Direction or | P : Positive moment direction
procedure | N : Negative moment direction
| C : Cyclic loading
Stress Tensile | R : Rebars in slab ;
distribution | elements | None : Steel bars |
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In this study. the mixed connection which consists of steel endplates and a reinforced concrete
segment is proposed for the joint of steel members. Since the performance of the connection
affects on the behaviour as well as the strength of the whole structure, the study is dedicated
to clarify the performance of the connection. To this end, experimental study as well as
analytical study were camed out. In this paper, some results and findings through the series
of experiments will be reported.

Herein. mixed connections of beam-to-beam joints are mainly treated. Therefore, experiments
were carried on beam type specimens, in which the connection are subjected to pure bending
or bending and shear combined loads. A mixed type connection can also be found in a hybrid
frame systems. in which, for instance, concrete columns and steel beams are connected. Since
the results obtained herein may not be specific but fundamental, those can also be utilized for
the evaluation of the structure in which mixed connections are used in beam-to-column joints.

2. EXPERIMENT ON ENDPLATE TYPE MIXED CONNECTION
2.1 Series of Specimens

Fig.1 shows the schematic view of the steel-concrete mixed type connection treated in this
study. The type of connection used was so-called endplate type. A steel endplate was welded
ar the end of a steel beam, then the reinforced concrete was placed. The experiments were
carned out on beam type specimens. As shown in Fig.2, the mixed type of connection was
used in the several beam-to-beam joint specimens, where single or multiple number of steel
or composite beams were longitudinally connected by reinforced concrete segment. Since
resultants must be transmitted through the connection from one side of beams to the other,
suitable amount of reinforcing steels and headed stud anchors were placed in the connection.

Fifteen specimens were prepared and tested. Parameters considered were, as shown in Table
I, type of beam. number of beams, type of endplate. arrangement of steel bars, size of
connection, loading condition, etc. Series of the specimens are listed with combination of
parameters in Table 2. Among these parameters. the arrangement of steel bars is related with
the type of endplate as shown in Fig.3. For flush endplate type, steel bars can be placed only
inside the flanges (Type-1). For extended endplate type, three types of arrangement are used:
steel bars are placed only outside the flanges in Type-2, steel bars are placed equally both
side of the flanges in Type-3. and steel bars are placed not equally both side of the flanges
in Type-4. The arrangement of steel bars is also related with the type of beam and with the
loading condition. If composite beams are used. no steel bar is placed at the endplate in the
slab side. but placed in the other side. For the specimen subjected to only one side loading.
no steel bar is placed in compression side. In these cases, type of the arrangement is referred
1o the side where bars are placed.

2.2 Experimental Results

The series of the experiments were carried in several steps. The specimens can be categorized
to five groups as follows, (Fig.4)

1)Single composite beam specimens under bending and shear combined loads. (8 spes.)
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Table 2 Series of Specimens

: Bean Connect ion Load i Stress

No. | Specimen Type [ No. | Steel bars | Width | Type ST
1 |S1-1-(WN)C Steel 1 | Typel W.N | Cyclic
2 | $1-2-(M+N)C Steel 1 Type-2 NN Cyclic
3 [S1-3-(kNC Steel 1| Type3 WN_| Cyclic
4 | S1-4-(M)P Steel 1 Type-4 ¥ide ¥ Positive
5 | S1-av-(mQ)P Steel 1 Type-4 Wide | M.Q |Positive
6 | S3-aw-(Q)P Steel 3 Type-4 Wide | M.Q |Positive
7 | C1-1-(D)P Composi te 1 Type-1 ] Positive
B | C1-1-(m+Q)P Composi te 1 Type-1 ¥.Q | Positive
9 |Ci-1w-(WP Composi te 1 Type-1 ¥ide W Positive

C1-1¥-(M)NR Composi te 1 Type-1 Wide L Negative | Slab bar
11 | C1-1w-(M+Q)P | Composi te 1 Type-1 Wide | M.Q |Positive

L C1-10-(M+Q)NR_ | Composi te ! Type-1 Wide | M.Q | Negative | Slab bar
C1-4N-(M)P Composi te 1 Type-4 Wide ] Positive

14 | C1-4W-(M)NR Composi te 1 Type-4 ¥ide . Negative | Slab bar

: [3-4-(M+Q)NR | Composi te 3 Type-4 M.Q | Negative | Slab bar

E Type-1
Flush endplate type
Steel bars are placed only inside the flanges

|
|
Steel bars are placed only outside the flanges =

Type-3
Steel bars are placed equally both
side of the flanges

Type-4

Steel bars are placed not equally both
side of the flanges ‘

Fig.3 Armmangement of Steel Bars
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2)Multiple composite beam specimens uhder bending and shear combined loads. (1 spe.)

3)Single beam specimens under thrust and bending combined loads. (3 spes.)
4)Single beam specimens under bending and shear combined loads. (2 spes.)
5)Multiple beam specimens under bending and shear combined loads. (1 spe.)

Details of each test procedure can be found other place, herein only a brief summary is
drawn. Except for the specimen group 3), most of all specimens were tested under pure
bending or bending and shear combined loads. All of the specimens were tested under elastic
loading first, then loaded to the failure. In table 3. peak loads at failure of each specimen are
listed. Failure mode of each specimen is also listed in the table. The failure of this type of
structures may fall into three categories, that is, a) failure of the beam due to yielding or
buckling of flange. b) failure of the reinforced concrete segment due to yielding of steel bars,
crush or shear failure of concrete, and ¢) failure of the endplate due to yielding. Peak loads
were estimated using the material test data, and listed in Table 3 for comparison. The peak
loads were calculated assuming that capacity of the reinforced concrete segment can be
estimated by the strength formula for reinforced concrete beam. From the comparison with
experimental data, good agreement are obtained for a single beam specimen if failure occurs
in concrete segment.

There exist significant relative rotation between endplates when flush endplates are used. The
relative rotation must be due to the behaviour of the endplate, concrete, and steel bars. From
the experimental observation, it is found that initial rotational stiffness depend on the
magnitude of the axial forces. The gap between an endplate and concrete segment is mainly
due 10 the local deformation of the endplate. This gap causes discontinuous rotation, and
sometimes makes significant influence to the structural behaviour.

3. SOME REMARKS

Steel-concrete mixed type of connection was investigated. Through the series of experimental
studies. performance of the connection was examined. It is confirmed that strength
requirement can be fulfilled. Since its behaviour is somewhat semirigid, appropriate treatment
of the connection will be a subject.
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Table 3 Comparison of Test Results and Calculated Values

Caculated }'eat Resuls Comparison of

Values Peak Loads) | Peak Loads .
No. Spec inen s Qcu up ® Mp/Ncu | Qp/Qcu Failure mode

(tfm) (tf) (tfm) | (tf)
1 | S1-1-(M+N)C 12 10.5 0.89 Yield of endplate
2 | S1-2-(M+N)C 13 12.8 0.97 Crush of concrete
3 | S1-3-(MN)C 19 18.0 0.93 | Crush of concrete g
4 | s1an-(wp 15 13.1 0.88 Crush of concrete §
5 | S1-4W-(WQ)P 15 15.0 1.00 Crush of concrete 2
6 | S3-4W-(mQ)P -29 -23.9 0.80 Yield of steel bars 2
7 [Cr-1-(wp 53 31.5 0.7 Yield of endplate =
o 8 | C1-1-(wQ)P 53 32 37.7 | 32.8 | 0.7 | 1.03 |Shear failure of concrete segment &

9 | C1-1w-(M)P 68 66.8 0.98 Crush of slab concrete g
10 | C1-1%-(M)NR -22 -26.8 1.21 Local buckling of flange a
11| Cr1-1w-(MeQ)P 68 61 72.5 | 63.0 | 1.06 | 1.03 | Diagonal crack and crush of concrete §
12 |CI--(WQONR | 40 | 62 |-41.4 | 36.0 | 1.04 | 0.58 | Yield of steel bars ¢
13 | C1-aw-(W)P 26 28.9 1.10 Crush of slab concrete
14 | C1-4w-(M)NR -40 -40.0 1.00 Crush of concrete
15 | C3-4-(M+QINR 69 -53.7 0.75 - Failure of sl-ab_ v

ss



Experimental behaviour of Semi-Rigid connections in Frames

F Benussi’
D A Nethercot?
R Zandonini®

Abstract

prds of tests on composite frames and subassemblages have been examined and
' ed on the performance of the composite connections. These results are
pared and contrasted with the behaviour of similar types of connections as
in isolated connection tests. Reasons for differences in connection
for the two types of testing environment are presented and discussed

1. Introduction

g the past twenty years more than 150 tests have been performed worldwide
pmposite connections (Nethercot and Zandonini, 1994). The results have formed
yasis for methods to predict the key measures of joint perfarmance of: moment
L M., rotational stiffness K and rotation capacity @, . In parallel with these
Jies, methods have been developed for the analysis and design of composite
i8S that recognize the true semi-rigid and/or partial strength character of virtually
factical forms of beam to column connection.
jate, however, little opportunity has existed to validate the theoretical work on
88 against suitable experimental studies. In addition, it has generally been
d that the performance of composite joints tested in isolation is representative
8 behaviour of similar joints, when functioning as part of a complete structure
ugh this second point has been largely substantiated in the case of bare steel
Fuction (Davison et al.,1987), certain "peculiarities" have been observed in the
pds of full frame tests e.g. the influence of column web flexibility on the
g stiffness for minor axis connections noted by Gibbons, Kirby and Nethercot

very limited amount of data exists on the performance of composite

"Associate Professor, Dept. of Civil Engineering, University of Trieste, Italy
“Professor, Dept. of Civil Engineering, University of Nottingham, United Kingdom
Mrofessor, Dept of Structural Mechanics, University of Trento, Italy
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connections when tested as part of a more extensive arrangement. Leon (1987)
reported some tests on subassemblages in which sway of the columns was possible
while Jarrett (1993) has tested a series of non-sway sub-frames. Such is the exte
and complexity of the problem though, that many important issues were not cover
by this work.

The authors have for several years been engaged in research into the behaviour g
composite connections, with the aim of extending the recent advances in appreciation
of the true role of connections in bare steel construction into the area of composite
frames. Several series of connections tests have been completed in Nottingham,
Trento and Trieste, some numerical modelling of connections has been undertaken in
these centres and methods have been developed for the analysis and design of
compaosite frames.
Therefore it was natural, when planning the most recent phases of this work to si
whether some aspects could be conducted in collaboration. When configuring
comprehensive study at Notthingam, involving joint, subassemblage and frame tests,
plus associated theoretical work, it became clear that undertaking the subassemblag
testing in partnership with the Trento and Trieste teams provided an attractive waj
of enhancing the overall value of the project. In addition, the Italian group would the
be able to input the large frame tests that were to be conducted at BRE as part of
Nottingham study. The resulting arrangements saw the subassemblage testing
conducted in Trieste, with advice on the design of the test specimens and
instrumentation to be used being provided from Nottingham.

This paper describes the planning of the Trieste tests and presents some of
preliminary findings. It also gives a very brief indication of the range of results thi
have been obtained from the BRE frame tests.

2. Subassemblage Tests

The geometrical configuration and loading of the two subassemblages designed
part of the experimental study to be conducted in Trieste are illustrated in figure
Beam spans, member sizes and connection detailing were selected in order to satis
the prime requirement of consistency among the different activities of the genera
research project: i.e . to achieve conditions as close as possible to the frames ang
limited frames tested at BRE, with reference also to the main features of the expecte
response, within the restraints imposed by the testing rig and by the use of European
sections. The subassemblages differ only for the overall configuration: frame SCS
consists of two equal bays of 5m span, while frame UCS has unequal spans of 3,5m
and 7m span respectively. Both frames are statically indetermined systems; joints &
the weaker component and tests were hence expected to provide useful data on
redistribution capabilities in composite semi-continuous beams as allowed by joinl
inelastic response. The remarkably asymmetrical configuration of the latter fra
should enable further investigation of the contribution of the web panel she
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lormation to the overall joint behaviour,
he extension of the slab beyond the external columns ensures a sufficient anchorage
the longitudinal rebars in accordance to Eurocode 2 (1994); additional trimming
ks were used to allow for the formation of a more advantageous slab to column
ce transfer mechanism.
@ key components of the frame response were monitored during the test, and data
e logged for an extensive evaluation of the main features of the behaviour;
umentation comprised of 42 inductive transducers , 156 strain gauges and 7
clinometers arranged as shown in figure 2. The rotation of the joints was both
',' sured by inclinometers and determined via displacement transducers (LVDTs B
i9.2). The determination of the pattern of moment, and of its evolution during the
ading process is made possible by the strain measurements at different beam and
imn locations. Strain gauges also enable detection of possible yielding in the
nbers (rebars and steel sections) and in the column web panel. Finally,
rement of the deflection at seven locations and of the rotation at two cross
s permits appraisal of the evolution of the beam responses with particular
erence to the beam curvature in the positive and negative regions of moments.
esently, the symmetrical frame (SCS) has been tested, and a first evaluation of the

ilts has been attempted. Preliminary findings are here briefly reported.
)ds were applied in subsequent steps and, at each step, were increased after the
cimen deformations fully stabilized. The loading history comprised of several
cycles with unloading to the zero load condition in order to get a more
pugh understanding of the structural behaviour.

.
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column web yielding in compression. The anchorage detailing with trimming bars as
suggested by Davison (1990) confirmed a more than satisfactory behaviour. Finally,
earlier cracking of the nodal zones indicated a remarkable influence of the slab
shrinkage. When testing the second subframe, the rebars deformations will hence be
monitored since the concrete pouring in order to have a quantitative appraisal of the
shrinkage effect.

3. Frame Tests

Full details of the test frames, instrumentation and method of testing have been
reported elsewhere (Li et al., 1995a). Essentially the arrangement comprised of the
pair of 2-span, 2-storey frames illustrated in Fig. 6. Loading could be applied
independently to primary and/or secondary beams, as well as to selected columns.
Measurements were made of beam deflections, connection rotations and by means
of comprehensive strain measurements, of the pattern of moments within the frame
at all load levels. For the measurement of connection rotations a combination of 26
"hanging dumb-bell" devices (Moore et al., 1993) and 26 electronic levels was used
to monitor the 8 internal connections - at which 3 separate devices were required -
and the 20 external connections - at which 2 inclinometers were sufficient.

-
E
-
ES=) dudoint 4  Beam 2 Juint 3 lJoint 3 Beam | Joint 1 -
=CS~ 3
‘.a"‘\\ I o > ...F‘
Beam & Beam 5 £
CS-1 S=Joim 12 doimt 111 Joini 10 doirt @ -
-
CS-3 4Joint & Beam 4 Julnt 7 JJoint & Beom 3 doiet §
. -4 o - =
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=2 ST - Joirt 18] Joim 14 B Joint 13 - :
i 5
- =._c‘_5 L -] -
o~ —ly e Y )
g 5 e
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cs-3 L __’/_ " 74@
4953 m 4053 m

-4 @ o

Fig. 6

The two frames were tested separately and in both cases it was observed that -
although attainment of the maximum applied load was governed by a particular event
- large vertical deflection of beam 1 accompanied by flange buckling adjacent to
connection 2 for frame A, Fig. 7, and failure of beam 8 due to local crushing of the
concrete slab outside the column at connection 16 for frame B, Fig. 8 - several
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components were near the limit of their capacity. It was therefore possible to
direct comparisons between the performance of key components as observed in o
isolated tests or as predicted by calculation and the performance in the full
environment (Li et al., 1995b).

Figure 9 compares the distribution of moments in frame A at failure with
pradicted by an elastic analysis that assumes rigid connections and uses then cr
beam section properties throughout, It is clear that whilst the flush endplate forrn
beam to column connection shown in Fig. 10 did not provide sufficient m
capacity to match the requirements of full continuity,nor did the frame behave as
the beams were simply supported. Clearly the actual structure functioned in
semi-rigid and partial strength fashion.

- -
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i LY ! - = e

‘»1 $--1 ~~q / T =1 =i
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o Q@ outside the column

te) Test moment diagram and rigid
connection moment disgram

Fig. 9 Fig. 10
Detailed comparisons of the moment-rotation characteristics obtained from sew
joints in the two frames with the results of isolated connection tests on equival
arrangements (Li et al.,1995c; Li et al.,, 1995d) are given as Fig. 11 and 12. Th
show performance in the frame tests to be generally inferior, with a range
behaviours being obtained. Several reasons may be advanced for this:

{1} For the external column connections, the column rotations prevented developm
of the full connection moment capacities.

(il The high shear forces at the cunnections in the frame will have led 10 some

smaller connection moment capacities in the frame as demonstrated by the anam
by Li et al. (1995c). i
(i) The inevitable unbalanced loading in the frame test may have contributed to the
smaller connection moment capacities, with the unexpected twisting force on tl'n:
composite beams causing the connection regions in the frames to exhibit prematurg
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local buckling on one side
M[kNm ] of the beam bottom
flange. This kind of behav-
iour was not observed in

f —1r A f the isolated joint tests (L
4 p—t— 7% etal., 19954d).
({iv] The lower connection

g e NI 4 stiffness from the frame
ey e e | F test could have been
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o[mrad] caused by some degree of
overestimation of the con-
nection rotations, since it
was impossible to measure
M[kNm] r the column rotations at the
‘) centre of the joints as was
/ done for the isolated joint
/

tests. As the connection
rotation was obtained by
/ i taking the difference be-
f g tween beam end rotation
[ and column rotation, the

connection rotation may
el e ) -
e (17 have been overestimated

end the connection stiff-
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frame test.
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4. Conclusions

Two recent series of full-scale tests on composite frames and composite sub-
blages have been used as the basis for an examination of the performance of
ite connections when tested in a frame environment. Thus information on the
gid and partial strength nature of the connection has been extracted from the
ull test histories. These have permitted direct comparisons to be drawn between the
‘performance of connections when tested in isolation and when functioning as part of
| | complete structure. Reasons for these differences have been proposed. In the case
of the composite frame tests the observed connection behaviour was generally
or to that seen in the related connection tests, principally because additional
ading came onto the connections as a result of the full frame action.
ly, the subassemblage test confirmed the the joint rotation capacity is sufficiently
to ensure the plastic collapse of the beam to be achieved.
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CONNECTION BETWEEN STEEL BEAMS AND CONCRETE FILLED
I.
- R.H.S. BASED ON THE STUD TECHNIQUE (THREADED STUD).

Didier Vandegans !

José Janss ?

3 Abstract

This paper shows that the component method, described in Annex J of Eurocode 3
- can be applied in the case of studded joints, by using different existing models
Numerical simulations make it possible to determine the deformation of the bended
- face of the section, where the studs are fixed. Therefore the curves of behaviour of

: these joints can be drawn and compared with the experimental curves.

1. INTRODUCTION

The concrete-filled R.H.S. technique (Rectangular Hollow Section) has many
_ advantages in the building domain. The bearing load, the stiffness of joints between

beams and the column and the fire stability are increased, the floor space required

is smaller, the aesthetic is improved, the maintenance is easier, and in comparison
. with concrete column, no shuttering is needed.

resistance to bending moment are relatively high. The exploitation of these
characteristics during the frame analysis will reduce costs or will result in a
significant saving of materials.

In order to calculate the resistance of different joint elements, certain codes or
models are developed. However, no model exists to determine the deformability of

i'ﬂn stiffness of joints with steel beams or mixed steel-concrete beams, and their
4 the face of the hollow section while it is in bending
3

! Engincer, CRIF Steel Construction Department, 6 Quai Banning 4000 Liége, Belgium
1 Engineer, Head of CRIF Steel Construction Department, ibidem
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The aim of this paper is to show that, with the rules given in Annex J of Eurocode 3,
based on the component method, with different design models and with numerical
simulations, it is possible to determine the characteristics of the behaviour curve of
joints between a |-beam and a concrete filled R H.S.

2. THE STUD TECHNIQUE.

The presence of concrete within the hollow section make it impossible to fix a
connection element with bolts on the face of this section. The stud technique is
useful to solve this problem. This technique consists in welding with the help of a
special gun, a threaded stud on the face of the section on which the connection is to
be realised. The other elements of the connection are fixed at the studs with nuts,
as done for classical bolts. The studs are then subjected to traction and shearing, as
for usual joints. The studs to be used are threaded studs with reduced base. So, the
welds have approximately the same diameter as the threaded part.

3. TEST PROGRAM.

Eight tests have been effected in the laboratory. The aim was to have 4 different
joint configurations. Two tests with the same characteristics have been effected for
each configuration. These tests are as follows (see figure 1)

Testn®1 . web cleated joint,
Testn®2 ° extended end-plate joint;
Testn®*3 : flush end-plate joint,
Testn®4 . flange cleated joint.

[._—w e ] ) b . —1'

ALl N o o

Figure 1 Figure 2
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The comparison between the experimental curves and the field in which the joints
can be considered as rigid or pinned shows that joint number 1, with web cleats, has
the same characteristics as a perfect pin (see figure 2). Then, let's go on with the
other joints

4. METHOD OF CALCULATION USED.

41. Annex J of EC3 method.

- For the design of the joint, the approach described in Annex J of Eurocode 3 is
~ used This is based on the component method, which considers a joint not as a unit,
. but as a set of individual components each with its own strength and stiffness
. Annex J allows to calculate the characteristics of the following components

end-plate in bending,

flange cleats in bending;

flange of the beam in compression,;
web of the beam in tension;

flange of the beam in bearing;
bolts in shearing;

studs In tension

42 Navaux model.

An earlier research made by NAVAUX in CRIF in Belgium has established some
design rules for the resistance of the face of the rectangular hollow section. These
rules cover the following modes of failure

+ shearing of the face of the section

f!ﬂ
+ lamelar pull out
Nimax < 0.95 L+ fa/y (2)
g Wt 4 vt/ imo

'yt is the yield strength of the hollow section, ¢ is the thickness of the face, d is the
‘nominal diameter of the studs and y,,, the partial safety factor.

.
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4.3 Gomez model. d

In order to calculate the resistance of the bended face of the R.H S, the so called
'‘Gomez Model" is used. Gomez has studied the weak axes beam to column joints
and has deduced a model to design the web of the column. A part of this model
predicts a local failure of the web of the column due to the bolts in tension. He
substitutes the plastic mechanism of the web by an equivalent rectangle of b x ¢
dimensions as shown on figure 3

1)

Figure 3 : Local mechanism for bolted connection
i) yield line pattern
i) section view
i) yield line pattern for equivalent rectangle b x c
iv) mean diameter of the bolt head ( or nut )

The local resistance of the web is
Fiocal = Mpi.ae.K (3)
in which My is the plastic moment of the web

L =
\I;r:'=3’; ."\u (4)

1 T ’
T_DL(R\.LD;’L*?QL] (5)
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o if(b+c)L205 "

¥ 07+06(b+c)/L if(b+c)L <05 i
(he validity range of this model is as follows

b/L <08 ’

0.7 <h/(L-b)<10 (")

ending this model to the bended face of the rectangular hollow section leads to
results when only one row of two studs is present. However, the model is not

cable as it is for joints with more than one row of studs because global plastical
hanisms can modify the diagram of plastification

Numerical simulations.

So far, no model exists to deduce the deformability of the bended face of the hollow
section. Numerical simulations have been done with a program of non-linear finite
ments, in order to find a numerical value of the deformation.

5. HYPOTHESES.

" During the calculation, the following elements have been considered:

1. The presence of concrete stiffens the sheared part of the connection very
strongly and increase the compression zone resistance of the joint considerably
Because of lack of information, it is not possible to calculate with a high degree
of precision the resistance to shearing and compression and the corresponding
deformations. But it is obvious that the resistances which would have been found
are largely higher than those of the other components, and in addition, the
deformability of these zones is extremely low

- 2 Lateral faces of the section are submitted to traction forces, acting on a defined
length corresponding of the length of the efforts diffusion. The value of this
length of diffusion cannot be determined with a high degree of precision.
However, let's consider that the "web" of the R H.S. is largely over-dimensioned
in comparison with its equivalent in a I-beam. The reason is that, in this case, the
faces of the section have the same thickness, as opposed to the difference in
thickness between the flanges and the web of an I-beam. In addition, adherence
may occur between the lateral faces and the-concrete. Therefore, this source of
deformation is supposed to be negligible
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3. When pulled out by the stud, the’
face of the section come out of its
plane. The angles of the
rectangular section are rigid, and
thus, while the section is empty,
the deformation of one face is
followed by a deformation of the
other lateral faces, as shown on
the figure 4

Figure 4

The presence of concrete within the hollow section prevents these lateral faces
from deforming and therefore diminishes the deformation of the face connected to
the studs when they are submitted to traction. This fact stiffens this component,
and therefore, during the numerical simulations, the face of the section is
modelised by means of a infinitely long plate, imbedded on 2 faces and subjected
to two "concentrated” forces. The reason why a numerical simulation has to be
done is that, to our knowledge, no analytical solutions are available.

6. RESULTS OF THE CALCULATION.

Without giving all the details, the results of the stiffness and resistance calculation
are given in table 1, as well as the corresponding mode of failure.

Mgy L Failure mode s‘ﬁ"‘*
(in kN.m) (in kN.m) (in kN.m/deg)
Testn® 2 7.5 671 Face of the section 78.97
Testn® 3 16.5 33.15 2 34.85
Testn® 4 17.7 25.5 Cleat 37.23
Table n® 1

Figure 5 shows the experimental curves and their equivalent given by calculation,
following the rules given in Annex J of Eurocode 3. These figures show that the
component method can be extended to this sort of connection without any
difficulties.

Few remarks can be expressed :

1. As already said, the Gomez model cannot be applied as it is for extended end-
plate joints. New development should be done in this direction.
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2 The view of the curves shows that the calculation of the initial stiffness
correspond with the experimentation. 3D simulations have confirm the
hypothesis n* 2 which says that the deformation of the lateral faces of the
section can be neglectable

'3 The experimental results bring out the development of membrane efforts in the
bended face of the section Because of the importance of these membrane
efforts, the ratio between initial stiffress S, and secant stiffness S, and

between the elastic moment, M, and the design moment resistance Mg, as
defined in Annex J of Eurocode 3, should be modified, for this sort of connection
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Figure 5 : Experimental and calculated curves
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The formulas given in Annex J are as follows :

2t

-
uzk—

8= (8)

the Young modulus;

4 the lever arm of the external forces,

K, the stiffness of the individual components;
1]

the stiffness ratio.

= 15M"8d ¢ (9)
#7117 M,Rd

and vy 2,7 for welded and bolted end-plate joints;

3.1 for flange cleated joints.

nn

For the determination of the secant stiffness S;s.M, 54 equals M, g, and thus
w=(15)" (10) |

Comparing the value of S (calculated according to Annex J and deriving from the
value of the initial stiffness Sp deduced from the calculation and numerical

simulations) and the measurements on the experimental curve, leads to the
following results

In a first approximation and in order to simplify, it's possible to give the following
ratio

ECD ex
Sp SIS sIsll S]I/S;;P' |

(in kN.m/deg) | (in kN.m/deg) | (in kN.m/deg) |

Testn®2 78.97 2643 i SO |
Testn'3 |  34.85 11.66 14.36 2.43 |
Test n°4 37.23 10.59 16.80 2.21 |
Tablen® 2 ;

Me =Mgq/3

(12)
(13)

RO (Y e .
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. The figure 6 shows the calculated curves derived from these values. Obviously,
further tests should be carried out in order to confirm this observation and to give a
more accurate value for the suggestion

Figure 6
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7. CONCLUSIONS.

The stud technique makes it easy to build a connection between a I-beam and a
R H.S. column filled with concrete. Reliable design models exist to determine a
design value of the joint with one row of studs in tension. In the case of more than
one row of studs, the adaptation of the Gomez model will produce a complete model
for the design resistance.

The component method described in Annex J of Eurocode 3 can be extended to this
sort of connection, without any difficulties, what is of great interest. However, small
changes should be made in the assembly procedure of the different components.

The concrete within the hollow section reduces the deformation of the faces and
consequently of the joint.

The only component for which the deformation cannot be derived analytically is the
bended face of the section. Numerical simulations have shown that it is possible to
find the initial stiffness of the joint with a good degree of precision, by neglecting the
deformations of the lateral faces of the rectangular section.
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DESIGN OF BOLTED CONNECTIONS WITH INJECTION BOLTS

A.M. (Nol) Gresnigt")

J.W.B. (Jan) Stark?

Abstract

. bolts are bolts in which the cavity produced by the clearance between the
i ‘and the wall of the hole is completely filled up with a two component resin.
' bolts may be used in shear connections where slip is not allowed as an
ative for fitted bolts and for high strength friction grip bolts. Injection bolts are a
able and relatively cheap fastener for repair and strengtheningof existing structures.
so in new structures injection bolts are successfully applied. In the paper examples

successful applications are presented. Also the design rules and the method of
tallation are shortly discussed.

1. INTRODUCTION

ag of the clearance

an injection bolt is ﬂ"’% chamered washer

ied out through a T .
fihebot. Atter njoc R ez
Paneeeoet <O AN
on s slip resistant. ) -M’/ s>
}ear load is trans- i s &

d through bearing o D A i

id shear of the bolt.

Figure 1: Injection bolt in a double lap joint.
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Injection bolts can be manufactured from normal standard structural bolts. The bolt
and washers are adapted to enable the injection of the resin.
Design rules and rules for execution of injection bolts are laid down in recent ECCS
recommendations (ECCS, 1994) and in the draft European rules for execution of stee
structures (prENV 1090-1, 1995). Section 4 gives details. Research carried out in th
Stevin Laboratory of the Delft University of Technology and experience in practice fol
more than 25 years are the basis of these design rules and rules for execution.

2. ADVANTAGES AND COSTS OF INJECTION BOLTS
2.1 Advantages

Compared to other mechanical fasteners, injection bolts have several adve
ages. A distinction is made between the application in existing structures and in ne
structures. It is pointed out that in many cases the advantages apply both for repak
and strengthening of existing structures, as well as for new structures.

Rspair and strengthening of existing structures
Solution for connections with a low slip factor. The slip factor for riveted plates s
usually very low. The applicationof new rivets is virtually impossible becauseof th
lack of equipment and skilled labour. Injection bolts have proven to be a good
solution for the repair of riveted structures (e.g. old railway bridges).
Another possibility are fitted bolts. However, as indicated before, fitted bolts a
expensive compared to injection bolts. Injection bolts may be installed in standarg
holes: 2 to 3 mm bigger than the nominal bolt diameter.
Good design resistance in bearing. Assuming a reasonable ratio between the
thickness of the plates and the diameter of the bolts, the design resistance i
bearing is usually quite sufficient to replace faulty rivets.

- No internal corrosion. Since the resin completely fills the cavity, internal corrosic
is avoided (also important for new structures).

Application in new structures -

- No slip in case of overload. In connections with high strength friction grip bolts, slip
due to overload is possible. With injection bolts, sudden slip is not possible.
Good design resistance in bearing. Assuming a reasonable ratio between the thick
ness of the plates and the diameter of the bolts, the design resistance in bearingis
of the same magnitude as the slip resistance of high strength friction grip bolts.

- Compact connections. If the desired load transfer per bolt is very high (e.g. because
the available space for bolts in the connection is small), preloaded injection bolts
may offer the solution. As the design resistance of a preloaded injection bolt is tl
sum of its slip resistance and the bearing resistance of the resin, the number of bolt
in @ connection will be lower,
No special requirements for the contact surfaces and no controlled tightening. Fo
high strength friction grip bolts special requirements are necessary for the contact
surfaces to achieve a satisfactory slip factor. If corrosion prevention is necessary,
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“the paint to be used has to guarantee the desired slip factor. With non-preloaded
injection boits, slip can be avoided without any special preparation of the contact
surfaces. Also the possibility to avoid the necessary calibration and tightening
pcedures for HSFG bolts may be an incentive to apply non-preloaded injection

2 Costs

se of the costs, injection bolts should only be applied where the advantages
to do so. The costs of injection bolts consist of:

. The purchase of the bolts themselves (standard 10.9 or 8.8 bolts);

). The preparation of the bolts and washers (drilling a hole in the bolts head and
.~ preparing the special washers, see section 5.1);

L The resin, the preparation of the resin and the injection (section 5.2 and 5.3);

. The holes must be dry during injection (weather conditions, shelter from rain);

L. Dismantling is not easy, unless special arrangements are made in advance, e.g. the
application of a special separation liquid to prevent bonding of the resin to the bolt
d the walls of the hole.

'The Netherlands injection bolts and washers are available from stock (bolt suppliers),
ady for use. However, adapting standard bolts and washers can also easily be carried
ut in the workshop,

2 the injection equipment is cheap and the amount of resin per bolt is limited,
he material costs for injection are low. The labour costs for injection per bolt, depend

g total number of bolts to be injected;
2 number of bolts per connection;

e accessibility of the bolts;

2 size and length of the bolts.

ghly, the labour time for injection varies between 1 and 2 minutes per bolt. When
ion bolts are used, the number of bolts in a connection will be less, thereby
feducing the costs for holes and boits. Further, the possibility of larger hole clearances
y facilitate erection and consequently also reduce costs.

3. EXAMPLES OF SUCCESSFUL APPLICATIONS

}.1 Replacement of faulty rivets

1

1970 it has been standard practice in The Netherlands to repair old railway
s and road bridges with injection bolts. Also the Hoogovens blast furnace works
nd other companies use injection bolts for repair of their crane girders.

prmntln Germany (Aachen University), studies are in progress to repair old bridges
ﬂlt eastern part with injection bolts. A German translation is made of the ECCS
indations (ECCS, 1994).
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Figure 2: Riveted bridges in Rotterdam, where injection bolts were used to replace
faulty rivets

3.2 Bridge in Curacao

During erection of this bridge (1967), it collapsed because of the rupture of high
strength anchoring bars, see figures 3 and 4

5x29.500 = 147,500
B M ——

200,000
235000

5x29.500 = 147,500
"’.—" — — .
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Figure 3: Bridge in Curagao.

Figure 4: Sketch of the bridge in Curacao during construction with the steel platesin
the anchoring system.
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It appeared that the workmen had positioned these high strength bars in the concrete

anchoring block by tack welding them to the concrete reinforcing bars. Brittle fracture

during erection of the main span was the result. When the bridge was rebuilt, instead

- of the anchoring bars steel plates were used. The total thickness was 140 mm

25+30+30+30+25 mm).

Fitted bolts M29 x 180 were specified for the connections. Displacements had to be
ented at all times. However, during installation of these bolts, mistakes in the

‘consuming. So it was decided to apply mjectnon bolts M27 x 180. The injection of
1500 bolts took only 6 days. After completion of the bridge, the anchor plates were
" removed and several bolts were checked. It was found that all the cavities due to the
bolt clearances were completely filled.

Windmill

ing starting and stopping, the connection between the gearbox and the base plate
connectsit to the windmill, has to transmit high forces. These forces caused slip
2n the bolted connectionwas made with high strength friction grip boits M39. After
lkoma time the bolts became loose. This problem was solved by installing injection
bolts. It should be noted that in this type of application dismantling may be necessary
at some time.

For the Dutch railways it is standard practice to use preloaded injection bolts in their
new bridges. Advantages are the resistance against shock loading, the fatigue
resistance and the resistance against internal corrosion. The compactness of the
- gonnections is also an important factor. In addition, (preloaded) injection bolts are
frequently used for new road bridges.

3.5 New crane girders

Due to frequent load reversals (tension-to-compression)and occasional overloading
{shock loads), preloaded bolts may become loose. In such cases, Hoogovens blast
furnace works and other companies with heavy crane traffic use preloaded injection

3.6 New storm surge barrier

In the new storm surge barrier in the waterway between Rotterdam and the North Sea,
2 great number of M80, M72, M64 and M56 preloaded 8.8 injection bolts are used for
the connectionsin the main hinge (diameter 10 meters) and in the connection between
the hinge and the arms. The total thickness of the main plate package is 340 mm.
~ The main reasons for the choice for preloaded injection bolts were the assurance that
slip and internal corrosion were completely ruled out and furthermore the increase in
the design resistance per bolt, compared to traditional high strength friction grip bolts.
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Figure 5: Artists impression of the new storm surge barrier called: "Maeslant kering®,
The width of the waterway is 360 meters; the height of the wall is 22

meters, and the length of the arms is 237 meters

3.7 New stadium for AJAX Amsterdam

In the new football stadium for AJAX Amsterdam, injection bolts are applied for the
steel structure of the movable roof. This roof is normally open, but it can be closed if
weather conditions are bad. The main reason for this applicationis the requirement that
under no circumstances any deformations in the connections are allowed.

4. DESIGN RULES

4.1 Bearing resistance of the resin

Since resins are susceptible to creep deformation if the bearing stress is too high, the
bearing stress has to be kept within certain limits. Several resins were tested. The best
resin appeared to be the two component resin "Araldit”, manufactured by Ciba-Geigy
(SW 404 with hardener HY 404). Some years ago, Ciba Geigy changed the recipe of
the hardener, because the HY 404 hardener appeared toxic. The new hardener i§
called: HY 2404, Creep tests have demonstrated that a safe design value for the
bearing stressis: fy. ... = 130 N/mm?, This means that in case of bolts with standard
nominal hole clearances (e.g. for bolts M12 - M24: 2 mm), the maximum creep ata
bearing stress of 130 N/mm?, is less than 0.3 mm. This is the same limit as is used
in rivets and HSFG connections. Short duration higher bearing stresses virtually have
no influence on the creep behaviour. The ECCS recommendations and prENV 1090
give rules for the determination of the design bearing stress in case other resins are selected,
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4.2 Design rules for static loading

already indicated before, injection bolts may be non-preloaded (load transfer through
aring and shear of the bolt) and also preloaded (load transfer through bearing and
shear of the bolt and through friction between the connected plates). The ECCS
mendations give design rules for both types of shear connections.

Bearing + shear

] lo pre-loading or special provisions for contact surfaces are required. The design
ultimate shear load shall not exceed the design shear resistance of the bolt, nor the
design bearing resistance of the resin. The design bearing resistance of the resin per
ion bolt can be calculated as follows (ECCS, 1994):

~ « Serviceability limit state:

10 ks dt ﬂ fb_fe‘!illl t'”

Fb_Rd.ser resin
YMs ser

+ Ultimate limit state:

1.2 k. dt P Ffy ecin
: ] abes (2)

Fb.ﬂd.uﬂ resin
YMs ult

L]

factor depending on the thickness ratio of the plates.

1.0.

1.0.

1.0 for holes with standard nominal clearances as specified in 7.5.2
(1) of Eurocode 3: Part 1.1.

1.0 - m -0.10 for holes with greater clearances than the above
standard nominal clearance.

= the extra clearance above the standard nominal clearance (in mm). In
the case of short slotted holes not longer than specified in 7.5.2 (9) of
Eurocode 3: Part 1.1, m = 0.5 times the difference between the
length and the width of the hole.

Remarks:

' 8. The bearing resistance of the resin f, . is the long duration bearing resistance
* where the displacement due to creep is not greater than 0.3 mm.
'b. As short duration loads have only limited influence on the displacement due to
creep, it is reasonable to use a higher value for the design bearing resistance at
~ ultimate limit state.
'i¢. Because sudden collapse of the structure due to failure of the resin cannot occur, it
Is recommended to take yp. cor = Ypmsun = 1-0
. No test results are available for long slotted holes, so no kg value is given for such
holes.
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Design example:

Figure 6: Injection bolt in a double lap joint. Bolts M20, grade 10.9. Steel S355 (FeE
355, Fe 510). Holes 22 mm (standard nominal clearance).

Bearing resistance of the resin
. Serviceability limit state:

15
«2(1.2) .2 105, 0447
st b Tl

Fu Rd ser.resin = 1.01.0:20:20+1.17 130 = 61 kN

+ Ultimate limit state:
Fb Rd uit resin = 1:2°1.0-20-20+1.17-130 = 73 kN

Shear resistance of the bolt (Eurocode 3, 1992), shear plane passes through the shank
of the bolt)

05f, A ‘ o
S uw ™s _ 0.5-1000-314 126 kN

For 2 planes: F pq = 2 - 126 = 252 kN

Bearing + shear and friction

Preloaded high strength injection bolts with controlled tightening in conformity with

(prENV 1090-1, 1995) shall be used. The design ultimate shear load shall not exceed

the design shear resistance of the bolt, nor the design bearing resistance of the steel

piatas (calculated for a connection without resin).
+ Serviceability limit state: Only those load cases accordingto 2.3.4 of (Eurocode 3,
1992) where resistance to slip is required, shall be considered. The design
serviceability shear load shall not exceed the sum of the design slip resistance of the
connection and the design bearing resistance of the resin.

- Ultimate limit state: The design ultimate shear load shall not exceed the design slip

resistance of the connection plus the design bearing resistance of the resin.

Remarks:
a. The above requirements follow the classificationin 6.5 of Eurocode 3, part 1.1.
b. Because in the ultimate limit state, the design slip resistance of the connection plus



Design of Bolted Connections with Injection Bolts 85

the design bearing resistance of the resin can exceed the design shear resistance of
- the bolt, the design shear resistance of the bolt shall also be checked.

ic. In the case of relatively long bolts (diameter of the bolts small compared to the
~ thickness of the plates), the bending deformation of the bolt may cause a very
uneven bearing stress distribution. These uneven bearing stresses will result in
additional creep deformation. The design rules for the bearing resistance of the resin
in the ECCS recommendation are only valid for bolts with £/d < 3 (§ = total
thickness of the plates; d = diameter of the bolt). For longer bolts, only the bearing
resistance for £ = 3 d may be taken into account. For more details, see (Gresnigt,
1994), where also attention is paid to the combination of preload, shear and
- bending moment in the bolt. It is shown that with the design rules in the ECCS
recommendations, yielding of the bolt material will not occur and consequently no
~loss of preload will happen.

d. In the design examples in (ECCS, 1994), it is demonstrated that in case of
~ preloaded injection bolts, the bearing resistance of injection bolts gives considerable
extra strength compared to traditional HSFG bolts.

Design rules for fatigue loading

loaded injection bolts
n-preloaded connections with injection bolts are comparable to the situation in old
ted structures (virtually no load transfer by friction). In fatigue tests never any
lamage of the resin was detected. Failure always occurred in the connected plates or
n the bolts. Since short duration high bearing stresses do not cause noticeable creep,
)ccasional overloading does not need to be taken into account. For more details, see
ECCS recommendations (ECCS, 1994) or Eurocode 3, part 2 on Bridge Design
pde 3, draft ENV 1993-2, 1994).

aded injection bolts

2 load transfer through friction is stiffer than load transfer through bearing
pared to the stiffness of steel, the resin has a relatively low modulus of elasticity),
the fatigue load is considered to be taken by the friction. In this case, the bearing
resistance can be utilized for the static part of the load transfer.

'Design examples for non-preloaded and for preloaded injection bolts can be found in
the ECCS recommendations.

5. INSTALLATION
.1 Preparation of the bolts and washers

Guidelines for installation are given in the ECCS recommendationsand in prENV 1090-

; In the head of the bolt, a small hole is drilled. Under the head, a hardened washer

i8 placed where the inner diameter is at least 0.5 mm larger than the diameter of the

bolt, and where the inner side is machined to guarantee easy passage and distribution
he resin. Under the nut, a ring with a groove is mounted to let the air escape.
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(a)

Figure 7: Preparation of (a) the bolt head, (b) the washer under the head and (c) the
washer under the nut.

5.2 Equipment

The equipment can be either a
hand driven or an air driven injec-
tion pistol, as frequently used in
the building industry, see figure 8.
Particularly for longer bolts or
where large quantities of bolts to
be injected consecutively, air
driven equipment is recom-
mended.

Figure 8: Air driven injection pistol.

5.3 Injection and curing

Viscosity, pot life and curing time depend on the temperature. If the temperature is t0o
low, preheating of the resin may be necessary to obtain sufficient viscosity. If the
temperature is too high, the resin may flow out after the injection has stopped. Simple
modelling clay may be used to avoid this. The Araldit as mentioned before, has a pot
life at 20°C between 15 and 20 minutes, and a curing time at 20°C of about 24
hours to obtain full bearing resistance. If shorter curing times are required, heating of
the connectionto e.g. 50°C will speed up curing time to about 4 hours. This may be
important in the repair of riveted railway bridges.

5.4 Quality control

Guidelines for quality control are given in (ECCS, 1994). Checks may comprise
conformity, bolt installation, bolt tightening, the absence of water in the cavities and
the curing time. To demonstrate that the installation procedure and equipment is able
to fill the clearance completely, an assembly of perspex plates can be injected.
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6. CONCLUSIONS

he main conclusions are:

. Based on extensive research and long duration experiencein practice, injection bolts
have proven 1o be a reliable and relatively cheap means for repair and strengthening
- of existing structures.

). Injection bolts behave almost the same as fitted bolts. However, they are much
cheaper, especially in thick plate packages, where reaming of the holes may be very
- @xpensive.

. Preloaded injection bolts have a greater design resistance than traditional HSFG
bolts. Therefore the application of preloaded injection bolts reduces the number of
_ bolts and enables more compact connections,

. In some applications, injection may be applied to secure that sudden slip in case of
overloading is absolutely ruled out.

. It is expected that the design rules and guidelines for execution as laid down in the
recently published ECCS recommendationsand in (prENV 1090-1, 1995) will be an
important help for the application of injection bolts in other countries.
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] WELDED CONNECTIONS IN THIN COLD-FORMED RECTANGULAR
HOLLOW SECTIONS

Xiao-Ling Zhao'
Gregory Hancock?

stract

. The paper describes welded connection tests which were performed on C450L0 Rectangu-
it Hollow Sections. The thickness of the RHS sections varied from 1.6 mm to 3.0 mm. Butt
elds, transverse fillet welds and longitudinal fillet welds were tested, The test configuration
as the same as that used by the authors in a previous research project on welds in C350L0
S members. The test results are compared with existing Australian and American design
formulae. The test results are also compared with the proposed design rules for welds in
IS members derived from the previous research project on C350L0 RHS members. The
ehability analysis method is used to calibrate the existing and proposed design rules.

1. INTRODUCTION

Cold-Formed Square and Rectangular Hollow Sections (SHS and RHS) with a thickness
than 3 mm are manufactured and used in structures in Australia (Tubemakers, 1994).
e limit states Australian Standard AS4100-1990 (SAA, 1990) only applies to steel which is

but must be designed to the Australian Cold-Formed Steel Structures Standard AS1538-1988
(SAA, 1988), which is a permissible stress code. The member design rules in AS4100-1990
Bave been found to be appropriate for sections, including C450L0 RHS, less than 3 mm thick
iby the research summarised in Zhao and Hancock (1991, 1992a, 1992b). However, the design
tles for welded connections less than 3 mm thick may be inappropriate. The thickness lim-
s for the design of welded connections in various standards vary from 3.0 mm to 4.6 mm.
The design rules for welded connections in AS1538-1988 are the same as those in the AISI
pecification (AISI, 1986), which were based on testing performed by Pekdz and McGuire
{1981) on sheet steel. Similar research on welded sheet steel was also performed by Stark
d Soetens (1980), which has been adopted in Eurocode 3-Part 1.3 (1992). Since they were
derived for sheet steel, these design rules may be inappropriate when applied to RHS sections.

RNl scturer, Department of Civil Engineering, Monash University, Clayton, VIC 3168, Australia
. 3BHP Steel Professor of Steel Structures, School of Civil and Mining Engineering, University of Sydney,
SW 2006, Australia
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Tests have been performed on welds in C350L0 RHS members and proposed design rule
have been given for butt welds, transverse fillet welds and longitudinal fillet welds (Zhao ant
Hancock, 1993a.1993b,1994a). However, the proposed design rules may be inappropriati
to C450L0 RHS members which have higher material strength and have different statistic
data of material and fabrication. The purpose of this paper is to verify whether the propo
design rules are applicable to C450L0 RHS members. The 450 refers to the nominal yield
stress of 450 MPa and the L0 refers to the impact properties at 0°C as specified in AS1163-
1991 (SAA, 1991a).

Section | Nominal Measured A Tyta Oute Oyto Ouss
Number | (Dx Bxt) (Dx Bxt) (mm?) | (MPa) | (MPa) | (MPa) | (MPa
(1) (2) (3) (4) (5) (6) (7) (8)
D1 | 75 x 75 x 3.0 | 75.20 x 75.20 x 2.95 830 397 492 491 529
D2 | T5x75x25|7520x75.15x 246 | 700 425 493 452 506
D3 50 x 50 x 3.0 | 50.15 x 50.15 x 2.95 535 456 518 498 543
D4 50 x 50 x 2.5 | 50.10 x 50.25 x 2.46 454 383 459 473 511
D5 50 x 50 x 2.0 | 50.20 x 50.15 x 1.95 366 386 | 472 484 527
Dé 50 x 50 x 1.6 | 50.30 x 50.15 x 1.59 | 303 386 | 487 466 524
D7 75 x 50 x 3.0 | 75.20 x 50.10 x 2.95 682 458 495 501 544
D8 75 x 50 x 2.5 | 75.25 x 50.05 x 2.46 | 577 466 521 511 567
D9 75 x 50 x 2.0 | 75.20 x 50.50 x 1.94 463 432 488 486 527
MEAN - - - 421 492 485 531
cov - - - 0.0761 | 0.0375 | 0.0360 | 0.0327 |

Table 1: Cross-Section Dimensions and Material Properties

In this paper, welded connection tests were performed on cold-formed RHS sections d
Grade C450L0. The thickness of the sections tested ranged from 1.6 mm to 3.0 mm. But
welds, transverse fillet welds and longitudinal fillet welds were tested. The test configuration
was the same as that used by the authors in the previous research project on welds in
RHS members. The test results are compared with existing Australian and American desigs
formulae. The test results are also compared with the proposed design rules for welds in
RHS members given by Zhao and Hancock (1994a)). The reliability index (3) is checked for
the design rules using FOSM (First Order Second Moment) mean value method (Ellingwood
et al (1980)).

2. MATERIAL PROPERTIES AND WELDING PROCEDURES

The cold-formed SHS and RHS sections used in the tests were supplied by Tubemaken
of Australia Limited. These sections were manufactured by a unique cold forming proces
which included in-line galvanising. They were similar to those described in earlier colum
and beam tests (Zhao and Hancock, 1992a, 1992b). The nominal and measured section size
of RHS selected are presented in Table 1.
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It was found by Zhao and Hancock (1992a, 1992b,1992c) that a variation of yield stress
isted around C450L0 RHS sections. Variation in stress around the RHS sections was
ied by taking tensile coupons from the adjacent face (i.e., a face adjacent to the face
aining the seam) and the opposite face (i.e., a face opposite the face containing the
m). The 0.2 percent proof stress was used for the yield stress of all coupons, The test
uits are summarised in Table 1. Tt can be found from Table 1 that the yield stress (o)
d tensile strength (o,.,) of the opposite faces are 15 percent and 7.9 percent higher on
rage than those of the adjacent faces (0., 0ua) as a result of the forming process. The
ared tensile strength (X,) of the weld metal is 527.6 MPa.

. The welding procedures used in this project were prequalified according to Section 4 of
je Australian Standard AS1554.1-1991 (SAA, 1991b), which is similar to Section 5 of AWS

1-92 (AWS, 1992). The prequalification of all the welding procedures was reported in
ptail in Zhao and Hancock (1994b).

3. TESTS OF BUTT WELDS

.1 Tests of Butt Welds

Butt weld tests are called Type B in this paper. The test configuration of butt welds
jas the same as that used by Zhao and Hancock (1993a, 1994a). A butt weld connection
pshown in Figure 1(a). The dimensions C; and C; are about three times the dimension D
uuch that the effect of the fillet weld in the end connection on the butt weld may be ignored.

e weld length 2D was chosen to ensure that the end connection part is stronger than
RHS section. The 20 mm thick plate is connected to a pin-ended connection. The load
papplied through the pin-ended connection. All the tests were carried out in a 2000 kN
pacity DARTEC servo-controlled testing machine. The test procedures were the same as
reported in Zhao and Hancock (1993a).

" The dominant failure mode found in the tests was tube failure in the heat affected zone.
he failure mode was different from that observed in the tests of C350L0 RHS members,
here tube tearing along the seam of the section was observed. No significant necking of
RHS sections occurred at the failure cross-section, whereas significant necking of RHS sec-
tions was observed in the tests of C350L0 RHS members. This may be because C450L0 RHS
jections are stronger but less ductile than C350L0 RHS sections.

.2 Design of Butt Welds

It was proposed by Zhao and Hancock (1993a) that the complete penetration butt weld
of C350L0 tubes may be designed in accordance with the tension member rule in AISI-
1991 (AISI, 1991) with a capacity (resistance) factor of 0.95 or the tension member rule
in AS4100-1990 with a capacity (resistance) factor of 0.90. For AISI-1991, the tension
pember rule is based on yielding of the parent metal (F,A). For AS4100-1990, the tension
ember rule is governed by the lesser of F,A and 0.85F,A. The tensile yield stress and

-
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Figure 1: Welded Connections (a) Butt Welds, (b) Transverse Fillet Welds

tensile strength of the opposite face have been used in the calculations. This is more cons
servative than using values for the adjacent faces for the purpose of establishing design rules

The statistical parameters of resistance and load used in the reliability analyses
reported in detail in Zhao and Hancock (1994b). A target reliability index of 5, = 2.5 is reg
ommended for cold-formed members by the American Iron and Steel Institute (AISI, 1990}
when using the FOSM method. It was found by Zhao and Hancock (1994b) that the value
of reliability index for the AISI-1991 design model and the AS4100-1990 design model am
generally higher than the target value of 2.5 given in AISI (1990), although the values fa
AISI-1991 fall below 2.5 at low and high 523~ ratios. Consideration should be given
including a tension rule based on F, rather than F, in the AISI specification.

4. TRANSVERSE FILLET WELDS

4.1 Tests of Transverse Fillet Welds

Transverse fillet weld tests are called Type TP in this paper. The length of the fillé
welds in Type TP was chosen to be short enough so that weld failure occurred in the tests
The test configuration of the fillet weld test specimens were the same as those of the bufl
welded connection except for the tested region which is shown in Figure 1(b). The load w
applied through the same pin-ended connections used in the Type B tests. The measure
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yield stress of the 10 mm plate is 376 MPa and the measured tensile strength is 502 MPa. Ali
the tests were carried out in a 2000 kN capacity DARTEC servo-controlled testing machine.
The test procedures were similar to those for Type B tests.

The actual weld lengths and weld sizes (leg lengths) were measured. The measured leg
lengths were found to be oversized. The consistent oversize of weld leg length is in agreement
‘with the trend in variation in weld size found in previous international test series (Pham
and Bennetts, 1983, Zhao and Hancock, 1993a). The dominant failure mode in the Type
TP tests was weld failure in shear across the throat, which was the same as that observed
in the tests of transverse fillet welds in C350L0 RHS members.

4.2 Design of Transverse Fillet Welds
4.2.1 Design rules based on weld metal strength

The design model for transverse fillet welds in AS4100-1990 is based on shear capacity of
weld metal (0.6X,aL) with a capacity (resistance) factor of 0.80. It was found by Zhao and
: k (1993a, 1994a) that the AS4100-1990 design rule was conservative for transverse
illet welds in C350L0 RHS members. A proposed design formula (0.6 X,aL[0.75+0.5(t/a)])
was given by Zhao and Hancock (1993a, 1994a) for transverse fillet welds, which was a func-
tion of the ratio of tube thickness (t) to the weld throat thickness (a). The proposed formula
‘gives a higher design strength than that given by AS4100-1990. The design strength of
Atransverse fillet welds in the American Institute of Steel Construction Specification has now
been increased from 0.6 X,aL in AISC (1986) to 1.5x0.6X,aL in AISC (1993) with the same
capacity (resistance) factor of 0.75. The reliability index () versus 58— curves are plotted
in Figure 2(a). It can be seen that the values of reliability index for AS4100-1990 and the
proposed design rule by Zhao and Hancock (1993a) are much higher than the target value
“of 3.5 for cold-formed connections specified in AISI (1990). The predictions of AISC-1993

so produce adequate values of reliability index.

4.2.2 Design rules based on parent metal strength

When the thickness of the parent metal is less than or equal to 3.81 mm, the design rules
or transverse fillet welds in AISI-1989 (AISI, 1989) and AISI-1991 are based on ultimate
gth of the parent metal. When the thickness of the parent metal is greater than 3.81
the strength of the weld metal should be checked. The design rule in AS1538-1988 is
same as that in AISI-1989 with a cut off value of 3.0 mm., It was proposed by Zhao and
Hancock (1993a) that the thickness limits (3.81 mm for the AISI specification and 3.0 mm
or the Australian Standard AS1538-1988) above which the weld strength must be checked
hould be reduced to 2.5 mm. Comparisons of the current test results and the AISI spec-
ion (Zhaoland Hancock, 1994) confirmed the proposal that the weld metal strength
should be checked when tube thickness is greater than or equal to 2.5 mm. A proposed de-
sign formula (F,tL[1.70 — t/a]) was given by Zhao and Hancock (1993a) for transverse fillet
pelds, which was a function of the ratio of tube thickness (t) to the weld throat thickness (a).
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Figure 2: Reliability Index Versus D—:L— for Transverse Fillet Welds (a) Design Mod
based on Weld Metal Strength, (b) Design Models based on Parent Metal Strength

The reliability index (3) versus curves are plotted in Figure 2(b). It is interestin
to note that although AISI-1991 proJuces adequate values of reliability index, the predi
tions of AISI-1989 (working stress code) produce an inadequate factor of safety when tub
thickness is greater than or equal to 2.5 mm. This is due to the low capacity (resistance
factor of 0.60 used in AISI-1991. The values of reliability index for the proposed rule give
by Zhao and Hancock (1993a) are higher than the target value of 3.5 given in AISI (199 H

5. LONGITUDINAL FILLET WELDS

5.1 Tests of Longitudinal Fillet Welds

One end of the specimen was welded to a 20 mm plate which was connected to a pis
ended connection. This is the same as that used in the butt weld tests and transverse fillel
weld tests. The other end (the region under test) was also the same except that a 10 m
plate was used and the weld length was shorter.

Four types of tests on the longitudinal fillet welds in C350L0 RHS members were de
scribed in Zhao and Hancock (1993b, 1994a), where the tube thickness, the weld lengt
the end return welds around the end of the 10 mm plate and the orientation of the RE
section were the main parameters varied. It was found by Zhao and Hancock (1993b, 19944
that the weld capacity of specimens with end returns was about 9 to 14 percent higher thi
that of specimens without end return welds. It was proposed that end returns should b
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.considered as a requirement in design as specified in AISC-1993, AWS D1.1-1992 (AWS
(1992)) and Eurocode 3 Part 1.1 (1992). Therefore only specimens with end return welds
e tested in the current project. It was also found by Zhao and Hancock (1993b, 1994a)
the weld capacity of specimens with welds applied in the opposite face was about 8§ to
percer higher than that of specimens with welds applied in the adjacent faces. Therefore
‘only specimens with welds applied in the adjacent faces (weaker case) were tested in the
‘current project. These longitudinal fillet weld tests are called Type EY. For each section
gize, two different lengths of weld were applied. The weld length was chosen to be not long
‘enough to fail the whole RHS cross-section.

The failure mode observed in test Type EY was tube failure in the heat affected zone
_adjacent to the end return weld. This failure model was the same as that observed in the
‘tests of longitudinal fillet welds (Type EY) in C350L0 RHS members.

5.2 Design of Longitudinal Fillet Welds
5.2.1 Design rules based on weld metal strength

The design models for longitudinal fillet welds with or without end returns in AS4100-
1990 and AISC-1993 with end returns are based on shear capacity of weld metal (0.6X,al)
with capacity (resistance) factors of 0.80 and 0.75 respectively. The reliability index (3) ver-
sus curves are plotted in Figure 3(a). It can be seen that the values of the reliability
index for AS4100-1990 are higher than the target value of 3.5 for cold-formed connections
specified in AISI (1990) when 558~ > 0.10. The values of reliability index for AISC-1993
are higher than those for AS4100-1990 because of the lower capacity (resistance) factor of
0.75 used.

5.2.2 Design rules based on parent metal strength

The design models for longitudinal fillet welds in AISI-1989, AS1538-1988 and AISI-
1991 are based on the ultimate strength of the parent metal with a consideration of the
effect of the weld length, which was derived by Pekoz and McGuire (1981). The reduction
factor (1 — %21k ) derived by Pekdz and McGuire (1981) was not confirmed by the tests of
longitudinal fillet welds in C350L0 RHS members as described in Zhao and Hancock (1993b).
It was found by Zhao and Hancock (1994) that the reduction factor was not confirmed by the
current tests on C450L0 RHS members. A proposed design formula (0.75F,tL) was given
by Zhao and Hancock (1993b, 1994a) for longitudinal fillet welds. A capacity factor of 0.72
was proposed by Zhao and Hancock (1993b, 1994a) for the design of longitudinal fillet welds
with end returns in C350L0 RHS members. The reliability index (8) versus D%'L‘ curves
are plotted in Figure 3(b). It can be seen that the capacity factor of 0.72 seems too high
for the design of longitudinal fillet welds with end returns in C450L0 RHS members. The
values of reliability index based on a capacity factor of 0.64 to be satisfactory, although
a lower value may be necessary for welds without end returns. The capacity factor of 0.64
is higher than that of 0.55 used in AISI-1991.
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Figure 3: Reliability Index Versus D_nL_ for Longitudinal Fillet Welds (a) Design Model
based on Weld Metal Strength, (b) Design Models based on Parent Metal Strength

6. CONCLUSIONS

o Complete penetration butt welds in C450L0 members were tested under a static tensie
load. The dominant failure model was tube failure in the heat affected zone with
lower ductility observed than for tests on C350L0 members. It can be concluded th
the complete penetration butt weld may be designed in accordance with the tensiol
member rule in AISI-1991 with a capacity (resistance) factor of 0.95 or tension membe
rule in AS4100-1990 with a capacity (resistance) factor of 0.90. It is suggested thal
the AISI-1991 specification include a rule based on F, to increase reliability for high
strength steel sections.

o Transverse fillet welds (Type TP) in C450L0 members were tested under a static tension
load. The dominant failure mode in the Type TP tests was found to be weld sh
across the throat. The predictions in AS4100-1990 were found conservative for desigg
of transverse fillet welds. The proposed design model by Zhao and Hancock (1993:
based on weld metal strength and the AISC-1993 specification produced adequate
values of reliability index. When the tube thickness is greater than or equal to 2
mm, the design rules in AISI-1989 and AS1538-1988 become unsafe, and the wels
metal strength should be checked. The AISI-1991 specification produced adequat
values of reliability index because of the low capacity (resistance) factor of 0.60 used
The proposed design model by Zhao and Hancock (1993a, 1994a) based on parer
metal strength produced adequate values of reliability index.

o Longitudinal fillet welds (Type EY) in C450L0 members were tested under a statit
tension load. End return welds were applied in all the specimens. The welds wen




Welded Connections in Hollow Sections 97

applied in the adjacent faces of the RHS sections. The failure mode was found to be
tube failure in the heat affected zone adjacent to the end return weld. The values
of reliability index for AS4100-1990 where a capacity factor of 0.80 was used were
higher than the target value of 3.5 when 523~ > 0.10. The values of reliability index
for AISC-1993 were higher than those for AS4100-1990 because of the lower capacity
(resistance) factor of 0.75 used. The reduction factor, as a function of (L, /t), was
not confirmed in the current test series. For the proposed design model by Zhao and
Hancock (1993b, 1994a) based on parent metal tensile strength, the capacity factor of
0.72 seems too high for the design of longitudinal fillet welds in C450L0 RHS members.
The values of reliability index based on a capacity factor of 0.64 seems to be satisfactory.
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SEISMIC PERFORMANCE OF CFT COLUMN-TO-WF BEAM
MOMENT CONNECTIONS

James M. Ricles'
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Abstract

per describes ongoing research associated with the seismic behavior of moment
etions for CFT column-to-WF beam framing systems. The objective of this
m research program is to assess the force transfer mechanism in these type of
connections, examining the effect various structural details have on this mechanism, as
well as on the connection's strength, stiffness, and ductility. The first phase of the
has been devoted towards assessing the shear capacity of the panel zone in a
CFT under simulated seismic lateral load conditions. The results from tests show that a
CFT panel zone possess exceptional ductility, including specimens without interior
diaphragms. In addition, a capacity equation based on the superposition of the shear
strength contribution of the steel tube and concrete core within the panel zone provides
a prediction that agrees reasonably well with specimen strength. The second phase of
the program is also discussed, which is currently in progress and associated with full-
scale structural connection subassemblage tests.

1. INTRODUCTION

The combining of structural steel and concrete to form composite members results in a
structural system that has many attributes. These include the inherent mass, stiffness,
damping and economy of concrete, and the speed of erection, strength, long-span
capability, and light weight of structural steel. In high-rise structures large axial forces
can accumulate in the columns. In addition, inter-story drift can control the design of
such structures., Composite columns are an appealing solution to deal with these
issues. Typical high-rise composite construction involves perimeter moment resisting
frames (MRFs) with composite columns, which are either a structural steel shape
encased in reinforced concrete or concrete filled tubes (CFTs). The spandrel beams for
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the MRF are typically wide flange (WF) steel sections. Practical applications fol
composite columns can also be found in low-rise construction, such as in warehou:
or industrial buildings. This paper focuses on composite construction which invol
CFT columns, which emphasis on the moment connections which join the columns ant
spandrel beams to form a seismic resistant perimeter MRF.

The advantage of using CFT composite columns is that the steel tube provides
permanent formwork for the concrete placement, thereby expediting construction. If
addition, the steel provides confinement to the concrete inside the tube, whereas {
concrete inhibits local buckling from occurring in the steel tube. The result is |
composite member possessing exceptional axial and lateral stiffness, strength, ant
ductility. Shown in Figure 1 is an elevation of a 20-story MRF, which is adopted as th
prototype for this research study. This MRF is a perimeter frame for a typical offic
building, and is assumed to exist in a seismic zone 4 within the United States. Both
wide flange column (e.g. non-composite) and a CFT column system were designed fo
the purpose of comparison. Both systems possessed steel spandrel beams wilt
moment connections to the columns. The beams and columns of both systems
designed according to AISC LRFD Provisions (“American”, 1994) in conjunction
NEHRP Seismic Provisions (NEHRP, 1991). The CFT columns were designed with
55 MPa nominal compressive strength concrete. The profiles for factored inter-sto
drift under NEHRP stipulated seismic loading is included in Figure 1. Both the CF
column and WF column MRF designs were found to be controlled by drift criteria p
NEHRP (1991), which stipulates that the factored inter-story drift § must be within the
limit of 1.5%, where

5=Cq 8¢ (

in which 3, is the inter-story drift from an elastic lateral seismic load analysis and C, is |
displacement amplification factor ( a value of C =5.5 was used, as stipulated by NEHR
for ductile MRFs). A comparison of the two designs (the beam and column sizes
summarized in Figure 1) for the building indicates that although the total weight of 1
CFT column system is 81% greater than that of the WF column system due to the
additional weight of the concrete, the former has a total structural steel weight that ig
22% less than the latter. This reduced weight of steel in the CFT column syst
represents a cost savings.

A critical component of the perimeter MRF CFT column system is the momes
connections between the steel WF spandrel beams and CFT columns. Under lat
seismic loading to the MRF these connections are susceptible to large forces, includin
a large shear in the joints’ panel zones as illustrated in Figure 2. The panel shear is th
result of larger beam flange forces that are transferred into the connection. To deal wit
the large beam flange forces, CFT construction in Japan has traditionally involved {
use of interior or exterior steel plate diaphragms in the connection, as shown in Figue
3, to provide stiffening of the tube and a force path for the beam flange forces.

the use of diaphragms may improve performance and avoid premature connectio
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their incorporation into CFT moment connections is expensive to fabricate,
articularly when interior diaphragms are utilized. Consequently, the saving accrued
om reduced steel weight may be lost, or even exceeded, in CFT column systems
)en interior diaphragms are used in moment connections.

To evaluate the need for diaphragms in seismic resistant moment connections in CFT

imn systems, a research program has been pursued at Lehigh University. This
research program consists of several phases of study, and has as its overall objective
W the force transfer mechanism in CFT column-to-WF beam moment
connections under seismic loading. The research is to examine the effect various
structural details have on the force transfer mechanism, and on the connection's
w stiffness, and ductility. Based on the results of experimental testing and
analysis, the research program has as a goal to provide recommendations for design
details for moment connections that provide good performance under seismic
conditions, and are economical to fabricate.

The first phase of this program involved an experimental investigation concemed with
the shear-deformation characteristics of CFT panel zones. Included was the
development and assessment of a capacity model for predicting panel zone shear
capacity. The second phase of this research program, which is currently in progress,
involves the testing of large scale structural connection subassemblies under lateral
cyclic loading. Presented herein are the results from the first phase of work, and a
description of the structural subassemblage test program conducted under the second

phase.
2. CFT PANEL ZONE STUDY

Under lateral loading, the shear developed in the panel zone of a CFT-to-beam moment
connection is resisted by both the steel tube and concrete. The concrete resistance to
panel zone shear is by the development of a diagonal compression strut, as shown in
Figure 1, having the inclination angle (or strut angle) of «. One of purposes of the panel
zone test was to assess the effect the interior diaphragm has on the compression strut.
In addition to the diaphragm, other details which can conceivably affect the panel
zone's behavior include: the width-to-thickness (b/t) ratio of the steel tube in the panel
zone; compression strut angle «; concrete compressive strength; and steel tube's yield
stress. To study some of these effects, four CFT panel zone specimens were designed
and tested.

A summary of the test matrix containing the four test specimens is given in Table 1. The
details considered as parameters among the specimens were: interior diaphragms; b/t
ratio; and compression strut angle a. The effects of these parameters on shear capacity
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were studied by changing the details of the panel zone in accordance with Table 1,
Specimen 1 of the test matrix was the only specimen which had a set of diaphrag
each diaphragm being placed inside the steel tube where simulated beam flange force:
were applied to the outside wall of the specimen. Specimen 2 was identical
Specimen 1, except the former did not have any diaphragms. The b/t ratios o
Specimens 3 and 4 were both increased from that of Specimens 1 and 2. While th
nominal b/t ratio was the same for Specimens 3 and 4, Specimen 4 had a larger str
angle, which was accomplished by making Specimen 4 of greater length.
measured material properties for the steel tube's yield stress () and ultimate s
(o), as well as the concrete compressive strength f'_ are given in Table 2.

The testing scheme shown in Figure 4 was developed to simulate local force condition
applied to a panel zone, including compression beam flange forces and column axi
force. The applicability of the results from tests using this setup to connections which de
not have diaphragms, and in which the beam tension flange forces are applied to t
wall of the steel tube, is questionable. However, subsequent tests in the second phas
of the research program will have details that result in only the compression flangs
force being applied to the panel for specimens which omit the diaphragms. The te
setup for the panel zone test shown in Figure 4 resulted in two panel zones bein
created in each test specimen, by providing end reactions to a transverse applied lo
H at midspan. The magnitude of the end reaction thus was equal to the shear
developed in the panel zone. The load H and reactions were applied using rollers
conjunction with 50 mm and 100 mm wide bearing plates placed across the specimen
width at its ends and midspan, respectively. The bearing plates were each 12 mm thick
A constant axial compressive load P was applied in the horizontal direction to both el
of the specimen to simulate column axial force effects. Both ends of the test specime
were restrained from rotating. The axial force P was 890 kN in Specimens 1 and 2, a
712 kN in Specimens 3 and 4. The magnitude of P was equivalent to one-half
nominal squash load N, (e.g. P=0.5N,), defined in accordance with AlJ Provis
(*Architectural”, 1987):

%As oy

In Equation (2) A, and A, is equal to the cross sectional area of the concrete core a
the steel tube, respectively. Prior to testing, each specimen was instrumented in orde
to measure strain in the panel zone of the steel tube, displacement under the appli
transverse load H, and end rotation.

The shear-deformation (V-y) response of the specimens are shown plotted in Flgura
where they have been superimposed in order to evaluate the effects of the variou
panel zone structural parameters. Typical response of a specimen during testin
involved an initial linear relationship between V and v. As yielding developed in the ste
tube of the panel zone under shear, a softening of the panel zone's stiffness occurred
which became quite noticeable as the applied shear V surpassed the shear capacity

which corresponded to specimen plastic shear capacity of the steel tube. This
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apparent in Figure 5 for all specimens. With continued loading, the stiffness continued
b decrease until it became zero, at which the specimen capacity V,  had been
sached. The shear capacity V,  of each specimen is summarized in Table 3.
cimen 1 had a 30% greater capacity than corresponding Specimen 2, which is
a in Figure 5(a) as well as Table 3. The additional strength achieved in
Specimen 1 is attributed to the presence of it interior diaphragms, which enhanced the
oncrete compression strut's strength V, by increasing the concrete strength and
gompression strut width through additional confinement. Specimen 2 was found to have
a 20% greater capacity than Specimen 3 (see Figure 5(b)). This increase in strength is
mainly attributed to the greater shear strength V, of the steel tube of Specimen 2.

pecimens 3 and 4 had a capacity V__ of 589 kN and 578 kN, implying that the
rence in strut angle « of 45 and 56 degrees did not significantly affect specimen

ed imposed deformation during testing saw all specimens develop exceptional

uctility, with an increase in strength under large displacements occur as tension
embrane action developed which provided additional resistance. All specimens
eventually developed an local outward buckling in the panel zones. For Specimens 2, 3,
‘and 4 this occurred at a shear deformation of approximately y=0.05 to 0.06 radians,
faking the form of an outward uniform bulging of the panels. The interior diaphragms in
‘Specimen 1 enabled a greater shear deformation y of approximately 0.15 radians to
- develop before local buckling occurred along a diagonal of the panel zone. This
‘diagonal local buckling resembled that which has been found to occur in stiffened
panels of plate girders subjected to shear. The presence of the concrete inside the steel
fube enabled the specimens to all develop significant post buckling strength and
“ductility.

A shear capacity model was developed in order to attempt to predict the shear strength
. of the test specimens. The formulation for the model was based on superimposing the
- shear strengths of the steel tube (V) and that of the concrete (V) to arrive at the panel
zone's total shear capacity (V,,), as illustrated in Figure 6, and where:

Viota = Vs + V¢ (3)

Since shear yielding occurred in the steel tube prior to local buckling, the steel
contribution was based on considering the von Mises yield criterion for metals, where

Vs =75 Aw @)

in which A_ is the web area of the steel tube that creates the steel panel zone (e.g.
A _=2bt). To evaluate the contribution of the concrete's shear strength V,, three different
models were examined, namely: (1) Strut Model A; (2) Strut Model B; and, (3) ACI
Model. Strut Model A and B were both based on the concept of the strut and tie model
for reinforced concrete (MacGregor, 1992). The component of the concrete strut force
that is parallel to the imposed joint shear V determines V. The capacity of the concrete
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strut provides the maximum strut resisting force. Strut Model A assumes that #
crushing strength of the strut depends on the concrete compressive strength f,_ and i
strut width B =S cosa, where S is the effective bearing width along the depth of #
panel for the beam compressive flange forces. The expression for the concrete s
resistance V, for Strut Model A is given in Figure 7(a), which includes formulations &
panel zones vmh and without interior diaphragms. The expression for V_ when interk
diaphragms exists in the panel zone was based on doubling the width B, of th
compression strut. In the expressions for V_ in Figure 7 the variable B refers to tho :
of the CFT, which is normal to the plane of the panel zone and to which the bear
flanges would be connected.

The formulation for Strut Model B is associated with a compression strut width B,

is based on the geometry of a 45 degree hydrostatic prism in the concrete (see Figu
7(b)). This prism is created by the bearing stresses imposed to the column by the beaf
compression flanges. Assuming the strength of the compression strut is proportional |
0.85f, the shear strength contribution V, to the panel zone's shear capacity become
the expressions given in Figure 7(b). The expression on the right hand side of Fig
7(b) accounts for the presence of interior diaphragms, and is based on assuming
secondary compression field develops in the concrete core at an inclined angle of,
This secondary compression field develops near the comers of the panel,
undergo a closure by shear deformation. The angle B is that which is perpendic
the principal direction of the diagonal tension in the panel zone, where it can be shg
that:

d

sin?f=0.5[1- W

in which d and b are the height and width of the panel zone.

The equations from the ACI Specification (ACI 1989) were used to estimate
concrete contribution V, for the ACI Model. The expressions for V, for panel zones b
with and without interior diaphragms are given in Figure 7(c), where for diaphragms th
concrete joint shear strength is based on a higher degree of concrete confinement. F
CFT connections without diaphragms, the joint was assumed to be related to the cas
described in the ACI Specification consisting of confinement on two opposite fac

the joint.

A comparison of the predicted shear capacity V., of the panel zone of each of the &
test specimens with their corresponding experimental capacity V__ is given in Table
The comparison includes the predicted capacity using V, based on the various co
models discussed above. The ratio of the predicted joint shear capacity to experi
capacity (V. /V,.) was found to have a mean of 1.01 and 0.99 using Strut Model A
B, respectively. The mean value for the ratio of V_/V__ using the ACI Model for V,
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ind to be 1.11, indicating that the contribution of the concrete is overestimated by the
ipted ACI criteria. Overall, Strut Model B provided the best estimate for V,_, having
efficient of variation of 3.1% compared to 7.5% for Strut Model A.

3. CONNECTION STRUCTURAL SUBASSEMBLAGE STUDY

jurther the understanding of the force transfer mechanism, and to study cyclic lateral
id effects, large-scale connection subassembly tests are currently being conducted
the second phase of the research program. The subassembly is a cruciform test
pecimen, consisting of a CFT column, steel wide flange spandrel beams, and the joint
d of a moment resisting connection. A schematic of a test specimen placed in
5t setup is shown in Figure 8(a). The ends of the beams and column correspond
the midspan and midheight of the spandrel beams and CFT columns, respectively, of
! pmtotype perimeter MRF subjected to lateral load (see Figure 8(b)). In the test
the column is loaded axially by a constant gravity load of 2224 kN, while
jbjecting the top of the column to a cyclic loading history by the use of a horizontally
flaced actuator. The lateral loading history corresponds to successive sets of cyclic
fisplacements of increasing amplitude. The column and beam sizes correspond to a
5 mm by 406 mm concrete filled steel tube and a W24x62 wide flange steel beam,
pectively. The nominal concrete compressive strength is 55 MPa that fills the steel
| These CFT and spandrel beam sizes and lengths correspond to a full-scale
persion of the members in a lower floor of the prototype perimeter MRF (see Figure 1).

"‘t

initial set of test specimens have their connection details shown in Figures 9, 10,
d 11, where they are referred to as Connections 1, 2, 3, and 4. Among the test
- specimens, different details were used in order to assess their effect on connection and
‘subassemblage performance. In all of these test specimens the nominal b/t ratio of the
steel tube is 32. The joints of the test specimens were designed, using the above joint
ghear capacity model in conjunction with Strut Model B, to resist the moments and
shears developed under plastic hinging of the beams. In the event that during the
course of testing the joint is successful in providing sufficient ductility through yielding in
beam, additional tests will be conducted by subsequently strengthening the beams
of these specimens in order to force inelastic response in the panel zone of the joint to
assess its strength and ductility under cyclic loading.

Connection 1 consists of structural details with an interior set of diaphragms placed at
the flange height of the beams. This specimen is to provide a reference for comparing
the performance of other test specimens which do not have interior diaphragms. As

shown in Figure 9, the diaphragms for Connection 1 are welded along all four edges.

The beam flanges were welded to the column using full penetration flux cored arc
welding. In Connection 1, as well as the other three test specimens, the shear tab was

welded and bolted to the beam web using five-A325 25 mm diameter bolts. The
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placement of fillet welds along the shear tab, as shown in Figure 9, was required
accordance with AISC LRFD seismic design provisions (“American” 1994), since the
plastic section modulus of the flanges accounted for less than 70% of the plast
moment capacity M, of the beam. In addition, in all specimens twelve-16 mm diame
102 mm long shear studs were used to transfer the beam's gravity load to the concre!

The details of Connection 2 are similar to Connection 1, except that the diaphragm in
the former is welded along only three of its edges. The detail for Connection 2
applications suited for CFT construction involving steel box column fabrication usi
plates. The fourth edge of the diaphragm, which is normally welded using the expensive
technique of electro-slag welding in box-column fabrication to close the cross sectior
was omitted in order to evaluate the effects of this omission on connectio
performance. In the test program reported herein structural tubing was used for the
column, in lieu of box column sections fabricated from plates in order to reduce costs.

Connection 3 has no interior diaphragms, using structural tees as shown in Figure 10
stiffen the steel tube and activate the panel zone by establishing a more direct fo
transfer mechanism between the beam flanges and the panel zone. The details ¢
Connection 4, shown in Figure 11, utilizes high strength bolts and end plates (the latt
is identified as PL 3/4 x 7 1/4 x 16 in Figure 11) to provide anchorage for the tension
beam flange forces, creating a diagonal compression strut in the concrete within the,
panel zone under lateral frame loading. The shear resistance of the steel tube i
activated by the shear deformation developed in the panel zone. During fabrication, thi
end plates are tack welded to the column and the bolt holes drilled in the shop.
reduce prying action in the high strength bolts as well as increase the stiffness of th
connection, washer plates (identified as PL 3/4 x 3 3/4 x 16 in Figure 11) are used.
These plates are placed behind the nuts and do not require any welding.

Prior to conducting the tests, which will occur in the near future, each of the specime
will be fully instrumented. The instrumentation will enable the strains in the beam
flanges and the steel tube, both in and outside the panel zone, to be measured. In
addition, the shear deformations in the panel zone, beam and column displacementy
and applied loads will be measured. These measurements will enable the shear force
deformation (V-y) relationship of the panel zone to be determined, as well as beam
moment-rotation, and lateral load-interstory drift response. In addition, _
measurements will enable the effective lateral stiffness of the CFT column und

combined axial load and moment to be obtained.

As part of the second phase of the research project, additional tests are to be
conducted involving the above structural connection subassemblies. These tests will
include details that will omit the shear studs, as well as study the performance o
specimens that have weaker panel zones in which the b/t ratio of the steel tube i
larger. To complement the experimental studies, analytical studies are currenth
commencing, involving inelastic time history analysis of CFT column MRFs subjected 10
seismic loading. In addition, nonlinear finite element analyses are being conducted of
the local joint region to assess the force transfer mechanism.
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4. SUMMARY AND CONCLUSIONS

An ongoing research program on the subject of the seismic performance of moment
0 s for CFT column MRF systems has been presented. This study includes

nel zone tests of one half-scale specimens, as well as full-scale structural joint
ssembly tests. The results of the completed tests on the CFT panel zone
cimens indicates that while interior diaphragms may enhance a panel zone's shear
ity by increasing the contribution of the concrete, panel zone specimens without
jor diaphragms also performed well under monotonic load and had exceptional
ctility. The shear capacity of the specimens was found to correlate well with joint
pacity strength equations that were based on superimposing the shear strength of
the steel tube and the concrete core in the joint region, where the latter is based on a
jirit model. The testing of the structural connection subassemblies will provide
ditional information when completed, particularly related to cyclic load effects, beam
details, and the contribution of the connection to the behavior of the
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Table 1 CFT Panel Zone Test Specimen Matrix

Specimen | Diaphragm t b/t d o
(mm) (mm) | (deg) |

1 Yes 5.8 35 406 45

2 No 5.8 35.1 406 45

3 No 44 46 406 45

4 No 4.4 45.7 610 56

Table 2 CFT Panel Zone Specimen Material Properties

Specimen | Nominal Dimensions o, o,
(mm x mm x mm) (MPa) | (MPa) | (MPa)

1,2 203 x 203 x 6.3 412 520 39

34 203 x203x4.5 377 462 39

Table 3 CFT Panel Zone Specimen Capacity

i \f. ‘v!
Specimen | V,_ |V/V,. ?w Vie/Vee
(kN) Strut A |Strut B| ACI
1 923 | 059 | 0.41 |1.05 | 0.99 | 1.0
2 712 | 0.76 | 0.24 | 1.07 1.04 | 1.16
3 589 0.65 | 0.35 | 1.01 0.97 | 1.15
4 578 | 066 | 0.34 | 0.90 | 098 | 1.12
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Figure 1 Prototype Perimeter Moment Resisting Frame for CFT and WF Column Systems.
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Figure 6 Panel Zone Shear Capacity - Superposition of Steel and Concrete Strengths.

(a) STRUT MODEL A
sI’ : s¥
{ Q|  Oleshwagmj

V. = SBcosa f, V, = 2SBcosa f,

(b) STRUT MODEL B

V_=SBcosd5°cosa 0.851,  V, =SBcosd5'cosa 0.851,

+ dBsir’ [} 0.85¢,
(¢) ACI
V, = Bb15\f, V, = Bb20 VT
(No Diaphragm) (Diaphragm)

Note: B is the out-of-plane dimension of the column

Figure 7 Various Models for Determining Contribution of Concrete Joint Shear Capacity.
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FATIGUE BEHAVIOUR OF MIS-MATCHED BUTT WELDED
HEAVY |-BEAMS AND THE ROTATION CAPACITY OF JOINTS MADE OF
QST-STEEL

Omer Bucak 1
Friedrich Mang 2
Lex Stammet 3

Abstract

Quenched and self-tempered (QST) rolled steel sections combine in an economical
way high yield strength, outstanding toughness at low temperatures and excellent
_ weldability, three properties formerly thought to be incompatible.

The present paper gives in a first part a short description of the QST production
process of rolied beams as well as the fabrication properties and test results on full-
scale tests on butt welded rolled I-sections. After an analysis of the test results it
could be found for the welding of large thickness sections with a minimum yield
strength of 460 MPa to use a different type of stick electrodes => mis matching. The
second part presents tests on frame work joints, made of high strength QST-steels

1 INTRODUCTION

The tendency of the market demands towards products with greater thickness and
higher yield strength, gave the impulse to develop new steels. Furthermore, it is of
key importance for safety and economical use to achieve a good toughness at low
temperature together with an improved weldability

Under the conditions of conventional rolling methods it is not attainable to combine
great thicknesses with high yield strength. Relatively large additions of alloying
elements would be necessary, which decrease weldability and toughness at low
~ temperatures whereas production and fabrication costs would be raised to a hardly

competitive level (Fig 1).

The challenge of producing rolled sections with a high yield strength in an
economical way, outstanding toughness at low temperatures and excellent
weldability got mastered by the development of a new process, namely the
quenching and self-tempering (QST). This process has been brought to industrial
maturity in the last years by ARBED on its GREY heavy section mill at Differdange
(Luxembourg).

1 Dr-Ing., University of Karisruhe, Kaiserstr. 12, D-76128 Karisruhe
2 Prof. Dr.-Ing.. University of Karisruhe, Kaiserstr. 12, D-76128 Karisruhe
- 3 Dipl-Ing., Arbed Recherches, Esch-sur-Alzette, Luxembourg
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Fig 1 Chemical Composition of Steel Grades

The QST-technology led to a new generation of high-strength structural shapes witl
extremely low carbon equivalent values (Fig. 2), combining the above mentionet
beneficial properties with a high competitivity due to reduced production an
fabrication costs

2 DESCRIPTION OF THE QST PROCESS

Conventional thermomechanical (TM) rolling has enabled to produce, for a mediur
range of product thickness and yield strengths, easily weldable steel qualities witl
good toughness properties at low temperatures.

J ;' b;’q: 1w

BANK ENTRY

Fig. 2 QST Treatment of Beams
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In a QST process, using water and the rolling heat as working substances, an
_ intense water cooling is applied to the whole surface of the section directly after the
last rolling pass. Cooling is interrupted before the core is affected by quenching and
the outer layers are tempered by the flow of heat from the core of the surface. Fig 2
illustrates schematically the treatment. At the exit of the finishing stand directly at the
entry of the cooling bank temperatures are typically at 850°0C. After cooling over the
whole surface of the section, a self-tempering temperature of 600°C is achieved.

3 MECHANICAL AND TECHNOLOGICAL PROPERTIES OF HISTAR
SECTIONS

Fig. 1 summarizes the relationships between chemical composition, product
~ thickness and tensile properties for the conventional TM rolling route and the new
combined TM/QST process. Based on this relationship, the new HISTAR proprietary
grades have been created Compared to the conventional TM rolling route the
combined TM/QST process offers decisive advantages:

- @ substantial reduction of the alloy content of the standard steel grades
like FeE 355 (Rg = 355 MPa), leading to an important increase of
toughness and weldability.

- the possibility for an economical production of heavy rolled sections with a
flange thickness up to 140 mm in high-strength steel grades like Fe E 460
(Rg = 460 MPa), that could not be obtained until now without a serious
drop in toughness and weldability

. The QST treatment lowers considerably the transition temperature from ductile to
brittle fracture behaviour. With respect to yield strength and toughness, it is now
possible to produce directly in the rolling heat beams with the tensile properties of an
Fe E 460 (Rg = 460 MPa) in thicknesses up to 140 mm combined with temperatures
. for a guaranteed CVN-toughness down to -50°C. Fabrication tests have shown that
all HISTAR beams can be cold worked under the same conditions as classical
material. However, oxycutting of QST beams is much easier, especially for the
thicker shapes and higher grades, as it does not need any preheating to avoid
cracking

4 WELDABILITY EVALUATION OF HISTAR BEAMS

A major aim of the weldability investigations was to study the influence of the cooling
time tg/5 between 800°C and 500°C on HAZ toughness and strength. In order to
obtain a wide range of tg/5 times heat input and beam thickness were varied. In
order to evaluate their weldability under the above mentioned conditions, QST
beams were butt welded with various methods currently used in steel construction.
The welds have been performed without preheating on shapes up to 125 mm
thickness in steel FeE 355 (Rg = 355 MPa) and FeE 460 (Rg = 460 MPa). The very
favourable results have already been reported previously (2), (3), (4)and (10)
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In all cases the beam flanges were cut off, grinded and butt welded together. In
order to simulate butt welding conditions for beams, strong backs were used for
maintaining the cut-off flanges during welding. This method reflects best the heavily
restrained situation of the flanges during butt welding. Sampling was always
performed at the 1/6 flange width position. This position has been chosen by all
major standards and reflects best the average properties of a beam.

An American wide flange secion W 14" x 16" x 311 Ibs (W 360 x 410 x 463) with a
flange thickness of 57 mm was used. The 2 flanges were grinded longitudinally at
the 1/6 position. After fixing the strong backs, the assemblies were welded with two

different processes using three heat inputs. The first weldment was realized by flux |

cored arc welding (FCAW) with a welding energy of 0,8 kJ/mm whilst the two other

assemblies were welded by submerged arc welding (SAW) with welding energies of

3.5 and 5,0 kJ/mm respectively. Due to the very low CEV of 0,34%, combined with a
reduced carbon content of 0,085 % C, preheating was not necessary for neither of
the three weldments

- Al cross weld tensile tests all ruptures of the specimens occured outside of the
weld area.

- The results of the CVN tests show that toughness at - 40°C remains on a very
high level in all positions of the weld and no drop of the absorbed energy can
be detected.

- The results of the bend tests show a good deformation behaviour of the weld
area in all cases.

- For all welding conditions and on both specified positions (coarse grain HAZ
and subcritical HAZ) CTOD values are high showing a large margin from the
usually required minimum value.

Based on the test results as well as on computer simulations, it is not necessary to
preheat HISTAR material in order to prevent a loss of toughness of the HAZ,
whereas for the conventional material preheating temperatures can reach 200°C.
These charts are valid for the normal range of heat inputs (0.8 to 6.0 kJ/mm),
provided that low hydrogen filler metal and auxilliary products are used

5 COMPARATIVE STUDY OF STICK ELECTRODES FOR WELDING GRADE
FeE 460 (Rq > 460 MPa)

This investigation has been carried out to compare the fatigue behaviour of different
welds using 5 electrodes from different producers for butt welding sections with large
flange thickness. The results should enable to select the electrode with the best
performance for welding grade FeE 460.

American wide flange section W 36" x 16.5" x 439 Ibs (W 520 x 420 x 653) with a
flange thickness of 62 mm, in grade HISTAR 460 was tested (fig. 3). The chemistry
is typically marked by a low CEV value of 0.36%

Table 1 below shows the designations of the different electrodes and the welding
procedure. The criteria for the selection of the electrodes were:

- yield and tensile strength,

- . S L




. commercial availability

Metric Welght: 653 kg/m

Sectlon Size: W 36 x 16,5 x 439
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- good impact toughness at low temperature,
- basic electrodes and low hydrogen content,
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Chemical Composition (Product Analysis) In Welght %
¢ $i | wn | P s n@nu;vlc:!cu Nl | Mo | cE |
0103 | 092 | 144 | 0029 | 0.012 | 0,029 | 0,046 | 0.000 | 00« | 008 | 005 | 0010 | 036 |
Tensile- and Impact Test Resuits
Re (MPs) Am (MPg) Asq (%) CVNL ()
T = 40°C T = -80"C
529 | en : 19.6 : 99 82
Base Material Histar 460
Welding Electrodes
Electrode  |Re (MPa)(Rm (MPa) | Asd (%) | CVN (J)
designation DIN at 40°C
EYS5554MnBH 10 20 600 680 24 50 (-30°C)
ES5155B10 470 5§30 33 120
ES5185B10 470-530 §70-830 30 60
SY4276 1 NIB HS > 460 540-640 >25 >100
EYS075Mni NIB > 510 §90-690 >23 >100

gap has been cut in the flange to web junction to allow a continuous weld over the
flange width. The welding has been carried out in the horizontal position,
a welding energy of 1 kJ/mm without any preheating

each type of electrode, one assembly has been welded. The sample positions
results from chemical analysis, tensile-, impact- and CTOD tests are reported in
4. The specimens were located at the standard 1/6 flange width position.
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Fig. 4 Weld characterization

The chemical composition showed a 1% nickel content for types D and E and
type C a higher molybdenum content compared to the other electrodes.

In the tensile tests, except for type A, the deposit metals met the properties s

by manufacturers. All assemblies met the minimum yield (460 MPa) and tensi
strength (560 MPa) required for the base material. The acceptance criteria in
welding procedure qualifications, namely that the actual strength of the cn
specimen has to exceed the required minimum strength of the base material,
satisfied in all cases. For types B, C and D the rupture of the cross-weld specimen
occurred in the weld metal. The actual tensile strength of the weld metal
generally slightly inferior to that of the base metal.

Impact tests have been performed at the fusion line and in weld metal. All types,
except type D, exceeded in both positions the requirement of the base metal of 31
at - 40°C. The specified values by the manufacturers weres only achieved by weld
metal C

CTOD tests of the weld metal have been performed in supplement to common
requirements. The results of types C, D and E exceeded, if specified, the normally
required minimum CTOD value of 0.2 mm at - 10°C even at the test temperature of -
20°C.
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‘Three point bend fatigue tests have been performed to evaluate the behaviour of the
-electrodes when fatigue is expected. For all types,the cracking has been initiated in
2 weld metal. The results of types C, D and E exhibited a fatigue behaviour
- satisfying the requirement of Eurocode 3 for detail category 112, i.e. minimum of
= 00 000 loading cycles, whereas types A and B failed to meet lhese criteria

Full-Scale Fatigue Tests

Based on the results described in 5 and in view of economic aspects, the electrode
h the designation C has been chosen for the welding of full-scale specimens. The
'mons for the experimental investigations on full-scale test specimens are as

check of the validity of the data determined on the test specimens HE 300
B and HE 400 M of grade Fe 510,

- determination of the crack initiation,

- determination of the crack growth,

- confirmation of the small-scale tests.

root welding, an electrode with lower strength and for the filling and final runs a
e high-strength electrode has been chosen.

‘The results of the last investigations have been recorded in Fig. 5 and compared
‘with previous tests on the HE 300 B and HE 400 M sections, corresponding to steel
8 Fe 510-DD1. A good agreement or a slight improvement of the results from
8 test specimens of the steel grade QST can be seen
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The cracks started in the web-flange’transition area (fig. 6) and first progre:
faster in the web and then into the flange .

This type of crack development points al
a very high welding residual stress in
neck area of the section since this are
has been welded last. Fig. 7 shows {
chosen weld preparation. The welding &
the hole has been carried out because ¢
the better power flow under load.
investigations on smaller sections (
ex. HE 400 M), the cracks started frg
the external edge of the flange in tensi
with the same weld preparation an
welding and spread in both directions. |
can be seen as very positive that all t
specimens showed a very long ¢
growth behaviour and that it did ng
result in a brittle failure despite a bigge
thickness. The results of the crag
surface evaluation will be given at a lal
time since they are being processed
present.

Fig. 6 Fatigue cracks

Fig 7 Weld preparation
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Fig. 8 shows the crack propagation rate for thick-walled butt welded |-shapes The
specimens need a long time from the first visible crack until the end of the test

5_‘m,'me-. a
| butt weided specimen without hole
800 .[_ X endurance by testend
p—t ! O endurance by first visiDie crack
BOQ Matenal Fe E 460 - HISTAR
Profile W36 x 165 x 588 . Flange thickness  BOmm
‘00 L . . | — .....___._.
————— e . e - . —pe .._.._ﬂ'_t, ﬁ I. - P— I —
| e
e S N T | e 1 TR I {
l == 1
| | & |
i R'_TJJO_ 5 R | K
100 | : : - I L] (-] 2 " v —
10 2 4 6BI0 2 4 6810 2 4 BBIO 2 4 b B10
Fig. 8 Crack propagation results on full scale tests

7  Future Work on the Fatigue Behaviour of QSt-Quality

Based on the good results determined from the investigations and assessment of the
crack initiation point as well as the course of the crack propagation, similar welding
with electrodes of a different strength is to be carried out

As a new proposal, the

Upper flange: layers 1to 8 andthe

Lower flange: layers 60 to 73 and
the slot welding will be carried out with low-strength electrodes

see fig. 7).

In this case, the level of the maximum tensile residual stresses will be able to reach
the level of the corresponding value of the strength of the low strength electrodes
Furthermore, the residual stresses will decrease through local plastification under
first loading. Since the low-strength electrodes also show a better toughness, this
will have a favourable effect on the resistance against crack initiation. New tests will
- be started in the second half of 1995 :

A further demand for investigation is the behaviour of stick electrodes with 1% Ni. It
has to be considered that they cost 3 times as much compared to the electrode types
investigated here.
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In consideration of the fact that the cdsts for additional materials, e.g. electrode
normally amout to about 5-10% of the overall costs for such a butt weld, such typ:
of electrodes can be used as well.

A further possibility for a better fatigue life is given by the selection of the welding
sequence. In this way, the crack initiation will start later at higher endurance.

8 Tests on Framework Joints

For applying higher loads or for large-scale spaces without any inside columns,
frameworks and/or Vierendeel girders made of open profiles are used. For this,
profiles with a bigger wall thickness and with cramped cross section are applied. Du
to the local load application, it is intended to reinforce the joint area. The basic idea
starts from the fact that the stiffeners induce the bending moment (separated
couples of forces) into the central web area (ribbing of the joint area) as @
continuation of the chords of the web member. '

This type of usual stiffening is proved for lightweight and medium weight profiles
has the following series disadvantages for heavy profiles:

- the weld volume of a connection grows quadratically with the plate thickness => §
bigger number of welding layers is necessary => the production costs increase,

- the volume of the single welding passes becomes very small with an increasing
plate thickness compared to the basic material => hardness increases '
possible micro cracks,

- traxial residual stress conditions occur and may lead to failure also for existing
cracks. g

These disadvantages can be avoided if so-called lamellated frame joints are pro=
duced instead of thick chord stiffeners and a reinforced shear field. Lamellar ]
joints are produced by welding relatively thin plates parallel to the profile webs by @
thin weld (Fig. 9).

Fig. 9 Lamellated frame joints
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In the scope of a building project, such lamellated frame joints have been
investigated experimentally at the "Versuchsanstalt fur Stahl, Holz und Steine
(Testing Centre for Steel, Timber and Masonry) of the University of Karlsruhe In
parallell, FE calculations have been carried out by Dr. Wippel/Dr. Maier [9]

Tests on T-joints (for example joints in the middle of a Vierendeel girder)

With this test series, joints of a Vierendeel girder and the rotation capacity of the
welded joint are to be investigated

The joints to be investigated have been composed of profile HE 500 B (chord
member) and HE 700 M (vertical member) and have been welded corresponding to
their strength (Fe E 460)

For experimental reasons, 2 test specimens have been installed simultaneously into
the testing machine (fig. 10), so that a symmetrical experimental set-up was
possible. In order to obtain as much information as possible from the tests, one of
the joints has been produced without stiffeners and tested as reference specimen
With a maximum load of 2350 kN, the first plastic deformations occurred in the joint
area, e g. the whole design area plastified

w | A Load [kN] [

With strfener

4 000
A A
Y
3 000
Y
2000 Without stfenes

1000 '

Deformation [mm]

0
0 20 40 80 BC _’.
Fig. 10  T-joints made of open profiles Fig. 11  Comparison of the deformation
in the 50 MN testing machine " of the T-joints

a) without stiffener
b) with stiffener
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After this test, the unstiffened joint was stiffened by welding 20 mm thick rectang
plates. Then the test has been continued. With a load of 3920 kN, a crack in t
weld occurred unexpectedly on the additionally stiffened joint. This position has b
reinforced again by two 30 mm thick transverse stiffeners and the test has b
continued. With a load of 4560 kN, the test has been interrupted, since there we
big deformations on the joint area and buckling occurred in the lamellated plat
When achieving the ultimate load, big lateral deformations occurred in the
joint. The deformation behaviour of the unstiffened and stiffened joint can be tak:
from Fig. 11.

7  FINAL CONCLUSIONS

The Quenching and Self-Tempering (QST) process has resulted in the creation of |
new generation of beams with high yield strengths (up to 460 MPa) and excelle

toughness properties down to very low temperatures. HISTAR beams are weldable
without preheating and offer important advantages in terms of weight savings and
fabrication costs, compared to conventionally produced grades. This '
development contributes to improve the market position of steel structures in
competition with other materials and will help to increase its share in general
construction.

To get better fatigue life or resistance against crack initiation, some tests will bx
done with mis-matched weldments and/or with a modified welding sequence.
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THE STATIC STRENGTH AND BEHAVIOUR OF UNIPLANAR AND
MULTIPLANAR CONNECTIONS BETWEEN I-BEAMS AND RHS COLUMNS

L.H. Lu'
J. Wardenier ?

Abstract

In this paper, the results of the research work on the static behaviour of
semi-rigid connections are presented. The considered connections include
uniplanar and multiplanar connections between plates and RHS columns loaded
by compression, where a pair of the plates represent the flanges of the |-beams,
uniplanar and multiplanar I-beam to RHS column connections loaded by
compression or in-plane bending moments. This paper shows the influence of
the most important geometrical parameters which determine the connection
strength and the influence of the multiplanar loading. Based on analytical
models and numerical results, strength formulae for these connections loaded
by compression or in-plane bending moments are given.

1. INTRODUCTION

Welded connections between |-section beams and RHS columns are attractive
for use in offshore deck structures and industrial buildings. However,
insufficient information is available for such connections. The existing design
formulae, as given by CIDECT design guide (Packer et al, 1992), are based on
limited test data for axially tension loaded uniplanar plate to RHS column
connections. No multiplanar geometrical and loading effects have been taken
into account. This may result in conservative or unsafe strengths for design
depending on the geometry and load case. To fill this gap, an extensive
experimental and numerical research is being carried out in this project to
investigate the static behaviour of these connections and finally to establish

1 Research Engineer, Delft University of Technology, Faculty of Civil
Engineering, Steel Structures, Stevinweg 1, 2628 CN Delft, The Netherlands

2 Professor, Delft University of Technology, Faculty of Civil Engineering, Steel
Structures, Stevinweg 1, 2628 CN Delft, The Netherlands
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design formulae for such connections. *

Experiments have been carried out on multiplanar connections between plates or
I-beams and RHS columns in the framework of ECSC project 7210-SA/611 at
Delft University of Technology and TNO Building and Construction Research.
The connections are multiplanar plate to RHS column connections loaded with

compression on the plates and multiplanar I-beam to RHS column connections
loaded with axial compression or in-plane bending moments on the |-beams.
composite action of concrete filling of the RHS column and the influence of a
steel or a steel-concrete floor has also been investigated as well as the influence
of multiplanar loading.

Extensive parametric studies have been carried out using finite element
analyses, based on the numerical models which have been calibrated against the
performed experiments. A wide range of the most important geometrical
parameters of the connections, such as £ (8= b,/b,), 2y (2y= by/ty). n (n =
h1/b,) etc. and the different load cases have been considered. To investigate
the multiplanar load effects, each multiplanar connection has been analysed
with five load ratios (J = -1, -0.5, 0, 0.5, 1), see figure 3.

Further, for each type of connection and loading, analytical models have been
developed based on the yield line model. Combining the numerical results and
analytical models, strength formulae have been derived. These strength _
formulae have been based on the ultimate strength or on a defined deformation
or rotation limit if the deformation or rotation exceeds a practical value.

2. EXPERIMENTAL RESEARCH

The experimental research programme is shown in table 1. Two 8 values (8 = 0.4,
0.6) and one 2y (2y = 30) have been considered. The measured mechanica
properties and the actual dimensions of all connection members have been rep '
by Lu (Lu et al, 1992). A total of twenty tests have been carried out, including
multiplanar plate to RHS column connections, 4 multiplanar connections with
levels of plates (l-beam flanges only) and RHS columns loaded with
compression, 4 multiplanar connections between |-beams and RHS columns loade
by in-plane bending moments with or without a steel floor and 4 bolted multiplan
I-beam to RHS column connections with a composite floor. The influence of tt
concrete infill in the RHS columns has also been investigated (1R2 and 1R4,
and 2R4, 4R2 and 4R4). Three load cases (J = 0, 1, -1 ) have been considered t
study the multiplanar load effects.

From the experiments it has been found that failure of the connections is
related to the chord face yielding. For the axially loaded connections consi
an increase of the B value results in an increase of the stiffness and ng
dimensional static strength of the connections. The initial stiffness and strength o
the connection can be increased significantly by the structural action of the stee



The Static Strength and Behaviour of Connections 129

floor or composite floor or by concrete filling of the RHS columns. Further, a
positive load ratio causes an increase of the initial stiffness and the strength
compared to that of the connections with J = 0. A negative load ratio leads to a
significant decrease of the initial stiffness and the strength of the connections.

3. NUMERICAL RESEARCH

3.1 Calibration Of The Numerical Models

The results of the experiments of series 1 to 3 have been used for calibration of
the numerical models. These experiments have been simulated using finite element
analyses. Pre- and post processing have been performed by using program IDEAS
on SUN SPARC Workstations. The finite element analyses have been carried out
with program MARC. The following aspects have been considered in the numerical
models:

- Element types

- Modelling of the connections

- Modelling of the welds

- Modelling of the material properties

- Boundary conditions

- Modelling of the concrete filling in the columns

The details of the numerical simulations have been presented by Lu et al (Lu et al,
1993a, 1993b, 1994a). As an example shown in figure 2, a good agreement has
been obtained between the numerical results and the experimental results. The
finite element analyses are therefore a practical approach for the evaluation and
extension of the design procedures for these semi-rigid connections.

3.2 Parameter Studies

To provide more insight into the geometrical and load effects and to establish the
design formulae for connections with RHS columns, first, parameter studies have
been carried out on welded connections with steel members only.

3.2.1 Research Programme

The numerical research programme is summarized in table 2 to table 4. It includes:

= 18 uniplanar and 12 multiplanar connections between plates and RHS columns
loaded by compression

= 15 uniplanar and 11 multiplanar connections between |-beams and RHS
columns loaded by compression or in-plane bending moments.

For all connections, the width of the RHS column is b, = 300 mm. Six £ values

(g = 0.18, 0.3, 0.5, 0.73, 0.87, 0.93), three 2y values (2y = 15.8, 25.0, 37.5)

and seven  values ( y = 0.3, 0.6, 0.9, 1.0, 1.5, 2.0, 2.5) have been selected. For

multiplanar connections, only connections with # < 0.73 have been investigated,

due to the way of the numerical modelling. In addition, to determine the individual

influence of the n values on the compression loaded |-beam to RHS column
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connections, extra calculations have béen performed on uniplanar connections with
2y = 25 with six n values, as shown in table 4. To check the multiplanar loadi
effects on multiplanar connections, each multiplanar connection has been anal
with five load ratios, namely J = -1, -0.5, 0, 0.5, 1.

3.2.2 Numerical Modelling

The numerical modelling has been done in the same way as used for
calibrations with the experiments (Lu et al, 1993a, 1993b). A typical finite element
mesh is shown in figure 1 for multiplanar connections between |-beams and R

columns. Eight noded thick shell elements (MARC element type 22) have been
used for connection modelling. It should be mentioned that throughout the
numerical parameter study, butt welds are considered which are stronger than ti
parent material being connected. Since the nominal size of the fillet part of b

welds is relative small, no weld elements have been modelled in the nume

models. However, the actual weld sizes are general larger than the nominal siz
which may lead to an increase of the actual connection strength.

In the numerical modelling, steel grade Fe510 with a yield stress of 355 N/mi
used for all RHS columns. In order to avoid beam failure before connection fai
a steel grade of StE 690 with a yield stress of 690 N/mm? is taken for all |I-bea

During the numerical analyses, displacement control has been used for J = O and
+1. For J = -1, -0.5 and +0.5, load control is used so that a fixed load ratio
applied on the connections can be maintained even after plastic deformation.

3.2.3 Results Of The FE Analyses

From the post-processing of the numerical modelling, it is found that for the
connections with # < 0.9, failure of the connection is caused by chord face
yielding, while for connections with # = 0.9, chord side wall failure occurs. Typical
moment - rotation diagrams for in-plane bending loaded connections are given in
figure 3, showing the connection behaviour with 8 = 0.5, 2y = 25.0andn = 1.0
under five different load ratios. There is almost no difference between the uniplanar
connection and the multiplanar connection for a load ratio J = 0. But a positive
load ratio increases the stiffness and the strength of the connections and a
negative load ratio causes a decrease of the stiffness and strength of the
connections compared to those with J = 0.

3.2.4 Ultimate Deformation Limit

As shown in figure 2, the strength of the connection still increases after large
deformations of the connections. No peak loads are obtained. This phenomenon
is also obtained for other types of tubular joints. A decision has to be made which
strength will be considered as the "ultimate strength” of the connection. A ultimate
deformation criterion is thus needed to determine the strength of the connection.

To solve this problem, different types of tubular joints under different loading case: 4
have been studied by Lu et al. Since failure of the connection is mainly related to
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plastification of the chord face around the intersection, a local indentation 3%b,
{dy) of the chord face at the intersection has been chosen as the ultimate
deformation limit. This deformation limit is consistent with the experiments where
a peak load is found and has been checked for different types of connections with
RHS or CHS as chord member. It has been shown that it is an appropriate choice
for all tubular connections (Lu et al, 1994b). For bending loaded |-beam to RHS
column connections, this deformation limit is chosen at the intersection of the
compression flange. However, this deformation limit gives a very large rotation
limit for connections with small n ratios. Therefore, for connections with n < 0.6
the strength is limited at a rotation of 0.1 rad.

4. STRENGTH FORMULAE

The connection strength at a deformation limit of 3%b, has been reported by Lu
{Lu and Wardenier, 1995a,b,c). To establish strength formulae, analytical models
based on the plasticity theory have been used for different types of connections
under different load cases. However, especially due to the deformation limit criteria
used, the numerically determined connection strengths are in the most cases lower
than those according to analytical models, especially for connections with small g
values. Thus a modified factor is needed if the yield line model is taken as a basis.
For this reason, regression analyses have been carried out using the results of
parametric studies to develop the connection strength formulae (Lu and Wardenier,
1995a,b,c). The derived strength formulae are given in table 5 and plotted in
figures 4 to 6.

5. LIST OF SYMBOLS

b, width of the RHS columns

b, width of the plates or the flanges of an |-beam

h, height of the I-beams

h,, he = hyt,

1 wall thickness of the RHS columns

2 thickness of the plates or the flanges of an |-beam

fo yield stress of the RHS columns

f, yield stress of the plates or |-beams

N multiplanar load effect function

P Fy vertical loads applied at the ends of the |-beams

J - load ratio on multiplanar connections J = F,/F, or N,/N,

s connection strength at a deformation limit of 3%b, for uniplanar |-
beam to RHS column connection loaded by in-plane bending moments

B connection strength at a deformation limit of 3%b, for multiplanar |-

beam to RHS column connection undér in-plane bending moments
N, N, : axial compression applied on the plates and |-beams
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N, connection strength at a ‘deformation limit of 3%b, for uniplanar
beam to RHS column connection loaded by compression

N, connection strength at a deformation limit of 3%b, for multiplanar -
beam to RHS column connection loaded by compression

s 2 connection strength at a deformation limit of 3%b,, for uniplanar plate
to RHS column connection loaded by compression

B+ connection strength at a deformation limit of 3%b, for multrpllnw

plate to RHS column connection loaded by compression

B 1 width ratio between |-beam’s flange and RHS column b,/b,

2y : width to thickness ratio of RHS column by/t,

n : I-beam depth to RHS column width ratio h1/b,

T - thickness ratio of |-beam’s flange and RHS column t,/t,

RHS rectangular hollow section

CIDECT : Comité International pour le Développement et I'Etude de la
Construction Tubulaire

ECSC : European Coal and Steel Community
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-~y - r - fy »” fy
*y #: y - Fy £ Fy &
. 1Rl p=0.4 1R2 p=0.4 1IR3 p=0.57 1RG p=0.57
g i iy r., - -~ ¥, - -~ 1,
? - ] L]
- -~ - - - - ™
y fy Fy 2] " fa o s
IRS p=0.4 1R6 f=0.4 1R? p=0.57 1R8 §=0.57
= - - r -
series ’ ; ) .
11 r," r" r ':.E-%J
2R1 p=0.4 2R2 p=0.4 2R3 p=0.57 R4 p=0.57
" n . ¥
2 "l r,' f1
m |, " " o
r F r
IR1 p=0.4 IR2 g=0.4 IR3 p=0.4 R4 p=0.4
i V2 in "2
v
4R1 p=0.4 4R2 p=0.4 4R3 p=0.4 4R4 p=0.4




134 L. H. Lu and J. Wardenier

Table 2 Uniplanar and multiplarfar plate to RHS column connections loaded

compression
2y
] 15.8 25.0 37.5
0.18 * xpl3 * xpl4 * xpl5 *
g~ 0.30 * xpl * xp2 * xp3 ®
; 0.50 * xpd * xpS * xp6 *
0.73 * xp7 * xp8 * xp9 *
0.87 xpl6 xpl? xpl8
0.93 xpl0 xpll xpl2
Table 3 Uniplanar and multiplanar I-beams to RHS column connections loaded
compression or in-plane bending moments
g 2y
15.8 25.0 37.5 :
%ﬂ.ﬁ_ﬁ 0.18 xbl3 * xbl4 * xbl5 * 0.3
H == 0.30 xbl * xb2 * xb3 * 0.6
0.50 xb4 * xb5 * xb6 * 1.0
0.73 xb7 * xb8 * xb9 * 2.0
0.87 xb18 0.8
0.93 xbl0 xbll xb12 0.9

Table 4 The influence of y for axially loaded uniplanar I-beams to RHS column co:

n=0.3 1=0.6 7=1.0 n=1.5 n=2.0 n=2.5
8=0.18 | xblda xblda-e2 | xbl4a-e3 | xblda-e4 | xblda-e5
8=0.50 | xb5a-el xb5a-e2 | xbSa xb5a-ed4 xb5a-e5 xbSa-e6
B=0.73 | xbB8a-el xb8a-e2 | xb8a-e3 xb8a xb8a-e6

8=0.93 | xblla-el | xblla-e2 xblla-e4 | xblla-e5 | xblla-e6

Remark : connection with * means for both uniplanar and multiplanar
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Table 5 Strength formulae for plate to RHS column connections and |-beam to

Iniplanar connection

Multiplanar connection

Chord face yielding :

N
-—"’f = (0.5 + 0.7p) »

| [T

- L -
<

i

Noaw = FON,

Chord side wall failure :
Nm = 4 (1, +5t) fﬁl.,

Nu.t& =2 (hl"’nﬂ) fw’u

£t 1-00p fh=1 120
Chord side wall failure : f(1)= 1+J(02+028) J<0
N = 20, + 5t .ty
Chord face yielding : Ny = ) N,
Nll.lh i f(ﬂ»"l) NW
fiJ) = 1 120
Forn < 0.5 :
n f(N=1+037] 1<0
f(B,m) =1+ L (B, n=05) - 1]
05
Forn 205 :
1.25 n .
f(p, n) =1 H1-(0.98)4
1-09B  (0.8+2.4p) /T-0.9p

for h, = 21, +51,

for h, < 2t,+5t,

i

Mo = 1) M,
f(y) =1 J20

f(J) = 1+J0.95p-0.6p%) J <0

'® This needs further analysis (simplification)




The Static Strength and Behaviour of Multiplanar 1-Beam to Tubular Column
Connections loaded with In-plane Bending Moments.

G.D.de Winkel'

J. Wardenier?

Abstract

This paper describes recent experimental and numerical research on the behaviour
and static strength of multiplanar connections between |-section beams and circular
" hollow section columns loaded with in-plane bending moments.
Five different ratios between the bending moments on the in-plane and out-of-plane
beams are investigated. A parameter investigation has been carried out which
covers the most important geometrical parameters. These connections are analyzed
using both geometrical and material non-linear finite element analyses. Parametric
formulae are made based upon analytical models. The parameters in the formulae
~are modified with regression analyses, using the finite element results. A good
agreement is found between the strength as predicted by the formula and the finite
element results,

1. TABLE OF SYMBOLS

B - flange width to tubular column diameter ratio
n - beam height to column diameter ratio

] - beam rotation at column face

2y - wall thickness to tubular column diameter ratio
COV - covariance of the errors

dy - column diameter

DOF - degrees of freedom

fo - yield stress of the column material

Research engineer, Delft University of Technology, Stevinweg 1, Delft, The
Netherlands

Professor, Delft University of Technology, Stevinweg 1, Delft, The
Netherlands

.
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—

-

yield stress of the beam maferial

h, beam height

h,, distance between the mid-planes of the flanges of the beam

F F statistic, which gives the overall significance

J the ratio between the load on the in-plane and out-of-plane beams

M, full plastic moment (ring model)

M, bending moment in the beam at the column face at the rotation limit o
the maximum bending moment in case a maximum moment is found af
an rotation that is smaller than the rotation limit.

N, axial load at the deformation limit or the maximum axial load in case &
maximum is found at an rotation that is smaller than the rotation limit

r correlation coefficient

R,..Ry regression constants

1, wall thickness of the column

t, beam flange thickness

2. INTRODUCTION

Semi-rigid connections between |-section beams and circular hollow section
columns can be fabricationed in a cost effective manner, if stiffening plates
absent. For design, currently only formulae are available for uniplanar |-beam 1
CHS column connections (CIDECT, 1993 and AlJ, 1990). These formulae canno
directly be used for multiplanar connections, since there are both geometric
multiplanar effects as well as multiplanar loading effects. '
Multiplanar in-plane bending moments on multiplanar I-section to circular he
section columns may have a considerable influence on the strength and sti
of the connections (de Winkel, et al 1993b).
This paper gives an overview of recent experimental and numerical research ¢
multiplanar |-beam to tubular column connections. Since this research relates tg
plate to CHS column connections, also the recent experimental and nu ci
research on these type of connections is given.

In this paper 24 multiplanar | beam to circular column connections are studi¢
loaded with five different combinations of in-plane bending loading on the in-plan
and out-of-plane beams. For the plate to CHS column connections 15 conne
are analyzed.
For the finite element calculations both geometrical and material non-linearities arg
taken into account. The finite element models have been calibrated
experiments.
In previous research (de Winkel, et al, 1994a, 1994b) a regression model has bee
built on the bases of Togo's ring model (Togo, 1967). With non-linear regression
analyses, the regression model has been calibrated with the results of the finite
element programs.
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3. RESEARCH PROGRAMME

perimental tests have been carried out in the framework of ECSC programme
Semi-rigid |-beam to Tubular Column Connections” (Verheul, et al 1994). Relevant
or this paper are 8 tests on plate to CHS column connections loaded with axial
loading, 4 tests on |-beam to CHS column connections loaded with in-plane
ding moments, and 4 tests on bolted |-beam to CHS column connections
prising a composite steel-concrete floor, loaded with in-plane bending
ents. Table 1 shows an overview of the research programme.

3 R T Py 1
:. I-- d z., .1
3 : |
¥ £ |

i) i |
i ; |

R BOW ROWNON [rod] i Y et Bow R T-n] wEo
- Fig. 1 Experimental M-¢ diagramme Fig.2 Experimental M-¢ diagramme
for test 3C4 for test 4C3

- 3.1.2. Results experimental work

Table 1 shows the main results of the experimental work. Typical load-deformation
curves are shown in Figures 1 and 2. For all experimental tests peak loads were
found. As can be seen in Figure 1, a considerable deformation capacity can be
achieved. Failure of the connections without concrete infill of the columns and
without composite floor is caused by chord face yielding. For test 1C2, where the
column has a concrete infill and the test specimen was loaded with a tensile load,
a small deformation capacity was found. This specimen failed by punching shear.
The failure mode of the specimens with a composite steel-concrete floor failed by
progressive failure of the reinforcement bars (see Figure 2). The reinforcement of
the floor was a matrix ®6-150 (cold formed) and additional reinforcement at the
connection 8-®8 (hot formed). Due to the limited deformation capcity of the cold
formed matrix the deformation capacity of these tested composite connections is
- also limited. At fabrication a hot formed matrix ®6-150 could not be delivered in

~ time. The experimental results are reported in detail by Verheul et al. (1994).
3

L

.
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Table 1 Overview experimental test results and comparison with FE results
Concrete
N, in N :
infill Nz Compy. unum
TEST| &8 in et Num N
olumn N, - uept
" Tens.
[kN]
€1 .37 no 0 e 2453 1.0
1c2 |- yes 0 T 510.8 1.0
1c3 |.52 no 0 " 325.0 1.0
- |a” 1ca | .52 = B B 670.8 112
" B T 1c5 |.37 no 1 c 175.6 1.0
M
1c8 |.37 no +1 c 300.8 1.0
B 1c7 | .52 - 1 c 2201 1.0
1c8 |.52 no +1 c 499 9 1.0
M, M,
TEST| 2 ik M
M, u,8xpt M,
[kNm)|
act | .37 no 0 ipb B2.5 089
' + steel ]
'B = || T 0 b 87.6 0.98
' Pl s
"’ o ac3 | .37 no 1 pb 54.1 1.2
aca | 37| no «1 | ipb 79.0 1.01
ach | .37 no 0 ipb 161.7 N/A
ac2 | 37| vyes 0 ipb 178.5 N
4C3 | .37 no +1 ipb 117.8 A
aca
37 yes +1 ipb 1333

3.2. Numerical work

3.2.1. Introduction

The numerical work consists of two parts. Firstly, finite element models were mal
using actual measured geometrical and material properties to simulate |
experimental tests. These models are calibrated with the experimental t BS
Secondly, finite element models are made similar to the calibrated models, but ng
with nominal dimensions. These models were used for parameter investigations.Tl
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~ finite element models are generated
with the pre- and post processor
program SDRC |-DEAS. A typical
finite element mesh is shown in
Figure 3. For the finite element
models parabolic thick shell
elements are used with four
integration points at Gauss locations
in 7 layers across the thickness. For
the finite element analyses,
including geometrical and numerical
non-linearities, the general purpose
finite element program MARC K5.2
is used. More details about he
modelling are given by de Winkel, et
al (1993a, 1993b, 1994a, 1994b).

Table 2 Geometrical and material
characteristics of the |-beam
to CHS column connections

Fig. 3
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| L]

Typical finite element mesh for
a multiplanar XXP4 connection
(xxp4-38)

Table 3 Geometrical and material
characteristics of the plate to
CHS column connections

model J# 2y n r . model B 2y T ,
[MPa] (Mpal
xxpd- 5 ; G xxp1-02 0.25 15 0.3375 3550
xxp4-04 0.25 30 0.50 0.6750 690 xxp1-04 0.25 30 0.6750 690
xxp4-06 0.25 45 0.50 1.0125 355 xxp1-06 0.25 45 1.0125 690
xxp4-07 0.40 15 0.80 0.3600 3550 xxp1-08 0.40 15 0.5400 3550
xxp4-08 0.40 15 0.80 0.5400 3550 xxp1-10 0.40 30 1.0800 690
xxp4-09 0.40 30 0.80 0.7200 355 xxp1-120.40 45 11,5200 690
xxp4-10 0.40 30 0.80 1.0800 355 xxp1-14 0.65 15 0.8775 690
xxp4-11 0.40 45 0.80 1.0800 355 xxp1-34 0.65 30 1.7550 690
xxp4-14 0.65 15 1.30 0.8775 690 xxp1-36 0.65 45 2.6325 690
xxp4-20 0.25 15 0.25 0.3375 3550 xxp1-38 C.55 15 0.7425 690
xxp4-22 0.25 300.25 0.6750 690 xxp1-40 0.55 30 1.4850 690
xxp4-24 0.25 45 0.25 1.0125 355 xxp1-42 0.55 45 2.2275 690
xxp4-25 0.40 15 0.40 0.3600 3550 xxp1-50 0.60 15 0.8100 690
xxp4-26 0.40 15 0.40 0.5400 3550 xxp1-52 0.60 30 1.6100 690
xxp4-28 0.40 30 0.40 1.0800 355 xxp1-54 0,60 45 2.4300 690
xxp4-32 0.65 15 0.65 0.8775 690 Note:
xxp4-34 0.65 30 0.65 1.7560 355 *: In cases where beam failure would
xxp4-36 0.65 45 0.65 2.6325 3565 be critical, a higher steel grade for
xxp4-38 0.55 15 1.10 0.7425 690 the I-beam was used, to avoid local
xxp4-40 0.55 30 1.10 1.4850 355 buckling in the compression
xxp4-42 0.55 45 1.10 2.2275 355 flanges. The steel grades used for
xxp4-44 0.55 15 0.55 0.7425 690 this purpose is a steel grade with
xxp4-46 0.55 30 0.55 1.4850 355 f,=690 N/mm? or an artificial
xxp4-48 0.55 45 0.55 2.2275 3556 elasto-plastic steel grade with

f,=3550 N/mm?®. For the columns
fo = 355 N/mm* and d, = 300
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mm for all models. x

3.2.2. Calibration

In general, a good agreement is found between the experimental and the finite
element results. The calibration of the finite element models is reported by de
Winkel, et al (1993a, 1993b) and summarized in Table 1.

3.2.3. Parameter investigation

In the finite element models, to simulate the |-beam to CHS columns
connections loaded with in-plane bending, four different g ratios, two different g
ratios, three 2y ratios and two r ratios are used. Combining these parameters
gives 48 finite element models. From these models 24 are selected for analyses.
The geometrical parameters of the models are listed in Table 2. The column
length is taken as six times the column diameter d, plus the beam height h,. The
beam length is five times the beam height. These lengths are sufficient to
minimize boundary and load introduction effects. The thicknesses of the flanges
are taken either 6% or 9% of the flange width. Only for a few connections the
thickness of the flanges is varied. The thickness of the web is 0.6 times the
flange thickness.

Similarly, these geometrical parameters are chosen for the plate to CHS column
connections (see Table 3).

Each of the models is used to investigate five different load cases, namely N,/N;
respectively M,/ M, = -1,,-0.5, 0. +0.5 and + 1.0. For the finite element
analyses, displacement control is used for N,/N, respectively M,/M, = 0. and
+1.0, and load control for the other load cases. Displacement control saves a
lot of computer time. However, to preserve a fixed ratio between the bending
moments or axial loads on the in-plane and on the out-of-plane beams, only load
control can be used.

3.2.4. Results and observations

The results oi the finite element analyses are listed in Tables 4 and 5. The
bending moments and beam rotations are taken at the column face. It is found
that negative load ratios always cause a reduction in connection strength, in
comparison with the case with unloaded out-of-plane beams. Positive load ratios
cause in general an increase in connection strength. In general, this increase is
relatively small. For larger B ratios and smaller 2y ratios a stronger multiplanar
loading effect is found. In cases without a peak load the maximum load is taken
at a deformation limit equal to an indentation of 3%d,, which is equivalent to a
rotation of .06/n (see also Lu et al. 1994).

3.3. Analytical models and results regression analyses

Analytical yield line models for connections between tubular columns and plates
or |-beams cannot easily be made. A more simple model, also based on plasticity
theory, has been derived for connections between tubular members by Togo
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Results finite element analyses |-beam to tubular columns loaded
with in-plane bending moments
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[] 2y N T Mt TR
for load ratio J
-1. 0.6 0. 0.5 1.0

0.25 15. 0.50 0.3375 4.256 4.904 5.307 b5.414 5.334
0.26 30. 0.50 0.6750 5.687 6.310 6.497 6.566 6.192
0.25 45, 0.50 1.0125 6.535 6.668 6.694 6.690 6.495
0.40 15. 0.80 0.3600 4.654 5.802 7.011 7.708 7.792
0.40 15. 0.80 0.5400 4.711 65,876 7.121 7.832 7.942
0.40 30. 0.80 0.7200 6.493 7.669 8.337 8.829 8.141
0.40 30. 0.B0O 1.0800 6.660 7.894 8.658 9.003 8.494
0.40 45, 0.80 1.0800 8.309 9.510 9.921 10.095 9.477
0.65 15. 1.30 0.8775 5.669 B8.043 10.470 12.779 13.499
0.25 15. 0.25 0.3375 4.369 4.760 4.868 4.884 4.908
0.25 30. 0.25 0.6750 5.807 6,104 6.133 6.150 6.100
0.25 45, 0.25 1.0125 6.900 0.4556 0.474 0.464 0.3563
0.40 15. 0.40 0.3600 5.309 6.257 6.961 7.155 7.032
0.40 15. 0.40 0.5400 5.073 5.875 7.082 6.474 7.133
0.40 30. 0,40 1.0800 7.318 8.335 8.8717 9.041 8.391
0.65 15. 0.65 0.8775 6.966 0.000 10.647 11.594 11.513
0.65 30. 0.65 1.75560 10.228 12.690 15.279 17.576 18.935
0.65 45. 0.65 2.6325 13.430 16.626 19.687 22.798 25.641
0.656 15. 1.10 0.7425 5.198 6.630 B8.4565 10.022 10.566
0.65 30. 1,10 1.4850 7.632 9.627 11.7564 13.431 13.691
0.5656 45. 1.10 2.2275 9.603 12.228 14,500 16.135 15.924
0.55 15. 0.55 0.7425 5.971 7.322 B8.674 9.352 9.294
0.55 30. 0.55 1.4850 8.669 10.521 12.172 13.226 12.761
0.55 45. 0.55 2.2275 11.064 13.415 15.226 15.973 14.951

Results finite element analyses plate to tubular column connections,
loaded with axial compression loads.

F 2y 71 NJi 10
for load ratio J

-1.0 -0.5 0. 05 1.0
0.25 15 0.3375 3.563 4.21 4,72 4.95 5.10
0.25 30 0.6750 4.16 4,75 5.15 5.47 5.62
0.25 45 1.0125 4.44 4.98 5.39 5.78 6.06
0.40 15 0.5400 4.22 5.20 6.32 7.01 7.50
0.40 30 1.0800 5.10 6.23 7.29 8.13 8.41
0.40 45 1.6200 5.57 6.80 7.90 8.87 9.37
065 15 0.8775 7.80 954 11.66 - -
086 30 1.76560 8.32 10.24 1280 16.14 21.49
0.656 45 2.6325 9.51 11,68 14.46 18.22 28.51
0.65 15 0.7425 4.98 6.19 7.77 9.08 10.03
0.65 30 1.4850 6.35 7.86 9.93 12.20 14.20
056 45 2.2275 6.88 8.54 10.92 13.64 15.85
0.60 15 0.8100 5.45 6.76 8.50 10,03 11.11
0.60 30 1.8100 6.94 8.55 10.80 13.50 16.75
0.60 45 2.4300 7.58 9.29 11.77 156.00 19.43
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(1967), Makeldinen et al (1988), Paul (1987), Van der Vegte (1995) and others.
In the literature, this model is known as "ring model”. The connection is
represented by a two dimensional model in the shape of a ring. The connection
characteristics in axial direction of the column are not included in the model, but
are defined by a function representing the effective length of the ring. This
effective length cannot theoretically be derived, but must be determined, using
experimental or finite element analyses results. The 2-dimensional model, with
no qualities in axial direction, implies that the beam or brace type, e.g. |-beam,
plate or tubular member, has no influence on the definition of the model. The
ring model can only be used for axial loaded connections. However, in-plane
bending can be simulated by using two ring models at a distance equal to the |-
beam height. The exact solution of the ring model for axial loaded X-joints was
derived for multiplanar load cases by de Winkel et al. (1994a, 1994b).

Based upon the ring model approach, the formula for I-beam to CHS column
connections, loaded with in-plane bending moments is derived and shown in Eq.
1. In Eq. 1, h,, is the distance between the mid-planes of the top and bottom
flanges of a |-beam.

Mg, _ R e
W (15 7-p )+J (1822
Y Ll

(m

Similarly, the formula for plate-to-CHS column connections is derived:

Ny Ay N0 At
tof . 2 =
R w (1B 2-p )22
v 4

The multiplanar loading effects can be described with the following formula:

N M . + +JAR.B+
Moo O gy " BB R S (R R 3

For the regression analyses the ultimate loads from the finite element analyses
are used.

The results of the regression analyses are listed in Table 6 to 9 and shown in
Figure 7. As shown in these Tables, there is a good agreement between the
finite element results and the calibrated regression formula.

T R R ——

Table 6 Results of the regression analyses for in-plane bending with load
ratio J=0
RS K B K rr COV F DOF
5.16 1.28 1.64 1.0 0.99 0.037 581 21
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Table 7 Results of the regression analyses for multiplanar in-plane bending
N N & W r COV F DOF
0. .74 -41 -R, .88 0.066 422 117

Table 8 Results of the regression analyses for axial loading with load ratio
J=0
N N N N, I LoV F DOF
6.01 066 1.0 1.0 .99 .03 734 11

Table 9 Results of the regression analyses for multiplanar axial loading
K K K K rr COV F DOF
046 R; -R, 1. .94 0,047 1051 68

[ [ TU DELFT
1.2 =
: - MULTIPLANAR XXP4
1.1 —tp I
—_— ID | -,’-‘1_‘_'_;_ - o et ZT =w,0
I [ Je==F T s
"; 09 . r .”,‘ —0 ﬁ - 025
— pes _A:/" - B=040
2 o8 fel A2 ..A B =055
/f _® B=065
0.7 =
0.6 ¢~

0.5 i i A i A " A A
-1.0-08 -06 -04-0.2 00 02 04 06 08 1.0
RATIO J

Fig.4 Results regression analyses multiplanar in-plane bending for 2y =30
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4. CONCLUSIONS

Both I-beam to CHS column connections loaded with in-plane bending
moments and plate to CHS column connections loaded with axial loading
show similar behaviour:

3 Larger f ratios and larger2y ratios give a larger non-dimensionalized

strength.

Negative load ratios can give a considerable reduction in

connection strength in comparison with uniplanar loaded

connections.

In general, positive load ratios give higher strengths in comparison

with uniplanar loaded connections. For axial loading is this effect

stronger than for in-plane bending.

Both connection types show large deformation capacity.

Concrete filled columns increase the connection strength, but

results in a considerable decrease in deformation capacity.

- The derived formulae based on the ring model approach for multiplanar
connections between |-section beams and tubular columns, loaded with
multiplanar in-plane bending and for the connections between plate to
CHS column connections loaded with axial load show a good agreement
with the finite element results.
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DESIGN METHODS FOR TRUSS AND BRACING CONNECTIONS

W. A. Thornton'

Abstract

\ recently developed method for the design of orthogonal bracing connections is
sented and then generalized to non-orthogona connections such as occur in
fusses. The method has been checked against existing physical tests and found

o be safe. The method produces cost effective designs.

1. INTRODUCTION - THE UNIFORM FORCE METHOD

Bracing connections constitute an area in which there has been much
disagreement concerning a proper method of design. Beginning about 15 years
ago, the American Institute of Steel Construction began to address this problem
with a research program at the University of Arizona. This program resulted in
ublished work by Richard (1986) which contained figures similar to Fig. 1. In this
figure, the resultant forces on the gusset edges for a wide variety of gusset edge
upport conditions are seen to fall within the envelopes shown. The edge
3sultants appear to intersect with the line of action of the brace at a point on this
2 on the other side of the working point (WP) from the gusset. Note that no
ples were required in Fig. 1. This information from Richard is the genesis of
he author's development of what has come to be called the Uniform Force
‘Method (Thornton 1991, 1992 and AISC 1992, 1994). The method is shown in
Fig. 2. This figure shows a force distribution which captures the essence of the
Jistributions given "fuzzily”™ in Fig. 1. In other words, a force structure is imposed
on Richard's data. In order to test the efficacy of this structure, the data of six
Il scale tests were filtered through it. The tests were performed by Chakrabarti
Bjorhovde, (1983, 1985) and Gross and Cheok (1988, 1990). Typical test
specimens are shown in Figs. 3 and 4, The limit states considered in the filtering
process are given in Tables 1 and 2. Table 3 shows the results. For the
Chakrabarti/Bjorhovde tests, excellent agreement is achieved. The ratio of test
capacity to predicted capacity is close to but slightly larger than unity as is
desired. The agreement for the Gross/Cheok tests is not as good, but the method
clearly conservative. The reason for the poorer agreement in this second series
of tests is due to frame action. The tests include it but the Uniform Force Method

Chief Engineer, Cives Steel Company, Roswell, Georgia, U.S.A.
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does not. Perhaps frame action can be included in some future design method,
but for the present, the data available indicate that its neglect is conservative,

2. GENERALIZATION TO NON-ORTHOGONAL CONNECTIONS

The Uniform Force Method (UFM) can be applied to trusses as well as to bracing
connections. After all, a vertical bracing system is just a truss. But bracing
systems generally involve orthogonal members whereas trusses, especially roof
trusses, often have a sloping top chord. In order to handle this situation, the UF
has been generalized as shown in Fig. 5 to include non-orthogonal members. AS:
before, aand B locate the centroids of the gusset edge connections and must
satisfy the constraint shown in the box on Fig. 5. This can always be arranged
when designing a connection, but in checking a given connection designed by
some other method, the constraint may not be satisfied. The result is gusset edg
couples which must be considered in the design.

3. AN EXAMPLE

The design example is shown in Fig. 6, which also shows the final design.

The geometry of Fig. 6 is arrived at by trial and error. First, the brace to gus:
connection is designed and this establishes the minimum size of gusset. Norm
the gusset is squared off as shown by the broken lines in Fig. 6, which gives

about 16 rows of bolts in the gusset to truss vertical connection. The gusset to
top chord connecttpn is pretty well constrained by geometry to be about 70 ing
long plus about 13/, inches for the cutout. Starting from the broken line
configuration of Fig. 6, the UFM forces are calculated from the formulas of Fig.
and the design is checked. Although the gusset to top chord connection ca
be reduced in length because of geometry, the gusset to truss vertical is subjec!
no such restraint. Therefore, the number of rows of bolts in the gusset to truss
vertical is sequentially reduced until failure occurs. The last achieved successfy
design is the final design as shown in Fig. 6.

The calculations for Fig. 6 are performed in the following manner. The given di
are:

611 kips
7 in.
in.
7

o<2 00
IIIHa“

71
17
36.7

The relationship between aand Pis

a - B(.9527x.7454-.3040) = 7(.7454-.3191)-7/.9527
a - .4061 B = 4.3634
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relationship must be satisfied for there to be no couples on the gusset edges.
8 configuration of Fig. 6, with 7 rows of bolts in the gusset to truss vertical

pection (which is considered the gusset to beam connection of Fig. 5) a =

D inches. Then,

B =(18+4.3634)/.4061 =55.1 in.

m Fig. 6, the centroid of the gusset to top chord (which is the gusset to

pmn connection of Fig. 5)is B = 13.5 + 70/2 = 48.5in. Since = f, there
be a couple on this edge unless the gusset geometry is adjusted to make p =

55.1. In this case, we will leave the gusset geometry unchanged and work

) the couple on gusset to top chord interface.

er than choosing a = 18.0 in., we could have chosen B = 48.5 and solved
_E# a. In this case, a couple will be required on the gusset to truss vertical
ace unless gusset geometry is changed to make a = a.

the two possible choices, the first is the better one because the rigidity of the

sset to top chord interface is much greater than that of the gusset to truss

rtical interface. This is so because the gusset is direct welded to the center of
top chord flange and is backed up by the chord web, whereas the gusset to

s vertical involves a flexible end plate and the bending flexibility of the truss

prtical flange. Thus, any couple required to put the gusset in equilibrium will tend

migrate to the stiffer gusset to top chord interface.

With @ = 18.0, B = 55.1,

r=[(18.0 + 7 x.3191 + 55.1 x ,.3040 + 7/.9527)°
+(7+55.1x.9527)%)', = 74.2/in.

d from the equations of Fig. 1

V, = 432 kips

H., = 198 kips

Vg = 57.7 kips

Hg = 167 kips

or subsequent calculations, it is necessary to convert the gusset to top chord

forces to normal and tangential forces as follows: The tangential or shearing

ponent is

P
T.=V.cosy + H.siny = (f + e, tany) i’

e normal or axial component is
e P

r

N, = H.cos y- Vssin vy =

3 couple on the gusset to top chord interface is then




152 W. A. Thornton

"

_.'
]

L= (5514 7x310) 2L _ 470
742

N, = Txol _ g7t
742

M, = 567.7 x (65.1 - 48.5) = 381k-in.
Each of the connection interfaces, i.e. gusset to top chord, gusset to truss
vertical, and truss vertical to top chord, can now be designed, because all of
interface forces are known. The limit states to be considered for each interf
are similar to those shown in Table 2. Space does not permit the detailed
calculations for these limit states to be shown here, but the interested reader
find the complete calculations for this problem in Thornton (1993) or for simi
problems in AISC (1992) and AISC (1994). Fig. 6 shows the completed desi
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Table 1, Limit State Identification for Bracing Connections

W. A. Thomton

Bolt Shear Fracture

Bolt Shear/Tension Fracture

Whitmore Yield
Whitmore Buckling
Tearout Fracture
Bearing

Gross Section Yield
Net Section Fracture
Fillet Weld Fracture

Beam Web Yield (beyond k distance)
Bending (including Prying Action) Yield
Bending (including Prying Action)

Fracture

—
Ndommummhwmdg

Table 2, Limit States Considered for Each Interface of Bracing Connections

Connection Interface

Connection Element

Limit States

Brace to Gusset
(A)

Bolts to Gusset
Gusset

Bolts to Brace

Brace

Splice plates or WT's

Gusset to Beam
(B)

Gusset
Fillet Weld
Beam Web

“ON =W

Gusset to Column
(C)

Bolts to Gusset

Fillet Weld to Gusset
Gusset

Bolts to Column

Clip Angles

Column

N
™

AN W =
-b*
-
N =
-
-t
LS ]

- Ny

Beam to Column
(D)

Bolts to Beam Web
Fillet Weld to Beam Web
Beam Web

Bolts to Column

Clip Angles

Column

ooONMO =

" See Fig. 3 for Interface Identification




Table 3 Comparison of Uniform Force Method Predicted Results with Test Results

= Test Test
Predicted Results Results Capacity
Test Brace Gusset Gusset Beam Predicted Predicted Test Test -
Specimen to to to to Capacity  Failure Capacity  Failure Predicted
Guiset BeBarn Colgmn Colgmn (kips) Interface (Kips) Interface Capacity
(kips) (kips) {kips) (kips)

Chakrabarti/ 14 A 184 216 152 142 A 143 A 1.01
Bjorhovde  (3,5)"  (7) (5) (12) (3,5) (3,5) (5)
30°
Chakrabarti/ 142 182 164 210 142 A 148 A 1.04
Ejé::movde (3.5) (7) (5) (12) (3,5) (3,5) (5)
Chakrabarti/ 142 169 155 342 142 A 158 & 133
Bjorhovde (3.5) (7) (5) (12) (3,5) (3,5) (5)
60°
Gross/ 73 212 67 149 67 G 116 A 1.73
Cheok (4) (7) (12) (9 (12) (12) (4)
No. 1
Gross/ 78 77 143 NL? 77 B 138 A 1.79
Cheok (4) (7) (7) (7) (7 (4)
No. 2
Gross/ 84 94 171 NL? 84 A 125 A 1.49
ElheoSk 4) (7) (7) (4) (4) (5)

0.

{1) Limit state number from Table 1, typical
{2) NL = No Limit: this part of connection does not carry any of brace load P.
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STEEL MOMENT CONNECTIONS ACCORDING TO EUROCODE 3
Simple design aids for rigid and semi-rigid joints

by J.P. JASPART

on behalf of the RA 351 SPRINT Partners.

Abstract

In this paper, simplified design procedures for structural joints in building frames are
presented. These ones can be used either to obtain the mechanical properties of a given
joint or to select a joint so as to comply with expected mechanical properties. They have
been prepared so to be in full agreement with the new revised Annex J of Eurocode 3
(Revised Annex J, 1994) in the frame of the european RA 351 SPRINT project involving
CRIF (J. JANSS as Coordinator) and the University of Liége (R. MAQUOI, J.P.
JASPART) in Belgium, CTICM (B. CHABROLIN, Y. RYAN, A. SOUA) and ENSAIS
Strasbourg (A. COLSON) in France, the University of Trento (R. ZANDONINI, O. BURSI)
in Italy and LABEIN Bilbao (W. AZPIAZU) in Spain.

1. INTRODUCTION

The design of a building frame for economy requires a good knowledge of the response
of the constitutive structural joints in terms of flexural stiffness and resistance. In this
respect, the freedom for the designer to select the most convenient joint for design,
fabrication or erection is quite important. Such a freedom is offered by the new revised
Annex J of Eurocode 3 on “Joints in Building Frames".

Dr. ir., Research Associate FNRS, MSM Department, University of Liége, 4000 Liége, Belgium
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Through the so-called “component method” [(JASPART and MAQUOI, 1994)

(JASPART et al, 1995)], Annex J allows the designer to cover a large range of usu
structural joints. The understanding of the “component method" philosophy and of it
application requires anyway some time and efforts from the designer; it has therefore
been felt that simplified design guidelines should be prepared so to allow him to profit
directly and in an easy way from the advantages linked to the new design concepts on
joints.

The opportunity to develop such simplified tools has been given to the above-mentioned
SPRINT partners who prepared these two last years a set of design guidelines, a
copy of which has been made available to each of the Workshop participants.

2. THE SPRINT DOCUMENT

The SPRINT documents contains the six following chapters:

Chapter 1 : Simple design model for joint stiffness and resistance calculation

Chapter 2 : Stiffness and resistance calculation for beam-to-column joints
extended end plate connections

Chapter 3 : Stiffness and resistance calculation for beam-to-column joints
flush end plate connections L
a) End plate height smaller than beam depth
b) End plate height larger than beam depth

Chapter 4 : Stiffness and resistance calculations for beam splices with flush e
plate connections
a) End plate height smaller than beam depth
b) End plate height larger than beam depth

Chapter 5 : Stiffness and resistance calculation for beam-to-column joints with
flange cleated connections

Chapter 6 : Global analysis of frames with semi-rigid joints.

The first part of Chapter 1 gives general indications about the semi-rigid behaviour of th "
joints, their modelling for frame analysis, their characterization through the component
method, the idealization of their characteristic M-¢ curves and their classification, in term
of stiffness, as pinned, semi-rigid and rigid.

The second part of Chapter 1 gives guidelines on how to use the design tools for joi
described in Chapters 2 to 5.

How to perform the global structural analysis of a frame, the constitutive joints of which'
have been classified as semi-rigid is explained in a simple way in Chapter 6. In this
chapter, the designer's attention is turned to elastic methods of global analysis which
of first interest in daily design practice.
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3. THE DESIGN TOOLS FOR JOINTS

For design purposes, design aids are detailed in chapters 2 to 5. Chapter 2 is partly
reproduced, as an example, at the end of the present paper. Each of these chapters is
devoted to a specific type of joint. It is composed of two parts:

a. a calculation procedure, presented in the format of design sheets;
b. design tables.

The calculation procedure is aimed at assisting the designer who is willing to take account
of all the capacities of the semi-rigidity, without having to go through the more complex
approach of Annex J of Eurocode 3.

For a specific joint, a first design sheet is devoted to the useful mechanical and
geometrical characteristics of the joint under consideration. In the following sheets, the
calculation procedure gives the expressions of both stiffness and resistance for all the
components of the joint. How to derive the global properties of the whole joint, i.e. its
nominal stiffness and its design moment resistance, is summarized at the end of the
design sheet. Additional design considerations are given in Chapter 1.

Of course the shear resistance of the joint is of major importance for the design. It is not
given in the design sheets for sake of clarity. Relevant information in this respect is
however provided in Chapter 1 (as well as information on weld design).

The second part of each of the chapters 2 to 5 consists in design tables, which can be
used in a straightforward manner as an alternative to the design sheets. These design
tables are established for standard combinations of connected shapes and provide the
designer with the values of:

. the initial stiffiness S,,, and the reduced stiffness S,,,/2 to be possibly used

for elastic design,

. the design moment M., and the shear resistance Vp, of the joint ;

. the component of the joint which is governing the moment resistance ,

. the reference lengths in case of a braced (L) or unbraced (L,,) structural
system.

The knowledge of the "governing component”, and of its ductility, allows to determine the
level of rotation capacity for the joint while the reference length allows to classify the joint
as pinned, semi-rigid or rigid. Reference lengths are boundaries to which the actual
beam span (beam to which the considered joint is attached) has to be compared. Too
such reference lengths exist for each joint:

- one to distinguish between a rigid and a semi-rigid joint ;

- one to distinguish between a semi-rigid and a pinned joint.

The design tables have been obtained from the expressions given in the design sheets
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but by taking some options which generatly give conservative results. There are ho
some extreme situations where the use of the design tables cannot be furtherm
recommended. These situations are mostly related to the stress state - shear and .
stresses - which exists in the column web panel and is controlled by factors £ and 0.

Some comments regarding the physical meaning and the values of § and
recommended for the use of design sheets or adopted implicitely in the design tables,
given in Chapter 1.

In the design tables, the following information is provided to the designer for
concerns the classification:

a number followed by the label R: the number is the reference length, the label
means that the reference length is the upper boundary between rigid and sem
rigid; _
a label P followed by a number: the number is the reference length, the label P
means that the reference length is the lower boundary between pinned and semk
rigid.

In the case of non reasonable values for the reference length, only an ad-hoc indicatic
P, R or S is given (S for semi-rigid).

4. THE DIFFERENT WAYS TO USE THE DESIGN TOOLS

The SPRINT design sheets and tables can be used in isolation or in combination so :
assist effeciently the designer in different situations which can result from the desigi
procedure he has decided to follow. Some examples are discussed hereafter.

. The predesign and the design of the frame is based on the assumption that th
constitutive joints are rigid or pinned. At the end of the design procedure, the
joints have to be designed so to resist the internal forces resulting from the
structural analysis and to fulfil the stiffness requirements (pinned or rigid). In such
a case, the tables can be used to select an approximate joint.

. To get rigid joints, transverse stiffeners are traditionnally welded on the colum
at the level of the beam flanges. In the tables, it is seen that several unsti
joints (mainly joints with extended end plates) may be considered as rigid for f
analysis. In this respect, the tables allow the designer to profit from a substantial
economy on the joint fabrication (no stiffeners) without altering at all the desig
procedure he is used to apply (rigid design).

. When predesigning a frame, economical benefit from the semi-rigid design
be achieved more easily by selecting, through the use of the design tables, the
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most convenient joint for fabrication and erection as well as the corresponding
structural properties.

. For joints, components of which are different from these listed in the tables, a
combined use of the design sheets and tables can strongly reduce the amount of
caiculations to be done to characterize the response of the joints.

5. CONCLUSIONS

To achieve an economical design of the frames and of the constitutive joints - as it is now
possible through the new possibilities offered by Eurocode 3 - the designers require
design tools adopted to their search of efficiency and profitability. The RA 351 SPRINT
has performed a step in this direction by establishing design tables and design sheets for
commonly used types of beam-to column joints and beam splices. These design aids
allow the designer to select the well known fully rigid joints or fully pinned joints or to selct
semi-rigid joints which generally give a significant benefit by simplifying joint details
thereby reducing shop and erection costs.
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Chapter 2. 1. Calculation procedure.

Mechanical characteristics
Yield stresses Ultimate stresses
Beam web e
Beam flange o
Column web = .
Column flange & fa
End-plate = L
Bolts - .
If hot-rolled profiles : f_ = [ and f_, =,
Geometrical characteristics
Joint
-+ v R F
——— —_— he ¥
ad -+
h M= Fh
> v /
et = = B 4
v :‘= F
§=r

for a rolled section

s=V2a
for a welded section

l&'}b,k*(l-"zf‘)l.
with A = column section area

Beam
]— :3:%'15

h

b
|

L=l
Bolts

d,:  see figure or = d, if no washer

A, : resistance area of the bolts
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STIFFNESS RESISTANCE
Column
0.385 A A 09 A f
web panel k= v Foi = Wk Vo ™
in shear ' 30 o WL il g
£ = 1 for one-sided joint configurations;
0 for double sided joint configurations symetrically loaded;
I for double-sided configurations non-symetrically loaded with balanced
moments;
2 for double-sided joint configurations non-symetrically loaded with
unbalanced moments.
For other values, see 1.2.2.1 in chapter |
Column
07e,.. 1.
web in g.—"—i‘:‘_ Fm.nprb-u"wfj-l’ﬂl
with m =min [1,0 ; 1,25- 0.5;"_] (*)
" :
i 1 +13¢ qu i J’A']“
g, : normmal stresses in the column web at the
root of the fillet radius
By, = ln * V2 + 1, +min(u; ay2 + 1)+ 5(1,+ 5)
(*) see 1,222 in chapter |.
Beam
Nange in k = Frs =M, | (hy = 1)
compression
M_,, : beam design moment resistance
Bolts in A
tension k=32 2 Fos=4B,, withB, =F,,
]
091, A,
P
L™
Column
0 TR M
web In ky = ‘“‘ Fras * Py Ooges toc Sy | Yo

with p, = l
f L+ 136 o4, 1./ A)

by

, = min [ 4xm ; 8m+ 2.5¢ ; p+ 4m+ 1,25¢ |
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: -
Nange in - 085 lan Facs * Wit [ Fpnsy s Fanga |
&y = s feadst * ¥ pnan
F L (Ba-2e) ig,, My,
i 2mn - e (m+ n)
F ‘21“_'»!”048,‘.5
pedsd gy
n=min[e: 125m; (b~ w2 ]
e =d_ /4
M = 025 b5 fo | Yy
lgns = Oges
Eld-ﬂll w‘ f,
in bending oS 7 Fopomin[F . :F ]
I'
— ‘&'p— 2e) lgns ™y
R | h'n’ T ‘-(m'f l’)
qul 2"0"'”"8'"“'
M" ﬂ’
n'-minlc';l.ﬂmpl
M'”‘IOJ_,.I:I.)'T*
lg,, =min [ 4xm ; 8m + 2S¢ : we 4m ¢+ 125¢, : b |
Initial stiffness : Fo=min [ F, ]
7
5__‘5*"5"‘*. Plastic design moment resistance :
M, =F h
JOINT Nominal stiffness :
Elastic moment resistance :
S ® S 1 2 .;.H'.
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STRENGTH OF MOMENT END-PLATE CONNECTIONS
WITH MULTIPLE BOLT ROWS AT THE BEAM TENSION FLANGE

Thomas M. Murray'

Jeffrey T. Borgsmiller®

Abstract

A design method for the multiple row, eight bolts at the tension flange, moment
end-plate connection is presented. The method uses yield-line theory to
determine plate size and the modified Kennedy method, which includes prying
force effects, to determine bolt size. Ten full-scale test results were used to verify
the method.

1. INTRODUCTION

In North America, moment end-plate connections are used primarily in pre-
engineered metal buildings. To reduce inventory costs, manufacturers currently
attempt to stock a minimum number of bolt diameters. The required strength for a
connection is then obtained by increasing the number of bolt rows at the tension
flange from the usual one or two to as many as six, rather than by the more
traditional method of increasing the bolt diameter. This increase in bolt rows
significantly effects the complexity of the design procedure. In the following
sections, a design procedure for the eight bolit at the tension flange, extended,
unstiffened, moment end-plate connection shown in Figure 1 is presented. Yield-
line analysis is used to determine end-plate strength and the so called “modified
Kennedy method" is used to estimate bolt forces including prying effects. The
procedure is verified using data from ten tests.

'Montague-Betts Professor of Structural Steel Design, Department of Civil
Engineering, Virginia Polytechnic Institute and State University, Blacksburg, VA
24061.

*Design Engineer, J. Mueller International, 400 N. Michigan Avenue, Suite 1500,
Chicago, IL 60611.
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2. CONNECTION STRENGTH
2.1 End-Plate Strength

The end-plate strength is determined using classical yield-line analysis. Morrison
et al (1986) showed that two yield-line mechanisms must be evaluated for the
end-plate configuration shown in Figure 1. The yield-line patterns of these
mechanisms differ in the location of a single pair of yield lines within the depth of
the beam near the beam tension flange. The equations for required plate
thickness, t,, for each mechanism are as follows:

Mechanism I
v2
ty wkhi (1)
b|[1+ h  h-py h—pwJ {h—piJ
i ——r —— s — 2 + u
212 Pl.a* Pu + - +2{Pm Pp13 + 9
1 h'pt‘.‘.)
= (B0 —22 2
U=z '{h-pt (2)
Mechanism I
v2

p.—..
ﬂ_[l_'_ h h-pt h-pyn

2 2u 9
= +—pp + h-ty)+ —(h-ppa)+=
212" 5 * Py - J g( 11 +Po1,3)h—t¢) g( ) 2

1
= —./D 4
u=2vbro (4)

The parameter, u, is found by taking the derivative of the internal work
expressions with respect to u and setting equal to zero.

2.2 Bolt Strength

Yield-line theory predicts a moment capacity for end-plate connections which is
controlled by yielding of the plate. It does not predict the connection capacity
based on bolt rupture. Because both the plate and the bolts are essential to the
connection performance, it is necessary to analyze the capacity of the connection
based on bolt forces including prying action. Experimental tests have shown that
prying action in the bolts arises when the end-plate deforms out of its original flat
state. As shown in Figure 2, contact points are made when the plate deforms,
giving rise to the points of application of prying forces. A simplified form of a
method introduced by Kennedy ef al. (1981) has been adopted for predicting the
connection strength for the limit state of bolt rupture which includes prying action.
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The primary assumption in the Kennedy method is that, as the end-plate deforms
out of its original state, it displays one of three stages of behavior depending on
the thickness of the plate and the magnitude of the applied load. The three
stages of plate behavior are thick, intermediate, and thin. Each stage of plate
behavior has a corresponding equation for calculating the prying force which is
incorporated into the bolt force calculation. Once the stage of plate behavior is
determined, the prying force, and hence, the bolt force can be calculated. The
moment at which bolt failure occurs, M, s, is designated as the moment at which
one of the bolts first reaches its proof load. The bolt proof load, P,, is calculated
by multiplying the bolt cross-sectional area, A, with the nominal tensile strength
of the bolt, F.

The modified Kennedy method has been proven to be quite accurate for
predicting bolt forces with prying action in end-plate connections at any stage of
loading (Murray 1988). However, extensive calculations and iterations are
involved. When considering the ultimate strength of the connection, these
calculations can be reduced considerably.

After reviewing the results of previously conducted connection tests, two rational
assumptions were devised to simplify the bolt force calculations in the Kennedy
method. The first assumption considers bolt yielding. It was evident that, in most
of the tests, the connection continued carrying load beyond the point at which the
first bolt reached its proof load, M, s« (Figure 3). Because the proof load of a bolt
designates the point at which yielding commences, and because of the ductile
nature of steel, it can be assumed that bolts that have reached their proof load
can continue yielding without rupture until the other bolts reach their proof load as
well. This assumption is justified by the notable yield plateau on bolt stress-strain
graphs obtained by Abel and Murray (1992). The second assumption is a
conservative one, and states that when a bolt reaches its proof load, the plate
behaves as a "thin" plate and the maximum possible prying force, Qma, is
incorporated into the bolt analysis.

When calculating the connection strength using the simplified approach, all load-
carrying bolt forces are set equal to their proof load, P, then the maximum
possible prying force for a given end-plate configuration, Qma, is calculated, and
the two are incorporated into the analysis of the connection strength for the limit
state of bolt rupture. If a bolt does not carry any load, its force is always equal to
the minimum pretension force, T,, specified. A “load-carrying bolt” is one that has
been experimentally proven to carry load in an end-plate connection. For
instance bolts B, B;, and B, in Figure 3 show an increase in bolt load as the
applied moment increases, whereas B; stays at approximately the pretension
force throughout the entire test. The load-carrying bolts in this hypothetical test
are therefore B,, By, and B..

Using the above assumptions, the predicted ultimate moment capacity, M,, of the
connection for the limit state of bolt rupture includ:ng prying action in any end-
plate configuration is calculated by:
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N, Ny
l§1 2(P| - Qmax)ld-l-jé‘Z(Tb)jd

Mqr-
N
z 2(Tb)n‘:’
n=1

(5)

max

where N; = the number of load-carrying bolt rows, N; = the number of non-load-
carrying bolt rows, N = the total number of bolt rows, d = the distance from the
respective bolt row to the compression flange centerline, and the subscript q
signifies that prying action is included. It is noted that the general expression for
M, is not always algebraically correct for all end-plate configurations when
summing the moments. Much depends on the assumed location of the maximum
prying force, Q... Because of the fact that it is impossible to pinpoint the exact
location of the prying force, and in keeping the design of all end-plate
configurations unified, Equation 5 has been adopted to predict the ultimate
strength of the connection when controlled by bolt force. The maximum possible
prying force for an end-plate configuration, Qm, is calculated using (Kennedy
1981):

witd |, F )
Qumax -KJF,,, "(w_:p ©)

and F' is:
2 3
e thpy(O.BSb, 12+0.80w)+ ndyFyp, /8
4py
Kennedy et al. (1981) caution that, if the quantity under the radical in Equation 6
is negative, the end-plate will fail locally in shear before prying forces can be
developed, and the connection is inadequate for the applied load. Also, the

distance “a”" is dependent on whether Qs is being calculated for an interior bolt
or an exterior bolt. For interior bolt calculation from (Hendrick ef a/ 1984)

7)

a = 3.682(1,/d,)’ - 0.085 (8)

When calculating Qmax for an outer bolt, a is the minimum of:

»
ag- |3682tp /) ~0.085 o
min pﬁﬂ =) pf.n

where pes = the distance from the outer face of the beam tension flange to the
edge of the end-plate extension, and py, = the outer pitch distance between the
outer face of the beam tension flange and the centerline of the exterior bolt line.

To verify the above for the multiple row end-plate configuration shown in Figure
1, ten full-scale tests were evaluated. The bolt force versus applied moment plots
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of six of the ten tests indicate that all of the bolts carry a portion of the applied
load except for the middle row of interior bolts. In one test, the bolt force of the
middle row of interior bolts was not plotted against the applied moment, as the
appropriate data was "not available" (Morrison ef al., 1986). The deformed shape
of the end-plate in most tests is as shown in Figure 2. It was therefore concluded
that the load-carrying bolt rows are the exterior, first interior, and far interior lines
of bolts. The moment capacity of the connection controlled by bolt rupture is then
obtained from expanding Equation (5):

2Py ~ Qunax.0 (1) + 2(Py ~ Qmaxi)(d2 +da )+ 2(Tp )d
M= 2Py ~ Qpaxo J(d1) + 2(Tp )(d2 + d3 +dy) (10)

2(Pn| - Qm|Xd2 +d4)+2(TbXd1 +d3)
max 2To)dy +d2 +d3 +dy)

where Qme e and Qume, are calculated from Equation 6. Two different values of F'
are used in the prying force calculations. F', is used in calculating Qs With the
inner pitch distance, py, and F', is used in calculating Qmae With the outer pitch
distance, p;.. Both F'; and F'; are calculated from Equation 7. The values a, and
a, are calculated from Equations 8 and 9, respectively. The d; distances are
measured from the centerline of the compression flange to the centerline of the
respective bolts.

3. Comparison of Experimental Results and Predictions

To compare the experimental results to the predicted strength of the connections,
it was necessary to determine the experimental failure load of each test
Depending on the shape of the applied moment versus end-plate separation plot
from the experimental tests, one of two different failure loads was identified, M, or
M, Applied moment versus end-plate separation plots came as a result of
placing measuring devices on the end-plates at or near the beam tension flange
during the test procedure. These plots are an indication as to whether or not the
end-plate yields. If the plot has a nearly horizontal yield plateau, such as Plot A
in Figure 4, the failure load of the specimen is taken as the maximum applied
load in the test, M,. From a design standpoint, this is acceptable since the
maximum applied load in the test closely correlates to the point at which the
connection yields. A connection displaying this behavior is in relatively little
danger of experiencing excessive deformations under service loads. Plot B in
Figure 4 shows a curve with no distinct yield point and a sloped yield plateau.
Connections displaying this type of applied moment versus end-plate separation
behavior would experience large deformations under working loads if the design
failure load were assumed to be the maximum applied moment in the test
Therefore, the failure load is determined to be near the point at which the
connection yields, M,. This experimental yield moment is established by dividing
the applied moment versus end-plate separation plot into two linear segments
which intersect at the yield moment.
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The maximum applied moment, M,, and experimental yield moment, M,, for each
of the ten tests were determined and are shown in Table 1. It was necessary to
establish a numerical threshold for distinguishing which value, M, or M,, to use for
the experimental failure load, Msi. In some cases, it was difficult to determine
whether some of the applied moment versus plate separation plots displayed the
behavior of Plot A or Plot B in Figure 4. This threshold was empirically
established through the ratio of M, to M,, and is expressed as follows:

M =M, if M/M, <0.75 (11)
Mas=M, if M/M,>0.75 (12)

It should be noted that this threshold is an approximate one, and that if the M/M,
ratio is approximately equal to 0.75,+/- 0.02, either value, M, or M,, can be taken
as the experimental failure load. The values corresponding to the appropriate
experimental failure load of each test are shown shaded in Table 1.

Once the connection strength predictions for the end-plate yield and bolt rupture
limit states are calculated, a final, controlling connection strength prediction,
M,..s, is chosen. To do so, an important assumption is necessary. the end-plate
must sufficiently yield for prying action to occur in the bolts. If the end-plate does
not substantially deform out of its original state, there can be no points of
application for prying forces. This concept was originally introduced by Kennedy
et al. (1981), as they presented the three stages of plate behavior caused by
increasing load. The circumstance initiating the different stages of plate behavior
is the formation of plastic hinges, or end-plate yielding.

The outcome of this assumption is the concept of a “prying action threshold.”
Until this threshold is reached, the plate behaves as a thick plate, and no prying
action takes place in the bolts. Beyond the threshold, maximum prying action
occurs in the bolts due to the sufficient deformation of the plate. The prying
action threshold is taken as 90% of the full strength of the plate as determined by
yield-line analysis, or 0.50M,,. Thorough review of the past experimental data
has lead to the conclusion that the plate begins deforming out of its original state
at approximately 80% of the full strength of the plate, or 0.80M,. However, to
assume maximum prying action in the bolts at the point at which yielding in the
plates commences would be unreasonably conservative. Therefore, it was
assumed that the plate has deformed sufficiently at 90% of the plate strength to
warrant the use of maximum prying action in the bolts. The predicted strength of
the connection is controlled by the following guidelines: (1) if applied moment <
0.90M,,, then thick plate behavior exists, or (2) if applied moment > 0.90M,,, then
thin plate behavior exists.

If the plate behaves as a thick plate, no prying action is considered in the bolts.
Calculation of the connection strength for the limit state of bolt rupture with no
prying action, M,;, follows the same philosophy outlined above, except Q. is set
equal to zero and all of the bolts in the connection are assumed to carry load.
The connection strength for the limit state of bolt rupture with no prying action is
therefore calculated from a revised version of Equation 5:
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N
Mpp = izf(Pt),da (13)

where N = the number of bolt rows, d, = the distance from the respective bolt row
to the compression flange centerline, and “np” signifies that no prying action is
included.

Once M., M, and My are known, the controlling prediction of the connection
strength, M., can be determined. As mentioned earlier, the prying action
threshold is 90% of the plate strength, or 0.90M,,. If the strength for the limit state
of bolt rupture with no prying action, M,,, is less than the prying action threshold,
the connection will fail by bolt rupture before the plate can yield and before prying
action can take place in the bolts (“thick” plate failure). If the strength for the limit
state of bolt rupture with no prying action, M,,, is greater than the prying action
threshold, prying action takes place in the bolts, because the plate yields before
the bolts rupture. If the strength for the limit state of bolt rupture with prying
action, M,, is less than the strength of the plate, M,, the connection will fail by
means of bolt rupture with prying action before the plate can fully yield. However,
if M, is greater than M, the connection will fail by plate yielding. In summary:

Mires = Meg if Mn, < 0.90M, (14)
Mo = Mg if 0.90My <M, and M, <M, (15)
Mpres = My, if My <M, (16)

The predicted and experimental results for ten multiple row moment end-plate
connection tests are listed in Table 1. Included in the table are M,, M, 0.90M,,
My, My, M,, and M,. Note that in the cases where My < M, it was not
necessary to calculate either 0.90My or M,, as the connection strength was
controlled by M, thus the dashes in the columns containing 0.90M, and M,,.
Also in the table are design ratios, comparing M. to M, and M,. A design ratio
smaller than 1.0 is conservative, and a design ratio larger than 1.0 is
unconservative. The shaded values are the ratios corresponding to the
applicable failure load, determined by the M, to M, ratio as described above. If
M/M, < 0.75, the applicable design ratio is My/M,; if M/M, > 0.75, the
applicable design ratio is My.s/M,.

Design ratios for the ten tests ranged from 0.87 to 1.39, indicating scatter in these
results. However, aside from the value equal to 1.39, the other nine test design
ratios vary from 0.87 to 1.10. The test that produced a design ratio of 1.39 was
conducted by SEI (1984), who said, “the yield-line prediction of the failure load
[is] not close since the failure was due to large bolt forces and the full strength of
the plate was not reached.” This confusing statement would lead to the
conclusion that bolt prying action can occur prior to plate bending. However, due
to the overwhelming evidence against this statement, it can be concluded that,
with the exception of the one test, the simplified procedure accurately predicts the
failure load of multiple row extended end-plate configurations.
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4.0 Conclusions

A simplified design procedure for eight bolts at the tension flange, extended,
unstiffened end-plate moment connections presented appears to accurately
predict the failure moment as determined from ten full-scale tests.
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Table 1. Predicted and Experimental Resuits

Moments (k-ft)”
Test” M, My | 090My | My | Muus® | M™ | M | MM®

Borgsmiller et al. (1995) 1-3/4-64 2081.7 | 18104 - - | 181041870 | 1870 | 1.00
Morrison ef al. (1986) 3/4-3/8-30 | 5055 | 258.9 - -~ | 2589 | 270 | 4049 | 067 ,,,
Morrison et al. (1986) 1-1/2-30 9005 | 3256 - -~ | 3256 | 300 | 425.1 | 0.7 g
Morrison et al. (1986) 7/8-7116-46 | 11145 | 570.0 - -~ | 5700 | 520 | 866.1 | 0.60 of’
Morrison ef al. (1986) | 11/8-5/8-46 | 1727.4 | 966.7 - ~ | o687 | 975 | 975.1 | 1.00 z
Morrison ef al. (1986) | 1 1/4-5/8-62 | 2697.8 | 1166.5 - -~ |11665|1200| 1635 | 0.73 g
Morrison ef al. (1986) | 1 1/2-3/4-62 | 3846.0 | 1601.6 - -~ | 16016 | 1600 | 23296 | 0.69 -
Rodkey and Murray (1993) | 3/4-5/8-33 1/4 | 6000 | 760.1 | 684.1 | 783.7 | 600.0 | 690 | 8925 | 1.00 %
&
SEJ (1984) 3/4-12-62 | 1089.7 | 9232 - - | 9232|750 | s29 | o0.81 &
SEI (1984) 1-3/462 | 2050.7 | 1896.3 - ~ |1896.3|1250 | 1384 | 0.92 g
'-Test designation: d, - t, - h all in inches §

21f Myp < 0.90Myy, Mo = My If 0.90 My < M, and Mg < My, Myras = Mg; If My, < Mg, Mg = My,
’-M,mdﬂmimdﬁomﬂwpiddappﬁedmmunenmmupamﬁonﬁammmcﬁngﬁms.

“~M, = the maximum applied moment in the test.

S MM, < 0.75 (+/- 0.02) use Myus/M, ratio, if M/M, > 0.75 (+/- 0.02) use M,.s/M, ratio. Values to be used are shown shaded.
“_If Design ratio > 1.0, prediction is unconservative; if Design ratio < 1.0, prediction is conservative

71 Kips-ft = 0.738 kn-m.
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STIFFENED SEATED CONNECTIONS ON COLUMN WEBS

Duane S. Ellifritt’
Thomas Sputo?

Andrew S. Miller®

ABSTRACT

In multistory braced frame construction, the connection of choice for simple con-
nections between beams and column webs is the seated connection. This connec-
tion lends itself to ease of erection because of its greater tolerance when com-
pared to framing angles. The strength and stability of the column web supporting
these connections is a factor questioned by many engineers. Research has been
undertaken to study the behavior of this connection. Fifty-three connections were
tested. Limit states of column web yielding, weld shear, stiffener buckling, and
beam-column failure were noted.

1. INTRODUCTION

In multistory braced frames, simple connections of beam to column web are often
made by beam seats for ease of erection. In more heavily loaded connections, a
stiffened seat, is frequently used to support the beam reaction. The design of
such seats is an area where little guidance is available because of the lack of
research. Elastic design procedures for stiffened seats generally consider first
yield as the limit state. Because the column web is a highly indeterminate system
with a high shape factor, the range of additional load between first yield and
ultimate inelastic failure is large. If plastic analysis is used, some of the inconsis-
tencies of the elastic method are removed. The most significant advantage of
plastic analysis, is the additional strength derived from the redistribution of
stresses due 1o yielding.

' Professor of Structural Design, University of Florida, 345 Weil Hall, Gainesville,
FL, USA

? Chief Engineer, Sputo Engineering, Gainesville, FL, USA

* Former Graduate Student, University of Florida, USA
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2. YIELD LINE ANALYSIS

Abolitz and Warner (1965) have calculated the yield line collapse mechanism for
a T-shaped seat, considering the flange to web connection as fixed and hinged.
The fixed situation is shown in Figure 1. The ultimate load may be calculated as

Pu =kLm/e (.”
where:
P, = Ultimate applied load

k = Yield line factor
= A[CD) +E + G|
A 2 /12T-8]
2 + [0.866T/L]
((T-B)I3T +B)]'?
T(T-B)/2L
4L + 3.464T
L = Stiffener length

Mmoo
[l Il

3
"

Moment capacity of a unit width of plate
= 1/4t2F
Column web thickness

[
]

= Load eccentricity

= Clear distance between column web fillets
Limiting stress

= Seat width

o M -« ©
n

3. PHASE ONE TESTS

In Phase One tests were performed on 16 welded stiffened seated connections on
column webs, with column web aspect ratios in excess of the mean aspect ratio
of standard rolled wide-flange shapes. Connections were loaded through a
reaction beam. Each connection was tested both with and without an applied
column axial load, for a total of 32 tests.

All failure modes were that of weak axis inelastic beam-column failure. Whitewash
applied to the test columns showed visually the beginnings of the formation of the
yield line mechanisms. Because the test column flanges were torsionally weak,
compared to those of sections usually used as columns, a large degree of out of
plane rotation of the flanges was noted. This flange rotation tended to relieve the
stresses in the column web and thereby prevented the yield line mechanism from
proceeding to completion.
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Figure 1. Yield Line Pattern

4. PHASE TWO TESTS

In Phase Two, tests were performed on 16 welded stiffened seated connections,
15 to column webs, and one to a column flange as a baseline test. The column
sections tested were W250x49 (W10x33), W310x60 (W12x40), and W360x91
(W14x61). These sections were chosen as representative of normal column sec-
tions with relatively high web slenderness ratios (T/t,). The connection chosen
had a stiffener length of 203 mm (8 in.), a seat width of 165 mm (6.5 in.), and an
outstanding leg of 152 mm (6 in.). The erection bolts were 22 mm (7/8 in.) A-325
bolts, placed 76 mm (3 in.) out from the column face.

The reaction beam was a welded girder of 480 mPa (70 ksi) steel. The flange
plates were 152 mm (6 in.) by 19 mm (3/4 in.) and the web plate was 356 mm
(14 in.) by 13 mm (1/2 in.).

Failure loads for all 16 tests are shown in Table 1. The initial series of three tests
had the beam connected to the seat by the erection bolts, but without an erection
angle being attached to the top flange of the beam. The mode of failure for these
connections was weld shear as shown in Figure 2.

The second series of tests again had the beam bolted to the seat, but a
L102x102x6.4 (L4x4x1/4) erection angle was welded along the angle toes to the
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Table 1. Phase Two Test Results

W250x49 | (W10X33) |[NA 652 (146.6) | 327 (73.6) 1.99
W310x60 |[(W12X40) |NA 451 (101.5) | 327 (73.6) 1.38
W360x91 | (W14X61) |NA 468 (105.3) |327 (73.6) 1.43
W250x49 [(W10X33) |TA 425 (95.5) | 327 (73.6) 1.30
W310x60 | (W12X40) [TA 358 (80.5) | 327 (73.6) 1.09
W360x91 |(W14X61) [TA 535 (120.3) | 327 (73.6) 1.63
W250x49 [(W10X33) |TA-R 495 (111.3) | 327 (73.6) 1.51
W310x60 |(W12X40) |[TA-R 498 (112.0) 327 (73.6) 1.52 .
W250x49 |[(W10X33) |[TA-WAA |371 (83.4) | 509 (114.4) 0.73 ‘i
W310x60 |(W12X40) |[TA-WAA |378 (85.0) | 509 (114.4) 0.74 i
W360x91 |(W14Xx61) [TA-WAA |401 | (90.2)[{509 | (114.4)| o0.79|
W250x49 | (W10X33) [TA-R-W | 201 (45.1) | 327 (73.6) 0.61
W310x60 |(W12X40) |[TA-R-W |227 (51.1) | 327 (73.6) 0.69
W360x91 [(W14X61) |TA-R-W | 201 (45.1) | 327 (73.6) 0.61
W360x91 [(w14X61) |TA-FLA |[258 (67.9) | 246 55.2 1.05

NA = No erection angle installed

TA = Top angle installed

R = Weld return of 13 mm (1/2 in.) on seat

WAA = Weld across both top and bottom of seat

w = Beam welded to seat in addition to erection bolts

FLA = Connection attached to flange rather than web

Pean = Test failure load, kN (kips)

Pur = Unfactored ultimate design load, kN (kips)

Note: 1. All welds are 6.4 mm (1/4 in.) E70 fillet welds except for

W360x91 (W14x61) TA-FLA, which was 4.8 mm (3/16 in.)
fillet.
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Figure 2. Shear Failure of Welds

top flange of the beam and column web, as is recommended in the Manual of
Steel Construction (1993). Again, the mode of failure for these connections was
weld shear. Large rotations of the column web were evident during the testing
These large rotations, which exceeded the end rotation of the beam, are a cause
of beam web crippling and yielding. Figure 3 shows the amount of rotation of the
seat during a test.

It was noted from the initial six tests that the weld failure began at the corners of
the seat nearest the column flange. It was assumed that this was because of a
stress concentration due to a shear lag effect. This effect would be caused by the
force in the seat plate and weld "migrating” towards the stiffer column flanges.
Based on this observation, some specimens had a weld return of 13 mm (1/2 in.)
placed around the corner of the seat plate.

The third series of tests had the beam again bolted to the seat, and a top angle in
stalled, but with the addition of the weld returns. The mode of failure for this
series of tests was again weld shear, but at a higher load than the second series,
indicating that the return did, in fact, help with this stress concentration due to
shear lag. Test W14X61 TA-R had strain gages installed on the seat, which con
firmed the stress gradient in the seat, with a high concentration at the corners of
the seat. d
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Figure 3. Rotation of Seat and Web Under Load

In the previous nine tests, the weld failed before the yield line mechanism could
proceed to failure. Evidence of the mechanism beginning to develop was shown
by the flaked whitewash in the regions where yielding was predicted to develop.
The fourth series of tests had the weld on the seat carried fully around the seat,
hoping to provide enough weld strength to allow the yield line mechanism to fully
develop to failure. The mode of failure for this series of tests was tearing of the
column web at a greatly reduced load. The column web was too thin to fully
develop the welds and it tore prematurely, at a load below that predicted by the
weld strength or yield line criteria.

The fifth series of tests had the beams bolted and welded to the seat with 51 mm
(2 in.) of 3.2 mm (1/8 in.) fillet weld. As with previous tests, a welded top angle
was installed. The failure loads with the beam welded to the seat were lower than
those with only erection bolts installed. It was probably because the welds
increased the effective eccentricity on the connection welds to the column, there-
by increasing the stress in the welds, causing premature failure

The last test was a seat welded to the flange of a W360x91 (W14x61) column
with 4.8 mm (3/16 in.) E7013 fillet welds. The beam was bolted to the seat, and
a welded top angle was installed. This connection failed at a load slightly higher
than predicted by the present design method, thereby verifying it and providing a
good baseline by which to judge the web connections.

g L
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A connection should be judged satisfactory if P.., /P, is greater than 1.0. Looking
at Table 1, the first three series of tests meet this criteria. While the weld return
~ did increase the strength of the connection, it is judged not necessary because
connections without the weld return performed satisfactorily when compared to
| those with weld returns, and could in fact, cause erection clearance problems.

The fourth and fifth series of tests did not meet this criteria. Therefore, welding
all around the seat is seen to be counterproductive. Welding the beam to the seat,
should also not be done. This welding is seen to be redundant, since the erection
bolts must be installed initially to properly place the beam.

5. CONNECTION LIMIT STATE CRITERIA

Laboratory testing indicates that two modes of failure need to be considered: con-
nection weld strength and web vyielding. Additionally, web crippling and web
yielding of the supported beam must be considered.

5.1 Weld Strength

The load tables in both the LRFD and ASD Manual of Steel Construction [4,5] are
based on weld stress with the load located at an eccentricity of 0.8 times the out-
standing leg of the connection. How is the eccentricity affected by the location
of the connection? When the connection is on a column flange, the connection
will be less prone to rotate than the beam, thereby increasing the effective
eccentricity. Because of this, the assumption of 0.8 W is probably reasonable and
safe. But when the connection is on the web, the web may rotate more than the
beam, thereby decreasing the eccentricity, reducing to some extent the theoretical
weld stress. Since the allowable load for weld stress is a combination of shear
and tension due to eccentricity, varying the eccentricity does not make a drastic
difference in the allowable capacity.

But as noted in test W14X61 TA-R, the stress in the seat plate is decidedly non-
uniform, due to the previously discussed shear lag effect. Therefore, the weld
stress at the outside corners of the seat plate is magnified, where initial failure
begins. These two actions of shear lag and decreased effective eccentricity tend
to counterbalance themselves, rendering the existing weld tables somewhat con-
servative.

5.2 Column Web Yielding

The yield line model used by Abolitz and Warner 1965, when properly modified,
provides a convenient solution. The actual eccentricity of the load is the most
sensitive variable in this method. The allowable load from a yield line analysis of
the web is based only on the applied moment on the web, and is therefore directly
related to the eccentricity of the load.
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Because of previously noted reduction in eccentricity of the load, the design
eccentricity should be considered as the distance from the column web face to the
center of the bearing area of the beam. The beam bearing area for the beam end
should be considered to be between the end of the beam and the center of the
seat erection bolts. This assumption is based on the observed fact that the
eccentricity of load in all test specimens moved toward the column face and
rapidly decreased to approximately this value.

It is important to consider what stress value to use in the yield line analysis. It has
been noted by many researchers that the ultimate capacity of a plate is far in
excess of the yield strength. Packer and Bruno (1986) have suggested the
following effective yield stress, which seems reasonable:

F* = F, + 2/3(F,-F, (2)

This value considers the contribution of strain hardening to the ultimate strength,
as caused by the extensive rotations of the web along the observed yield line
pattern.

6. PHASE Il TESTS

After reviewing the results of Phases | and Il, the AISC Research Committee felt
there were a few other variables that needed to be explored. Six more tests were
conducted, some with the seat extending beyond the stiffener and one with a
much longer stiffener than had previously been tested. Since one of the concerns
was excessive seat rotation in the web, it was felt that a longer stiffener would
reduce this rotation. However, in the test, the stiffener buckled at around 3/4 of
the ultimate load (See Figure 4). A list of the Phase lll test specimens is shown in
Table 2. All seats were attached to W14x61 columns. An additional effort in Phase
Ill was to strain gage the web of the loading beam to see if some knowledge could
be obtained about the migration of the resultant load point, or eccentricity.

The results of these tests are shown in Table 3. It was found that the test speci-
mens had been over-welded. Instead of the 6.4 mm (1/4 in.) welds specified on
the drawings, the actual welds were actually 7.9 mm (5/16 in.) to 9.5 mm (3/8 in.)
in size. The calculated capacities in Table 3 reflect the actual weld size.

CONCLUSIONS

It is evident from laboratory testing of stiffened seat connections on column webs
that the existing design criteria for stiffened seat connections to column flanges
needs to be expanded to consider column web bending capacity and beam-column
action to ensure proper performance. However, the AISC procedure for calcu-

lating the capacity of a stiffened seat attached to the flange of a standard rolled
W-shape can with a few minor exceptions, be safely used when the seat is




Stiffened Seated Connections on Column Webs 187

attached to the web. This has been added to the tables in the 1993 LRFD Manual,
Volume Il. If a "beam" type section is being used as a column, one must check
the web using an analysis similar to the yield line analysis presented herein.

It should be noted that the laboratory studies demonstrated that the column web
possesses capacity in excess of that predicted from any previous analytical study.

This is due to membrane stresses induced in the web due to large deflections, and
increased material strength due to strain hardening.
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Figure 4. Stiffener Buckling
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Table 2. Seat Dimensions for Phase Three Tests

Bs o : w -
3.50" B 550"
T s me—— = 3 et =S %
]"S
L — T
Test % L, w'
mm. (in.) mm. (in.) mm. (in.)
1 9.5 (3/8) 203 (8) W
2 9.5 (3/8) 406 (16) w
3 9.5 (3/8) 203 (8) 178 (7)
4 12.7 (1/2) 203 (8) 178 (7)
5 19.0 (3/4) 203 (8) 178 (7)
6 9.5 (3/8) 203 (8) W
All columns are W14x61
All stiffeners are 3/8"
W is 102 mm (4 in.) for all tests
B, is 152 mm (6 in.) for all tests

Table 3. Phase Three Test Results Compared with AISC Calculated Values

Test Pra’ Peaic. Py ees/Pcac
1 592 kN 456 kN (102.6") 1.30
(133.1%**
2 788 kN (177.2%* | 1344 kN (302.2% 0.59
3 657 kN (147.6% 289 kN (65.0% 2,27
4 661 kN (148.7% 289 kN (65.0%) 2.29
5 812 kN (182.5%) 289 kN (65.0") 2.81
6 742 kN (166.9%) [ 456 kN (102.6% 1.63

* Stiffener buckled at 578 kN (130

** No top angle used.

P = Failure load from tests.

P = (Calculated weld failure load according to AISC procedure.
actual values with 3/8 in. x 5/16 in. welds:
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PARTIAL FIXITY FROM SIMPLE BEAM CONNECTIONS

Socrates A. loannides, Ph.D., S.E'

4 Abstract

The minimum connection stiffness required to produce a desirable reduction (say 20%) in
the simple beam deflection is presented. New methodology, “the Visual Semi-rigorous
Curve Fitting”, is described and utilized to formulate and solve the problem. It is shown
" that for most “standard shear connections” this amount of reduction is achievable. Three
different predictors for estimating the minimum connection stiffness required to produce
this reduction are presented and their limitations explained.

1. INTRODUCTION

Serviceability design often controls the selection of steel beam sizes. In calculating
deflections for simply supported beams (with standard shear connections at the ends) the
rotational stiffness of the connections is usually ignored. Rigorous inclusion of semi-rigid
connections in the analysis requires advanced computer software and Moment-Rotation
properties which are usually not available to the average designer. |s there a simple way
of accounting for partial fixity of these types of connections (Fig. 1) to approximate the
resulting simple beam deflections? This question formed the basis for this study.

More than a decade ago, a fellow engineer (Ruddy 1984) suggested that he could design
steel beams without referring to a steel manual for section properties. He used the
following equation for allowable stress design:

Wt=M*52/d (1)

' President, Structural Affiliates International, Inc.
2424 Hillsboro Road, Nashville TN 37212; Tel (615) 269-0069
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where: M = Moment in Kip.Ft
d = Depth of beam in inches
Wit= Weight of section in Lbs/Ft.

Is There a Simple Way to

?H GAt ?$ & & dof  [soproximate the Dencction

of Simply Supported
Beams, Taking Partial
Fixity into Account ?

- - -

- - Ad -
- e
-> A, 5 ' o
_./'

Aty S S -

Figure 1: Partial Fixity of Simple Beam

This apparent oversimplification of the design process intrigued the writer and led to t_j
computer program to evaluate its accuracy at that time. Impressed with the closeness of

this approximation the writer has utilized this formula for preliminary designs ever since.
Figure 2 shows a plot of the actual divided by the predicted moment capacity of all the

sections in the AISC (1989) database.
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Figure 2: Calculated / Predicted Capacity (Wt=M*5.2/d)
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med with more appropriate computer tools such as spread sheets and charting / graph

ines the writer developed a technique for generating such approximations for various
pects of the design of steel structures. This technique, coined “Visual Semi-rigorous
Fitting" was first presented by the author at the 1995 ASCE Structures Congress
ides 1995) and will again be briefly explained throughout this paper.

original question has been reformulated to the following:

“What are the minimum connection properties that would produce at
least 20% reduction in the simple beam deflection?”

goals for this effort were thus defined as follows:

_0 Develop a simple predictor expression (similar to Wt = M * 5.2 / d) for the minimum
connection stiffness required to produce a 20% reduction in the simple beam
deflection.

Utilize simple Visual Semi-Rigorous Curve-Fitting.
2. BACKGROUND AND DEVELOPMENT

A method for predicting the amount of deflection reduction when semirigid connections
h known stiffness are utilized has been developed by Geschwindner (1991). The
ing equation is:
D_m i 4
D 5-Qu+1)

(2)

Connection Stiffness

(EWL) /n

Simple Beam Deflection

= Reduction of Simple Beam Deflection

ooOoE 3

The variation of D_,/D with respect to the stiffness ratio (u) is graphically depicted in
Figure 3.
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Varistion of D_m/D with Stifiness Ratlo
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Figure 3: Variation of Reduced Deflection Ratio with Stiffness ratio

The end rotation of a simply supported beam under uniformly distributed load is given by

the following equation:
_wi? or ML (3)
§ 24El  3EI

Assume L/d = BOO/, (AISC max.) then

800d

L=—+ (4)
A
Also, M=Sf, and ;=s-£ (5)

Further, assume the allowable bending stress is:

fy =061, 6)

Substituting equations (4), (5) and (6) into equation (3)

S-(O-ﬁfy)-a?,ﬂ
0 = ; =0,011 rad (7)
3:29000-5-2
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In the forgoing development all symbols represent the standard AISC definitions.

A typical moment-rotation curve is shown in Figure 4 superimposed with the beam line
which shows the simple beam rotation of 0.011 radians and a fixed moment of WL/12. The
connection stiffness “n” is defined as the secant stiffness of the moment-rotation curve at
the intercept with the beam line. For further development, assume that the rotation at this
point (8,) is approximately equal to 0.01 radians.

A
WL/12 —
/[
’ Connection M- 9
7
E 7|\ o~ Beam Line
/
/
S -
0, ©9,=0011
Figure 4: Typical Moment-Rotation Curve
100 000 p— -
End
- Plates
m—— —— Top -
and
Header Bottom

Double
5,000 Angies Fiates e

Shear

~ Plates il S
m e - =

Figure 5. Typical Connection Stiffness (K.Ft./rad) @ 0.01 rad)
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Non-availability of moment-rotation curves still remains the major hurdle in the utiliza
of semi-rigid connections by designers. loannides (1978) presented resuits for end pk
connections and Goverdhan (1983) presented a compilation of all available tests at th
time as well as simple predictor equations for different types of connections. '
connections varied from the most flexible (double angles) to the most rigid (end plat

A visual scan of the reported results resulted in the range of stiffness at a rotation of 0
radians indicated in Figure 5. As may be seen it is not difficult to achieve a stiffnes
5,000 K.Ft./rad. by almost any type of connection. Does this minimum stiffness produe
20% reduction in the simple beam deflection?

3. PROCEDURE

3.1. Visual Semi-rigorous Curve Fitting

This method (loannides, 1995) is a simple curve fitting technique that relies on visually"
matching the exact results from a design procedure to a predictor equation. The X-axis of
the chart is composed of the sizes of the sections in the data base. The Y-axis represents
the calculated values. Components of the predictor equation are selected by comparing
the resulting shape of the exact solution to the shape of certain properties of the sections
included in the data base, such as weight, depth, flange width etc. The property whg
shape most closely matches the exact solution is first included in the predictor.

The exact solution is then divided by the predictor and a new curve plotted. By visually

observing the resulting shape, different powers of the selected property may also be -
investigated in an attempt to arrive at as straight a line as possible, with a slope of zero,

The procedure is then repeated by including other section properties until the desired

accuracy is achieved. Once a “straight line with zero slope” is achieved, a final numerical
correction factor is included in the predictor such that the exact/predictor capacities values
are always less than unity.

In choosing properties to be included in the predictor equation an attempt is made to utilize
readily remembered properties such as the weight per foot, depth, flange width, etc. Also,
simplification of the resulting equation (easily remembered) is usually favored over moré
accurate complex expressions.
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. Application to this Problem

)@ above described method was used to develop simplified predictor equations for the
imum connection stiffness required to produce 20% reduction in the simple beam
on. The following assumptions were made:

f, = 36 Ksi
E = 22.2d (800d/f,)
n = 1000 to 100,000

il sections in the AISC database, and for the range of stiffness “n” defined above, the
@ss ratio “u” is calculated. D_ /D is then calculated and the results are plotted

== =1,000 == N=2,500 - N=10,000 == 1=50,000 -+ n=1,000,000
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Figure 6: D_m/D variation with “n”
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The value of “n" producing 20% réduction in simple beam deflection is also calculated and
plotted (Fig. 7).

50,000

45,000
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<
4

v
0 ‘
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Figure 7: Value of “n" Producing 20% Reduction in Simple Beam Deflection

The shape of the resulting curve in Figure 7 is visually examined and compared to similar
curves plotted for the different properties of the database sections (these have not been
included here for brevity). The final predictor equation, chosen after several iterations of
the Visual Semi-rigorous Curve Fitting algorithm, is:

n = 3*Wt*d (8)

Figure 8 shows the comparison of predicted vs. actual connection stiffness required to
produce 20% reduction in the simple span moment. As may be seen, despite its simplicity,
the predictor approximates the exact results to within approximately 20%. Furthermore
since the independent variables are the weight per foot and the depth of the section
(parameters always known), the minimum connection stiffness required to produce 20%
reduction in the simple beam deflection can easily be calculated.
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[3*Wt*d]/Value of "n" producing D-m/D = 0.2

Te3c8LciCeCiUB EelgsUcRsz528
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Figure 8: Predicted Vs Calculated “n”

4. RESULTS

'observing Figure 6 it can be deduced that 20% reduction in the simple beam deflection
an be achieved for the following conditions:

For all sections in the database if connection stiffness “n” is greater than 50,000
K.Ft/rad. Although this is a very simple predictor it is too restrictive. Furthermore,
the shapes that require the highest connection stiffness are the heaviest of the
W14's (usually column shapes) and the heaviest of the W36's.

For sections that weigh 70 Lbs./Ft. or less “n" must be at least 3,000 K.Ft./rad. As
may be seen from Figure 5, this is the average stiffness of the most flexible type of
shear connection.

he two predictors above may be used where applicable. If more accuracy is required,
hen the predictor equation (Equation 8) may be used to calculate the minimum stiffness
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5. “CONCLUSIONS

The “Visual Semi-rigorous Curve Fitting" technique has been explained and demonstrated
for the specific problem at hand. Three different predictors (from the simplest, most
restrictive to the still simple, but more encompassing) have been presented for the
minimum connection stiffness required to produce 20% reduction in the simple beam
deflection. The methodology and development presented can be utilized to reformulate
the problem for any reduction in the simple beam deflection. Use of readily available
computer software, in conjunction with this methodology and engineering judgement, can
produce simple solutions to difficult engineering problems.
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ESTIMATES OF DUCTILITY REQUIREMENTS
FOR
SIMPLE SHEAR CONNECTIONS
W. A. Thornton'

Abstract

Simple Shear Connections must often be designed to accommodate some
xial forces in addition to shear. These axial forces can be code required tying or
bustness forces, or actual calculated forces. These axial forces tend to make
ar connections less flexible to simple beam end rotation. This paper develops
as which can be used to determine if this reduced flexibility will lead to
essive fracture of the connection.

I. INTRODUCTION

As its name implies, a simple shear connection is intended to transfer shear load

it of a beam while allowing the beam end to rotate without significant restraint.
he most common simple shear connections are the double clip, Fig. 1, the shear
d plate, Fig. 2, and the tee, Fig. 3. This paper will deal with the ductility
rements for these connections.

2. GENERAL

nder shear load, these connections are flexible regarding simple beam end
ptation because there is an element of the connection which while remaining stiff
p shear has little restraint to motion perpendicular to its plane. This is an angle
ig for the double clips, a plate for the shear end plate, and the tee flange for the
tee connection. There are shown in Figs. 1-3 where the thickness f and the leg
width b are the fundamental variables. When these connections are subjected to
axial loads, either calculated or from code required "robustness”, considerations,
important limit states are angle leg bending and prying action. These tend to
ire the thickness t to increase or the leg width b decrease, or both, and these
rements compromise the connection's ability to remain flexible to simple
m end rotation. This lack of connection flexibility causes a tensile load on the
ipper bolts (field bolts for the double clips and shear end plate, shop bolts for the
ge) or the upper part of the welds. This tensile load could lead to fracture of the
s or welds and to a progressive failure of the connection and the resulting
apse of the beam. To the author's knowledge, there has never been a reported
e of this type, but is perceived to be possible.

Engineer, Cives Steel Company, Roswell, Georgia, U.S.A.
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Fig.1. Geometry of double angles (shop bolted down).
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Fig.2. Shear end plate connection.
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Fig.3. Tee shear connections.
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3. THEORY

As the beam end rotates under gravity loads a moment will be induced by the
fness of the angle leg, end plate, or tee flange. Based on yield line theory, a

rmula for the maximum possible moment that can be induced by the connection

s been gwen by Thornton (1995) as

L3 [bl ]
M -—F— —+2 1
"2 o \D

where F, is the material yield strength and the remaining parameters are defined in

s. 1 - 3. Data are available test the efficacy of this formula from Lewitt,

sson, and Munse (1969) for double angles and from Astaneh and Nader

B8, 1989) for tees. Table 1 compares the moment calculated from Eq. 1 with
the experimental moments obtained by Lewitt, et al, at a simple beam end rotation
# of 0.03 radian. This rotation is chosen as the maximum a beam end connection
ed be subjected to because it exceeds the beam end rotation for most beams

n a plastic hinge forms at the center. Table 1 shows that Eq. 1 provides an
sllent estimate for the beam end moment induced by the connection. Eq. 1
provides a fairly tight upper bound to the experimental results, and so provides a

afe estimate of the maximum connection induced moment. Table 2 compares the
: ant of Eq. 1 with the experimental moments for tee connections obtained by
Astaneh and Nader. Here, the experimental moments are given for rotations of
10.03 radian and 0.07 radian (except test No. 4, which is given at 0.06 radian).
apt for test No. 1, Eq. 1 is seen to overestimate the induced moment at 0.03
radian. Eq. 1 also generally over-estimates the moment at the very large rotation
of 0.07 radian. Thus it can be said that Eq. 1 is not a tight upper bound to the
experimental data, and therefore will yield very safe estimates for the maximum
nection induced couple.

Uling Eq. 1, the following requirements can be derived (Thornton, 1995) for the
minimum weld and bolt sizes to resist progressive failure by fracture:
For the bolts subjected to tension due to connection rigidity

ELR ’n +2 9
2= F,, b

and for the welds

?_ﬂyy ¢
8 Fue b

—(n*+2) 3
In the above expressions

dme = mMin. bolt diameter

F, = material yield strength

F,. = bolt tensile strength adjusted to gross area
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Table 1 Theoretical and Experimertal Connection Couples
(Bolted and Riveted Double Angles)

___ Angle Properties Theoretical M Experimental M
Specimen E, - & L p'" n_ S e
ksi. in. in. in. b/L Eq. 1 k-in. @0.03 Radian
k/in. k-in.
FK-3 39.3 0354 8/, 1771 0.2084 2.841 205 170
FK-4AB  39.3 0.354 11'/, 1.708 0.1486 2.915 385 330
FK-4P 39.3 0.354 11", 1.708 0.1486 2.915 385 330
WK-4 39.3 0354 11', 1.708 0.1486 2.915 385 320
FK-4AB-M 416 0.376 11'/, 1.6875 0.1467 3.504 463 370
FB-4 38.8 0371 11/, 1.8166 0.1580 2.9767 394 330
FB-4A 388 0371 11/, 1.8165 0.1580 2.9767 394 3307
FK-5 388 0443 14/, 16195 0.1117 44872 943 810
WB-10AB 40.1 0.440 29'/, 1.7475 0.0592 4.4503 3873 3,500

" b= (8"/,t, [beam))/2-k

o Slip betweeen clip angles and beam web not included
" Extrapolated from Fig. B35 of Lewitt, Chesson and Munse
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F. = weld tensile strength

n = b/l

p = bolt pitch

L = length of connection (see Figs. 1 -3)

b = bending length (see Figs. 1-3)

Wrin = mMin. weld leg size

t = thickness of angle leg, tee flange, or load plate.

‘Note that Eqs. 2 and 3 are valid in all unit systems and for both allowable stress
design (ASD) and ultimate strength or limit states design (LRFD).

4. APPLICATIONS

‘In US customary units, Egs. 2 and 3 become, for ASTM A36 connection material,
'A325 bolts, E70 electrodes, and p = 3 inches:

n+2

d . 20978t
min

2
Wi 2 0557 F(“: +2)

‘4.1 Double Angles

'Eq. 4 can be used to develop Table 3 which gives minimum angle thicknesses and
‘bolt diameters. Table 3 can be seen to validate a long standing (since 1970)
American Institute of Steel Construction (AISC 1970, 1994) recommendation that
for double clip angle framing connections, the angle thickness should not exceed
.5/8 inch for the usual gages and bolt sizes.

4.2 Tee and Shear End Plate Connections

‘Tables similar to Table 3 for double angles can be developed for these
connections.

- 5. Conclusion

Formulas have been presented which can be used to determine if a simple shear
" connection is sufficiently flexible to preclude over loading the less ductile elements
of the connections, i.e., the field bolts of Figs. 1 and 2, and the shop boits or shop

Ids of Fig. 3. It was noted above that these formulas are valid for all design
ods. It should also be recognized that these formulas provide a test criterion
" against which a connection can be checked for ductility. They do not provide a

design of a connection for specific applied loads. Connection design would be

rmed in the usual manner for specified shears and axial forces.
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Table 2 Theoretical and Experimental Values of Connection Couple
(Shop Welded WT)

Theoretical M Expernimental M

Test  Section L t by K, g {Eg.2) (Astaneh & Nader)]

No. in. n. n in. in. F,=44.77 @0~ .03@0 - .07
k-in. k-in. k-in

1 WTidx7.5 8.5 0.315 400 12 1.5 217 1807y 223

2 WT7x19 145 0.5616 6.77 58 2.76 921 300 533

3 WT7x19 8.5 0.516 6.77 5/8 2.76 327 110 218

4 WT4x7.5 14.5 0.315 400 1/2 1.5 626 370" 413"

‘ WTax20 14.5 0.56 8.07 &/8 3.4 890 260" 479"

6 WT4x20 8.5 0.56 8.07 ©5/8 3.41 321 50 227

7 WT7x19% 14.5 0.516 6.77 12" 2.89 881 290" 683

8 WT4x20” 8.5 0.56 8.07 127 353 312 30" 298

9 WT4x20™ 14.5 0.56 807 17™ 3863 861 440" 748

: b= by/2-ky

2 With stem replaced with 1/2 A36 plate, 1/4 fillet welds
ky=1i4+1/4=1/2

‘ Estimated from Fig. 4.5 of Astanenh & Nader (1988) or Fig. 11 of Astaneh & Nader (1989).
47.9 in onginal. Data assumed corrupt

¥ Value is tor 0.06 radian

Table 3

Estimated Minimum Angle Gages (GOL) for A36 Angles and A325 Bolts for
Rotational Flexibility

ANGLE —Minimum Gage of Angle (GOL)*
THK{:&&:ESS 3 in. dia. bolt 74 in. dia. bolt 1.in. dia. bolt
(in.) {in.) (in.)
38 1% 14 s
12 1 }H 155 1 ‘?
58 212 213 1}3
14 314 2”1-! 25"’
1 6 4515 3‘-?

"Driving clearances may control minimum GOL. GOL is defined in Fig. 1
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PLASTIC DESIGN OF SEMI-RIGID FRAMES

Roberto T. Leon'

Jerod J. Hoffman?

Abstract

hecks for ultimate strength of frames with partially restrained connections require that
he inear connection characteristics and the P-A effects be appropriately modelled.
complexity is unwarranted for preliminary design but few alternatives exist. In this

jper an alternate approach, utilizing a second-order plastic analysis method called the
anism curve (Horne and Morris, 1982), is described. This approach results in a
wple and reliable estimation of the collapse capacity of the frame. It was found that this
jimate capacity seldom controls since limitations of drift at service loads results in

png, stiff structures that provide an adequate safety margin against stability failures.

1. INTRODUCTION

8 U.S.A. the widespread use of frames with partially restrained (PR) connections has
‘@ways been hampered by the perceived complexity of the analyses required and by the
onerous provisions imposed on the design engineer by current codes (AISC, 1994).
Amongst the latter are the general requirements that the engineer demonstrate both that

@ connection is capable of providing some minimum proportion of fixed end restraint
d that the non-linear moment-rotation (M-8) characteristics of the connection be taken
into account in the analysis. Even if the designer were able to surmount these obstacles,
he/she often finds that the remaining, more prescriptive clauses of the specifications do
not provide any guidance on how to handle the effects of PR connections on issues such
s stability or serviceability calculations. The net result is that in the United States, aimost
ity years after their introduction into the specifications, only a handful of design firms
ve developed the in-house capability to analyze and design PR frames.

' Professor, School of Civil and Environmental Engineering, Georgia Institute of
Technology, Atlanta, GA 30332.

2 Structural Engineer, Meyer, Borgman and Johnson, Inc., Minneapolis, MN.
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However, there are powerful economic ‘incentives and inherent structural behavior
advantages for promoting the use of PR frames. In both braced and unbraced frames,
PR connections can lead to substantial savings in the gravity load systems and to
improved serviceability behavior (Leon, 1994). In unbraced frames subjected to seismic
loads, the contribution of partially restrained, partial strength (PR/PS) connections can
result in increases in ductility and energy dissipation as well as lower design forces due
to period shifts (Nader and Astaneh, 1992; Leon and Shin, 1994). Perhaps the strongest
endorsement for PR frames stems from their role as a backup structural system in many
of the rigid frames damaged during the 1994 Northridge earthquake (Bertero et al., 1994).
It is clear from preliminary assessments that many of the so-called shear connections
present in these structures behaved as PR ones due to the influence of the floor slabs.
These PR connections were able to dissipate energy and control drift even after a large
number of fully rigid (FR) connections had failed. The role of PR/PS connections in
seismic design is bound to increase as our understanding of these failures improves
since the need to limit the strength and ductility demand on columns seems clear.

The design of PR braced frames is straight forward (Leon and Ammerman, 1990). The
design of PR unbraced frames, on the other hand, presents very challenging obstacles,
ranging from the level of analysis required to the detailing of the connections themselves.
Recently the authors have proposed a two-level design approach for PR unbraced frames
(Hoffman, 1994). The first level, to be used for all serviceability checks and for ultimate
strength under wind loads, involves analysis utilizing linear springs with a reduced secant
stiffness. The second level, to be used for ultimate strength checks under seismic loads,
involves a preliminary plastic analysis approach followed by a more exact final analysis.
The latter can range from a push-over analysis for simple, regular structures to a
complete inelastic, second-order analysis for critical, irregular structures.

The reader should recognize that under the new, unified seismic design provisions that
will be enforced in the U.S. by 1998 (ASCE, 1993; NEHRP, 1994) vast parts of the U.S.
will require a minimum level of seismic design and detailing even for buildings whose
overall design is controlled by wind or other lateral forces. Thus PR frames can make
significant inroads into practice if design methodologies are available to structural
engineers once these provisions are enforced. This paper will discuss one such
methodology, a two-level approach for design of PR/PS frames. The first level will be
discussed briefly in the next section, but the paper will concentrate on the plastic designs
aspects of the second level. In keeping with the senior author's biases, the approach
assumes the use of unbraced frames, unshored composite construction, and design at
ultimate governed by seismic loading.

2. PRELIMINARY DESIGN

In the context of this paper, the purpose of a preliminary design is to provide a complete
set of beam, girder, column and connection sizes from which a more rigorous analysis
and design of the frame can proceed. For the case of regular frames (equal bays and
equal story heights) the preliminary design procedure proposed here will result in element
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sizes very close to optimal and thus minimize design iterations.

In the preliminary design the size of the steel beams and girders will be fixed by the

strength required during construction since unshored erection is assumed. These

sections will provide more than ample capacity to resist the design live loads once the
- composite action and continuity provided by the connections are achieved. In fact for
many of the beams and girders only partial composite action will be required. However,
it is recommended that enough studs for full composite action be provided in all girders
and that no less than 50% composite action be used in the beams in order to reduce
hysteretic degradation under cyclic loads.

The column sizes and stiffness of the connections will be dictated by the need to limit the
drift under wind loads. Although no specific limits are given by American codes, most
designers assume a maximum story drift of 0.25% (h/400) for preliminary design
purposes. For the case of PR frames, the story drift can be computed as:

V,[ hi 1 : | " 12 E ) (1,
12 E E“ 2K, b

c. 4

where, V, is the story shear for story i, h, is the story height for story i, E is the modulus
of elasticity, K, is the product of I,/L for each girder at level i, K, |stheproductof
I,/h for each column at level i, K., sthe stiffness for each connection at level i,

the bay length, and |, and |, are the inertias of the columns and girders respectively.

This formula is a straight forward modification of the one commonly used for rigid
unbraced frames. Previous studies have shown that for composite girders under lateral
loads an equivalent girder stiffness (I, ,;) can be used instead of |, in Equation (1). This
equivalent stiffness can be approximated by:

Lo las ™ 0:6 Loy + 0.4 T (2)

Maeralwlstheinuﬁaofthasteelboamptusslabstaelandl is the inertia of the
composite section. Values of |, and |, for common sections can be found tabulated
in many design manuals. In general it should be assumed in calculating |, that the
effective width of the slab is only about 2 m (80 in.) since it is difficult to activate bars
farther away at low levels of drift.

Equation (1) indicates that the additional flexibility provided by the connections in a PR
frame needs to be compensated by engaging more frames in resisting the lateral loads.
In fact, in PR frames the intention should be that all frames in the structure participate in
resisting lateral loads since the additional redundancy and lack of leaner columns results
in a safer system. The only alternative, if the same number of frames is used in a PR
frame as in the prototype FR one, is to use larger girders and/or columns to compensate
for the additional connection flexibility. From the structural and economic standpoint this
alternative is unreasonable.
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Activating all the frames in the system is not as uneconomical as it would seem at a first
look for two reasons. First, the composite connections envisioned for use as PR/PS ones
only require some additional slab steel and do not necessitate any special detailing or
quality control as fully welded FR connections would (Leon, 1994). Thus the total cost
of the PR connections is probably lower that of a few, expensive FR ones. Second, the
composite action of the floor system significantly increases the stiffness of the girders,
resulting in a decrease of the lateral drift.

For preliminary design it is recommended that the three components of deflection (beam,
columns, and connections) contribute similar amounts to the overall drift. However, since
the girder sizes have already been determined by the construction loads, their
contribution to drift (the first term in parenthesis in Equation (1)) can be calculated. If the
girders’ contribution to the story drift is less than A/3, the difference should be spiit
between columns and connections. If the girder drift contribution is more than A/3, then
their size should be increased so that the drift components are balanced. From Equation
(1) and assuming that the columns will take a certain proportion of the total A and
knowing the story height, the required column size can be calculated easily.

The remaining portion of A has to be taken by the connections. It is assumed that a M-8
relationship for the PR/PS connections is available (Leon, 1994). It is recommended that
the connection stiffness be calculated as the secant stiffness at a nominal rotation of
0.002 radians. This is a conservative assumption since actual rotations of the
connections at service loads seldom exceed 0.0015 radians. From this connection
stiffness and the variables in the M-8 equations the detailing of the connections can
proceed.

3. PLASTIC ANALYSIS

Once the preliminary sizes for a frame have been established and drift criteria at service
level satisfied, it is necessary to determine the ultimate strength of the frame. The
ultimate strength is generally controlled by a set of equivalent lateral loads that simulate
the seismic or wind action actions. If the wind forces govern, then an analysis for the
factored loads utilizing linear springs as described above should be carried out. The
connection rotations should be carefully checked to insure that they have not exceeded
the rotations assumed in computing the secant stifiness. In addition a minimum level of
seismic detailing should be provided depending on the importance of the structure and
the PGA specified for the site. For composite PR frames governed by seismic actions,
the elastic seismic forces are reduced by a factor (R) equal to 6 while the elastic drifts are
increased by 5.5 to account for inelastic action and damping (NEHRP, 1994).

For the ultimate strength case it is necessary to account in the analysis for the non-
linearity of the connections and the second-order effects (stability). The latter are
perceived as particularly important for PR frames because of the additional flexibility
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‘provided at the connections. The analysis required is not trivial since even for the
equivalent lateral loads used in preliminary design a non-linear analysis program that
_accounts for leaner column effects would be required. Even if a program were available

and it contained advanced pre- and post-processors, the checking of the input and output

is time consuming and only gross errors are usually spotted. In addition, any redesign
- would require substantial additional design time.

. In order to bypass the complications described above, it was decided that a second-order

. plastic analysis approach should be explored. Plastic analysis can easily account for

| semi-rigid connections if care is exercised in estimating the deflections at collapse (Neal,

| 1956). From a first-order plastic analysis the collapse load factor (1) for a PR/PS frame
assuming a sidesway mechanism (Fig. 1) is given by:

Iy,

v hinges
A, = _E_ni_P, B, (3)

E'Mhi.nvu = (N+1) M, o + ((N-1)9S) (Mp, conn *+ Mp, conn) inte

; _ (4)
+ (S) (Mpm " Hp.con.n) exte

nd N is the number of bays, S is the number of stories, P, and H, are the concentrated
gteral loads and heights at each story, the superscripts "+" and "-" refer to the capacity
In positive and negative bending, and the subscripts "inte" and "exte" refer to the exterior
and interior connections.

"The second-order effects need to be included, since the rigid-plastic collapse load factor

§ Bkely to substantially overestimate the actual collapse load (Fig. 2(a)). After

yestigating several possibilities, the mechanism curve method proposed by Horne and
fis was selected (Horme and Morris, 1973, 1982).

eonn(aa) Wﬂﬂlﬁl up connint) Mp conn{ext)
i
H
|

Figure 1 - Sidesway mechanism.
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In this method the influence of the axial loads (Fig. 2(b)) results in a collapse load
A, which is a function of the rigid plastic collapse load (4,) and the ratio of the
displacement at collapse (4,) to the displacement at a load factor of one (4,). From
2(a), this ratio (S,) is given by:

A, A, A, \
B P s Spdp (5)
Load
Faclor, & // First Order Linear Elastic
A
First Order Rigid Plastic
™
Second Order Rigid Plastic
*Mechanism Curve”
A
J L
1
True Behavior
8
3 L9(§EE?+)
Ay Ag A, Lateral Displacement, A
(a) Frame behavior (b) P-A

Figure 2 - Mechanism-curve method.
For proportional loading this leads to a collapse load factor, A,, equal to (Horne and
Morris, 1982): :

Ay = A

6)

where the variables are as defined as before and in Fig. 2(b). The terms 6/¢ in the
denominator disappear when the member rotations () are equal to the plastic h
rotations (¢). For non-proportional loading, where the gravity loads are held at a load
factor of 1 while the lateral loads are increased until collapse, the collapse load factor
becomes (Hoffman, 1994):

W TIRE I 1 (-23# (7)

In essence, Equations (6) and (7) correspond to the mechanism curve shown in Fig. 2(a).
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most difficult part of this procedure is the determination of S_. For rigid frames, a
jue of S, = 2.5 has been proposed (Horne and Morris, 1973) although the studies on
vhic that value was based showed considerable scatter. For this study a frame
e originally developed by Leon and Forcier for PR frames was used (Leon and
: 1992). The database contained 27 basic three-bay frames with 4, 6 and 8
ps, three different story heights, and three ratios of beam length to column height.
behavior of these frames was tracked with a non-linear analysis program that
modelled both the non-linear moment-rotation curves and the second-order effects. The
E ses were carried out for both proportional and non-proportional loading. Based on

3se analyses, a series of S, values based on story height and number of stories were

ra

omputed (Table 1).

Number of | Story Proportional Nonproportional
Stories Height (ft) Loading Loading
12 8 10.8
4 1 7.2 g4
16 54 6.5
12 5.9 7.4
6 14 45 58
16 39 45
12 36 43
8 14 28 39
16 2 1.7

Table 1 - Values of S, (Hoffman, 1994).

9. 3 shows the percent deviation between collapse load factors given by Equations (6)
(7) using the S, given in Table 1 and the exact value of 4, for the twenty-seven
frames for the non—propoctonal loading case. This and similar scatter diagrams indicate
the for preliminary design purposes the values in Table 1 are more than accurate
! .w'
‘Calibration studies have shown that the frames in the database used were stiffer than
-_’me that would result from the design procedure described in Section 2. Thus the
s of S, given in Table 1 will overestimate the second-order effects and be very
conse ative in most cases. The values shown in Table 1 are being revised downwards
n a second phase of this study. Preliminary results indicate that the values in Table 1
“should be reduced by about 2/3 to be consistent with the design procedure proposed
he e. These studies also show that frames with 4, of 1.5 to 2.0 for the proportional
pading case and 2.5 to 3.5 for the non-proportional loading case usually resulted in
excellent performance.

. The final step in this investigation was to insure that a sidesway mechanism such as that
" shown in Fig. 1 actually controlied over any beam or combined ones. Attempts at
' deriving exact expressions for all collapse mechanisms proved fruitless given the number
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of variables involved. An extensive numerical investigation was therefore carried out using
a prototype six-story, three-bay frame (Hoffman, 1994). The variables involved ed
four load levels (moderate wind, high winds, low seismic, high seismic), the loading
sequence (proportional and non-proportional), the ratios of lateral-to-gravity and dead-to-
live loads, the ratio of beam and column strength to connection strength, and the ratio
of composite to non-composite beam strength.

40

Oy S :__!_._'.."_._......._..._._
=x% - = =
= =
404
= =
- 5 10 15 20 25 0
Frame

Figure 3 - Accuracy of proposed method (non-proportional).

Figure 4 shows a typical result of these studies for the case of proportional loading. The
story heights for this case are 4.3 m, the bay lengths are 9.6 m, the dead load is 4
kN/m?, , the ratio of LL to DL is 0.75, the ratio of composite to non-composite beam
strength (a variable labelled «) is 1.9, and the ratio of the connection strength to the steel
beam M, (labelled B) is 0.75. For this frames it was also assumed that three beams
frame into each girder. This variable needs to be set so that collapse mechanisms
associated with gravity loads and combined mechanisms can be studied.

In Fig. 4 the values of the load factor (4,) are plotted as a function of the ratio of lateral-
to-gravity load for the different possible mechanisms: sway (Sway-RP = rigid plastic; and
Sway-SO = second order), combinations (Comb1-RP = rigid plastic with hinges at a
connection and at the third point of the girder; Comb2 = rigid plastic with hinges at a
connection and at midspan; and Comb-SO = governing combination for second-order
effects) and beam mechanism (Beam).

The influence of second order effects on the sway mechanism is clear, since the Sway-
SO case governs for ratios of lateral-to-gravity loads greater than about 0.05, while the
Sway-RP case never governs. Care should be taken in interpreting these graphs since
the large difference between A, (Sway-SO) and A, (Sway-RP) arises because of the
difference in initial gravity load. Fig. 5 illustrates this difference schematically: for low
ratios of lateral-to-gravity loads the shaded area, which corresponds to the work done by
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effects, is very large because the gravity loads dominate (Fig. 5(a)). Since the
| case does not account for the second order effects, the resulting first-order
. collapse load factor is unduly large with respect to A, for low values of lateral-to-gravity
! . As the ratio of lateral to gravity loads increases, the role of the gravity loads
(Fig. 5(b)) and the difference between 4, and A, decreases.

Sway-RP

¥ i
\ Y
8 Sway-SO
i \ Comb1-AP
s y
h -
4
3 e

861 003 005 007 009 011 013 015
Lat/Grav

Figure 4 - Collapse load factors for proportional loading.

() = P- Aeffects

=2

-

A

(a) Low Lateral Load (b) High Lateral Load
Figure § - Effect of P-A on A,.

For the four loading cases considered the ratio of lateral-to-gravity load ranged from
bout 0.04 for the moderate wind (suburban setting with winds of 130 kph) and low
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earthquake (PGA of 0.1g on good soil) to about 0.14 for the high wind (open terrain wil
winds of 200 kph) and high seismic cases (PGA of 0.4g with good soils). As can be see
from Fig. 4, the combined mechanisms never govern and are relatively insensitive
variations in lateral-to-gravity load ratios. On the other hand, beam mechanisms -
if the ratio of lateral-to-gravity load is less than about 0.05. Thus beam mechanisms
should be checked carefully if proportional loading is considered the governing case and
low lateral loads are present.

Figure 6 shows a plot similar to that of Fig. 4 except that it corresponds to the non-
proportional load case. The beam mechanism is missing from this graph because the
gravity loads were held constant and thus no beam mechanisms could form. As
expected and in sharp contrast to the results shown in Fig. 4, all mechanisms show large
increases in the collapse load factor as the initial ratio of lateral-to-gravity loads
decreases.

Load Factor

T T T T r
8.0! 003 005 007 009 011 013 015
Lat/Grav

Figure 6 - Collapse load factors for non-proportional loading.

In both Figs. 4 and 6 the sway mechanism postulated in developing the preliminary
design approach governs. This is not always the case. Fig. 7 shown a plot of what the
maximum ratios of composite to non-composite beam strength («) would be required for
a combined mechanism to govern for various ratios of dead-to-live loads. These are
plotted for two levels of connection strength (f = 0.8 and 1.0, where B is the ratio
between the connection strength and the plastic capacity of the steel section alone). This
figure shows that the amount of interaction, which is reflected directly in a, would have
to be very small for the combined mechanisms to govern. For LL/DL ratios greater than
1.9, a beam mechanism would govern. Extensive studies similar to those shown in Fig.
7 indicate that for all practical cases a sidesway mechanism will govern.
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(]
(¥

[Combined Controls - Effect of LL/DU
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B=08

1 1.3 1.6 1.9
LL/DL

Figure 7 - Limits for which combined mechanisms govern.

4. CONCLUSIONS

second-order plastic analysis method proposed here provides a quick and
servative approach for determining the ultimate strength of regular PR frames. This
Bthod is a straight forward extension of the work by Horne and Morris (Horne and
5, 1973). Its value lies in showing that the load factor at collapse far exceeds the
pted minimum values for frames designed according to a particular design
cedure. Thus the design of the overall frame is driven by the elastic analysis at the
vice level. Since many of the commercially available software already incorporates
hear spring elements at the ends of the beams, this brings PR design within the grasp
108t engineers. It is suggested that PR frame preliminary design be a stiffness-based
$ign, and the ultimate strength checked by the mechanism method proposed here.
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EUROCODE 4 AND DESIGN OF COMPOSITE JOINTS

David Anderson'

Abstract

As a Prestandard, Eurocode 4 gives litle guidance on the design of composite joints. The
ons for this are explained. The likely form of provisions in the forthcoming Euronorm is
ibed and background studies currently in progress are summarised.

1. INTRODUCTION

than a list of strengths for welds and fasteners. For many designers, ENV 1993-1-1 Eurocode
3 (1992) is unusual in providing a detailed method for moment-resisting beam-to-column
jpoints. This was originally restricted to fully-welded connections or those made by end plates.
lowing preparation of a revised Annex J for Eurocode 3 (1o be published 1995), the scope
jow includes joints with flange cleats.

for several reasons the drafting of the Eurocodes has proved to be a lengthy task. For
gposite structures, provisions should ideally be harmonised with those for concrete
TuCtu es and structural steelwork. For this reason, ENV 1994-1-1 Eurocode 4 (1992)
peludes a short section, clause 4.10, applicable to composite connections in braced frames for
ldings. A composite connection is defined in clause 1.4.2 as ‘a connection between a
member and any other member in which reinforcement is intended to contribute to

(a) (b)

Fig.1. (a) Moment- resisting composite joint and (b) “simple’ joint

Reader, Department of Engineering, University of Warwick, Coventry, UK

.
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An example of a moment-resisting composite joint is shown in Fig. 1(a). Those in which the
reinforcement is not continuous (Fig. 1(b)), or where only a brittle welded mesh is provided,
were, by implication, to be designed as steelwork connections to Eurocode 3.

No anempt was made in ENV 1994-1-1 to provide a complete set of design rules for
composite connections. Their behaviour had been the subject of extensive research in the
second half of the 1980s (Zandonini, 1989; Leon and Zandonini, 1992), which continues at the
present ime. However, the conclusions were judged to be not sufficiently well-established for
inclusion in an international code. Reference was made instead to the possibility of using the
detailed rules of Eurocode 3 for steel components of composite connections.,

In Eurocode 3, the provisions for connections are accompanied by a classification system
related to rotational stiffness and moment resistance. This in turn is related to classification of
the framing system as simple, continuous or semi-continuous. Elastic, rigid-plastic and elastic-
plastic methods of global analysis can be used for continuous or semi-continuous systems. At
the time of drafting ENV 1994-1-1, the determination of the stiffness of composite
connections was regarded as even more problematical than that of moment resistance.
Eurocode 4 permits substantial redistribution of moment to be made to elastic bending
moments, but the influence of connection flexibility on redistribution had not been quantified.
For these reasons, ENV 1994-1-1 does not provide application rules for frames with semi-
rigid connections. Rigid-plastic analysis of frames with partial-strength connections is
however included, provided that it has been demonstrated that the proposed connections have
sufficient rotation capacity. This capacity was not quantified.

The Eurocodes are being published initally as ‘Prestandards’ (ENVs) for ‘provisional
application’. After two years, the members of CEN (i.e. national standards bodies) are
requested to submit comments, particularly concerning whether the Prestandard can be
converted into a European Standard (EN). This enquiry has now taken place for the first parts
of Eurocodes 2, 3 and 4. It is likely that CEN will authorise conversion of these codes to EN
status, provided there are some technical revisions to the provisions of the Prestandards. For
Eurocode 4, this provides the opportunity to include detailed rules for composite joints, based
on the revised Annex J of Eurocode 3. This paper explains how these provisions are being
developed, and indicates the likely scope and contents of the new clauses.

2. CONVERSION OF EUROCODE 4 TO EN-STATUS

At the time of Eurocode 4's approval as a Prestandard, it was recognised that its provisions
should be developed during the period of provisional application. This task was to be
undertaken by Technical Committee 11 of the European Convention for Constructional
Steelwork (ECCS-TCI11). A Monitoring Group was also established under the auspices of
CEN Technical Committee 250 : Sub-committee 4, to act as a focus for enquiries and
comments on Eurocode 4 during this period. A further development was the establishment of
Project C1 on Semi-rigid Behaviour, as part of the programme for European Cooperation in
the Field of Scientific and Technical Research (COST-C1).
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three groups all have interests in composite connections, and a joint COST-C1/ECCS-
1 Drafting Group was established in 1994. The aims of the Group are:

() 1o use presemt knowledge to prepare state-of-the-art documents on the design of
composite connections,
@) 10 prepare a draft annex for inclusion in the EN version of Eurocode 4 : Part 1.1.

Following a "Declaration of Intent’ by CEN TC250 concerning availability of EN-Eurocodes
for building structures, the technical work required for conversion of Eurocode 4 is scheduled
to be completed by the end of 1996. This work has to be carried out in a manner which will
satisfy the national standard bodies that constitute the members of CEN. In guidelines for
‘conversion, it is stated that those working must “quickly achieve what is practicable™ and must
“avoid repeated attempts to incorporate last-minute research results”. The EN-Eurocodes
should not “prevent innovative or alternative designs which satisfy the established Principles”
but “Application Rules [for] novel forms of construction may be excluded”. Such forms “will
‘require additional consideration by the designer” (Lazenby, 1994). The guidelines reinforce
~ the understanding that the periods of provisional application of the Prestandards are to enable
- experience 10 be gained from use of the Eurocodes, so that they can be finalised in the light of
such practical experience. The guidelines and the timetable for conversion influence the scope
of the proposed annex on composite joints.

~ 3. SCOPE OF PROPOSED DESIGN DOCUMENTS FOR COMPOSITE JOINTS

'._l.l Annex for EN 1994-4-1

For the EN-version of Eurocode 4, it is being assumed that only those design assumptions
given in Table 4.8 of the Prestandard need be covered by detailed rules. This avoids the need
during conversion to extend the clauses dealing with global analysis and the buckling lengths
of columns.

No application rules will be given for elastic global analysis of frames with semi-rigid joints;
por for unbraced non-sway frames. These types remain within the scope of the code as
“innovative designs” which satisfy the Principles but which “require additional consideration
by the designer”.

k0 LY

o
»

(a) (b

.

Fig.2.(a) Fully-welded and (b) flange-cleat composite joints.
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Table | Design assumptions in ENV 1994-1-1 (Table 4.8)

Type of Framing Method of Global Analysis Types of Connections
for Ultimate Limit States
Simple Statically-determinate Nominally pinned, steel
Continuous Elastic Rigid, steel
Nominally pinned
Rigid, composite
Rigid-plastic Full-strength, steel
Nominally pinned
Full-strength, composite
Semi-continuous Rigid-plastic As for continuous framing,
and:
Partial-strength, steel
Partial-strength, composite

The scope of the proposed annex is therefore intended to be as follows:

@
(id)

(i)

(iv)

v)

(vi)

(vii)

(vii)

(ix)
(x)

It applies only to joints in braced frames.

It treats composite versions of the types of steelwork joint included in the revised
Annex J of Eurocode 3. In addition to the end-plate connection shown in Fig. 1(a), it
will therefore include fully-welded joints (Fig. 2(a)).

Composite action permits simpler joints in which tensile forces are resisted solely by
the slab reinforcement, compressive force being transmitted by a flange cleat (Fig.
2(b)), or a contact plate (Fig. 3). These should also be treated, because of their
potential for economy in fabrication.

Account should be taken of concrete encasement to steel column sections.

The rules should enable the design moment resistance of the joint to be calculated.
The rules should permit calculation of the stiffness of the joint, for use in serviceability
calculations and in classification of joints.

As an altemative to calculation, classification by stiffness should be possible by
“deemed to satisfy” provisions.

Adequate rotation capacity is ensured by “deemed to satisfy” provisions, rather than by
detailed calculation.

The scope includes intemal joints with unbalanced moment and extemnal joints.

Guidance is given on types of joint suitable for simple framing.
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Concrete in compr
Casing in shear Reinforcement

(a) Casing in compr. (b)

Contact plate

Fig.3(a) Contact-plate and (b) partial-depth end plate composite joints

32 COST-C1 Document

COST is a scientific programme and provides a suitable means for a state-of-the-art report on
composite joints, aimed at the academic and research community, national committees
concerned with codes and also the more enquiring practitioners. The document will therefore
explain the principles for design adopted in the Eurocode annex, and the derivation of the
“design rules. These would be related to observed behaviour and calibrated against test results.
The report will therefore be in part a background document on the annex, although the scope
will be wider. For example, the use of the finite clement method will be addressed, as will
_calculation methods for rotation capacity.

33 ECCS-TC11 Document

he second publication is aimed specifically at the needs of designers. It will give guidance on
he application of composite joints in practice, including their influence on frame behaviour
d member design, information relevant to preliminary design, summary of design formulae,
ow diagrams for calculation procedures, tables of properties for defined joints and worked
examples. Although also related to the Eurocode annex, its scope will be wider, including for
‘example clastic global analysis for the ultimate limit state, and further simplifications such as
hddﬁdityfacmmdspm depth ratios to avoid detailed calculation checks.

4. BACKGROUND STUDIES

41 Properties of Basic Components

n the revised Annex J for Eurocode 3, the design moment-rotation characteristic is
determined from the properties of the joint's basic components, which include, for example,
the column web panel in shear and the end plate in bending.

- For each component, rules are given to determing design resistance and eclastic stiffness.

Relationships between the properties of the basic components and the structural properties of
the overall joint are given for design moment resistance and rotational stiffness.
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For composite joints additional basic components can be identified:

- concrete encasement to the column web panel in shear
- concrete encasement to the column web in compression
- longitudinal slab reinforcement in tension

- slab concrete in compression

contact plate in compression.
These components are shown in Fig. 3. Furthermore, unless the global analysis accounts for

partial interaction in the beam, appropriate allowance should be made for the additional
flexibility due to deformation of the shear connection.

Compr only Slip spring

4
L

-y

1!--__

My MM

i

Fig.4, Spring model.

To determine the properties of the additional components, use is being made of a sophisticated
spring model (Tschemmernegg et al, 1994, 1995), shown in Fig. 4. So far this has been
applied to the column web in compression, when connection between the column flange and
the beam section is either by welding (Fig. 2(a)) or by a contact plate (Fig. 3(a))
(Tschemmernegg and Huber, 1995). For the stiffness coefficient there is a substantial
difference between the two forms of connection; much greater flexibility is shown when the
load is applied to the column section by the contact plate, due to the more localised action in
this case. A stiffness coefficient has also been determined for concrete encasement to the
column web in compression, and resistance formulae for both steel and concrete components.

Further studies are in progress on the column panel zone when subject to shear and on the
tension zone.

4.2 Influence of Slip of the Shear Connection on Composite Joint Behaviour

From comparisons between spring models and tests, several authors (e.g. Anderson and
Najafi, 1994) have concluded that appropriate account should be taken of slip at the steel-
concrete interface, in order to model experimental behaviour. In order to investigate further,
limited numerical studies have been performed (Aribert 1994), using a finite element approach
(Aribert et al, 1993). The shear connectors were taken to be cold-formed angles (Hilt
connectors). Conclusions are:
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1] For this type of connector, the contribution of slip to the moment-rotation (M-¢)
response of the joint was significant even for degrees of shear connection of the order
of 1.3.

(i) For these ductile connectors, the precise arrangement of the connection (uniform
distribution or non-uniform) had negligible influence on the M-¢ response.

@) Comparisons of the behaviour of a cantilever loaded at the tip and a beam subject 1o
uniformly distributed loading showed that the M-¢ response of the joint is virtually
unchanged, although approaching ultimate moment the distributions of slip in
corresponding regions do differ if the degree of shear connection is high.

(iv)  For a high degree of shear connection, a steep gradient of slip was observed in the
region very close to the joint, at values of moment of approximately 0.67Mgpgq and
1.0Mpgy .

These conclusions confirm the significance of slip but also permit the same joint response to
be assumed independent of the precise nature of the member and the distribution of the shear
connectors.

43  Addition of M-¢ Response in Composite Joints

Compu'lm with tests on end-plate connections show that it is often possible to determine
dumsponse of a composite joint by combining the action of the rebars and shear connectors
with the M-¢ response of the complete steelwork connection (Anderson and Najafi, 1994;
Aribert, 1995). The spring model of Fig. 4 (Tschemmernegg et al, 1994, 1995) is to be used
0 determine what conditions (if any) are required to ensure appropriate accuracy from this

approach.

44  Required Rotation Capacity

Rotation capacity at joints is needed to permit the redistribution of moment assumed by the
Eurocode rules for global analysis. The limits to redistribution are dependent on the local-
buckling classification of the beam section in hogging bending and, for plastic analysis, on
simple rules which avoid excessive demands for rotation capacity at midspan. Calculation of
- required rotation capacity is thereby avoided.

of recent research on required rotation capacity are now in progress though, because
values are needed to ensure that composite joints designed by the proposed annex
lemfﬁueatly ductile (Xiao, 1995; Couchman, 1994; Li, 1994),
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4.5  Available Rotation Capacity

Full-scale cruciform tests on composite joints with end plates (Fig. 1(a)) have shown that
fracture of welded mesh and, more importantly, reinforcing bars is a possible failure mode
(Anderson and Najafi, 1994; Aribert and Lachal, 1992; Aribert et al, 1994; Xiao, 1994).
Substantial local deformation occurs in the tension region of the steelwork connection, due to
bending of the column flange and the end plate. Mleadswﬁacmmofmcmh(ifprewnt)i
athu&umreoftheabaminﬂwmgimofmcdababovethemlworkmocM|
accompanied by a wide crack across the slab, at the face of the column. 1

A simple calculation model has been proposed (Xiao, 1994) for the rotation ¢, at the peak of
the M-¢ curve (Fig. 5) based on an assumed strain in the rebars, in the zone of the
connection, of 0.5%. Tests show though that substantial further rotation may occur before
fracture occurs, albeit with some reduction in moment resistance (Anderson and Najafi, 1994).
Numerical simulations to determine rotation capacity can also be employed (Ren and Crisinel,
1994).

Rotaten

’ll

Fig S Rotation at maximum moment

The tests quoted above have used relatively small diameter reinforcing bars (Aribert and
Lachal, 8mm; Xiao 10mm and 12mm; Anderson and Najafi, 12mm), spread across the
effective breadth of the slab. Although of small diameter, the bar sizes used by Najafi and
Xiao conformed to current UK requirements for plastic design of continuous composite
beams, those used by Najafi showing an elongation at fracture of approximately 17%.

Fig 6 Ductile compesite joint
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Further tests have recently been carried out using a minimum of four 16mm bars, in
conjunction with steel beam sections up to 530mm deep (Brown, 1995). These have shown



Eurocode 4 and Design of Composite Joints 231

pch improved ductility (Fig. G)wmmoughfailmwassﬁllevauuallybyfmcm These
an onnﬁ:tm to the Eurocode requirement that for plastic global analysis only reinforcement
f ‘high ductility’, as defined by Eurocode 2, is used (Beeby and Narayanan, 1995).
uﬁmw:wuappmxxmatcly!ﬁ% For the proposed Eurocode annex, studies are
pre in progress to develop detailing rules for composite joints to ensure ductility which
s the required capacity.

re an adequate margin of safety against loss of ductility, two possible approaches are:

to apply a factor (or factors) when comparing required capacity against that available.
A minimum factor of two has been suggested (Kemp and Dekker, 1991). The
resulting comparison could be used when developing detailing rules to provide
adequate ductility;

to rely on the reduced rotation capacity required at a joint when, as usually occurs, the
moment resistance achieved in practice exceeds the design value.
pice of approach is still under discussion.

5. OUTLINE OF THE PROPOSED ANNEX

The annex will contain design methods for moment-resisting composite beam-to-column joints
in braced frames, for buildings subject to predominantly static loading. Nominally-pinned
pints are to be designed in accordance with Eurocode 3. In addition to the types of moment-
resisting connections now covered by Eurocode 3, Eurocode 4 is to treat bolted connections
ith partial depth end plates or contact plates (Fig. 3). The design methods are principally for
_ major axis connections, but they can also be applied to connections to the web of a column’s
“mwwﬂedmmsfudbm&nngwdwmmmmmumedmmW&

52 Basic Components of a Joint

The component approach adopted in the revised Annex J of Eurocode 3 is to be extended to

joints, as explained in 4.1 above. The need to consider the action of the slab in
_compression arises because the slab bears against the column when unbalanced loading occurs.
"'mecwcomtmuusuaﬂybeukcnofdefmuonofmcshwmecnmunhcpmt
model. However, as this deformation could be taken account of in a partial interaction
‘analysis of the beam, shear connectors are not listed as ‘basic” joint components.
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5.3  Classification

Classification by strength compares the resistance of the joint with that of the adjacent beam
section in hogging bending.

Comparison of tests with classification by the Prestandard showed that joints with 12mm thick
flush flush end plates, connected to cantilevers with full shear connection, were rigid
(Anderson and Najafi, 1994), The classification limits for rigid and semi-rigid joints given in
the revised Annex J of Eurocode 3 are to be adopted for Eurocode. The limits are related to
the initial stiffness of the joint, S;ni, relative to that of the connected beam, Elyly, (Fig. 7).
For composite construction, the stiffness of the beam is to be the uncracked value. Deemed to
satisfy rules are to be developed.

1. RIGID 3 > 3E|.;L.

Jrim
2 SEMI - RIGID ‘
1 3 NOMINALLY - PINNED

2 5 Siim S OSElL,

¢

Fig7. Classification by stiffness

No explicit reference is made in the formal classification system to ductility, but recent
research to quantify required rotation capacity, referenced in 4.5 above, could lead to
classification for this characteristic as well, in subsequent revisions of the Eurocodes.

5.4  Simplified Modelling

As in Eurocode 3, a single sided joint configuration may be modelled as a single joint, and a
double-sided configuration as two separate but interacting joints (Fig. 8). The interaction is
determined by the relative values of moment on each side, expressed as a transformation
parameter. This influences the contribution of the column web, in shear and compression, to
the resistance of each joint, and the joint stiffness due to the web panel in shear,

(a) (b)
Fig.8. Modelling of (a) single-sided and (b) double-sided configurations
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Resistance

The moment resistance of the joint may depend on resistance of the slab within the region of
Mmcmmmmmofmcmelwakmecum(dmy).ﬂwmmmmofm
selwork connection and the shear zone of the column web.

d’aenvcmmmeduchmde@;mmmd&moﬁhammn
1 that zone. For example, although the resistance provided by the slab depends primarily
dnl:nnlemstmofmemnfu‘mmem.lhmunybehnmedbythcsumgzhofthe
e bearing against the column if unbalanced loading occurs.

Stiffness

Ihis is to be determined from the stiffness of the joint's components. As an alternative it is
ended where appropriate to treat the stiffness (and resistance) of the steelwork components
ingle quantities, as described in 4.3 above.

Rotation Capacity

his is required when plastic global analysis is used, if joints are partial-strength or have a
fign resistance only slightly above that of the adjacent member. Deemed-to-satisfy
ions are seen as the most appropriate approach in view of the limited time available for
nical work during conversion.

Detailing

lar care is needed when unbalanced loading occurs. The proposed rules mainly

) the need for reinforcement to resist transverse tension in the slab due to compressive

action between the slab and the column (Fig. 3(a)), and
adequate anchorage of tensile reinforcement in single-sided joints.

6. CONCLUSIONS

pcode 4 as a Prestandard gave very limited guidance for design of composite connections;
ds to predict properties were judged to be insufficiently well-established.

the period of provisional application, research has continued and it is widely accepted

n rules can now be formulated. Those proposed for Eurocode 4 as a Euronorm are
| on the component approach of the revised Annex J for Eurocode 3. For composite
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joints additional components are necessary because of the actions of the slab and because
composite action permits additional types of connection.

At present the proposed design rules are being drafted as modifications and additions to those
given in the revised Annex J for Eurocode 3. This reduces the size of the code, but raises
questions of ease of use. Once drafting is complete, the presentation may need to be revised
to secure a sensible balance between repetition of material and the need to cross-refer to
Eurocode 3.

To assist in introducing the Eurocode, a background document and a design guide are also
being prepared, under the auspices of the COST-C1 project and ECCS Technical Committee
11, respectively. -
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CAL MODELING OF SEMI-RIGID JOINTS FOR THE ANALYSIS OF
FRAMED STEEL AND COMPOSITE STRUCTURES

F. Tschemmerncgg |
G. Queiroz’

Abstract

me mechanical models of semi-rigid joints are analyzed, taking into account the behaviour
‘the joint with actual dimensions. A new modcl is described which can be used with
ble software for the analysis of framed steel structures

1. INTRODUCTION

id connection is a type of moment connection for which the initial angle between the
members, at the intersection of their axes, changes with the connection moment
g. 1). The joint is an infinite small point.

sed on this concept, the first mechanical model used to represent a semi-rigid connection
ed of a rotational spring placed between the end of the beam axis and the column axis
ed in EC3 Annex J (Fig. 2).

s

8+48 s,
B
=)
k=tanB

M=gv-fc

! A8=gv-pc

Fig.1 - Semi-rigid connection Fig. 2 - Rotational spring
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Due to local deformations which amse when column web stiffeners are absent and due to
bending and shear deformations of the column zone between the upper and lower beam
flanges (joint zone), the more general concept of semi-rigid joint was introduced
(Tschemmemegg et al., 1987). It is assumed that the joint has a finite sice (h, b).

It was shown (Tschemmemegg ct al., 1987) that it is not possible to represent the connection
deformations, the joint zone bending and shear deformations with a single rotational spring
for each beam. In fact, cach connection takes the moment applied by the corresponding beam,
but the joint zone takes over the resultant of the two beam moments (Fig. 3).
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Fig. 3 - Joint forces

It was also shown that for taking into account the deformations of the column in the joint
zone the mechanical model of the joint must hold the actual joint dimensions.

The basic deformation modes of the joint will be described in the next section.

2, JOINT DEFORMATION MODES

Fig. 4 shows a two-beam-joint with bolted end-plate connections; it will be supposed that
M >M,. Points A, A_, A, as well as points E, E_. E, are located on the end plate, while points
B, B_. B, as well as points D, D_, D, are located on the column. Before deformation takes
place, points A, A_, A, coincide with B, B_, B, and points E, E_, E, coincide with D, D, D,
The position of those points will be determined according to:

- deformation caused by pure bending;

- deformation caused by pure shear,

- local deformation of the connection and the column regions opposite to the beam flanges.

The static system shown in Fig. 5 will be used as a reference. The shear forces and the
bending moments in the column, taking into account the beam height hj, are also shown.
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Fig. 4 - Initial geometry of a two-beam-joint Fig. 5 - Reference static system
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11 Deformation caused by pure bending

T deformed column axis is shown in Fig. 6, with the new positions C', C.. C' of the

points C. C,. C, Because the cross scctions remain at right angles to the axis. the new

ﬂnons B', B, B, D', D, D of the points B, B, ctc. arc casily to determine, as shown
ig. 6.

- The average rotation of the joint zone is given by:

®m = (8s5+58i)/hj (N
In the elastic domain (Brugger, 1993):
®m = (M1-M2)(h1"+h2"Y(3HE:Ic)+(M 1-M2)hj(h I'+h2°-h 1 hR2VGBHE:L) (2)

The second part on the right side corresponds to the joint zone deformation and the first part
10 the deformation of the remaining parts of the column.

E = elastic module

1j = cross section inertia moment of the joint zone

- lc = cross section inertia moment of the remaining parts of the column

“The other terms in Eqs. (1) and (2) are shown in Figs. 4, S and 6.

lar situations

hj<<H and/or 1j>>Ic, the joint zone deformation would have little influence on the

“average joint rotation and the axis portion C-C, would remain nearly straight, with the left
and nght beam axes tangent to B_"-D_"at B_" and D", acc. Fig. 7a. The vertical displacement
of the points B_" and D_" amounts:

&v = (dm)he/2 (3)

'b)-Using the traditional rigid joint model (Fig. 7b), we would get the joint rotation (setting
hi=0 in equ. (2)):

®m = (M1-M2)(h1"'+h2")/(3HE.Ic) (4)
le - for hj=0,1H, h1=h2=045H, h1'=h2'=0,5H and lj=Ic (Fig. B):

®m = 0,0675(M1-M2)H/E.Ic)
®m = 0,0833(M1-M2)H/(E.Ic) (23% larger)

Eq. Q)
Eq.(4)
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Notes 3

I) For the same example, with a bending stress of 200N/mm? at the column points B, B_, D,
D, . he=hj and E=210000N/mm?, we would get:

®m = 0,0029 (Eq. (2)) ®m = 0.0035 (Eq. 3))

11) For 1j>>Ic the difference between the two results would be still bigger.

It can be seen that the traditional rigid joint model is not appropriate to represent the
deformation caused by pure bending.

2.2 Deformation caused by pure shear

The deformed column axis is shown in Fig. 9, with the new positions C’, C_', C' of the
points C, C_. C. The axis segments I-C'.C’-C' and C'-S remain straight after the

deformation.
Rotation of the joint zone:
@ = (8s+8i)/hj (5)
In the elastic domain (Brugger, 1993):
@ = (MI-M2)(h1+h2)/(H'G.As) - (M1-M2)(h1+h2)'/(hj. H'G.Asj) (6)

The second part on the right side corresponds to the joint zone deformation and the first pan
to the deformation of the remaining parts of the column.

G=shear module

Asj = cross section shear area of the joint zone

As = cross section shear area of the remaining parts of the column
The other terms in Eqs. (5) and (6) are shown in Figs. 4, 5 and 9.
The shear distortion of the joint zone amounts (Fig. 4 and 5):

v = vG = ®(h1+h2)/(HG.Asj) = (M1-M2)(h1+h2)/(hj. HG.Asj) (N
The cross section rotation of the joint zone amounts (Fig. 9):

a=0.y (%)
With the cross section rotation, the new positions B', B,', B', D, D_’, D," of the points B,
B, etc. are determined, as shown in Fig. 9. The left and right beam axes undergo a rotation ®
at points B_' and D’ (Fig. 9).
Particular situations
a)-If Asj=As then, in the joint zone, y=® and a=0, i.c., the cross sections would remain

horizontal .
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b)-If Asj>>As then the shear distortion in the joint zone would be very small and @ would

~ be given by the first part of the right side of Eq. (6).
- ¢)-Using the traditional ngid joint model (Fig. 10), the column axis would remain straight for
the whole length and all the column cross sections (as well as the beam axes) would
undergo a rotation of:  y=(MI-M2)/(HG.As) 9

o -wEMN
A il
h2*
( = 5
M2\ J’" H ->$
hl’
JIEEEL
0u-R2M
Fig. 9 - Deformation caused by pure shear Fig. 10 - Traditional rigid joint model

mple - for the same situation shown in Fig. 8, we would get the following beam axis

Bor Asi=As

Eq.(7) O=y=9(M1-M2)/(HG.As)
Eq. (9) O=y=(M1-M2Y(HG.As) (9 times smaller)

- For a resultant moment (M1-M2) corresponding to a shear stress of 126N/mm’ in the
zone (14N/mm? in the remaining parts of the column) and G=80800N/mm?*:

@®=00015 (Eq.(7) ®=0,00017 (Eq. (8)
AsP>As

Eq(6)  ©=09(MI-M2)(HG.As)
Eq.(8) ® =y =(MI-M2)/(HG.As) (11% larger)

an be seen that the traditional rigid joint model is also not appropriate to represent the
mation caused by pure shear.

deformations of the connection and the column regions opposite to the beam

hree different types of moment connections are shown in Fig. 11:
velded connection - stiffened column (Fig. 11a)

slded connection - non stiffened column (Fig.'11b)

d plate bolted connection - non stiffened column (Fig. 11¢)




242 F. Tschemmemegg and G. Queiroz

For the situation shown in Fig. 11a, the stiffeners help to keep the segment lengths B-C, and
C-D, (compressed by the beams) practically unchanged as well as the segment lengths B-C,
and C-D, (tensioned by the beams). However, for the situation shown in Fig. 11b, the
segments B-C, and C-D, will be shortened, the segments B-C, and C-D, will be stretched by
the beam flange forces, due to column web horizontal deformation and column flange
bending (Fig. 12a). For the bolted connection shown in Fig. 1lc, not only the column web
and flanges but also the end-plate and the bolts contribute to the local deformations
(Fig. 12b).

o) ) (c)
Fig, 11 - Three different types of moment connections Fig 12 - Local deformations

It can be seen in Figs. 12a and 12b that the local deformations cause a rotation of the left and
the right beam axes , and that the positions of the points B_ and D_ are not affected by the
deformations. If the tensioned and the compressed regions of the joint have the same local
rigidity, then the left and the right beams will rotate about points B, and D_, respectively; if
this does not happen, then the rotation center will be displaced, as shown in Fig, 12b, where
the tensioned region was supposed to be more flexible than the compressed region.

3. ANALYSIS OF SOME EXISTING SEMI-RIGID JOINT MECHANICAL MODELS

3.1 Non-displaced rotational spring model - (EC3 part L.1)

This model (Fig. 13), with appropriate springs, can represent the local deformations of the
connection and of the column regions opposite to the beam flanges, except for the position of
the rotation center of the beam axes. Because of the same reasons already mentioned for the
traditional rigid joint model (sections 2.1 and 2.2), and also because of the resultant moment
on the joint zone (as explained in section 1), it can not represent the bending and shear
deformations of the joint zone. However, there is an iterative procedure (EC3 part 1.1) to take
into account the influence of the joint zone shear deformation on the rotation of the beam
axes. Two transformation parameters 3, (for one spring) and P, (for the other spring) are used
10 correct the spring stiffnesses after cach analysis step. Parameters B, and 3, depend on the
beam moments M1 and M2 and on the column shear forces above and below the joint zone.
Although it is possible to get the beam rotations due to the joint zone shear with this
procedure, it does not allow for the column axis deformation within the joint zone and,
because of this, can not detect the interaction between column axial force and bending/shear
deformation of the joint zone.
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Displaced rotational spring model

his model is similar to the previous one, but the springs are placed on the positions

ssponding to the column faces (Fig. 14). The cross section inertia moment and shear arca
he auxiliary members B_-C_ and C_-D,_ should be infinite. The rotation center of the beam
axes is correct if the upper and lower local flexibilities included in the spring are the same. As
for the previous model, it is not possible to represent the joint zone deformations with this

I
ks ds 15 w | e
3 A DA Rt s
e ) L

h_
Fig. 13 - Non-displaced rotational spring model Fig. 14 - Displaced rotational spring model

Model with rotational springs on the beam and column axes for non-linear
computer programs (Tschemmernegg et al., 1994)

[his model has rotational springs placed on the positions corresponding to the column faces,
to represent the local deformations of the connection and of the column regions opposite 10
2 beam flanges (Fig. 17). It further has rotational springs placed on the positions
responding to the upper and lower limits of the joint zone, to represent the shear
de ion of the joint zone. The cross section inertia moment and shear arca of the
uxiliary members B -C_, C_-D_ C-C_ and C_-C, should be set infinite. An additional
ndition must be imposed on the stiffness matrix to get the correct bending deformation
ween points C, and C. Alternatively, an additional member with the cross section inertia
ment of the joint zone (with zero shear area) could be used between the point immediately
‘above C, and the point immediately below C,. This model represents very closely all the types
deformation described in sections 2.1, 2.2 and 2.3. However, because the segment B_-D_
nains always perpendicular to the segment C -C, the vertical displacements of the points B_
and D_, corresponding to shear deformation of the joint zone, are not correct (see section 2.2).
‘With this model it is not possible to take into account different local flexibilities for the upper
‘and lower regions of the connection (or of the column), as for end plate bolted connections.
he mentioned disadvantages are, in general, of minor importance. There are much available
information on semi-rigid behavior using this model, including non linear analysis.

As described in (Tschemmernegg et al., 1994) this model can be extended for composite
joints by introducing additional springs: redirection spring, load introduction spring, slip-
spring for the slab (Fig. 15, 16).
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Fig. 15 - General model for steel joints Fig. 16 General mode! for composite joints
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Fig. 17 - Model with rotational springs on the beam and column axes

4. ANEW PROPOSAL FOR SEMI-RIGID JOINT MECHANICAL MODELING

The general behavior of a semi-rigid joint was first descnibed by Tschemmemegg
(Tschemmemegg et al., 1987). The model used in (Tschemmemegg et al.. 1987) to explain
the behavior is shown in Fig. 15,

The mechanical model proposed below for semi-rigid joints (Fig. 18) was based on the
general model shown in Fig. 15 and on the deformation modes described in sections 2.1, 2.2
and 2.3. It can be used with available software for the analysis of framed structures. This
proposal was already presented in (Queiroz, 1992),

e

1

Fig. 18 - A new proposal for semi-rigid
joint mechanical modeling
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ith this model, the bending and shear deformations of the joint zone are obtained simply by
tﬁmns the correct cross section inertia moment and shear arca for the members C-C_ and
C, (Fig. 18b). For the members B-B_, B_-B, D-D_. D_-D, andalsoforlhemembcrsB -
C -D,, the cross scction inertia moment and shear arca should be infinite. The axial
flexibility  of the members B-C, and C-D, must correspond to the sum of local flexibilities of
the connection and of the column, on the regions opposite to the lower flanges of the left and
the right beams, respectively. The same is valid for members B-C, and C-D,, but with the
per instead of the lower flanges of the beams. The members B_-C, and C_-D, must
nsmit only the beam shear forces to the column (the left and right beam bending moments
“and axial forces are transmitted by B-C/B -C, and by C-D/C -D,, respectively); to provide for
this, the link between members B_-C_ and B-B,, at B, and the link between members C_-D,
d D-D,, at D_, only transmit a vertical force (Fig. 17¢).

This model represents very accurately all the deformation modes described in sections 2.1,
22 and 2.3, including the correct position of the rotation center of the beams for shear
‘deformation of the joint zone as well as for different local flexibilities of the connection (or of
the column) on the upper and lower regions.

5. TRANSFORMATION PROBLEMS BETWEEN
FINITE AND INFINITE JOINT-MODELS

The simplification of a realistic joint-model with finite dimensions to a joint-model with an
infinite small joint-arca at one hand leads to a very simply input for the frame-analysis, at the
er hand the simplified joint-model is not able to represent the Joml-bchawour exactly due
10 the flexibility of the extended beam and column, not in existence in the real joint. So the
simplification causes the necessity of a ‘joint-transformation’ (Tschemmemegg. Huber,
1995) increasing the stiffncss of the realistic joint-model when displacing the springs into the
‘center of the joint to compensate the weakness of the beam and column extended into the
Joint-area. Unfortunately the simplified joint-model limits the stiffness of the joint with the
nding-stiffness of the extended beam and column, a stiffer connection as it occurs for
composite joints cannot be represented by the simplified joint-model. So when using the
simplified joint-model one has to be conscious of the limiting boundery-conditions.

As the proposed joint-transformation-formulae are based on the asumption of a constant
bending moment in the extended beam and column the errors of the simplified joint-model
can be reduced significantly but not fully compensated. Parameter-studies for the
" transformation of the loadintroduction-spring have shown that in the worst case the
- overestimation of the beam-deflection can be reduced from 17% to 11% when using the joint-
transformation and the underestimation of the fixing moments can be improved from 7% to
3%. So a further increase of stiffness would help to improve the results for the global frame-
analysis, however the increasing-factor cannot be fixed but depends on the moment-
~ distribution in the extended beam and column and therefore on the frame-system and the
loading situation. PP

Fig. 19 - Finite joint-model Fig. 20 - Infinite joint-model (EC3, EC4)
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6. EXPERIMENTAL DATA

All the mechanical models only work if the force/displacement relations can be determined
for cach model component . These relations can be linear (at the beginning of the loading) or
non lincar and they arc always obtained from tests. References (EC3 pant 1.1),
(Tschemmemnegg et al., 1994), (Klein, 1985), (Humer, 1987) and (Braun, 1987) contain much
information about this subject.

7. CONCLUSIONS

The semi-rigid joint behavior was discussed and some mechanical models were presented that
allow to analyze framed steel structures taking into account that behaviour. It was shown that
the point model can not represent accurately the joint deformations, even if the joint is
considered rigid. A new proposal for mechanical modeling of semi-rigid joints was presented
that fits very accurately the joint deformation modes. Although only elastic behavior has been
considered in this paper, the general concepts are also valid for inelastic behavior, with the
appropriate force/displacement relations of the model components. The model described in
section 3.3 and the new proposal described in section 4 work well for the interaction between
column axial force and bending/shear deformation of the joint zone, when a non linear
analysis is performed. There is no model that can represent the interaction between column
axial force and local deformations of the connection or of the column region opposite to the
beam flanges: however, tests have shown that this type of interaction is not important for
rolled profiles (Lener. 1988).

When using a simplified joint-model with an infinite small joint arca the stiffness of the
rotational springs has to be increasing according the joint-transformation. The very simple
Jjoint-transformation-formula brings a significant improvement for the global analysis,
however the real joint-behaviour can only be represented by a joint-model with finite
dimensions.
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PROPOSAL OF THE STIFFNESS DESIGN MODEL OF THE COLUMN BASES

Frantisek Wald
Zdenék Sokol

Martin Steenhuis®

Abstract

'he connection between the steel column footing and the concrete foundation has a
ptational rigidity significant for the overall frame analysis. This rigidity could be taken

D account to predict the horizontal drift of the frame in serviceability limit state. A
posal of the stiffness design model compatible with stiffness prediction according
p Eurocode 3, AnnexJ is presented in the paper. The model is based on the
pomponent method. Three patterns of the base plate internal forces distribution
present different collapse modes based on axial force - total bearing capacity ratio.
he prediction model is compared to experimental observations. A parametric study
the main parameters of the model is included.

1. INTRODUCTION

In the structural frames, the column base joints have a high restraining capacity.
However, their semi-rigid behaviour is seldom introduced into the frame analysis
2 of absence of simple and reliable stiffness models. The full scale frame
xperiments, in situ measurements and numerical studies document the high rigidity
, Ile column base joints. The frame finite element analysis and the application of

imate limit state enable the introduction of the advantages of column base
pss, Eurocode 3, ¢l. 5.2.3.3, into the design procedure.

Assoc. Prof., Czech Technical University, Thakurova 7, 166 29 Praha 6, Czech Republic
'Grad. Res. Asst., Czech Technical University, Thakurova 7, 166 29 Praha 6, Czech Republic.
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The small number of tests conterning the column base rotational stiffness has
resulted in development of only a few prediction models for specific purpose. The
elastic — plastic model of rotational stiffness prediction was published by Salmon et al
(1957). The model of cyclic behaviour for the seismic design was derived from the
Japanese experiments (Akiyama, 1985, Nakashima et al, 1991). The Penserini -
Colson’s model based on component damages predicts the cyclic behaviour very
accurately (Penserini and Colson, 1991). The stiffness and soil interaction of the
column bases with bolts inside the column cross section (pinned column base joints)
were studied by Melchers, (1992).

The presented model is derived to be compatible with stress design published in
Eurocode 3, Annex L, and with the beam to column connection stiffness prediction,
Annex J. The development of this model was preceded by derivation of complex
analytical models for unstiffened base plate with bolts outside the column (Sokol et al,
1995; Ermopoulos and Stamapoulos, 1995) and for base plates with bolts inside the
column of H cross-section (Wald and Sokol, 1995). These models were compared to
the tests summarised in the COBADAT database and to tests made et CTU (Wald et
al, 1994). The presented model enables to calculate a moment-axial force-rotation
curve for constant axial force. This represents typical loading in buildings, when the
joint is firstly loaded by vertical force from dead and live loads (remaining constant)
and secondly by changeable horizontal wind load.

2. STIFFNESS OF THE COMPONENTS

The stifiness of each component is calculated separately compatible to Eurocode 3,
Annex J. The relevant stiffness coefficients k; are taken into calculation of the
stiffness.

2.1. The Base Plate in Tension

The stiffness coefficient of the base plate ks is calculated from an equation for plate h:
bending as

R
kg = 0425 .:n’ (2.1)
when there is no prying, or
TRER
kg =085 ——5 (22)
m

when prying occurs (Jaspart et al,1995). In the above formulas, ! is the plate
thickness and L.« 1 is the effective length taken from Eurocode 3, Annex J, Tab. 3.3.3
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(circular and other patterns). The prying occurs only for thin plates and short bolt
length (Wald et al, 1994), i.e. when

cd 6em’ A,

VL)l
the prying occurs the plate could also collapse in Mode 2 with effective length
(other patterns only).

(2.3)

"4
m, - L4
= o8al2 {
ST

":;'?I""..?"” P
-
Fig. 1 Calculation of the base plate T-stub effective length.

The Anchor Bolts

The stiffness coefficient of one bolt row in tension should be taken as

A
k= 20 T (2.4)
TR (2.5)

‘where A, is the stress area of one bolt and the elongation length of the bolt L, is
calculated from the free bolt length L., and from the part of the bolt embedded in the
concrete Ly, see Fig. 2. The free bolt length L,y may be taken as the total grip length
(thickness of the material and washer) plus the grout thickness plus half the height of
the nut. The embedded part of the bolt Ly contributing to bolt extension could be
estimated as 8times the bolt diameter d for long bolts (Salmon et al, 1957,
Sato, 1987). The effective bolt length Ls, could be predicted for short headed bolts
(Furche, 1994; Wald and Sokol, 1995) or for the other types of anchoring
(Eligehausen, 1991). The coefficient 2.0 is used for long bolts without prying (see
Eq. 2.3). The coefficient 1,6 should be used for short bolts, as in Eurocode 3 (Jaspart

etal, 1995).
L-:Dfmﬁ
d .

Fig. 2 Elongation length of embedded and headed bolts.
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2.3. The Base Plate in Compression

The flexible base plate loaded in compression is in the calculation represented by
effective rigid plate. The effective area taken into calculation for stiffness prediction is
simplified to rectangular area, see Fig.3. The use of effective area assures
compatibility between the stress design in Annex L and the stiffness calculation in
Annex J. The calculation of the effective width ¢ was fully adopted from Annex L:
| -£

c=1 {31 vae (2.6)
In the formula 7, is yield strength of base plate material and f,is the concrete bearing
strengthand ywo is partial safety factor.

|
b| | Hﬂ
ﬁ—‘k
| SR
| "l |4

Fig. 3 The effective area for stiffness calculations.
2.4. The Concrete Block

A new stiffness coefficient for concrete in compression is introduced into the

calculations as
a, b, E,
7
Ko = 05 e (2.7)
where a, and b, are the effective dimensions of the base plate, £ and E. are the
modules of elasticity of steel and concrete respectively and h is height of the concrete
block.

3. The Stiffness Calculation

3.1. The Stress Distribution

An elastic plastic stress distribution in concrete has been assumed. The concrete
bearing stress f, is given by

2
f=—
3

K; fea (3.1)
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where k; is the concentration factor and fy is the concrete cylinder strength

(Eurocode 3, Annex L).

- The maximum force acting in the tension part of the joint is derived from resistance of

~ the equivalent T-stub. The following formulas cover different failure modes: complete

 yielding of the base plate (Eq. 3.2), bolt failure with yield of the base plate (Eq. 3.3)

and bolt failure (Eq. 3.4). The effective stress of the tension part f; is taken as the
smallest value from

2L,
k= A, (3.2)
L 2
(= ﬁ:& in case of prying only, (Eq. 2.3), n=min(e;125m) (33)
b=t (3.4)

- Itis necessary o input the corresponding values into the equations, i.e. the distances
~ m and e for bolts inside the column or m, and e, for bolts outside the column cross
- section, see Fig. 1.

It is possible to distinguish between three basic modes of collapse depending on the
bearing stress distribution under the base plate with respect to the tension part, see
Fig. 4.

The concrete bearing stress f, is never reached, when the column base joint is
loaded by low axial force (compared to the ultimate bearing capacity). The collapse
occurs either by yielding of the bolts or by developing plastic mechanism in the base
 plate (pattern 1). When medium axial force is applied, the concrete bearing stress f,
and the effective stress of the tension part f; are reached et the collapse (pattern 2).
- For high axial force only collapse of the concrete occurs (pattern 3).

The boundaries between these three modes will be calculated. The axial force
representing the boundary between low and medium forces is calculated as

L 1

8,51 (2r+a)
1 - 2,4 (3.5)
4a‘b"';|;+4A.t‘k_5+it_J

N, =

and the boundary between medium and high forces is given by

21+ b.t-2A
N,_,=l +a,) 2“" o < a,b,{ (3.6)

where r is the lever arm of the bolt row from the centre line of the base plate, see
Fig. 1.
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pattern 1 « pattern 2 pattern 3

Y Yo
[ .,] |'\‘_&"|
~=zm Tﬂ

colapee _i_ J_ L '. EI

Fig. 4 The internal force distribution for three patterns of the base plate joint in initial :
and collapse stages.

3.2. The Rotational Stiffness

The rotational stiffness of the joint may be calculated by

87

where k; is the stifiness coefficient for component / and z is the lever arm, see Tab. 1
and Fig. 5.
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Fig. 5 The mechanical simulation of the components deformability.
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e ratio between the rotational stiffness with respect to moment can be calculated

Sa [ Mgy
u= ":'_x&g >1 (3.8)

. where £ is the shape parameter of the curve. The coefficient x introduces the

i:- aginning of non-linear part of the curve and varies from 1,110 1,5, see Tab. 1.

Tw 1 Values to be considered in stiffness calculation for different patterns.

Stiffness
coefficients £ z
[=
k to be
. . considered
pattern 1
low axial force 1.1 6 M tNE M 3
. =
NNz ks, ke, k1o | ek :
sattern 2 :
medium axial force | linear transition between patterns 1 and 3
Ng_zc. N<Nzjq
z‘ m‘n 3 a
| high axial force k1o, k1o 15 8 J_:"a

Ng_gSN

4. COMPARISON OF THE MODEL TO EXPERIMENTS

" All the test specimens have the same geometry, see Fig. 7, and material properties.
were loaded by axial and horizontal forces increasing proportionally
W7, W10, W12) or by bending moment only (experiment WB), see
Fig. 6 (Wald et al, 1994). Because the model is derived for constant axial force, the
curves were calculated point by point for corresponding axial forces and
‘eccentricities.
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5. PARAMETRICAL STUDY
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Fig. 6 Experimental and analytical moment-rotation curves; ®& experiments,

The bolt elongation length (Fig. 7) and diameter, the base plate thickness (Fig. 8) and
the quality of concrete (Fig. 9) are the parameters which have the most significant
influence on the behaviour of the joint. The history of the loading (Fig. 6) and the axial
force / bearing capacity ratio (Fig. 10) should be considered as other parameters
influencing the rotation and the moment capacity of the connection. The sensitivity to
these parameters is shown on the following pictures.

AM24-46-420

P20 - 300 x 220

30 x 330 x 250
550 x 550 x 550

I expetiment W 7

Fig. 7 The influence of the bolt embedded length Lpe On base plate joint stiffness
(experiment W 7, constant axial force 700 kN).

The Young's modules of concrete was calculated for the prediction of influence of the
concrete quality from the equation

(5.1)

where the concrete cylinder strength 7.4 should be input in MPa.
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Fig. 8 The influence of the base plate

thickness on base plate joint stiffness

(experiment W 7, constant axial force
- 700 kN).
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6. CONCLUSIONS

The presented stiffness model complements the strength prediction according to
~ the Eurocode 3, Annex L.

“The presented design model predicts the stiffness behaviour with a good level of
accuracy. The model is build up on principles of stiffness prediction published in
Eurocode 3, Annex J.

The model is evaluated based on a hmned number of experiments. Wider test
observations could therefore lead to further changes in the model parameters.
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Modelling Composite Connection Response
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Abstract

A finite element model to simulate the structural behaviour of composite flush endplate beam

column connections is described. This model has been validated against test results and
ompared with a simplified calculation method; both checks demonstrate its accuracy.
_ ic studies using the model to investigate variations in: reinforcement ratio, degree of
Bear connection and shear-span/moment ratio are presented.

1 INTRODUCTION

Numerous recent studies have demonstrated the potential for using composite action in beam
o column connections as a way of developing the semi-continuous framing that is a permitted
alternative for design in the Structural Eurocodes. Understanding of the detailed aspects of the
anection behaviour has, thus far. largely relied on test evidence and the subsequent
slopment of behavioural models. Because of the large number of vanables and potential
s modes associated with composite connections, such an approach is unlikely ever to be

ble to thoroughly examine all aspects of the problem.

hese, the finite element method, which has previously been used successfully to model several
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different forms of bare steelwork connection, was selected as the most promising. Althg
some initial work in this area has been undertaken (Leon and Lin, 1986 and Puhali et
1990), an accepted approach to the finite element modelling of composite connections has
to be developed.

This paper reports an on-going study using a standard nonlinear finite element package
ABAQUS. The first task has been to develop a finite element model that faithfully repre:
all aspects of the physical behaviour of composite endplate connections that have bes
observed in physical tests. Validation of the modelling has been assisted by the availability of!
comprehensive database of all known composite connection test results, especially the ve
detailed test histories that were produced in the series conducted in the University ¢
Nottingham (Li, 1994).

2 FINITE ELEMENT MODELLING

The key components in a composite connection are: reinforcement in the slab, shear studs &
the slab, the concrete slab itself, the steel beam, the steel column, the fittings (endplate, f
plate, cleats etc.), the bolts connecting the beam and the column.

When loaded, the concrete part is active in taking tensile force in the initial linear region only,
after which tensile cracks form and the slab merely serves to transfer tensile force to the
reinforcement with the help of the shear studs. The reinforcement and the upper row of be
take the tensile force, while the beam bottom flange together with part of the beam web
transfers the compressive force to the column flange through the endplate or fin plate. In th

case of a flush endplate joint, the upper part of the endplate separates from the column flang
whilst the beam web and the bottom flange in the compression region remain in firm contag
and transfers the compressive force directly to the column. As the joint approaches its ultim
load capacity, its resistance may be controlled by any or a combination of: fracture o
reinforcement, failure of shear studs, excessive deformation of column flange, local buckling o
column web, buckling of beam flange, buckling of beam web, bolt failure, twisting of fin pl
elc.

For successful numerical modelling of any composite connection the following items must b
properly represented: reinforcement, shear studs (considering slip between the slab and the
beam and also the percentage of shear interaction provided), steel beam and column (i ing
buckling and plasticity), bolts (including slip), separation and closure at the interface of th
endplate and the column flange and load introduction. ABAQUS (Hibbiut et al., 1994), which'
is a general purpose finite element software, was selected for this purpose; it is capable €
conducting finite element analyses considering both geometric and material non-linearity an
also includes interface elements and constraint conditions.
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2.1 Finite element modelling of a bare steel joint

2.1.1 Test set-up

Before modelling the composite joint, a simpler bare steel flush endplate joint was modeiled.
The joint (SJS1) had been tested (Li,1994) in the University of Nottingham. It comprised a
254x102 UB 25 steel beam, 203x203 UC 46 steel column, 280x130x10 mm endplate and four
M20 bolts (bolt hole diameter 22 mm). The bolt holes were positioned 175 mm centre to
centre vertically and 70 mm centre to centre horizontally. The column length was 1800 mm,
and it was restrained at the top and bottom. SJS1 was a cruciform joint, with load applied
1473 mm from the column face through load cells. The material properties obtained from
coupon tests are shown in Fig | and the test rig and specimen set-up is shown in Fig 2. The
specimen failed at a load of 42,63 kN

wypew (MPa)

straim (%)

Fig | Typical stress-strain curves of steel specimens

Note: CW is column web, CF is column flange, BW is beam web, BF is beam flange
EP is endplate and Rebar is reinforcement

21.2 Finite element mesh

The finite element mesh, obtained after some trials, is shown in Fig 3. Since the joint was
symmetrical, only one side was modelled so as to reduce the problem size. The beam, column
and the endplate were modelled using four node shell elements with six degrees of freedom
per node. Interface elements, capable of transferring any compression when in contact and
allowing no tensile force to be transferred during separation, were used to model contact
between the endplate and the column flange. At the column flange and the endplate, holes
were specified to represent the bolt holes. Bolts were modelled by joint elements and load
displacement curves of the bolts were used to obtain the required characteristics, These were
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derived from a combination of finite element analysis of bolt and plate contact and
analysis. The resulting properties are shown in Fig 4.
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Fig 2 Test rig and specimen (SJS1) set-up
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Fig 4a Load-shear deformation curve for bolt Fig 4b Load-axial deformation curve for bolt

2.1.3 Boundary conditions

Since advantage was taken of symmetry, appropriate boundary conditions were required
address the problem correctly. The nodes of the column web centreline were restrained
movement along the direction of the beam axis (Fig 3), and from rotation about both
centreline itself and the line perpendicular to the plane of the column web. Nodes at
bottom of the column were restrained from any movement in the three directions, while for t
nodes at the top of the column only vertical movement was allowed. In the test load
applied through load cells; in the FE model load was applied directly to the nodes of the
web. To overcome the problem of local yielding, this was divided equally between ten nodes.
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2.1.4 Comparison of test and finite element results

The moment-rotation curves obtained from the test and from the finite element analysis are
shown in Fig 5; they are very close to each other. The displaced shapes of the joint observed in
the test and given by analysis are shown in Figs 6 and 7 respectively. As noted in the test,
column web Von-Mises stresses exceeded the yield stress of the material.

" — L
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Fig 5 Comparison of moment-rotation Fig 6 Displaced shape of the joint after test (SIS1)

curves for SJS|

2.2.1 FE modelling of a composite connection

Test CIS1 (Li, 1994) was selected for venfication purposes. The reason was that joints SJS|
and CJS1 had the same beam, column, endplate, bolt detail and test set-up; the only difference
was the inclusion of the reinforced concrete slab and the shear studs. The early FE studies (Li
et al.,1991) had indicated that the concrete model in ABAQUS did not work well when
applied to composite connections. A similar experience was faced by the authors. When the
concrete slab started to crack the solution did not proceed, whereas in the test, the load was
taken by the reinforcement after cracking of the slab and the ultimate load is much higher than

. the cracking load. To solve this problem, bearing in mind that the role of the concrete is to

transfer the tensile force to the reinforcement with the help of the shear studs, concrete was
ignored in the model and multi point constraints were used in the stud sections. Studs were
modelled by beam elements and the reinforcement by truss elements. At the stud and
reinforcement connection joint elements were used to model the slip between the slab and
beam and to model the degree of shear interaction. The load-deformation curve for these joint
elements is shown in Fig 8.

2.2.2 Comparison of test and FE results

The ultimate load capacity of the joint was 122 kN, the test being stopped at a rotation of 48
mrad. The FE analysis gave a load capacity of 124 kN and an ultimate rotation of 79 mrad.
The moment-rotation curves from the test and the FE analysis are shown in Fig 9. Comparison
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of horizontal strains in the beam web are given in Fig 10 and rebar strains are compared in
11. Figs 9 to 11 show each of these measures of the experiment and the analysis to be
close. It was therefore concluded that the model could be used to study further the i
of composite joints,

THITTT
M\
|

Fig7 Displaced shape of the joint from analysis (SJS1) Fig 8 Load-deformation curve used for shear stud
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Fig 9 Comparison of moment rotation Fig 10 Comparison of beam web
curves for CIS| horizontal strain for CJS1

3 STUDY FOR REINFORCEMENT RATIO

After the successful modelling of CJS1, some studies were carried out to check the effect of
varying the reinforcement ratio. These also served as a check on whether the reinforcement
had been correctly introduced. If so, then reinforcement arcas between a bare steel joint i.e. 0
mm? and 767 mm? should produce load carrying capacities and moment-rotation curves
which would lie between the two already obtained. Reinforcement areas of 767, 637, 425 and
212 mm? were used for the analyses, with other parameters kept constant. Using a test base
design model (Li, 1994) the moment capacities for these reinforcement areas were calculated
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by taking the material strength as either the yield strength (calculated result-A in Table 1) or
the ultimate strength (calculated result-B in Table 1) as obtained from Li's supplementary
tests. The results of the design calculation and the FE analyses are shown in Table 1, from
which it appears that the design model is most appropriately used with the ultimate material
strengths. Fig 12 shows the comparison of moment-rotation curves for various reinforcement
areas, including the bare steel joint. Both the load carrying capacities and the moment-rotation
curves appear reasonable. The ultimate moment capacity is consistent with the design model.
The variation of the initial stiffness and the ultimate moment capacity with the changes to the
reinforcement area are shown in Figs 13 and 14,
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Fig |1 Comparison of reinforcement Fig 12 Effect of reinforcement area on composite
strain for CJS| joint moment capacity
5 r— T ————— "y l
| = /_(‘ -t
| s
1
e ém // |
/ ! " b |
| . .
| . o} ! __
f I | ut .
= ) y AN
L] - m w am w L w L] o m w an mw "n m
Fersrares ws u Fe ot e s
Fig 13 Variation of Joint initial stiffness Fig 14 Variation of ult moment capacity

with reinforcement area with reinforcement area




266 B. Ahmed et al.
Table 1 Comparison of calculated moments for variation of reinforcement
ratio
Reinforcement area | Calculated Calculated | FE moment | Test moment
mm? moment-A | moment-B kNem kNem
kN+m kNem
767 146 183 183 181
637 129 164 163 eeenanas
425 98 129 HE T e
212 70 92 119 |  -——eeeee
0 30 59 74 62

Note: Material properties used for calculations
1) Calculation-A (material strength is taken as the yield strength obtained from the tests)
Column:350 N/mm? Beam:420 N/mm? Endplate:350 N/mm? reinforcement: 450 N/mm?

2) Calculation-B (material strength is taken as the ultimate strength obtained from the tests)
Column: 480N/mm? Beam: 530N/mm? Endplate: 450N/mm? reinforcement: 600N/mm?

4 STUDY ON SHEAR INTERACTION

From the above it is clear that the reinforcement acts in the model in the same way as it
behaves in a test. The test CJSI with 300% interaction had more studs than required to
develop the full tensile capacity of the reinforcement. Stud capacity was varied (o investigate
its effect on the moment carrying capacity. Analyses were made for 300%, 100% and 4%
shear interaction (by changing the stud capacity, not the spacing). Results of the FE analyses
are shown in Fig 15. As expected 300% and 100% shear interaction gave little difference in
the overall behaviour, whilst the 4% shear interaction model behaved almost as the bare steel
joint, thus confirming that the shear studs were modelled properly.

5 STUDY ON SHEAR SPAN/MOMENT RATIO

Tests CJS1, CJS4, CISS conducted in the University of Nottingham (Li, 1994) had shown that
varying the shear force had little effect on the moment capacities of flush endplate composite
connections. These three tests used identical specimens, the only difference was the position of
the applied load. In CJS1 the load was applied 1473 mm away from the column face, reduced
to 1023 mm for CJS4 and 573 mm for CJSS. Moment capacities were 181.5 kNem. 177.5 kN«
m and 197.5 kNem respectively. From the results it would appear that there is actually no
interaction between shear and moment at these levels of shear loading, since the small
observed difference could easily have been due to slight variations in material properties.To
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nify this, the FE model of CJS1 was used, the only change being in the position of the load.
the model load was applied at 1473 mm, 1049 mm and 579 mm from the column face for
§1, CIS4, CJSS models respectively, this small change in position being accepted so as to
ep the original mesh unchanged.

% moment rotation curves for CJS4 and CJSS are compared in Figs 16 and 17. In Fig 18,
e FE results for all three different positions of load are plotted. The moment-rotation curves
e almost identical for the three models. This confirms the finding (Li, 1994) that there is no
mificant effect of shear/moment ratio on the connection moment capacity for the flush
e joint with symmetric loading. It can be concluded that as long as the tensile and
] ssive forces can be supported by the associated components, then the position of the
plied load has negligible effect on the moment-rotation curve.

6 CONCLUSIONS

T model using the general purpose finite element software ABAQUS to simulate
mpmsc of semi-rigid composiic connections has been described. Tests carried out in the
versity of Nottingham were used to venfy the model. One flush endplate bare steel joint
it result and three flush endplate composite joint test results were used. In addition, the
ethod of introducing the reinforcement in a simplified way was checked by comparing results
ym the finite element analysis with those given by a test-based design method. The

: model can address the important joint characteristics of: vanation of reinforcement
posiuon of application of load. degree of shear interaction, changes in material
i . interface separation und closure. slip between slab (reinforcement) and beam top
ange and bolts in a realistic fashion. The modelling work is still undergoing in Nottingham
piversity and more studies will be conducted on the above parameters as well as on the
mn loading.
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MOMENT - ROTATION MODEL OF STEEL-TO-CONCRETE
END-PLATE CONNECTIONS

Laszlé Dunai !
Sandor Adany 2
Yuhshi Fukumoto ?

Abstract

In this paper a prediction model is introduced for the moment-rotation behaviour of end-
ate type steel-to-concrete connections under combined axial force and bending
oment. The developed model predicts the global response of the connection from the
behaviour of the “tension” and “"compression” zones. The load-deformation
ionships of the zones are analyzed by two nonlinear 2D FEM models. The
iculated moment-rotation curves are presented and compared to the experimental
ts and to a simplified analytical method. It is concluded that the proposed method
des good prediction for the initial range of the moment-rotation relationship but
astimates the ultimate moment capacity.

1. INTRODUCTION

Steel-to-concrete mixed connections are connecting steel, concrete, reinforced
m and composite structural elements. End-plate type mixed connections are
Qpliad in steel beam-to-reinforced concrete or composite column joints (Wakabayashi,

994) and steel or composite column bases (Lescouarch and Colson, 1892) Research

been doing on the application of steel-to-concrete end-plate connections in beam-
@am joints of composite bridges (Ohtani et. al. 1994).
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Previous studies on end-plate type mixed connections concentrate mainly on
strength of column base-plate connections. Formulas for full strength design ae
derived assuming reinforced concrete cross-section and equivalent rigid plal
approach (Eurocode 3, 1991, Wald, 1993), Although the applied hypotheses are |

correct in general (Penserini and Colson, 1989), the methods provide acceptabl
prediction for the ultimate strength in the design practice. Connections that af
designed in this way are considered as "rigid". From the available test results it can b
seen, however, that the nominally fixed mixed connections exhibit semi-rigid nature, th
rotational stiffness depends on the axial force, and its deterioration is significant undel
cyclic loading (Akiyama, 1985, Penserini, 1991, Astaneh et. al., 1992, Wald, 19§

Dunai et. al., 1994). Different level of models are developed to analyze the phe
and to predict the moment-rotation (M-©) relationship (Penserini, 1991, Melchers
1992, Fléjou, 1993, Wald, 1993, Sokol et. al. 1994, Ivanyi and Balogh, 1994).

In the current research a fundamental experimental program is completed on {
rigidity of general steel-to-concrete end-plate connections. Specimens with
structural details are designed mostly to exhibit the phenomena rather than I
represent practical connections. On the basis of experimental findings a model I8
developed to predict the moment-rotation behaviour under combined axial force an
bending moment. The developed model is an extended component model
predicts the moment-rotation response from the local behaviour of the "tension”
“"compression" zones of the connection. The load-deformation relationships of
zones are analyzed by nonlinear 2D FEM models. This paper has a focus on the
details of the proposed model. The application is demonstrated by the calculated M-
curves which are compared to the results of the experimental study (Dunai et. al., 1994
and of a simplified analytical method (Sokol et. al. 1994).

2. EXPERIMENTAL PROGRAM

Figure 1 shows the three test specimens, which are designed to demonstrate the
behavioural aspects of the typical structural arrangements of end-plate type mixed
connections.

'ul,.._ln.ﬂ_...;u.l ‘
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Fig. 1 Test specimens,
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- SP-1 and SP-2 are designed as partial strength connections, while SP-3 as a full
_ strength connection. The symmetrical steel-concrete-steel connection detail is placed
_in the center of a steel beam. The steel beam, containing the mixed connection is
" loaded by cyclic bending moment in a four-point-bending arrangement in a combination
‘of constant axial compressive force. The end-plate deformation of the connection is
~ measured by relative displacement measurement devices between the pertinent edge
points of the two end-plates, as illustrated in Fig. 2. Further details of the experimental

study can be found in (Dunai et. al., 1994).
© =(du, - Au)/h

i rotatlon of flangs line

) actual deformation
relative displacement > '-,. of and-plata edge
ssasuring device

Fig. 2 Measuring and interpretation of rotation.

i measured positive and negative envelopes of axial force-moment-rotation and
relative displacement relationships of specimen SP-1 are illustrated in Fig. 3 (a), (b),
i (c) respectively. These results demonstrate the behaviour of the tension and
- CO sion zones and their influence in the global response. On the basis of this
woﬂences a prediction model is introduced.

3. MOMENT - ROTATION MODEL
3.1 General

In the previous analytical studies of column base-plate connections three modelling
levels are applied:

~ {a) equivalent reinforced concrete (RC) cross-section model,

- {b) component model,

(¢) 3D FEM model.

The (a) level model is simple to use, however, it is difficult to take into consideration the
bd plate bending deformation (Sokol et. al. 1994). By the derivation of equivalent
Cros: onﬂnmdelprovodesgoodpmdrchonformastrengthoftheconnoct;on
application of (b) level model is relatively easy, the accuracy, however, is very
ch dependent on the derivation of the individual components behaviour, especially if
t imaion between the components is significant (Melchers 1992). The (c) level
model provides the best prediction of the real behaviour, but its application arises a lot
- of numerical difficulties and significant computational efforts (Ivanyi and Balogh 1994),
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The proposed M-© model is a modified (b) level model, as shown in Fig. 4. It is
assumed that the interaction in the local behaviour of the compression and tension
of the connection can be neglected. Accordingly the two zones can be handled
analyzed separately, as shown on Fig. 4(a), and (b). The zone models are loaded
the beam flanges and the pertinent deformation in the center of the flanges are
ined. The nonlinear load-deformation relationships of the zone models are the
' characteristics of the two-spring-connection model of Fig. 4(c). The rotation
se under combined axial force and bending moment can be determined
according to the equilibrium conditions of the rigid bar supported by the springs.

10 ]

]

;ension zone model
a, b, [
Fig. 4 Derivation of the M-© model.
3.2 Tension and Compression Zone Models

The load-deformation behaviour of the tension and compression zones are analyzed by
' inear plane stress FEM models of the bolted and studded segments in Fig. 4(b).
The characteristics of the zone models can be summarized as follows:

'« the 3D geometry of the bolted/studded segment is transformed to the plane stress
- model by the equivalent thickness procedure (Dunai 1992),

« the concrete support is assumed to be rigid in the tension zone model,

» the concrete support is modelled by a nonlinear one direction Winkler-type bedding
in the compression zone model in which equivalent elastic modulus is used,

the constitutive model of the steel components and concrete bedding is a multi-
surface Mroz model; the material properties are derived from material tests,
prescribed displacement of the flange component is applied as kinematic loading;
the resulting tension/compression force and the pertinent out-of-plate deformation in
the axis of the flange gives the characteristic curve of the zone.
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3.3 Two - Spring - Connection Model

In the connection model it is assumed that a rigid bar connects the cross points of the
plate and flange centerlines which are supported by nonlinear springs, as shown in Fig.
4(c). The characteristics of the springs are the pertinent load-deformation curves of the
tension and compression zones. The connection model is analyzed by a simplified load
increment procedure. The external axial force and moment are applied in small steps
and the rotation response of the bar is determined according to the equilibrium
condition.

4. NUMERICAL STUDIES
4.1 General

The proposed model is applied for the analysis of the three steel-to-concrete end-plate
connections described in Section 2. In the first step of the study the tension and
compression zones are analyzed by the model detailed in Section 3.2. On the basis of
these results the moment-rotation behaviour is obtained by the two-spring-model. The
results are compared to the experimental curves and to the results of a simplified
analysis of Sokol et. al., 1994,

4.2 Load - Deformation Curves of Tension and Compression Zones

The tension and compression zones of the three specimens are analyzed by 2D FEM
models of 700-1000 degrees of freedom and 20-30 load increments. The nonlinear
behaviour is illustrated in Fig. 5 for SP-1 by the load-deformation relationships.
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Fig. 5 SP-1: Load-deformation curves of tension and compression zones.
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Axial Force - Moment - Rotation Curves

 three specimens are analyzed by combined constant axial force (P=103.5 kN) and
moment. The experimental and analytical results are described together in Fig.
(b), and (c), for SP-1, SP-2, and SP-3, respectively.

(a) SP-1
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Fig. 6 Experimental and analytical axial force - moment - rotation curves.
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By comparison of the obtained results it can be seen that the proposed model
very good prediction for the initial range of the axial force - moment - rotatior
relationship. The strength of the connections, however, is underestimated by about 20-
25%. It is because the two-dimensional behaviour of the concrete in the compression
zone model is not considered (one-dimensional concrete springs are installed in the
bedding). If the 2D effect is taken into account - e.g. by a simplified way - the strengt
prediction can be improved.

The results of the equivalent RC model of Sokol et. al. (1994) are also shown in Fig. 5.
The model significantly overestimates the stiffness and the strength since the local
plate deformation is neglected.

5. CONCLUSION

On the basis of experimental results an M-©@ model is proposed for the analysis o
steel-to-concrete end-plate connections. It is an extended component model in whic

the global behaviour is derived from the pertinent connection zones' behaviour. On the
experiences of its application the following conclusions can be drawn:

« The model requires advanced nonlinear 2D FEM analysis on the zone model level;
this solution, however, can not be compared in difficulties to a global 3D analysis of;
the whole connection.

« The model gives very good prediction for the initial range of the moment-rotation
behaviour; it can be applied to predict the rotational stiffness and the nominal
elastic limit of the connection.

« The model significantly underestimates the ultimate moment; this feature of the
model can be improved by the consideration of the 2D effect in the behaviour of
concrete bedding of compression zone model.

« A possible application of the model is to combine the results of the zone
analysis by the results of equivalent RC model.
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SOME BASIC PRINCIPLES FOR SEMI-RIGID CONCEPY

André COLSON!

Abstract

he context of the dessimination of the semi-rigid concept is discussed. Obtaining
joment-rotation curves from a reasonable process is presented as one of the key
eter. Aside the experimental way several mechanical or physical models have
)en developped during the last fifteen years. Now it appears that finite element
hod, used at various scales, is able to bring satisfying results as far as computing
sts are dropping down. Various scales means various levels of geometrical
and meshing : local, semi-local as the so-called components method, or
. The interest and the potential capabilities of each description are discussed as
: as the questions that have to be solved.

1. INTRODUCTION

of the present regulation codes regarding constructional steelwork allow for the
mi-rigid concept as model for connection behavior. Numerous examples have
Ihe interest of such a modelization in terms of economy but also in terms of
in the case of seismic action. Nevertheless during the last years it appeared
)me reluctance from the designers to use this concept. In the author opinion there
mamly two origins for this reluctance : i) the content of the background
g ng education in the field of structural analysis and ii) the lack of available

pterial for day to day practise in terms of M - ¢ curves. Moreover one can think *hat
ere is a link between these two problems because if more material would be
ailable, the task of the educational staff would be easier.

Professor of civil engineering, Director, Ecole Nationale Supérieure des Ans et
Industries de Strasbourg, 24, bid de la Victoire, F 67084 Strasbourg Cedex
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i) the content of the background education in structural analysis. Semi-rigid design is
probably teached at advanced level, when teached ... !!, so it appears as research
subject and not as basic and elementary component of structural behavior. Of course
at basic level, with junior students, it is not possible to go deeply within semi-rigid
design but, at least, the connection behavior has to be pointed out, in terms of M -
curves, as the members behavior is exhibited in terms of moment - curvature curves.
In order to convince our colleagues, teachers of structural analysis, to teach the
essential background, it has to be widely accepted that semi-rigid behavior is the main
and most common feature of connection in civil engineering structures, whatever the
material. Starting from this consideration semi-rigid concept is an inevitable item of
education and should not be missed. It is the purpose of the COST C1 european
project to gather all the knowledge regarding connections behavior in concrete,
timber, steel and composite structures in order to elaborate the essential "corpus”.

ii) the available material in terms of M - ¢ curves : despite the numerous experimental
and analytical studies that have been performed during the last fifteen years there is
not a general agreement on the way to get the M - ¢ curves. Of course the

experimental results are certainly the most reliable but not convenient for the day t
day practise in the design office for several reasons :

- they are not available in a ready for use format (ultimate limit state and serveacibility
limit state characteristics, ... etc).

- they are not gathered within a well agreed handbook.

- they do not give by the same time the internal distribution forces which are necessary
for the detailing design.

- generally the very specific case the designer is studying does not exist ... !!

- and most of all design from testing is not a current practise excepted some
experimental checking, generally at reduced scale, at the end of the design process.

So, in the designer mind a calculation procedure, as simple as possible i.e. present
in tables or spread sheats format, is the only rational way to proceed in the desig
office. To prepare such a material, research and development has to be done abo

physical models have been developped as well as numerical simulations with finite_
element method. These last one were not very successfull due to the lack of specific’
elements including contact problem, lack of fit description, microcracks propagation

etc and due to the very large number of degrees of freedom inducing high calculation®
costs. So the mechanical and physical models were more attractive. Unfortunatly
these models include always some curve fitting parameter which need to be identify

from experimental results. Briefly they are not able to give the entire M - ¢ curve from

the sole geometrical and mechanical data of the connection. Furthermore the
meaning of some parameters can not be explained in an engineering fashion.
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heless such models have allowed the comparison of various approaches and
development of the basic knowledge on connection behavior.

ice one or two years most of the finite element method software packages offer the
elements that are needed for connection modeling : Evolutive contact
ants, friction elements, damage model for concrete including strain-softening ...
By the same time automatic meshing is available in the case of complexe
] ry (CHS joints with double K configuration for example) and the computing
OSt: are strongly decreasing while the computer capabilities are strongly increasing.
s therefore reasonable to undertake connection modeling through finite element
pd. Three level of geometrical description, i.e. three scales of geometrical
lodeling, have to be considered.

- local modeling (LEVEL 1). In that case each element (fastener, plate, angle) is
eshed with all the necessary refinement, including contact zone, to take care of all
phenomena that take place inside the connection.

+ global modeling (LEVEL 3). The whole joint is considered as a single element with
ne, two or three degrees of freedom (as a spring for example). This case requires a
yrm of analytical model, or can be combined with experimental results or with a result
pming from the local modeling approach.

‘ i-local (or semi-global) modeling (LEVEL 2). The "meshing" is such that an
ement is only a part of the connection ; T-stub, web panel, anchorage bolt for
@ample which can contains several pieces like bolts, plate, web, surrounding

joncrete. The word "Components method" often used in combination with hand
iculation is dedicated to this approach (Jaspart & Maquoi 1994). From a mechanical

of view the word "meso-mechanics" could be used by comparison with micro-

chanics" (LEVEL 1) and "macro-mechanics" (LEVEL 3).

fhese three levels of modeling can be used in combination, according to the degree
pf refinement which is required.

: a remark it has to be kept in mind that the level of accuracy of the M - ¢ curves is not
arly defined at the moment, more especially in comparison with the level of
curacy of the moment curvature curves of the bars (Mebarki et al 1995).

2. LOCAL MODELING (LEVEL 1)

‘All the connection area is meshed with the more appropriated type of element (plate,
‘shell, brick, contact element) including specific element for simulating pretensionning
‘of the bolts. The boundary conditions (forces and displacements) allow the link to the
‘adjacent bars. Generally the connection area is isolated from the whole structure.
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Nevertheless the whole structure, containing several bars and several conn
can be meshed and analyzed in a global calculation. Of course this is not very real
in terms of computational time.

Such calculations have been made recently for end plate connections (Bursi &
Leonelli 1994 : figure 1), CHS joints or column bases connections (Sedlacek et al.
1994) (Lee & Wilmshurst 1995 : figure 2). -

Figure 1. Finite element mesh for end plate connection

Figure 2. Finite element mesh for CHS-K joint

The specific connections “ingredients” (evolutive contact area, bolt pretensionning ..
can be introduced along with relevant constitutive laws (plasticity, strain-hardeni
for the material properties. Therefore the results in terms of M - ¢ curves are
satisfactory even if some phenomena like residual stresses, initial lack of fit ... are
taken into account.

We can expected, in a near future, the same results for composite connections since i
has been demonstrated that 3 D calculations are fully relevant for reinforced
connections including longitudinal and transversal reinforcement (La Borderie
Merabet 1994). (figures 3, 4 and 5). Damage theory including strain - softening branch
and relevant bond conditions between concrete and reinforcements are used. :
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Figure 3. Experimental device for precast reinforced concrete connection

Figure 4. Finite element mesh for concrete and reinforcement (above)
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Figure 5. Computational result and experimental result




284 A. Colson

Therefore it appears that finite element methods are now able to take into account a
lot of mechanical and physical phenomena which strongly influence the connection
behavior.

3. GLOBAL MODELING (LEVEL 3)

The connection area is modeled with a unique element in the sense of figure 6 as it is
now well agreed. For most cases this element is a "one degree of freedom element® :
the rotation. However it could be interesting, or necessary, to have several degrees of
freedom for this single element in the following situations :

b b
o e
i

-i: In the case of three dimensionnal structures (Deierlein 1991). Two degrees of
rotation within two different planes, at least.

-ii: In the case of column base connections for which the normal force-bending
moment interaction requires translation and rotation displacements associated with
the forces (Penserini 1992).

-jii:  In the case of dynamic loading (seismic) where inertia effects induce shear
force-bending moment interaction into the connection (Fléjou 1992). Two degrees of
freedom are therefore necessary : translation and rotation associated with shear force
and bending moment.

The situations i and iii are somewhat specific and will not be discussed in this paper.
The situation ii is on the stage of undergoing research. It seems relevant to exhibit

different M - ¢ curves depending on constant values of the normal force, i.e the normal

force is considered as an external parameter (one M - ¢ curve for one normal force
value). '

For all other cases a "one degree of freedom element” is relevant. Therefore the
global modeling allows for the whole frame analysis. Most of the present software
packages taking semi-rigid effects into account are based on this modeling, as well as
the recommandations or the requirements included in the regulation codes
(EUROCODE 3 for example). The necessary M - ¢ curve can be got through various
ways :

- Experimental results

- Any form of analytical model

- Any available simplified model

- Numerical simulation at level 1 (local modeling)

- Result of level 2 analysis like components method.
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The two last approaches will be certainly, in a near future, the most commonly used
because computing facilities are in progress from one hand and they are now

presented in an engineering fashion on the other hand.

Nevertheless from the conceptual point of view, the analytical models, expressed
directly in forces-displacements format, have several advantages. They allow for :

- the utilization of the langage and the parameters of whole frame analysis methods

- the possibility to introduce directly some specific effects (clearance, variation of
slope, strain-hardening ...)

- efficient parametric studies to look at the influence of the connection behavior on the
response of the whole structure

- the introduction of several degrees of freedom in the connection (rotations,
displacements)

- the presentation of the "connection deformability concept® for educational purpose.

In the author opinion such analytical model allow to take very finely into account some
random phenomena at the material level such as residual stresses for example. This
is the purpose of the last proposed model (Fléjou 1992). In fact most of the
characteristics of the global behavior (non linearity) are due to local effects (plasticity,
strain-hardening, damage ...) which are very well known in mechanics theory at local
level. Because it is impossible to describe finely each phenomenon for each fastener
or element it is proposed to transfer at the global level of the connection the concepts,
and the "formalism® which are used generally at local level (elasticity, strain
hardening, damage for concrete ...). Only one extra parameter is necessary to take
friction into account (named flow in the model).

This model is relevant for all civil engineering materials (steel, composite, reinforced
concrete, timber). Of course some numerical values are strongly material dependant.
The general format is given in figure 7.
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Steel Ehﬂml kinematical mmﬂ D: F £ascry
.3 D= -F Non Elasncty
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| Concrete 2 - [—
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Figure 7.
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In this paper the model is presented In a 2D format which is the more relevant for
written description. All the degrees of freedom are possible. It is a multi-su
model (figure 8).

- the limit surface which represents the maximum strength of the connection

- the initial elastic surface, which can move for kinematical hardening modeling
- the loading surface growing accordingly to the displacement of the elastic surface.

The size of the limit surface can decrease if damage appears (in concrete).

oA

Lonting Sorfacy
=078 k=091

A

Ne2 Elasic Serface sher

Figure 8.

Such a model is able to describe monotonic and cyclic loading, including *pinching”
effect" (Figure 9). Of course it requires some numerical parameters, which have not a
direct physical meaning but which are probably *constant* for a given family of'
connections (bolted connections, welded connections, composite ...).
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4. SEMI-LOCAL MODELING (LEVEL 2)

Semi-local or "semi global* modeling have been used from time to time in several
areas of mechanics. In the field of semi-rigid design it appears now as the most
convenient approach from the engineering point of view. In Europe, and more
especially for Eurocode 3 dessimination, it is called "components method" (Jaspart &
- Maquoi 1994). The connection is divided into typical "sub mechanisms® and not
necessary elementary mechanism, for which the mechanical behavior is not directly
dependant on the lay out of the whole connection. The T-stub approach is a form of
component method. Of course the whole connection has to be divided into a finite
number of components (this is the reason for which it is a form of finite element
method) and the behavior of each component has to be known before to make “the
assembly” to go up to the whole behavior. The assembly is done following the well
known *serial mode!" or *paralled model* or both. This approach is quite relevant for
constructional steelwork in case of end plate connections and angle conrections and
can be extended to other connection types.

The individual behavior of each component can be obtained itself from a local
modeling (Dunai 1992) or a global modeling (Penserini 1992). In most of the cases
the *assembly calculation® to get the whole connection behavior can be made by hand
because there is more or less three to six components. Nevertheless some checking
regarding "compatibility equations® in terms of force or in terms of displacement have
o be done. For example in the simple case of column base connection subjected to
pure bending, if the designer decides to take two components : the anchor bolt
mechanism and the compression zone mechanism (figure 10), he has to check either

/’ﬁ\' [ 81 [ = P
b o )

— ———

Figure 10.

equilibrium or displacement condition. Generally the equilibrium equation is choosen
as first condition because of its engineering meaning and the displacement condition
appears of second importance. However in the author opinion the displacement
condition has to be examined too (and perhaps more or less satisfied) in order to
‘avoid non physical solution. In the specific case of the choosen column base, because
_the behavior of the anchor bolt is quite different of the behavior of the compression
Zone, the equilibrium equation leads to a vertical displacement of the column base
‘which is not compatible with the initial kinematic scheme.
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One can think that these compatibility chéckings do not lead to actual difficulties and
can be solved, if necessary, with appropriate engineering hypothesis.

5. CONCLUSION

The finite element method, used at all the available levels (local, semi-local, global
and sometimes in combination) is now able to give the necessary material to get the
M - ¢ curves. Of course a data-bank containing the numerical simulations could allow
some economy by avoiding repeated calculations. The analytical models, expressed
in a global manner will be probably dedicated and limited to educational purpose.
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BEHAVIOUR AND MODELING OF
TOP & SEAT AND TOP & SEAT AND WEB ANGLE CONNECTIONS

Antonello De Luca'

Abstract

his paper a review of the research activities carried out by the Author and other co-researchers
be field of behaviour and modeling of semirigid angle connections is presented. In particular,
ting from the behaviour of a single component: the angle, the monotonic behaviour firstly
[then the cyclic performance of Top & Seat Web angle connections are analyzed with specific
grence to the problems of modeling.

e mechanical models developed, which are always verified against experimental evidence, are
. mcwedvam some criticism in order to evidence their pitfalls and 1o investigate on the real
pentials of modeling and on the need of stating the ranges of applicability defined from
gperimental indications.

ef comment on the recently drafted extensive provision of the Eurocode 3 on semirigid
pections, with specific reference to these connections is given at the end of the paper.

L. INTRODUCTION

emirigidity has attracted the major efforts of research in the field of steel structures in the last

icades. This concept, already familiar to the earlier designers of the "Empire State Building”,
‘who used to say that " Connections are smart enough to know what to take", has produced efforts
in the fields of testing of connections, modelling of entire semirigid structures and finally
in tation into codes and/or provisions. Most of these efforts are devoted to classification
of fixed, hinged and "in between the two" connections. After all these activities we can't really
draw a line on this subject, but we can simply say that connections represent a dominant part of

he steel structure and their behaviour can't be easily predicted, experimentation remaining a
major reference. We could say that since any connection can be considerd semirigid, it is better
10 more appropiately speak simply in terms of connections.

*Professor, Universita® di Reggio Calabria, 89100 Reggio Calabria, ITALY
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It is believed that a moment of reflection is now needed also in view of the fact that p on
are coming out [1,2] for the use of semirigid connection in order to allow for a more extensive
use in the design practice. Within this philosophy, and considering that it is not plausible to review
the activities of the different Authors, in this paper only the research carried out from the Author
and other co-researchers in last years is reviewed with specific reference to a particular type of
connection.

After early studies devoted to the investigation of frames characterized by semirigid behaviour
[3,4,5,6], the attention has been concentrated to the behaviour of connections. In particular the
analysis of the experimental behaviour has allowed to develop a mechanical model which b

been verified against the experimental evidence both in the monotonic and cyclic range. For this
purpose research has been carried out in co-operation with major laboratories and researchers in
the field of steel structures i.e. University of California at Berkeley and University of Trento.

In the following sections firstly the behaviour of a single component: the angle is analyzed under
axial pull-push conditions. The monotonic behaviour and then the cyclic performance of Top &
Seat Web angle connections are consequentlly examined in order to develop a mechanical
capable of predicting the response without the introduction of any curve fitting parameter. Finally
this model, in an oversimplified version, is analyzed from the point of view of the sensitivity of
its main parameters. This critical review also allows to draw some considerations on the ly
drafted Annex J of the Eurocode 3 which refers to a similar model for these connections.

2. AXIAL PULL-PUSH BEHAVIOUR AND MODELING OF ANGLES

From a mechanical point of view a Top & Seat angle connection is built up bu the coupling of
different components which all contribute to the stiffness and strength of the connection. Amon,
all these components the angles represent the prominent parts due to flexural bending of the
outstanding leg (Figure 1).
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Figure 1: Axial behaviour of angles subjected to axial Figure 2: Comparison between experimental behavios
pull-push (7] and numerical modeling (8]
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e axial force displacement behaviour of double angles is therefore significative either for the
percussions on the analysis of Top & Seat connections under bending conditions and of deep
ss girders in which the top and bottom chords are often connected through angles which are
bjectec to axial pull-push conditions.

iV

'he monotonic behaviour of angles subjected to axial pull-push has becn investigated by De
efano and Astaneh in [7] where the experiments were carried out by appropriate loading
‘conditions accounting for the shear effect. The comparison between the experimental response

ind the numerical model is provided in figure 2 where the simulation have been carried out also
yy taking into account second order effects.
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igure 3: Experimental response of angles subjected 1o Figure 4: Comparison between experimental and

yelic axial pull-push (8] numerical modeling [8)

he same mechanical model has been extended in [8] to the case of cyclic loading. The comparison

gen the experimental response (figure 3) and the mechanical model (figure 4) has proved
upablhty of the model, which makes use of a gap element, to account for the non linear

ghaviour (sudden stiffening) arising from touching of the leg-to-leg angle to the column flange.
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5: Simulation by means of kinematic hardening (8] Figure 6: Simulation by means of isotropic hardening (8]

ures 5 and 6 is demonstrated the differences in simulation when adopting a Kinematic or
idening type hypothesis. Both the simulated curves are obtained by imposing the force and
g for the displacement.
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3. MONOTONIC & CYCLIC BEHAVIOUR AND MODELING
OF WEB ANGLE AND TOP & SEAT CONNECTIONS CONNECTIONS

3.1 Web Angle Connections

The appropriate coupling of different springs, each of them being representative of the
of an angle subjected to axial pull-push conditions, by means of the mechanical model explaing
in the previous section has allowed [9, 10, 11] to develop a complete mechanical model for the
simulation of web angle connections. The slicing of the web angle into strips and the geometrica
parameters, to be used for the definition of each nonlinear spring, are given in figure 7, The wek
angle connection is then simulated by appropriate coupling of these springs, following the ide:
presentedin [ 12, 13] by means of the model provided in figure 8. In order to simulate the nonline

response an incremental algorithm has been set up based on compatibility and equilibriun
equations. The algorithm imposes an incremental rotation and looks for the position of the neutn
axis which allows then to express the moment from the equilibrium equations.

Lelyt-d2
= = Ao ™

Figure 7: Definition of the geometrical properties of the model of web angle connection [11]
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Figure 8: Model and numerical procedure for simulation of nonlinear response [11]

The same procedure has allowed to simulate, in the same manner, also the cyclic response of the
connection. It should be underlined that, practically all the existing models [14 to 21] are refen
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) the monotonic behaviour and introduce some curve fitting parameters differently from the
jodel herein presented which adopts as parameters only the stress-strain relations and the
etrical properties underlined previously.

| mechanical approach is followed in [22] and in [23] the cyclic response is considered. A more
ymplete overview of the existing models is provided in the extensive state of art given in [24].

100 1
m-
60
40 1
2]
0
20 1
40 1
0 1
.80 1
100 . - v
. 0.03 0.01 0.01 0.03
e 9: Comparison between experimental and numenical Figure 10: Close up view of comparison between
e [11) experimental and numerical response [11]

he comparison between the experimental results provided in [25] and the numerical prediction
jreported in figure 9. From this figure it is evident that the model is capable of providing a
inching of the hysteresis loops even though no slippage has been introduced. This fact derives

ym the opening and closing of gaps which are well simulated by the model. The comparison
tween experiments and simulation is better evidenced by figure 10 in which a single cycle is
cted from simulation.

2 Top & Seat Angle Connections

e mechanical model presented previously has been extended to the case of Top & Seat
panections in [26, 27]. In particular in [26] it has been demonstrated the potential of the model
f simulating the cyclic behaviour of Top & Seat and Top & Seat Web angle connections by
dicating how to derive the spring properties of the Top & Seat cleats (figure 11) from the

metrical data of the connection.
DIA.

OLTS 1. 120x120512

-

DNNECTIO a0 0w 2
e 11: Modeling of Top & Seat connection [26] Figure 12: Cm hetm experimental and
" numerical response of Top & Seat connection [27]

3
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In [27] the model has been verified against experimental tests carried out at the University of
Trento [28] on Top & Seat among other connections. In [27] it has been also evidenced the need
of avoiding potential slippages in the connection by adopting a slip capacity design which consists
in taking the plastic shear withstandable from the outstanding legs smaller than the slip force.
Since the experimental tests in this case measured also the slippages, the simulation of the net
rotations of connections was carried out. The comparison between the experimental tests and th
numerical simulation (figure 12) shows the perfect prediction in terms of stiffness and strength.
Itshould be also noted that in this case, due to the absence of web angle connections, the simulation
does not provide any pinching in the hysteresis loops.

4. CONSIDERATIONS FOR DESIGN USE AND CODE IMPLEMENTATION

4.1 Premise

In this paper a review of the activities carried out in last years in the field of modeling of Top &
Seat connecions in the monotonic and cyclic range has been made. The comparison with the
experimental results has confirmed the good prediction achievable by this model. A moment of
reflection though is neede in order to investigate on the potentials of providing such a model, ¢
a simplified version, to professional for predicting any type of experimental behaviour of sug
connections.

It is also important 1o make this considerations since a new and very extensive provision [2] h
been recently set up. Ths provision includes all types of semirigid connections by providi
methods for computation of stiffness and strength. In the following a brief review of the Eurocod
3 approach is provided, firstly and then a sensitivity analysis is suggested.

4.2 Eurocode 3 approach and simplified approach

The approach followed within Annex J of the Eurocode 3 refers to a mechanical model wh
simulates the connection by a series of different component each being representative of ane
spring, characterized by a specific stiffness. The appropriate coupling of these springs, whig
for the case of Top & Seat connections, results in the model of figure 13, provides the glo
stiffness of the connection.

K, K; K, K, Ky K; K, K, K, K leat

nduaaamh ak Bt 712l

T,=2M, /1 =f BiYal

3
S=Eb'/ X, 0K

M<F b ” i
h - b
K oot K o = GEBLAYE

Mugp =T h

L

B

Figure 13: Eurocode 3 model Figure 14: Simplified model for sensitivity analysis
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The simplified model, as shown in figure 14, provides the following expressions for connection
stiffness and strength:

]
K =a£8: W
120}

_LBe
‘ZLH

The parameters characterizing stiffness and strength are therefore: flange cleat length L, global
connection height H, flange cleat effective width B, flange cleat boundary conditions a and yield
strength . It should be also taken into account the hardening ratio S,./S,.

For all of the previous parameters different values have been suggested by different authors and
actually each of them depends by several facts which cannot always be predicted. For this reason
a prediction has been made for the same test reported in figure 15 by assuming, in one case all
the minimum vales for each parameter and in the other case all the maximum values. In this
manner it is possible to define a range of variation and 1o somehow define a sensitivity of the
model to the variation of parameters.

0 NoNm) — 1 “MmMocm 7 =
* /' Maxsmum prediction
‘3 i "4' 10 | ’: o~
Maximum prediction " J
300 + "0" 'a‘
’J" 20 + "’ |
200+ ‘/‘ / Expenmental curve
1 'O“" lo o f" -—P""""‘"’”“‘ i -
100 k" Expenmental curve ‘t' __'__‘/‘”"" Mirumum predicnon
e —— Nl

nﬂ 3‘1 0 60 .(“)m 00 0s 1.0 15 & (mrad) 2
Figure 16: Ranges provided by sensitivity analysis and Figure 17: Ranges provided by sensitivity analysis and
comparison with expenimental curve up to rupture comparison with experimental curve in the elastic range

’!hiseompmson is made in figures 16 and 17 where the experimental curve is compared to the
m and minimum predictions. The two figures are provided in different scales for allowing
o evidence the ultimate response and the elastic response.

From this figure it is evident that the two results differ substantially but the experiemntal curve

comprised between the two bounds both in terms of stiffness and strrength. This means that
such a procedure, with further improvements deriving from a more extensive comparison and
aimed at restricting the range of variation, could be advised in design and implemented into codes.
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For what concerns the global connection strength the different failure mechnisms are identif
the minimum value of failure capacitied being the strength of the connection. Such a "compon
model"” does not provide any information on the ultimate deformation capacity.

Due to the good agreement achieved with the mechanical model presented extensively in thi
paper, which is more complicated, but which only adopts as unique component of behaviour the
outstanding leg of the angle in bending it has been thought that an oversimplified version of thy
Eurocode 3 would result in a more "friendly use” tool to be proposed to designers. This mode
is provided in figure 14. '

A comparison between experimental behaviour and this simplified proposal together with th
more refined model previously discussed is given figure 15.

M (kNm) P

An extensive application of the Eurocode 3 has been made in [29] where all the data concerning
Top & Seat connection and included into two data banks [30,31] respectively set up in Europe:
and United States have been considered for carrying out the comparison between Eurocode 3
and experimental behaviour. In [29] it has been aso demonstrated that even within the application
of Eurocode 3 the only component affecting the connection behaviour is the cleat in bending.

4.3 Sensitivity analysis

It is believed that it is not possible to set the parameters of any model in a unique way and to
expect to foresee the real experimental behaviour of the connection. It should be advised instead
to provide a range of variation of the parameters governing the behaviour and therefore to provide
a range of variations in predicted stiffness and strength.

For this purpose, and considering that the angle in bending has demonstrated to affect th
connection response, such a simplified approach could be used also to provide the different bous
of prediction.



Behaviour and Modeling of Web Angle Connections 297

A more extensive sensitivity analysis of this type has been carried out in [32] where all the
experimental data comprised in [30, 31] have been considered. The result found in [32) confirms
the need for considering two different bounds represnting maximum and minimum prediction.

5. CONCLUSIVE REMARKS

The activity carried out in last years for modeling the monotonic and cyclic behaviour of Top &
Seat and Top & Seat and Web angle connections has provided very promising tools for the
analysis of the behaviour of these connections since the comparison with the experimental
behaviour was always very satisfactory.

- If a prediction method should be advised to professionals and implemented into codes it should
be provided in a simplified form such as the one herein suggested.

nany case it seems necessary to provide, for specific type of connections the range of applicability
the models suggested and always to advise for the use of two bound both for strength and

( gments This research was partially sposnsored by MURST (Ministry of University
d of Scientific and Technological Research).
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CHARACTERISTIC SEMI-RIGID CONNECTION RELATIONSHIPS
FOR FRAME ANALYSIS AND DESIGN

Donald W. White'
Wai-Fah Chen’

Abstract

ized moment-rotation relationships, representing different families of connections, are needed to
the design of frames with semi-rigid connections. This paper takes stock of some efforts to
fine and use normalized moment-rotation curves based on mechanistic models of the connection
mponents. The goal is to illustrate one approach to how analytical equations for design analysis can
developed and applied. To focus attention on the overall framework of the problem, only the simple
e of a top and seat angle connection (no web angles) is considered.

1. INTRODUCTION

Although the direct consideration of connection moment-rotation characteristics in steel frame design
is received substantial research attention during the last two decades, only a few engineering firms in
e United States have actively applied this knowledge in design practice. One reason for this is the
ik of firm recommendations for characteristic connection relations that can be utilized in the design
ocess. Although there are large databases of test data (Chen and Kishi, 1989; Nethercot, 1987), the
s that have been catalogued are only a sparse sampling of the actual combinations of design
jparameters that can occur in the field. This paper takes the position that the best approach to facilitate
he design of frames with semi-rigid connections is the establishment of “standard” mechanistic

ions, which characterize the effects of all the primary behavioral parameters for a given type of
iection. Much recent progress has been made by various researchers throughout the world in
loping such equations (Colson, 1995).

paper utilizes mechanistic equations developed by Kishi and Chen (1990) for top and seat angle
ions (without web angles) to elucidate some of the issues associated with development and
application of such equations for design of semi-rigid frames. The next section reviews a specific M-8,
equation used successfully by Kishi and Chen as well as by many others. Section 3 then outlines the
asics of a suggested approach to semi-rigid frame design, and emphasizes certain attributes of and
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requirements for potential characteristic connéction relationships. Sections 4 and 5 outline mechanistic
and empirical procedures used by Kishi and Chen to define the parameters of the selected M-6,
equation. Section 6 then presents equations for these parameters in a form useful for connection
classification and design application. The paper closes with key observations and conclusions in
Sections 7 and 8.

2. MOMENT-ROTATION EQUATIONS

A four-parameter equation, first proposed by Richard and Abbout (1975), has proven to be quite
versatile for representing a wide range of connection responses. This equation may be expressed
in the form

Rla r

M= —"_Hh_ + R,’B, ("
[l +[9_,) :\
0,
where:
M = connection moment Ry, = connection strain-hardening stiffness
M, = connection ultimate moment capacity 6, = connection rotation
R, =R, R, 8, = reference rotation =M, /Ry
Ry = initial connection stiffness n = shape parameter.
The tangent stiffness is equal to Ry, if the
connection is unloaded. Kishi and Chen = Ma R0
(1990) have adopted this model in research
aimed at mechanistic prediction of the - o
connection M-8, behavior, with the p? f
exception that they assume Ry, = 0. With ) / n=2
Ry selto zero, the M-8, relationship has Nese -

the shape shown in Fig. 1. It can be observed
that for larger values of the power term n, the !
transition from the initial stiffness, Ry, to the M= TR
final curve of maximum moment, M, , is more : {1+ 180700)" |

abrupt. As n approaches infinity, the model i == -
becomes a bilinear elastic-plastic curve that g 8g= Mu/Ry; or
has initial connection stiffness, Ry, and

ultimate moment capacity, M. . Forn< I, ) )

the connection curve deviates rapidly from Fi_gure 1. Moment-Rotation Equation

the initial stiffness, and approaches M, in a with Ry, = 0.

very gradual fashion.

A principal merit of Eq. (1) is that it allows the engineer to execute a nonlinear structural analysis
efficiently and accurately. This is because the connection moment and stiffness can be determined
directly for a given 8, without iteration. Also, as demonstrated by Kishi and Chen (1990) for angle
connections, the parameters M, and Ry, can be developed analytically in terms of basic geometrical
parameters. Alternate equations that consider other types of connections and additional behavioral
attributes not addressed by the Kishi and Chen model are outlined in (Jaspart, 1992). Given the

Py Or
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analytical values for M, and Ry , Kishi, et al. (1993) have proposed equations for the shape parameter n
‘based on a least-squares fit to available test data for several angle connection types.

3. DESIGN APPROACH

In semi-rigid frame design, there is no avoiding the fact that the both the members and the connections
‘must be considered as “primary clements” in designing the frame to support the gravity and lateral loads
in a safe and serviceable manner. Consideration of the connections and how their details affect the
frame performance significantly increases the number of design parameters to be controlled. This
increase is one of the key benefits of semi-rigid connections in structural steel framing. Clearly, the
ability to control the frame performance far exceeds that available with rigid framed design. However,
- generalizations need to be made to focus the design process. The authors suggest the use of either a
target ratio of the connection to beam stiffness, Ry, / (El/d), or a target ratio of the connection to beam
ultimate moment capacity M, /M, , as a convenient starting point for design. These ratios are based on
- the connection classification system proposed by Bjorhovde et al (1990), The term d is the beam
depth, and (El/d) is representative of the beam stiffness, This term may be converted to possibly a more
precise relative stiffness by multiplying by L/d, where L is the individual beam length, and used with
charts such as that suggested by Gerstle (1988). Of course, the precise relative stiffness effect depends
~on how the individual beams are loaded.

It is desired to be able to determine a set of dimensional parameters for a given connection type that will
provide the target strength and/or stiffness ratios. These relations can be derived based on mechanistic
_analysis of the connection components. For a given connection type, parametric equations can be
expressed for Ry /(El/d), M, /M, , and the ratio of the strength to stiffness, (M, /M,) / (Rx / (EV/d)).
Generally, there are many connection parameters that affect these ratios, and thus, there is no one single
 characteristic M-8, curve for a given connection type (¢.g., the ratio of the strength to stiffness can vary
for a specific connection type by changing the connection dimensional parameters). For design
calculations, the engineer may be interested in the actual characteristic M-8, curve, or in a secant
stiffness and the associated connection design strength that may be derived from this curve.

4. MECHANISTIC MODELS - TOP AND SEAT ANGLE CONNECTIONS

Initial Connection Stiffness

Based on the experimental observations reported in (Hechtman and Johnson, 1947; Altman et al., 1982;
Azizinamini et al., 1985), the top and seat angle connection type is assumed to behave as follows:

1. The center of rotation for the connection is at the edge of the angle leg attached to the
i compression flange of the beam, and is located at the end of the beam
2 The top angle acts as a cantilever beam that has a fixed support at edge of the fastener-hole
closest to beam flange, and in the leg attached to the column face
- X The bending rigidity of the angle leg at the center of rotation is small and can be neglected.

The kinematics of the connection behavior (applicable for both the stiffness and strength
calculations) are illustrated in Fig. 2. The cantilever model of the top angle for determining the
initial connection stiffness is shown in Fig. 3. Based on this model, the connection initial stiffness
(including the shear deformability of the angle leg as a short beam) can be expressed as
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Figure 3. Cantilever model of top angle for
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where [, = % . The parameters / and d (not shown in the figure) are respectively the width of the
connection angles and the total depth of the beam cross-section. Therefore, it can be observed

mat&isnfuncﬁonofg.l.andﬁ:
| 4Bl r
Ry _ 5&[2 i Q.L) 3)
P LY

Ultimate Connection Moment Capacity

The ultimate moment capacity of the connection is derived using the work equation for the assumed
mechanism shown in Fig. 4 in conjunction with Drucker's yield criterion (Drucker, 1956) for flexure-
shear interaction. A yield line is assumed to form both in the top angle as shown, and in the bottom

angle at the center of rotation of the connection. The resulting equation for the connection ultimate
moment can be written as

M, =i[1+5-(1+‘_=+ z{i +imu,r 4)
" Ak e e IR
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. F.¢ F
itis assumed that both angles have equal thickness, where M, = —';— and V, = % are the

plastic moment capacity per unit width and the plastic shear capacity of the angle legs in the
“absence of any interaction effects. The yield

criterion is expressed solely in terms of the actual W
plastic shear strength, V, , as ——TOP ANGLE
v.Y v
2| 482 2| = 5 j )
[V.) f[v.] . o 3
T
For specific value of %3- Eq. (5) may be solved "1 b

V l
iteratively for T,'» and then this ratio may be : ¢ PLASTIC HINGE
A =t t
o H2
substituted into Eq. (4) for determining the - : L AX |
connection ultimate moment capacity, M... It can ! i o Vp
M, . : F ekt g 1 e 2
be seen that —* is a function of -, £, —, and —, e e s r__
M O O t

e

M, M (1g k d) Figure 4. Mechanism of top angle at
= i Sl ) (6) : =
Mt M.;[ g a3 ultimate condition.

5. SHAPE PARAMETER BASED ON REFERENCE ROTATION

Kishi and Chen propose that once the connection 6.0
M, are evaluated for a given connection type | n = 2.003 Log, 6§, + 6.070
(using the model outlined in Section 4), the shape
parameter n should be determined such that the 4.0
connection model given by Eq. (1) can best fit the
experimental data. Kishi et al (1993) performed
statistical analyses of test data to develop formulas
for the n values of several types of angle
connections. For top and seat angle connections,
n = 2,003 log;,8, + 6.070 2 0.302 (7) . "
0.302 o
The correlation of Eq. (7) with the test data 0.0 -2.880 :

‘studied by Kishi et al. is shown in Fig. 5. 3 2 1
! Logmﬁu

T T

Figure 5. Comparison of the empirical
equation for n with experimental test data
(Kishi et al., 1993).



304 D. W. White and W-F. Chen

6. NORMALIZED CHARACTERISTIC EQUATIONS FOR DESIGN ANALYSIS

Based on the models for the top and seat angle connection discussed in Section 4, and writing the
stiffness parameter as

El _E d-t,\ d \_Ebtd 32 %)
7“?[%"’( 2 ]+ :2]_ TR (W

o
2, b,

44
b, 1,

(where by is the beam flange width, # is the beam flange thickness, and 1, is the beam web thickness)
the relative connection to beam stiffness can be expressed as

I
Lﬁ.._g‘. :‘r + 1
b, 2t, b, 2 b, d
R, _ 2t, b, ©)

2, b—r
Therefore, the functional relationship between Ef;d and the various nondimensional parameters is
Ry R [1 tg db (10)

El/d EI/d\b, t," t b 2,1,

Similarly, by writing the plastic moment capacity of the beam as

d’ &
M,=b,:,!-‘_(d-f},)+ﬁr,7=bl,:,!~', (e g (1

v.( /b
[n—!{niuziwfi-——“ H (12)
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b
e ] (13)
2 1§

J_?./fEf/dJ=£/{EHdJ[L 8 & k d b '-) (14)
Iy

M /M, MJ/M, (1, t t t'b 21,

s of the inverse of Eq. (9) are illustrated in Figs. 9 through 11, and Figs. 12 and 13 show the
nship between stiffness and strength (Eq. (14)). It can be observed that the strength ratio varies
ntly based on the ratio 1/ 4 , whereas the stiffness ratio does not exhibit much variation relative
parameier. Both the stiffness and the strength ratios, and the ratio of stiffness to strength, vary
with the gage parameters g; /1 and g; /1, and with several parameters that are section
pperties of the beam (by /2, and d/by). The relationships are not sensitive to ¢, / and k/1 The
s have all been produced with 1. /1, = 0.66, which is a median value for rolled W sections of
ps 1 through 3 (AISC, 1994), and with k /¢ = 1.5. Also, all the plots are based on [ /b, = 1. The
'- medmutpbumhcuseddmuyfordcsmmworwnpbrmIanslups
stic of top and seat angle connections might be developed by synthesizing these curves into
" curves for certain restricted or target ranges of the significant parameters.
7. PITFALLS

major advantage of mechanistic equations is that they can capture significant parametric effects that

be overlooked by “brute force™ statistical analysis of experimental data. However, a pitfall is that
fequations are only as correct as the models on which they are based. The Kishi and Chen model i
sed on several assumptions that must be satisfied for its correct use. These assumptions include:
* Column web and flange deformations due to introduction of the load from the angles are neghigible
- (or are included elsewhere in the analysis model).
: -Coim panel zone shear deformations are negligible (or included clsewhere).
ion slippage in the attachment to the beam does not occur, and beam flange deformations
~ and yiekling due to introduction of the load from the angles is negligible (or included elsewhere).
) The beam idealization of the top angle leg is valid (probably not the case as g; approaches zero).
Membrane effects due to deformation of the top angle leg are negligible.
A sufficient number of fully-pretensioned bolts is provided such that: (a) the strength and stiffness of
 the bolts in tension do not influence the connection behavior, (b) the bolts are able to hold a fixed
 point in the outstanding top angle leg as shown in Fig. 3, and (¢) the bolts are able to hold the top
yield line in the outstanding top angle leg at the location shown in Fig. 4.
8 The gap between the end of the beam and the column face is small (in some cases in which the
_ beam is slightly under-length, the bottom yield line in the top angle can form in the leg attached to
the beam rather than at the position shown in Fig. 4).
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Jaspart (1992) discusses a number of these assumptions and has outlined how a some of the additional
effects may be modeled, at the expense of some additional complexity of the resulting equations. It

should be noted that the effects of variations associated with the last two assumptions in the above list
can be considered approximately by studying the effects of varying g, /tand g,/ in Figs. 6 -13.
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5 shows that n should be less than one for the best least square fit of the model outlined in

tions 2 and 4 to the available experimental data. This indicates that the connection stiffness reduces

pm Ry very rapidly, and that the connection response does not reach M, until large rotations. While
may be true for certain connections, it is expected that larger values of n would be obtained if

16 + "
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—-—14

104+ | —=18

(Evd)/ Ry

15 25 35 4.5 55 6.5
’p"

Figure 11. (El/d) /Ry for by/2t;= 5,d /by = 1.

Ru/(EVdY(MJ/M;)

Figure 12. Ry/(E/d)/ (M. /M,) for Figure 13. Ru/ (EV/d) / (M. / M) for
bf/2!f=5.d,b]= b!/211= 7.d/b[=3A
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additional effects such as those suggested by Jaspart are included in the models for Ry and M, , and if’
anon-zero Ry, relation is developed and utilized. Non-zero Ry, equations may be derived from
mechanistic models such as (Lay, 1966).

8. CONCLUSIONS
The promise and the pitfalls of using mechanistic models to develop characteristic moment-rotation
relationships for analysis and design of frames with semi-rigid connections has been discussed. With
coordinated industry efforts, approaches similar to those described can be used to “standardize™ the
connection moment-rotation curves that may be used for design,
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LARGE-SCALE TESTS ON STEEL FRAMES WITH
SEMI-RIGID CONNECTIONS,
EFFECT OF BEAM-COLUMN CONNECTIONS AND COLUMN-BASES

IVANY], Miklés !

&b stract

Experimental investigations of full scale frames are shown with regard to the effect of beam-
column connections and column bases
his work was supported by PECO-COST C1 "Semi-rigid behaviour” project

L. INTRODUCTION

A great number of tests have been performed on isolated semi-rigid connections and flexibly
ected subframes. Tests on full-scale three-dimensional frames are somewhat less
merous. However, experimental data on full-scale frame behaviour is important. Firstly it
enables the effect of column continuity through a loading level to be investigated - a parameter
not present in many subframe tests - and secondly; it confirms whether the experimentally
pbserved performance of isolated joints and subframes is indeed representative of their
behaviour when they form part of an extensive frame this latter point is of particular
\importance if the extensive work on isolated specimens is to be incorporated into universally
accepted methods of semi-rigid and partial strength frame design

The frame tests, presented in this contribution, were carried out in the large structures testing
hall of the Building Research Laboratory, Department of Steel Structures, Technical
University of Budapest

IProf. Dr., Department of Steel Structures, Technical University of Budapest,
Budapest, P.O. Box. 91. H-1521, Hungary
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2. GENERAL ARRANGEMENT OF THE EXPERIMENTAL TESTS

2.1. Test program and description of test frames

The test programme included tests of three complete frames:
Frame COST 2 proportional loading process
[ horizontal load ratio: R=1 |
Frame COST 3 variable repeated loading process
[ horizontal load ratio: R=0 ]
Frame COST 4 variable repeated loading process
[ horizontal load ratio: R=-1 ]

H max

L

where R =

The test frames were partially two-storey and partially two-bay ones. In the first storey the
frames had two bays, and the larger one was continued in the second storey. The frames were
built up from European hot-rolled sections (Fig. 1).
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Fig. 1 Overall view of test frames
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Typical flush end plate connections have been used between the main members of the frame
There were a number of reasons for selecting this particular type of connections

Firstly, cleated connections are very often susceptible to bolt slip at relatively low moment
levels Once bolt slip has occurred, the precise moment - rotation characteristics of the
connection are usually irreversibly changed. The flush end plate connection however is not
affected by bolt slip to the same degree and therefore, exhibits similar moment - rotation
behaviour under repeated moderated loading Using such a connection, small levels of load
“could be applied to the frame without irreversibly deforming either the connections or the
frame members. This was an important facility which allowed the loading devices and load
control system to be fully commissioned prior to carrying out a test to failure

The test frames were supported by separated rigid concrete blocks, which were connected to
the testing floor. The connections of columns to the "separated” concrete blocks were realized
as "hinged” bolted connections between the base plate and the concrete block

Concrete blocks were poured into a steel formwork. The formwork contained four tubes for
‘those bolts, which were used later to connect the concrete blocks to the testing floor
Concrete blocks are reinforced, main dimensions of the blocks and the amount and form of

reinforcing bars was adopted from the similar blocks of the tests of PENSERINI and
COLSON 1989

Anchor bolts were jointed to the reinforcement of the blocks before concreting Between the

. top of the blocks and the bottom of baseplates, according to the usual practice, app. lem thick
‘cement layer were used

2.2 Loading system

' Test frame COST 2 was loaded by combined (vertical and horizontal) loads (Fig. 2)

|ll‘ *I'

“H=0.5Pa
P P
Lol
‘!"l' e li=0.0Pa
E | =3
- Rl

Fig. 2 Loading arrangement

Vertical loads were applied to the upper flanges of beams, this way webs and lower flanges
were not restrained laterally. Loading was exerted by means of hydraulic jacks

To make horizontal displacements (sidesway) unrestricted, jacks were fastened not directly to
the floor slab, but through a so-called gravity load simulator (HALASZ-IVANY1 1979). This
latter consisted of three elements: two "rigid" bars and one “rigid” triangle. The two bars had
pin-joints at both ends, resulting in a one-degree-of-freedom mechanism Hydraulic jacks
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joined the third corner of the rigid triangles. This mechanism produced a vertical load acting
the intersection of the two bar axes. -

The simulators were designed and manufactured in the Building Research
Department of Steel Structures, Technical University of Budapest.

a

—

Fig. 3 Measured displacements

Horizontal loads were applied at the levels of beams and they were exerted by hydraulic jacks
driven by the same oil-pressure circuit as the vertical ones, thus achieving a constant ratio of
vertical loads, namely this value was 0.5, when proportional loading process was used. For the
cyclic loading process the horizontal loads were driven by the different oil-pressure circuit.

The original structure consists of frames and a "perpendicular” system of purlins, side-rails and
wind bracing. The effect of this latter system was simulated by a "back-ground” construction,
located at three meter distance behind the test frames and connecting rods at the top of
columns and the middle of beams

2,3. Measuring techniques

Forces were measured by means of a pressure transducer built in the oil circuit of the
hydraulic system. The intensities of the forces were calculated from the pressure and the
effective cross sectional area of the jacks.

Main important horizontal and vertical displacements of the frames were measured on the
beam levels (a and b in Fig 3) and in the midspans of the beams (c, d and ¢) by inductive
transducers.

Strains were measured by means of strain gages. Altogether 16 cross sections of the frame
elements were chosen and one cross section contained four strain gages on the four edges
the section
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Relative rotations at joints were measured in similar sections as strain, their distribution and
notation are given in Fig. 4

ns

ol ce
L=
4 3, H e w1 °7
C les e
o e
L i

Fig. 4 Cross sections with relative roiation measuring scales

_ For this purpose two simple scales were inserted in every section in a known distance (app
200 mm) from each other, they were hinged connected and always kept the vertical direction
because of gravity. Measurements were made by geodetic devices and from the measured
differences the rotation was calculated

After inducing the appropriate loading level, a five-ten minute delay was kept and after that
the measurements took place. Such a delay is necessary to let the deformations to develop

i
3. SOME RESULTS OF THE EXPERIMENTS

Frame under proportional loading

frame COST 2 the load - displacement curves are presented in Fig. 5 Notation of
B s can be seen in Fig 3 The load axis contains the total load produced by the
lic system (that is 7xP)

oad - relative rotation and displacement curves at column bases of Fig. 4 are drawn in Fig 6
e further load - relative rotation curves of other sections in Fig 4 are given in Fig 7 The
urves are giving both the load - rotation characteristics of the different sections and the
differences between the neighbouring sections. These differences in case of columns (as
etween 4 and 7 or between 5 and 8) are not remarkable, while on two sides of a beam-to-
connection (as between 4 and 11 or between 5 and 13, etc.) they are nonnegligible

The loading was increased step by step. After the load level No. 6 an unloading took place At
this stage the whole structure, its connections were elastic, only the column bases showed
jome changes On the compression zone there were some cracks in the cement layer, while on

¢ tension side there was a gap. During this unloading process the rigidity of the structure
xd some further cracks on the opposite side of the cement layer

.
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Fig. 6 Load - relative rotation and displacement curves at column base
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Iig. 7 Load - displacement curves
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3.2, Frames under variable repeated’load

For frame COST 3B (a=1) the vertical load P - "a" deflection curve is presented in Fig 8
Notation of "a" deflection can be seen in Fig. 3. The total vertical load produced by the
hydraulic system is 6xP.

The total horizontal load Pxa - "a" deflection curve is presented in Fig. 9
Load-relative rotation curves of Joint: C4 - B11 are given in Fig. 10, and load-relative rotation
of Joint 1 at column bases are drawn in Fig_ 11

At load level ( P=65.1 kN ), substantial horizontal deflection was observed, at the Joint B12 8
bolt was craced.

For frame COST 4A (ax=0.16) the vertical load P - "a" deflection curve is presented in Fig.
For frame COST 4B (a=1) the vertical load P - "a" deflection curve is presented in Fig. 13
Total load relative rotation curves of Joint: C4 - Bl are given in Fig. 14, and load relath
rotation of Joint 1 at column bases are drawn in Fig. 15

At load level ( P=71 kN ), substantial horizontal deflection was observed, at the Joint B12
bolts were craced.

4. CONCLUSIONS

As part of an extensive experimental study into the behaviour of semi-rigid connections, the
full-scale, three-dimensional multi-storey frames have been tested This paper presents a br
overview of the features of the experimental set-up and briefly explains how the complexitie
arising from the three-dimensional nature of the tests were addressed.
In the course of this experimental study
. full scale tests were carried out
. in a complex way, 3
The quality of the collected experimental data has justified the effect which was expended if
addressing the experimental complexities
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INFLUENCE OF STRUCTURAL FRAME BEHAVIOUR
ON JOINT DESIGN

Stephane GUISSE (1)
Jean-Pierre JASPART ( 2)

Abstract

Joints between H or | hot-rolled sections are subjected to internal forces induced by
the connected members. The interaction between these forces can lead to a
substantial reduction of the joint design resistance. Annex J of Eurocode 3 has been
recently revised and, on the basis of theoretical models developed in Liege, the
design rules for web panels have been modified to take those effects into account.
Those new rules have been recently compared in Liege with new numerical
simulations and experimental tests.

The aim of this paper is first to present briefly the modifications introduced in the
Annex J of Eurocode 3 and related to the interaction of internal forces, and then to
show the main conclusions that can actually be drawn from the comparisons with
new numerical simulations and experimental tests.

1. INTRODUCTION

The department M.S.M. of the University of Liege is studying since several years at
the semi-rigid response of structural joints and building frames. Since two years, a
three years COST project funded by the Walloon Region of Belgium has started; it is
aimed at investigating some different specific topics, related to the semi-rigid
concept. The present paper concerns one of them.

It is well known that the joint behaviour has a major influence on the frame response.
On the opposite side, the interaction between the forces acting in the connected
members influences, generally in a negative way, the joint design resistance.

(1) Assistant, Department MSM, University of Lidge, Quai Banning 6, 4000 LIEGE,
BELGIUM

(2 ) Research Associate, Dr, Idem.
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Annex J of Eurocode 3 (CEN / TC 250, 1994) has been recently revised to take
those effects into account by means of some different reduction factors. One of the
aims of the COST research project is to check again and possibly improve the
expression of these last ones.

2. EFFECTS OF INTERNAL FORCES ON JOINT DESIGN RESISTANCE

2.1. WEB PANEL DESIGN RESISTANCE

In a strong axis joint between H or | hot-rolled sections, the collapse of the column
web panel can result from two different modes: shear yielding or local yielding under
the tension or compression forces carried over from the beam to the column by the

connection (also called /Joad-introduction coliapse). For slender webs, a third mode

(web buckling or web crippling) can also be observed.

For a given joint, the collapse mode of the web panel depends on its external
loading; this is illustrated in figure 1 where the ratio n between the left and right
loads, P, and P, varies from 0 to 1. Figure 1 corresponds to a joint with a web of low
slenderness, so, not likely to buckle.

The ratio  is the one between the two bending moments induced by the beams on
each side of the column. When it is close to zero, the web panel is subjected to high
shear forces what leads to a shear collapse. A ratio close from one means that the
joint is symmetrically loaded; in this case, the collapse can only result from load-
introduction yielding (web buckling or crippling is also possible for more slender
webs)

In the joint web panel, three kinds of stresses are acting together:

» shear stresses t;

* longitudinal stresses o, due to normal force and bending moment in the column;
¢ transverse stresses o, due to load-introduction (local effect).

The interactions between these stresses have different effects on the joint

resistance:

* longitudinal stresses o, decrease the shear resistance;

» shear stresses 1 decrease the load-introduction resistance;

* longitudinal stresses o, may decrease the load-introduction resistance
(compression zone).

If the last kind of interactions is known for several years, the two first ones were not

taken into account by the rules of the old version of Eurocode 3 Annex J (Eurocode

3, 1992). They have been pointed out by JASPART (Jaspart, 1991). The unsafe
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character of the previous Annex J, compared to the JASPART model, is represented
by the hachured zone of figure 1.

-

75 »

S

L-]
D f———

Design Moment Resistance (kN.m)

0z 04 os os
Loads rauo n = P,/ P,
figure 1 - Variation of web panel resistance according to the external loading

Annex J has been recently completely revised: the rules concerning the web panel
design resistance have been modified according to JASPART's proposals (Jaspart,
1991) The first modification concerns the shear resistance, V_,,. The influence of
the longitudinal stresses o, has been simply taken into acoount with a constant
reduction factor equal to 0.9:

'S
-+

Al
Voers =097 (1)
: mi 3
"A, . is the shear area of the profile, f__ the yield stress and y,, the partial safety factor.
@ second modification consists in a reduction of the design resistance F_,, of the
golumn web in tension or compression (equation 2), due to the possible presence of
- shear stresses, by means of a reduction factor p:

Fo s __.p_%‘" (2)
z 1 :
withp= p, = ; ifn =20
bt
1413, ol e
J [ A ]
p,+(1=p,)2.0 if0<n<0.5 (3)

1 if0.5sn<lI

1. is the web thickness and b, is the effective yielding length. This last parameter
depends on the connection details. Equation (3), represented by two lines, is a
ification of the initial JASPART's proposdl. The difference between the two
‘approaches is illustrated in figure 2.
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The effect of the longitudinal stresses o, on the resistance of the column web
compression is taken into account by means of an other reduction factor,
(equation 4), that was already existing in the old Annex J (Zoetemeijer, 1975) :

(4)

a
k“--I.ES—U.Sf"—“sI

ywe

0, 'S the normal stress in the column web, at the root of the fillet or of the weld, due
to longitudinal force and bending moment. The minimum value of k_ is 0,75 (when
o,. Is equal to f_). k_ covers the possible buckling of the web panel under the
combined action of the o, and o, compression stresses.

Finally, the last modification introduced in Annex J concerning web panel is the
extension of the design rules to slender webs (A >0.673) by limiting the design
resistance, given in equation 2 to the buckling resistance value of the web:

 AER ol -

Fop =p—"—" if A<0673
Ymﬁ

g . ba 022] .
F, =L | (] == ifA>0673
i [1{ % @

- = 4

with A =003 [T _¢ yw

2

we

d, is the clear depth of the column web, E the Young modulus and the other
parameters are given here above.

Equations 1 to 5 are discussed in the present paper on the basis of comparisons
with numerical simulations (section 3) and experimental tests (section 5).

2.2. COLUMN FLANGE DESIGN RESISTANCE IN BOLTED JOINTS.

In bolted joints (with flush or extended endplates, flange cleats), the column flange is
subjected to transverse forces. The design resistance of this component, given in
Annex J of Eurocode 3 - it was already in the old Annex J -, is reduced because of
possible high longitudinal stresses o__ ., (> 180 MPa) in the column flange by means
of a reduction factor k, (Zoetemeijer, 1975) equal to :
_2.f,2=180-0 0 54
£, =360

ke <1 ®)

f.. is the yield stress of the column flange.
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3. NUMERICAL SIMULATIONS

ge set of numerical simulations have been performed in Liege with the non
r finite element program FINELG (Finelg, 1994). This software is developed in
since several years. It is able to simulate the behaviour of structures until
pse and to take into account various phenomena such as non linear mechanical
prties, second order effects, residual stresses, initial imperfections...
welded joints have been modelled
shell elements (figure 2). These
ymerical 3D simulations, based on the
metry of experimental tests performed
years ago in INNSBRUCK (Klein,
, provide very interesting infor-
ons such as strains and stresses
ywhere in the joint, or global behaviour
frves which allow direct comparisons
ith the theoretical models of JASPART
id Eurocode 3 revised Annex J.
pre than hundred simulations of welded
Ints have been performed in order to  figure 2 - Discretisation of welded joints.
estigate the effect of the following parameters: dimensions of the joint (three
ferent geometries have been considered), loading, steel grade, effect of strain-
__ ng and effect of the initial imperfection of the column web.
the two main parameters of this parametrical study were the loading factors 1
8 1) and the ratio B between the normal force in the column and its squash

-

Figure 3 illustrates the evolution of the joint design resistance versus the loading
D 1. The graph has an extremum at about n=0.7 and its shape is different from
the theoretical prediction of the new Annex J, and the analytical model
geveloped by JASPART. Despite these differences, the agreement between the
models and the numerical simulations can be considered as good.

The effect of a normal force in the column on the joint behaviour (represented by the
alue of B, see above) has also been considered for some joint configurations, either
cally loaded (n=1) or just loaded on one side (n=0). Generally, the
ant between equation (4), though as very simple, and the numerical
lations is good. However, some joint configurations lead to a higher difference
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between the numerical results and the theoretical rules. In particular, the steel grade
seems to have a great influence on the normal force effect: figure 4 shows that more
the steel resistance is high, more the Eurocode rule is accurate.

175 +

Shear
(Revised Annex J)

150 + Numerical

e

125 + Gl
(JASPART)

100

Design Resistance (kN.m)

75

-+

0 0.2 0.4 0.6 0.8 1
Loading Ratio n=PUPr

figure 3 - Variation of the joint resistance with the loading ratio 1.

E
g
g
-
E:
S
a

0 + + . . J

0 02 04 06 08 1

Normal Force ratio

figure 4 - Example of the variation of the Joint resistance with the normal force in the column
and the steel grade. Cruciform joint fn=1).
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4. NEW THEORETICAL MODEL

In order to understand the shape of the curve got by the numerical simulations in
figure 3, a new theoretical model has been developed, inspired by ROBERTS and
JOHANSSON theories (Roberts, 1991): the column flange connected to the beam is
considered as a rigid-plastic beam lying on a rigid-plastic support (the column web).
The new model reproduces precisely the resuits of the numerical simulations. The
comparison of the model with the experimental results is actually in progress. It will
be presented in a next paper.

5. EXPERIMENTAL TESTS

Recently, 24 experimental tests on joints
have been performed at the University of
Liege. 16 of them were welded joints while
the others were bolted ones, with flush , p P
endplates. The results of tests on bolted
joints are not reported in this paper.

g|

. Two different welded joint configurations . §"1
(same beams, same columns) have been 1_____1_200 MPE 330

" fested experimentally. The first one is N
dedicated to the study of the shear stresses [\ HEB 160 '
effe Its generic name is «WS» (as Fe 360 l
Welded and Shear). It is represented in E:"

@ 5. The second is aimed at testing the
effect of the normal force in the column; it is
gd WN (as Normal force). For the first one, the only parameter is the ratio n
pen the forces applied on the left and right beams.
xperimental tests provide a lot of different informations. In particular, figure 6 shows
complete M-g curves for six of the eight WS tests. The joint design resistance is
iflerent from the ultimate one: the first one is calculated by neglecting the strain-
ening in the joint. If the ultimate resistance can be identified as « the top » of the
9 curve, the design one is much more difficult to determine precisely. The
peedure used in this paper is derived from the stiffness model of the revised Annex
related paper in these proceedings): the design resistance is identified as the
ction point between the actual M- curve and a straight line characterised by
lope equal to the third of the initial stiffness of the curves. This last value is almost

figure 5 - Example of test configuration.
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the same for each test (see figure’6). The number contained in the test name
equal to ten times the ratio ) between the left and right forces. For example, WS2
a test characterised by a ratio n of 0,2.

Moment (kN.m)

Test WSO
Test WS2
Test WS4
Test WS6
Test WS8
Test WS10

0 20 30 40 50
Rotation {(mrad)

figure 6 - Results of WS tests (M- curves).
Figure 7 gives a comparison between the experimental design resistance for the
tests, derived as described here above, and the prediction according Eurocode 3.

E

g

= -=- Shear - Annex J

S s0- - Tests - Design Resistance

-+ Tests - Utimate Resistance
0
0 02 04 06 08 1
Loading ratio n

figure 7 - Comparison between WS tests results and Annex J of Eurocode 3.
The shape of the variation of the design resistance with the loading ratio is
the same than the one observed for the numerical simulations (figure 3).
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Joretical values have been calculated on the basis of the actual yield stresses, of
@nsions measured in laboratory and of a partial safety factor equal to 1.

the theoretical predictions can be considered as very good for small and

adiate values of n, they seem to be too safe for the symmetrically loaded

Such a difference between tests and Annex J rules have never been observed

2; some investigations are actually in progress to explain this difference.

n an other hand, the design resistances of WS8 and WS10 tests are almost equal

the ultimate ones. This can be explained by the fact that the column web buckles

'soon as it has been crushed.

Dr WN tests, the length of the column is smaller to avoid any buckling problem, due

Fthe high compression force. The tests are realised in two steps: first, the normal

ice is progressively applied to the column until the nominal value; after, the loads

) the beams are increased until the joint collapse while the normal force in the

umn is kept constant.

yre 8 shows a comparison between the results of the WN tests and the Annex J
(equation 4). Four of the 8 tests, called WN S, were symmetrically loaded whilst

olher ones were completely unbalanced (n=0). For one of these four last tests,

,. 3 experimental problems have been observed; so, it is not reported here.

e number contained in the test name is here relative to ten times the nominal ratio

)etween the normal force in the column and its squash load. For example, the test

NS S is a test characterised by a ratio B of almost 0,5 and symmetrically loaded.

200 4 /\
3

X ium gt

- Design Resistance (Annex J) - balanced loading
i 50 -=- Design Resistance (Annex J) - unbalanced loading
~=-WN tests - Design resistance (unbalanced loading)
-~ WN S tests. - Design resistance (balanced loading)

0 02 04 06 08 1
Normal Force ratio p

figure 8 - Comparison between resuits of WN tests and Eurocode 3 Annex J.

he normal force in the column seems to have no effect on the joint resistance

pite the substantial value of the normal force applied. This one is limited by the
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buckling of the column, as well for the tests than in the reality. The rules of the
Eurocode 3 revised Annex J are conservative, especially for the symmetrically
loaded joints. With regard to both the results of the numerical simulations (figure 4)
and of the experimental results (figure 6), equation (4) can be considered as
overconservative,

6. CONCLUSIONS

Considering either the results of numerical simulations or the experimental tests, the
modifications of the design rules of annex J of Eurocode 3 appear to be really
pertinent, tough as too safe in some circumstances.

Anyway, the effect of stress interactions, pointed out by JASPART a few years ago,
is confirmed by the two different approaches.

Further improvements are actually in progress.
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RELIABILITY OF STEEL STRUCTURES WITH SEMI-RIGID CONNECTIONS
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Abstract

B paper presents a reliability assessment of a beam supported by two semi-rigid
PR) connections. The beam and the connections were designed in accordance
) Eurocode 3, using beam cross sections satisfying the criteria for classes 1,2,3 and
jorresponding to US criteria for plastic design (PD), compact, compact, non compact

ihndet) Mechanical and cross sectional properties have been treated as random
bles, as have the ultimate moment capacity, the initial stiffness, and the coefficient
C the shape of the M-¢ curve for the connections. Dead and live load are also
variables. Structural reliability is expressed in terms of probabilities of failure
 reliability indices. The results of sensitivity studies for the structure are presented,
uding means and variances of the connections features.

1. STRUCTURAL RELIABILITY ASSESSMENT
1 Evaluation of the probability of failure and reliability index

Jure 1 defines the random structural parameters and the random operating space, in
ich the subspace Dy is the failure domain shown in Fig 2.
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Figure 1- Structural parameters  Figure 2- Operating space and the failure domain Df
The probability of failure Py is defined as follows:
Pf=P(q>qlim(s|jm.L.F))=P(X € Df) = P(E(X) £ 0) (1)

where E(.) defines the limit state function associated with the ultimate limit state under
study. The failure indicator is defined by:
Ipe(X)=1siE(X)<0 2)
Ine(X)=0siE(X)>0

so that the failure probability appears as the probability that the random vector X
(random structural parameters) belongs to the failure domain Df:

PF= [Ipe(x)fx(x)dx (3)
R“
where fx(x) is the probability density function of the random vector X. As the probability
of failure for ultimate limit states is very small (10'6 to 10‘4), an adequate and efficient
method which is based on a combination of the conditioning techniques and
importance sampling requiring Monte Carlo simulations, has been used (Sellier and
Mebarki, 1993).

This method requires two steps, as follows:

1 The first step transforms, through the Rosenblatt transformation, the basic random
variables, X, into standardized and independent gaussian variables denoted U. In this
standardized operating U-space, the reliability index B is also the euclidian distance
OP* where O is the origin of the U-space and P* is the nearest point on the limit state
surface to the origin O, as illustrated in Fig. 3.

Importance zone around P*
/Lnrml state surface

decreasing iso density
Figure 3- Design point P* in the standardized U-space
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(4)

OP* = min(JU}) =B
with - E(H'(U))=0

Mazzolani et al (1993) have demonstrated that the importance zone, on Pf, is a
restricted area located around the design point P*

-2 The Monte Carlo simulations are performed with an importance sampling around P*

The importance and conditioned sampling requires then the evaluation of two terms in
order to reduce the number of required simulations (Mazzolani et al , 1993).

pf = pl x p2 (conditioning)
with: pl=p(ueH(Df)/ueBy(B))
Denoting: #=(u€B;(B)), pl=plieH(Df))

(5)

B,C is the complementary subspace to the hypersphere centred on O and tangent to Df
at P*, as indicated in Fig. 3

P2 is the conditioning probability. It is determined analytically, thus reducing the
required number of simulations. The importance sampling is in fact used to evaluate
P1. The probability density function, £, (i), used for the importance sampling around P*
is different from the initial probability density function £, (%)

P1= [ iony fu(i)dli
r

- .
fa(t:) (v (6)
f.G@a) "

/.(#) depends on P* coordinates.

pl= I“c;-mm.
&

P1 is determined numericaliy for a total number Nsim of simulations

. FACA)
m"ﬂz !th(Dfnf( } (7)
p2=pli e B‘(B)) (8)
Sfi(@)

where 1(.,.,-;(”,, 1@ )- failure indicator, P2 is calculated analytically. The failure

probability is then Pf plx p2, (4] Once the design point P* is located, the
probability of failure is calculated with a reduced number of additional simulations, ie

h?s._‘than 100 simulations even for small values of the probabilities of the order (10‘6 to
1074).
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1.2 Structure under Study

The structure under study, is shown in Fig. 4, It has been designed for a bending
moment equal to pl2/16. The steel beam is an IPE 270 (W 10.26).

[L 150°150°15 1=150.0
AL 6%6°5/8
/Boulons M24 HEB 240 W 8*58 1

l L 120%120°13  IPE 270 W 10°26 |
L N LSS —

I | Boulons M24
e 30mm oS

Figure 4- The structure under study

The mean values and the standard deviations adopted for the distributions of the
applied loads are derived from the characteristic values. For this purpose, the
characteristic values are in accordance with ISO 2394 , which requires two conditions:
1 The occurrence probability of the characteristic value, Qk, for a reference period
equal to 50 years, should not exceed 25%. It is usually taken as 15%
2- The occurrence probability of (1.4 Qk)should not exceed 1.25% , for the same
reference period.
The first condition leads to the definition of a return period, for Qk, of 307 years:

T=-50/In (1-0.15)=-ntIn(1-pnt)=307 years

p( g>qk)=0.15

p(q>1.4%qgk)=0.0125
These two conditions give, for a type 1 extreme distribution:

Fx(x) = P(X <x)=exp(—exp(——2))

a

with

¥=u+05772a

X =1.2825a
The coefficient of variation becomes 24%, which is usually adopted for live loads. It
seems, too large for the dead loads, for which a coefficient of variation of 10% is used.
The probability of excedance of the characteristic value is usually equal to 5%. A
gaussian distribution is generally adopted leading to:

xk =¥(1+1645x0.1)

1.3 Limit states under study
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For the beam, four cross-sectional types of limit states are considered, in accordance
with internationally accepted criteria (AISC, 1986,1994, CSA, 1989, Eurocode 3, 1992).
For ease of reference, the eurocode provisions are used here, as follows:

Class 1

Class 2

Class 3

Class 4

The same designation is used in the Canadian code (CSA, 1989), the
American code refers to this as a plastic design shape (PD) (AISC,
1986,1994). The cross section is capable of reaching the full plastic moment
and to rotate plastically a significant amount (6 to 8 times the rotation when
the plastic moment is first reached) Local buckling does not occur until the
large rotation has taken place.

The same designation is used in the Canadian code (CSA, 1989), the
American code refers to this as a compact shape (AISC, 1986,1994) The
cross section is capable of reaching the full plastic moment and to rotate
plastically an amount of at least 3 times the rotation when the plastic moment
is first reached before local buckling occurs.

The same designation is used in the Canadian code (CSA, 1989); the
American code refers to this as a non compact shape (AISC ,1986, 1994)
The cross section is capable of reaching the yield moment, inelastic
rotations are small

The same designation is used in the Canadian code (CSA, 1989), The
American code refers to this as a slender shape (AISC, 1986, 1994) The
cross section fails in elastic local buckling

The ultimate states and ultimates curvatures for each class are illustrated in Fig 5.

1.20E+05 7 Moment (N m)

1. 00E+0S *‘
8 O0OE+04 4
6.00E+04 -
4 00E+04 1 Class 4: (6.21E-3)
, Class 3 (8.29E-03)

2 00E+04 + / | | Class 2: (1 00E-02) Class 1: (2 00E-02)

/ - |

, - Curvature (m-1
e . S, L (S - TP !

0 00E+00 500E-03 100E-02 1 50E-02 2.00E-02 250E-02 3 00E-02

Figure 5 Behaviour of the Beam Adopted to Define the Various Limit States
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Figure 6 shows the moment rotation behaviour of a semi rigid connection compared to
the EC3-defined beam diagram. Non-dimensional moments and rotations are used,
with:

m = M/ Mp = non dimensional moment

& =(EIb¢)/ (LbMp) = non-dimensional rotation

where M is the connection moment , Mp is the fully plastic moment, Elb is the bending
stiffness of the beam cross section, f is the actual rotation, and Lb is the beam span.

L Upper limut of the behaviour (EC3
m l - - . -

09 1

08 -
0.7 +
06 4 Actual behaviour
0s -
04 -«
03 +
02 1

%

0 0.1 02 03 04 0.5
Figure 6- Semi-rigid Connections Behaviour

The mean value of the plastic moment is set equal to 0.101 MN.m, this corresponds to
the ultimate curvature for a class 2 section. The semi-rigid connections are in
accordance with the definition suggested by Eurocode 3 while their actual behaviour is
located below those suggested by EC3. The connections and the beam correspond to
an unbraced structure requiring a reduced value of the connection rigidity. The mean
values of the connection characteristics are indicated in Table 1.

Table 1- Connections Characteristics

Class 1 Class2 | Class3 | Class 4
Ultimate bending moment 112000. | 112000. | 101000. | 75500.
(N.m)
Initial rigidity (Nm/rd) 1.1E+07 | 1.1E+07. | 1.1e+07 | 1.1E+07
Curvature (m-') 4 4 4 4

Mean values of the moment-rotation curves for classes 1 through 4 are shown in Fig 7,
along with the elastic beam lines for beams of classes 2 though 4.
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Moment (N.m) ASR (classes 1 and 2)
‘ ASR (class 3)
100000 +
80000 - ASR (class 4)
60000 - ,fz
40000 1 J-/ Behaviour of the beam edges in class 2, 3 and 4
20000 +
rotation (rd)
0 | - & M & - - -

0 0005 0.01 0.015 002 0.025 003 0.035 004
Figure 7- Mean properties of beams and semi-rigid connections

The basic random variables are indicated in Fig 8. It is enphasized that the properties
of the connections at each end of the beam in general are different

SRC | G+Q SRC 2

Beam IPE 270

Rl R2
Figure 8- Basic Random Variables for the Semi-Rigid Connections

The two connections for the beam are designated SRC1 and SRC2 Their
characteristic properties are:
SRC1 ultimate bending capacity =Mu1
initial Stiffness = R1
Non linear M-f curve coefficient = al

SRC2 ultimate bending capacity = Mu2
initial Stiffness = R2
Non linear M-f curve coefficient = a2

~ The Dead load is given by the term G and live load is Q.
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The coefficient of variations related to the SRC parameters have been reported by
Bjorhovde et al (1988, 1992); their values are given in Table 2.

Table 2- Coefficient of Variation of Connection Parameters

Variable Coefficient of variation
URimate moment capacity 18%
inftial stiffness 5%
Coefficent a 15%

The design values of the loads and the load combinations are shown in Table 3.

Table 3- Design values of the loads and their combinations

Lima state Gi (N/m) Gk (Nm, 1.35Gk+1 50k (Nm) ]
Ciass 17543 17543 50000
Class 2 15690 15680 44690
Class : 14205. 14209 40498
[Class 4 11023 11023 31418

The structural parameters values, corresponding to the various limit states under study,
are given in Table 4.
Table 4- Structural parameters for the 4 limit states

Random Distribution | Class 1 Class 2 Class 3 Class 4
== vanable B — J o n a === ===
SRC1 [Mul (Nm) | Gaussian | 112000 20160 | 112000 | 20160 | 101000 | 18180 | 75500 | 13560
Rm1(Nmrd) |Gaussian | 11E7 |275€6 | 1167 27566 | 11E7 |275€6 | 11E7 |27SE6 |
. Gaussian 4|06 4|06 a__|06 4|06
SRC2 [Mu2(Nm) | Gaussian | 112000 | 20180 | 112000 | 20160 | 101000 | 16180 75500 | 13 500
Rm2 (Nmvrd) |Geussian | 11E7 |275E6 | 11E7 |275E6 | 11E7 |275€6 | 11E7 |275E6
a2 Gaussian 4__|os 4__|os a__|os 4 o6
Toads |G (1) Gaussan [15034 1500  |13479 1348 |12207 |1221 _ |0470 |47
aN) EfMax (14108 |3508  |12640 | 3145 |11456 |2648  |B686 | 2200

where m= mean value and s= standard deviation,

1.4 Reliability and Reliability index evaluation

The most likely mode of failure and the corresponding probability of occurrence (i.e the
probability of failure) have been determinated through the computational facility of the
computer program STAT, in combination with the non linear finite element program
EFICOS (Fléjou, 1994). Figures 9 gives a symbolic illustration of the procedure.

ASTAT|__{ Fficos — 4
W +— |Mechanical FE o
o =
Distribution
Relwblht\ c\alual.lon a8 _ 3
SRl . Resulu "'_
' Most proba‘o’leﬁ&www
| causing the failure
| Most probable mode of failure

Pl'obnbllll) of failure Pf
Figure 9- Computational Process for Rehablllty Assessment
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2. RESULTS AND SENSITIVITY ANALYSIS

2.1.1 Limit state surface

Fig.10 illustrates the limit state surface in the U-space where U(G+Q)
corresponds to the loads, Ugpm corresponds to the connections stiffness, and Ug
addresses the coefficient a that defines the shape of the M-f curve for the semi rigid
connection.. The failure domain Df is located above the limit state surface and the
safety domain Ds is below. The origin O of the U-space corresponds to the mean
values of the random variables (G, Q, Ry, a) and belongs to the safety domain

2.1 Limit state for the beam of Class 1

‘EL232.DAT

ure 10- Shape of the Limit State Surface in the Standardized U-space

2.1.2 Results Obtained with the Reference Data

130

Fig

The design point P*, the reliability index and the probability of failure that are obtained

are indicated in Table 5. The probability of failure obtained by Monte Carlo Simulations

is given in Fig. 11.
Table 5- The design point coordinates and the probability of failure
SRC | SRC 2 Loads
1d Pt
ombe | * | B | oo | 2 | 80 | 0o [ "
3200 B 88 300 11E7 4 15800 | 19000 458 0BES
VSR TR TV T . 2G 2o
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Nsim: number of sismulations

- = — - + - =
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1.00E-06 +
1 00E-07 +

1 0OE-08 + ', ‘

Pf. probability of failure
| OOE-09 -

Figure 11- Probability of Failure vs. Number of Monte Carlo Simulations

The results show that the mode of failure corresponds to non symmetric behaviour of
the two connections when:

- the rigidity of SRC 1 is small
- the plastic capacity of SRC 2 is small
- the loads take on values that are higher than the mean values.

The "optimal" design, from a reliability point of view, therefore requires lower values for
the connections (rigidity and moment capacity), but higher values for the loads.

2.1.3 Sensitivity analysis

The reliability sensitivity to connection rigidity, its mean value or its standard deviation
values has been evaluated, giving:

- the effect of the mean value, while the standard deviation remains constant, in
Table 6
- the effect of the standard deviation, while the mean value remains constant, in
Table 7.

The results indicate that:
- the mode of failure is non symmetric, regarding the behaviour of the connection,
when the mean value of the rigidity is important. This is due to the fact that the
failure corresponds to a small value of both the moment capacity and the rigidity.
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Table 6- Reliability sensitivity to the mean value of the connections rigidity
, [ Rm a Wiy R ay G ) ] -
(N.m) N (Nm) | (Nmhd) (N) (N)

3 240 a 74 600 28E7 4 15 600 17700 | 457 | OBES
Semi | “bor L Shase | “bem2 L oia L g T 8
1E6 El 109000 | 0O96E6 | 369 16 500 18200 |44)| DS5ES
SEemi | “ia Slan 2 —bpm2 | i | _lg e s
1E6 4 113000 [ 101€E6 [ 399 16 700 18200 [404 [ 026E4
- % O 17 T N TV T N W T
64 400 4 113000 | 853 000 4 16 100 17600 [206]| 015E-2

—ERmi | "ot | Stk [ SHRm2 | TH0 | CHG 250
918000 | 399 | 113000 | 908 000 4 16 200 17700 | 1.71 | O44E-1
T T

o« -4 2 ¥ 1) -E"“) )m h"p

sensitivity to the coefficient of variation of the connections rigidity
(2]

Rm ay Muy R G Q ]
(N-mha) N | N L )
11E7 4 55 500 1.1E7 4 17 800 19500 [ 487 | D4E6
- TR o LT VT O -7 N 5% 1 N i 7o -
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- o 5% T L/ T O - 2 U T ke s
1380 4 91 400 1.1 E7 4 16 000 19200 |395| OD4E4
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- the mode of failure becomes symmetric, regarding the behaviour of the
connections, when the mean value of the rigidity decreases. The failure depends
mainly on the connection rigidity. Actually, the beams have small rotation capacity
producing then small bending moments. The beam fails, whereas the connections
are still in the linear part of their behaviour. This causes a low carrying capacity of
the structure, leading to small values of the, reliability. This is shown in Fig. 12,
_ where the coefficient of variation of the connections rigidity is set equal to 25%.

p Pf

? I _ Reliability index, B [ 100850
45 o—o—— &
4 + ~~au_ h 1 00E-01
| \ P
2 4 1.00E-02
3¢ '7'.!’.
2.5 1 SN L 1.00E-03
LS Probabilitiy of failure, Pf ® 4 1.00E-04
: : ;

0.5

0 +——————_—————————+ 00E-06
2 BOE+07 1. 10E+07 3 50E+06 2 ROE+06 220E+06 1 10E-06

Figure 12- Reliability Sensitivity to the Mean Value of the Connections Rigidity

.
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The safety level appears indepéndent of the connections rigidity while the rigidity
remains larger than 3.5 E6, leading to a non symmetric mode of failure. However, if the
rigidity is smaller than 3.5 E6, the mode of failure becomes symmetric regarding the
two connections, in turn giving a small structural reliability.

) Pf
.. 1.00E+00
45+ P,
- 1 00E-01
41 L2 S
ol Reliability Index, B by \.{/ 1.00E-02
3 7. i 1.00E-03
= Probability of failure, P > . 1.00E-04
2 i r'/ | g
1S ~_ 1 1.00E-05
l | \ _.".- |
l 5 L 1.00E-06
: - - Coefficient of vanation of R.m('/-b
ol : , ‘ ! 1.00E-07

10 15 20 25 3 38 50
Figure 13- Reliability Sensitivity to the Coefficient of Variation of Connection Rigidity

These results show that the mode of failure is symmetric with respect to the connection
behaviour, as long as the coefficient of variation of the rigidity is smaller than 20%. The
failure then depend mainly on the ultimate behaviour of the connections. Actually, Fig.
13 shows that the reliability remains almost constant while this coefficient of variation
remains smaller to 20%.

Figure 14 illustrates the three main combinations of the connections behaviours that
lead to the structural failure.
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SRC' | G+Q SRC 2
Beam IPE 270 t

Rml Rm2
Rl R2
(b}

-(c)-
14- Connections Behaviours Corresponding to the Failure Mode of the Structure
(a)- Symmetric mode with small values of the moment capacity
(b)- Non symmetric mode with small moment capacity or small rigidity
(c)- Non symmetric mode with small values of the connection rigidity

Two primary conclusions can be drawn on the basis of the results presented here:
i

- For class 1 shapes, the connection stiffness has a relatively small influence on
the structural safety, as long as the coefficient of variation of the stiffness is
smaller than approximately 20 percent. The shaded area in fig 15 may be

representative of acceptable behaviour when performing elasto-plastic
analysis.

- The mode of failure becomes non-symmetric for connection stiffness
coefficients of variation larger than 20 percent . The most probable mode of
failure reflect different connections at the beam ends. An "optimal" solution may
be to have one connection with small stiffness and the other connection with

small moment capacity.
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Bending moment  *
A Accepted zone for the connections behaviour
/

Rotation
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Figure 13- Accepted zone for the connections b’ahaviour

2.2 Limit state for beams of class 2
2.2.1 Results obtained with the reference data
The design point P* the reliability index and the probability of failure that were

obtained are indicated in Table 8. The results correspond to a coefficient of variation of

the connection rigidity of 25%. As stated for class 1 beams, the mode of failure is also
non symmetric

Table 8- Design point coordinates and the probability of failure

SRC1 SRC 2 L_E_h
™ s X G a p Pt
(N.m) tumbgy | ™ N3 {:&a 2 N) (N)
112 000 1.09 E4 4 68 100 1.1 EY 4 14 80O 16 100 483 145ES
|t ST STV TV T BT T 210

2.2 2 Sensitivity analysis

The results of the sensitivity analysis with respect to connection stiffness coefficients of
variation from 10 to 45 percent are illustrated in Table 9 and Fig 16.

Table 9- Reliability Sensitivity to Connection Stiffness Coefficient of variation
= R G Q Pt
% o | oumb [ | R | omba [ 2 N | ° .

10% 45 400 11E7 4 @ 700 11 E7 [ 16 100 17500 | 543 | 27E8
e b TV TC Y e - T T e T T LTV N TN s TV T L T B
% 712000 | 1E4 4 | 72100 | 11E7 | 4 15500 | 15900 | 304 | 12E8 |

“BRmi L “Bar L S L _“Epmd LB L G LG
84000 | 4 | 112000 | 956000 | 4 | 13800 | 14100 | 20 | 13ED |

a5%

112 000
i~ VU LT -7 U M/ ST M VN S ST 0 Wl I 6 .~ - “EQ
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Figure 14- Reliability Sensitivity to the Coefficient of Variation of the Connections
Rigidity

The results show that the reliability decreases when the coefficient of variation of the
- connection rigidity increases. The mode of failure is symmetric for either small (10%) or
large (45%) values of the coefficient of variation. For this latter case, the failure is due
- o very small values of the connection rigidity. However, the failure mode is symmetric
for medium values (35%) of this coefficient.

- 2.3 Limit state for the beams of class 3

- 2.3.1 Results Obtained with Data from references

The design point P* the reliability index and the probability of failure that were
"~ pbtained are indicated in Table 10. The results correspond to a coefficient of variation
. of the connection rigidity of 25%. As stated for class 1 or 2 beams, the mode of failure
is also non symmetric

Table 10- Design Point Coordinates and Probability of Failure

SRC 1 SRC2 Losds
Rm R G ) p P
ombg | % | % [ b | 2 | o | o
102 E4 4 76 T00 11E7 4 14 000 16 700 4 46 29ES
Sipms | “po | <uso | cwpnp | omo | cug | cug |
Sensitivity analysis

3 results of the sensivity analysis with respect to connection stiffness coefficients of
tion from 10 to 45 percent are illustrated in Table 11..
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Table 11- Reliability Sensitivity to'Connections Stiffness Coefficient of Variation

Sam1MRm1= Mu, Rm a Muy G aQ " Pt
wq o [oumbe [ | N2 [omba [ 2| oo )
10% 38700 | 101E4 | 4 38 500 11E7 4 14 700 16100 | 573 | BAET
e <tags it !l Siago | “hpmy | Siaa | Gug > s
15% 38400 | 110E4 | 4 38 500 11E7 4 14 700 16000 | 573 | BIE-7
= T o - T7T N DL T YT T -7 T Y T I T S . T W —
5% 101000 | BSES 4 | 101000 | BSES 4 12 600 13300 | 378 | 232ES
Pags | <Mgmy | oioal Al | Siem2 LR L PHg 2o,
5% 101000 | 76ES 4 | 101000 | BOES 4 12 400 12900 | 206 | 44E4
~lag.s “ugmi J -l s .. L% ) g il 0

The results show that the reliability decreases when the coefficient of variation of the
connection rigidity increases. The mode of failure is symmetric for either small (<15%)
or large (45%) values of the coefficient of variation For this latter case, the failure is
due to very small values of the rigidity. However, the failure mode is symmetric for
medium values (25 to 35%) of this coefficient.

2.4 Limit state for the beams of class 4

2.4.1 Results Obtained with Data from References

The design point P*, the reliability index and the probability of failure are indicated in
Table 12. The results correspond to a coefficient of variation of the connection rigidity
of 25%. As stated for class 1, 2, 3 beams, the mode of failure is also non symmetric

Table 12- Design point Coordinates and Probability of Failure

SRC 1 SRC2 Loads
Rm R a G Q B Pt
gt | omba | ™ | mE | o6 S35 N)_
75 500 1E4 a 58 700 11 €7 ] 10600 | 11200 | 45 1E8
T T T U T VY ) ~iema | i ke el ==
2.4 .2 Sensitivity analysis

The results of the sensitivity analysis with respect to connection stiffness coefficient of
variation from 10 to 45 percent are illustrated in table 13.

Table 13- Reliability Sensitivity to Connection Stiffness Coefficient of Variation
= Mu Rm. a G Q " Pt
et | i | oumba | | B | ok | 2| ™)

- a2 » >

T . n=el
10163 4 62100 1.1e7 399 10500 11600 3086 2 de-d
. e L | i U Y ) o L1~ 13 Sha2 g e e

0% 36400 | 110e4 | 4 35500 Tiel A 11200 | 12200 | 487 | 83e7
Zoaga Lo tegen Ll T P T S Zig —
5% 36700 | 110ed | 4 36600 Tie7 4 11200 | 12200 | 487 | 83e7
== i TV “Bgemt Lot | Sineg | = —Ha2 _HG 0
3% 75600 1e3 4 | 58700 | 1te7 B 10800 | 10800 | 358 | 48e5
— e ~
5% 75600
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‘The conclusions that can be drawn are similar to those concerning the beams of
ses 1, 2 and 3. The three modes of failure also depend on the coefficient of
iation of the connections stiffness.

3. SUMMARY AND CONCLUSIONS

The results of this study show that the variability of the rigidity of the connections
significant influence on the behaviour and mode of failure of the structure, as

1.  Symmetric failure modes govern the behaviour when the connections have low
ultimate moment capacity, and coefficient of variation of the connection stiffness
that are less than 20 percent.

Non symmetric modes of failure govern when the coefficient of variation lies
within the medium range of values, i.e. from 20 to 30 percent.

Symmetric modes of failure govern when the coefficient of variation is larger
than 30 percent.

e conclusions are valid for all classes of beams.

small values of the coefficient of variation of the connection stiffness, failure
_pormally occurs as a result of low ultimate moment capacity of the connection. In these
cases it appears that the reliability is independent of the behaviour of the connection.
results obtained in this study indicate that such response characteristics will
when the connection stiffness coefficient of variation is less than approximately
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EVALUATION ON STATIC AND DYNAMIC STRUCTURAL COEFFICIENT OF
STEEL FRAMES WITH SEMI-RIGID JOINTS VIA NUMERICAL SIMULATIONS

Dan Dubina’

Daniel Grecea

Raul Zaharia’

Abstract

paper summarises the results of some numerical simulations concerning the response of

frames with semi-rigid joints and different moment-rotation models, under static and

eismic loads. It focuses on the influence of EC3 Annex J and JJ M-¢ curve on the stability and

dynamic behaviour of steel structures. A simplified computation model dedicated to analyse steel
frames with semi-rigid joints via a bi-linear M-¢ curve is presented in the last part of the paper.

1. INTRODUCTION

" In a previous paper presented at STESSA'94 Conference (Dubina et al., 1994) the authors have
parametrically analysed the influence of rotational stiffenes in bi-linear M-6 model on the
response of steel frames with semi-rigid joints. This study was developed on the four sway
frames having the main geometrical and structural parameters shown in Figure 1.

_The results of static and dynamic analysis are summarised in Table 1 and 2, respectively. Both
ROBOT and PEP-micro computer codes were used for elastic-plastic static analysis respectively;

 the input data have been adapted for a bi-linear M-¢ characteristic curve of semi-rigid joints.

! Professor, T.U. Timisoara, Stadion 1, RO-1900 Timisoara, Romania
2 ecturer, T.U. Timisoara, Stadion 1, RO-1900 Timisoara, Romania
* Assistent, T.U. Timisoara, Stadion 1, RO-1900 Timisoara, Romania
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Semi-rigid joints characteristics Loading characteristics
Frame A B C D Load Static and Dynamic
P Q q
M 47.1 72.0 103.0 54.5
* Frame (N) (N) (N/mm)
(KNm) 314 70.0 100.0 370|1A 6.E3 108000, 12.363
S, 129620 26101.0[ 32861.0( 16974.0||B 3.E3 36000. 4.05
C ).E4 207.684 4]1.537
(KNm/rad) 8641.2| 22100.0| 174200 9459.0 D SE3 305,89 31178
Fig.1. Calibration frames used for the parametrical study
Table 1. Characteristic load multiplier for static analysis
Frame | Mg, Se S/2 S, Rigid
(KNm) | A, Ay Ay [ A Ay A Ay A Ay Ay
A 470 |[6.504 | 1.924 | 2.037 | 6.884 | 1.833 | 2.036 | 7.337 | 1.736 | 2.039 | 7.699 | 1.665 | 2.042
34 1418 | 1.855 1.344 | 1.855 1.233 | 1.859 1.141 | 1.863 |
B 720 | 8677|1778 | 2.758 | B.84] | 1.585 | 2.757 | 9.011 | 1.385 | 2,756 | 9.161 | 1.209 2.71'
70.0 1.765 | 2.735 1.611 | 2734 1.383 | 2.734 1.176 | 2733 |
G 10.3 10,66 | 1.254 | 1.545 | 1221 | 1,135 | 1.542 | 1443 | 1.017 | 4.553 | 17.08 | 0913 | 1.533 |
10.0 1.404 | 1.554 1.135 | 1.531 1.090 | 1.53 0.887 | 1.537
D 54.5 571 | 1259 | 1.464 | 6.056 | 1.034 | 1.46] | 6.433 | 0.778 | 1.452 | 6.804 | 0.538 | 1.403
37.0 1.121 | 1.35 0.947 | 1.346 0.671 | 1.341 0366 | 1.307
In table 1 the following notation were used : A, - the elastic critical multiplier; A, - the first

plastic hinge multiplier; A, - the ultimate elastic-plastic multiplier.

DRAIN 2D computer code was used for dynamic analysis. The semi-rigid joint behaviour was
modelled by the semi-rigid element implemented in DRAIN-2D following a bi-linear M-¢ curve;
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- 596 dcgradatlon was assumed after Mg, attainment. The March 4, 1977 Bucharest earthquake
ac gram, component N-S, was used to simulate the seismic response.

Accelerogram multiplier Displacement Structural
Joimt {mm) coefTicient
A A D, D, q
risid 0.13 0.26 82 139 340
mni-ri i 0.15 0.40 86 143 4.65
0.89 1.30 387 460 3.10
semi-rigid 0.60 1.40 235 509 4.20
rigid 0.12 0.66 RO 447 2.40
serni-rt!nd 0.04 0.50 68 381 30.80
ri!jd 0.06 0.20 ER] 122 3.50
semi-rigid 0.03 027 25 133 9.00

atic analysis.

rlgld frames, characterised by A= o«_ 2 10 are more sensitive with the decreasing of
ptational stiffness of the joint, so that they require a finer modelling of M-¢ curve.
Inlt plastic hinge multiplier, X, is really influenced by rotational stiffness value in the bi-linear
~ M-¢ model, while the ultimate multiplier is not influenced. Thus the configuration of failure
plastic mechanism generally remains the same, only the appearance moment of first plastic hinge
 being modified. As a consequence, for the same structure, using different M-¢ bi-linear curves,
. depending of rotational stiffness, different A-A, intervals are resulting.
D_mmuc analysis.
~ Displa t of semi-rigid joint frames are with about 15-35% larger than the rigid joint ones,
80 they have greater eigenperiods and, consequently, smaller response factors and smaller design
seismic loads.
- The q factor is greater in semi-rigid joint frames, which also means a smaller design seismic
load.
‘The failure mechanism can become a global mechanism in frames with semi-rigid joints, while
* for the structure of rigid joints depending on the ratio of the joint ultimate moment versus plastic
_ moment of the beam, Mgy/M,, ,,, partial floor mechanism may occur.
. The M-¢ model, corresponding to revised Annex J of EUROCODE 3 (JJ) (1993) is different
" from the previous model in Annex J. The difference is consisting in both values of rotational
. stiffness and ultimate moment of the joint. In these circumstances starting from the results and
" concluding remarks summarised above, we have estimated that it would be very interesting and
useful to analyse the influence of J and JJ moment-rotation models on the static and dynamic
response of the ECCS calibration frames. Both three and bi-linear M-¢ curves, that are provided
3 by EUROCODE 3, are used to evaluate the static response; only the bi-linear curve was used in
the dynamic analysis. In last part of this paper, a simplified model, based on the bi-linear M-¢
* curve, is proposed for elastic-plastic FEM analysis of steel frames with semi-rigid joints.
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2. INFLUENCE OF ANNEX J AND REVISED ANNEX J MOMENT-ROTATION
CURVES ON THE STATIC AND DYNAMIC RESPONSE OF STEEL FRAMES WITH
SEMI-RIGID JOINTS

2.1 Analysed Structures

The same four frames shown in Figure | have been analysed, but the type of member cross-
sections, the load values and the joint characteristic were changed. IPE 360 in beams and HEB
200 in columns were used in all frames. The load values for both static and dynamic analysis are
presented in table 3.

Table 3. Load values

Load Static Dynamic

case
Frame P Q q P Q q

(N) (N) (N/mm) (N) (N) (N/mm)

A 1.8E4 324E5 37.089 6000 1.08ES 123631
B 0.9E4 0.72E5 12.150 3000 0.24E5 4.050
C 1.5E4 3.12E2 62.305 10000 2.08ES als
D 0.75E4 1.09E2 61.767 5000 2.06ES 41178

The same earthquake accelerogram of Bucharest from 4™ of March 1977, component N-S was
used for seismic analysis.

Two types of semi-rigid joints, with stiffened and unstiffened web column, were used. Table 4
contains the characteristics M-¢ curves for both T and cruciform joints.

Table 4. Semi-rigid joint characteristics
Series 1: Stiffened joint Series 2: Unstiffened joint

T-joint T-joint
200 ., M ) o ]

—a—]-bi
—tr—J-J - bi
=0 ] - three
—o—J-J _three

|

0 03

0 0005 001 0015 002 0025

Cruciform joint Cruciform joint

—&—]-bi

=t J-] - bi
1 ' —0—J - three |
ﬂ&.—l- - three}

- ———

0 0005 001 0015 002 002§ 0 0005 001 0015 002 0025




Evaluation on Static and Dynamic Structural Coefficient 353

Results of Static Response

results of static analysis are related to characteristic load multipliers, time-history of plastic
ge appearance and characteristic curves of the behaviour of the frames in terms of horizontal
placements and beam deflections. These results are presented in tables 5 to 7 on bottom.

ble 5. Characteristic load-multipliers

Joint series | Joint series 2
M-¢ | J-three J)-three J-bi 1J-bi J-three J-three | J-bi J1-bi
A A
588 6.6 5.08 6.2 5.8 6.6 5 6.2
1.678 1.633 1.624 1.667 1.621 1.417 1.613 1.409
1.779 1.81 1.684 1.793 1.664 1.687 1.613 1.664
] B
6.346 6.629 5931 6431 6.281 6.671 5.949 6.452
1.575 1.368 1.536 1.336 0914 0.724 1.166 0.712
A 1.796 1.736 1.796 1.736 1.494 1.442 1.493 1.442
C C
8.567 11.077 6.533 9.649 B.355 10.891 6.315 9.422
t 1.625 1.735 1.516 1.679 1.411 1.088 1,501 1.125
1 '8 1.961 1.91 1961 1913 1.633 1.564 1.627 1.564
| D D
4 11.474 13.005 9.795 12.202 11.258 12,935 9. 488 12.031
1.824 1 .886 1 665 1.6 1.333 1.011 1.632 1.006
2.15 2.05 2.167 2,053 1.728 1.653 1.728 1.655

 Table 6. Time-history of plastic hinge appearance

Joint series 1 | Joint series 2
i Frame A
i J-three J-bi JJ-three JJ-bi J-three J-bi J)-three JJ-bi
L L PR

Frame B
J-three J-bi 1)-three 1J-bi J-three J-bi 1)-three JJ-bi

[TITTIITITIITMTITLT
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" Frame C
J-three J-bi JJ-three 11-bi J-three J-bi J)-three JJ-bi
1 y ' \ 2.8 1 5 2 | I |
L 1 % % 3 . g3 5 M !l" [ 18 "R [
1 1 3 -3 1 3 & 3 2 4 & 3 & 2
Bl ) L *had 1
Frame D :
J-three J-bi JJ-three JJ-bi J-three J-bi JJ-three JJ-bi
1T & l‘ 14 A i 1 L 11 L 1 i m 1% ¥n aIng 71 9L Wi T HL B
L4] T

’;!‘ - e IR ETILT uT pufuzlasl fasfvafesf fasfnalas| [as]nales

[db Wb [TT1RE] PLLT ]
Table 7. Characteristic curves
Joint series | | Joint series 2
Frame A
A Load multiplier-displacements . Load multiplier-displacements
1.5 4
—&—] - bi
14 = JoF « Bl 14 —&—1]-bi
=0~ ] - three —ar—J-] - bi
o1 - iavs 0.5 —0— ] - three
' —&—J-J - three
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3 Load multiplier-deflections

5 Load multiplier-deflections
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A Load multiplier-deflections , Load multiplier-deflections

] -bi
—a—J-J-bi
=0~ - three
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1Load mulu lle'r-dl placemen S

> // ;
—&—]-bi
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Results of seismic response

ly the semi-rigid joint series | (stiffened column web) was analysed in order to evaluate the
mic response of four forms. In table 8 and 9 are summarised the main results of seismic
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response obtained both for also given J and JJ bi-linear M-¢ curves of semi-rigid joints;

comparison those corresponding to rigid ones.

Table 8. Results of seismic analysis

Type A Dyma Dy man A Dynn D . min 9
{m) (m) (m) (m)
R 0.5 0.074 -078 0.64 0.070 -.101 1.25
SR-J 0.33 0.099 -081 0.90 0.169 -.201 273
SR-1J 041 0.087 -079 0.62 0.084 -.128 1.51
R 0.70 0.305 -.245 1.30 0.303 - 499 1.86
SR-J 0.66 0.329 -256 2.60 0.749 -.562 3.94
SR-1J 0.67 0.319 -245 1.20 0.342 - 467 1.79
R 0.20 0.098 -.049 0.30 0.137 -.085 1.5
SR-J 0.25 0.200 -.100 0.84 0472 - 066 3.36
SR-JJ 0.17 0.134 -053 0.34 0.236 -.102 2.0
R 0.29 0.051 -056 0.44 0.056 -084 1.52
SR-J 0.18 0.081 -067 0.46 0.112 -.155 2.56
SR-JJ 0.23 0.070 -.063 045 0.079 -116 1.96
Table 9. Inelastic dynamic response E
Frame A Frame B
3, 94, 3 3, 0,
254 i 54
24 % 24
=0~ rigid |
15 ¢ —ar— semi - rigid (J) $1 O rigid
u:. —a— semi - rigid (JJ) ;1/ m"%%&
S + 1 —d&— Semi -
s ARSI B T ¥ 0 M,
0 1 ¥ 35 -9 0 2 3 4
Frame C
6. dd,
44
44 2 3
=0~ rigid
3t —o— semi - rigid (J)
24 —&— semi - rigid (J)
1 +
04 A,
0 2 4 6

2.4. Conclusions

Related to J and JJ moment-rotation curves, the changes in rotational joint stiffness influence
critical multiplier A, which is sensibly greater in case of Annex JJ, especially for structures A
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C, D (22 - 48%; sec table 5). The level of the plastic multipliers A, is evidently influenced by
different joint ultimate moments Mg, ; and Mg, ;. Looking in the same table it results that the
- failure multiplier A, is not major influenced by the different values of the initial stiffness S,,
respectively by the different M-¢ models in Annex J and JJ. Concerning the two different joint
series it is evident that for the second series, corresponding to the more flexible and weaker
joints, the plastic hinges appear earlier in connections.

In case of two different M-¢ models, if for the stiffer one the first plastic hinge appears in the
joint, than for the second one (more flexible), the same hinge results for a greater loading
multiplier A,,. This apparent paradox can be explained by the moment redistribution due to the
fact the joint moment is relaxed.

The sway-displacements are in accordance with M-¢ models. For the bi-linear JJ M-¢ model in
the serviceability limit state (A=1) the displacements are smaller than those corresponding to J
M-¢ model: the difference is from 11% for D1 structure to 39% for C2. Taking into account that
for such frames, the serviceability limit state corresponding to sway displacements may be the
main design criteria, the revised J model must be carefully analysed because it could lead to
underevaluated results. Significant differences for beam deflections, corresponding to the J and
" J] models can be observed for the bi-linear M-¢ curves, especially for C and D structures. After
the appearance of the beam plastic hinges the ] M-¢ model leads to greater beam deflections.

In seismic response the interval A-A, is larger in the case of J model. The related values
corresponding to the rigid joints frames are closed to the semi-rigid ones if JJ M-¢ model is used.
Di ts corresponding to plastic mechanism are greater for the semi-rigid joint frames
than for the rigid joints ones: 15% to 50% for JJ model and 100-350% for J model are obtained.
Generally, the time-history of yielding mechanism is the same for each type of structure.

In structures with semi-rigid JJ model connections, due to the smaller ultimate moment of the
‘connection, plastic hinges occur also in connections. So, a local mechanism with plastic hinges
" in connection and beam-end occurs, generating large rotations and the structure collapse.

It is very clear that using the JJ M-¢ model structures become less ductile than in the case the J
‘model is used. From this point of view, the two models have to be very seriously analysed in
order to establish which of them is the correct one.

Different results obtained with J and JJ models are in fact produced by different values of
rotational stiffness and plastic resistance of the joint M-¢ curve. Consequently, we appreciate that
is very important to develop the comparison between the two models, in order to decide which
pf them is closer to the actual behaviour of the semi-rigid joint.

‘3. PROPOSAL FOR A SIMPLIFIED APPROACH

Generals

paper presented by Maquoi & Jaspart (1992) several FEM computer codes that are
ementing the separate modelling of connection and sheared web panel or concentrated

delling of the joint (including both connection and web panel deformations) have been
compared by means of two sway steel frames with semi-rigid joints. Those codes are based either
on the plastic hinge or plastic zone theory. Excepting the detailed conclusions outlined by the
guthors of the study from above, it must be observed that the numerical results obtained with
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those computer codes are relatively closed, at least from practical point of view. However for
design practice the use of such sophisticated non-linear computation tools is not useful because
they are to complex both for designer and the real needs of structural analysis. That is the reason
why other researches in the field are proposing for the design analysis of steel frames with semi-
rigid joints the use of a concentrated bi-linear M-¢ model instead of the non-linear M-¢ model
(Maquoi & Jaspart, 1994). Otherwise the bi-linear model is included in EUROCODE 3
previsions. The problem is that even the bi-linear model is accepted, this is generally used by
means of the same sophisticated computer codes as the non-linear one.

In these circumstances, the authors of this paper are trying to propose a very simple and versatile
model capable to introduce the semi-rigid bi-linear behaviour of semi-rigid joints in the elastic-
plastic analysis of steel building frames.

3.2. Simplified Model for the Bi-linear Elastic-Plastic Behaviour of Semi-rigid Joints

An equivalent beam element can be used to simulate the bilinear behaviour of the joint. The beam
will simulate the M-¢ bilinear behaviour of the joint by means of its own elastic-plastic moment-
rotation relationship as is shown in Figure 2. The M-¢ model of the beam element behaviour is
derived from the idealised curve of the material (Prandtl model). The moment corresponding to the
yield plateau is the joint plastic capacity; the rotational stiffness may be the secant stiffness as EC 3
(1992) recommends, or it can be assumed to be equal to S/2 for the unbraced frames, respectively
to S,/3 for the braced frames (S, is the initial rotational stiffness of the joint).

Fig.2. Simplified model

The equivalent geometrical characteristic of the beam element are obtained as follows (Fig. 2):
I=§1/E
Wy = Mgy /£,
where: S, - rotational stiffness of the joint; Mg, - plastic moment of the joint; Wy, - full
modulus of the beam cross-section; | - second order moment of the beam cross section area.
Assuming a rectangular cross-section, the depth and the width result:
h=31/W,
b=4Wy/h’
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In the case of a rectangle cross section beam element, these relations overestimate the cross-section
area, but it is not significant in the static analysis because the frame beams are working mainly in
bending.

3.3. Numerical Comparison

~ In order to validate the proposal model, a comparative numerical study was developed on the
four frame analysed in Chapter 2. The first series of semi-rigid joints were used modelled by
means of revised Annex J bi-linear M- curves (see Table 4) have been used.

From static analysis of frames A, B, C, D the following characteristic load multipliers values are
resulting (Table 10).

Table 10. Comparative values of load multipliers

Frame A B C D
7 8 SRM M SRM M SRM SM SRM M
6.2 6.32 6.431 6.51 9.649 10.34 12.202 12.9
1.667 1.66 1.336 1.238 1.679 1.71 1.899 1.637
1,793 1.803 1.736 1.734 1.913 1.913 2.053 1.768

In table 10 the values related to SRM columns are obtained with PEP-micro computer code with
a non-linear semi-rigid joint model described by means of a Ramberg-Osgood type moment-
- rotation relation, that was configured for a bi-linear M-¢ curve, while the SM values are obtained
with the same program, but, this time, in stead of semi-rigid joint model was used the elastic-
plastic element presented in §§ 3.2.

Figure 3 shows the characteristic curves related to load-maximum horizontal displacement
change. Figure 4 shows the results corresponding to load-maximum beam deflection change.

Load multiplier-displacements (A) Load multiplier-displacements (B)
2 A
1.5 «
1 4 -0 SM
0,; . —t’—SRM Dx

0 20 40 60 80 100 0 100 200 300 400
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0 10 20 30 40 0 10 20 30 40
Fig.4. Load - deflections diagrams

3.4. Conclusions

A good correlation may be observed in the case of characteristic load multipliers and displacements
for =1 related to SRM and SM models. The only significant difference occurs over plastic range in
magnitude of ultimate plastic factor in the case of frame D. However using the authors” model the
results are on the safe side in each case.

To conclude, if a bilinear M-¢ model is accepted for the semi-rigid joint behaviour, the main
advantage of this proposal consists in the fact that any non-linear elastic-plastic computer code, or
even an elastic first order one, may be used to analyse steel frames with semi-rigid connections.
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SEISMIC LOADING OF MOMENT END-PLATE
CONNECTIONS: SOME PRELIMINARY RESULTS

Thomas M. Murray'

Ronald L. Meng?

Abstract

Fractures in welded steel connections have been discovered in numerous building
structures with moment-resisting frame connections due to the Northridge,
California, earthquake of 1994. A possible alternative to on-site welded moment
connections is the moment end-plate. Conventional designs, as well as shimmed
end-plates, are being tested and analyzed for their adequacy under seismic induced
cyclic loading. For the conventional designs, required end-plate thicknesses are
. determined from yield-line analysis and bolt size is determined using an analysis

procedure which includes prying forces. Prying forces do not need to be considered
for the designs with shims. From preliminary results, it appears that the extended
moment end-plate, when properly designed, may be an acceptable alternative to the
welded moment-resisting connection.

1. INTRODUCTION

bsequent to the January 17, 1994, Northridge, California earthquake, numerous
ures in beam-to-column welds in steel moment resisting frames were reported.
age was found in many buildings in the earthquake area with the cause
ibuted to unexpected high stress concentrations in the beam flange-to column
nge connections. The primary cause of the fractures was probably due to the

ing methods and techniques used. One obvious and possible solution to
t future cracks and weld failure is to eliminate beam flange-to-column welds
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entirely as in a moment end-plate connection. Moment end-plate connections
eliminate the field welding problems, but do require tension bolts which introduce
the necessity to predict prying forces and the resulting uncertainty of the strength of
the connection under seismic loading. Connection failure can be precluded by
designing the connection for a strength greater than the beam strength and properly
accounting for prying forces in the bolts. Although field inspection is still required,
bolt tightening inspection is much less demanding than full penetration weld
inspection.

Extensive research on the cyclic behavior of welded moment connections has been
completed; very limited research has been conducted using cyclic loading of
moment end-plate connections. Tsai and Popov (1990) conducted three tests to
determine the cyclic behavior of unstiffened, four-bolt at the tension flange, moment
end-plate connections. They experienced premature inner bolt failure in the first
test of a conventionally designed connection, e.g. one where prying forces are
ignored. The end-plate of the specimen was then reinforced with a vertical stiffener
between the extended portion of the end-plate and the beam tension flange and
stronger bolts installed. The connection was then retested and excellent behavior
was found under large cyclic loads. A second specimen with larger diameter bolts
and a slightly thicker end-plate was also tested with good results.
Recommendations for increasing the strength of connecting bolts, over that used
when prying forces are ignored, were made. Ghobarah ef a/ (1990, 1992)
conducted several cyclic loading tests to examine the behavior of both stiffened and
unstiffened, extended end-plate connections. Both beam and column sections were
included in the test setups. For some tests, the columns were axially loaded.
Column flange and end-plate stiffeners, as well as, end-plate thickness were varied.
In general, they found that end-plate connections were able to dissipate energy from
cyclic loading without loss of strength. However, stiffness of the joint was reduced
due mostly to bolt pretension losses. Murray et a/ (1992) also reported a loss in
pretension bolt forces due to repeated loadings. Eleven end-plate moment
connections were subjected to ,clic loading representing expected wind loading in
the range of 33% to 100% of the connection allowable design moment. Six different
end-plate configurations were tested, all with "snug-tightened” bolts. Typically, the
residual bolt forces decreased as the number of loading cycles increased, with a
rapid decrease during the first few loading cycles and then asymptotically
approaching a lower bound.

Thus, completed research indicates that end-plate moment connections can be
designed with sufficient strength to develop the beam plastic moment capacity and
required beam inelastic rotation capacity. However, uncertainty of prying forces and
reduced pretension due to repeated loadings remains a major concern. The prying
force problem can possibly be eliminated with the use of shims between the end-
plate and column as shown in Figure 1(b). With the shims placed as shown, the
force in the tension bolts theoretically will not change until separation occurs at the
shim location. Thus, the connection is in effect load tested at the time of bolt
installation. The use of shims eliminates the uncertainty of any prying forces as
none theoretically exist.
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ﬂ,—"‘— ’-
|
(a) Conventional (b) With Shims

Figure 1. End-Plate Configurations

The authors are currently in the initial phase of a research project to study the
behavior of large-capacity moment end-plate connections subject to cyclic loading.
It is planned to experimentally study the behavior of three moment end-plate
configurations connected to unstiffened columns using both A325 and A490 bolts.
Results from the first three tests of four-boit at the tension flange, extended
unstiffened connections are presented here. Two tests were conducted without
shims and one test with shims. All three tests were conducted using A325 bolts.

2. TEST SPECIMEN DESIGN

Test specimen design included the determination of end-plate thickness, bolt
diameter and a column section with sufficient flange thickness to resist the plastic
moment capacity of the selected test beam, W18x35 (W460x52). For the tests
without shims, the end-plate thickness was determined using yield-line analysis
Simple bending concepts were used to determine the required end-plate thickness
for the test with shims. The bolt diameter for both types of tests was determined
using the "modified Kennedy" method which includes estimated bolt prying forces.
Column flange strength was checked using previously published techniques.

21 Determination of End-Plate Thickness
The yield-line mechanism shown in Figure 2 was used to determine the required
end-plate thickness for the specimens tested without shims (Srouji ef a/, 1983; Abel
and Murray, 1992). The external work was taken as

We = M8 =My (1/h) (1)
where M, is the ultimate beam moment at the end-plate and 6 is the virtual rotation

of the connection, equal to 1/h, where h is the total depth of the beam section. The
internal work stored in the yield-line mechanism is then:

w4l 3 o 3r-v-m- 52 ) @

where the geometric parameters are shown in Figure 2 and
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Figure 2. Yield-Line Mechanism

mp = Fpy lp214 (3)
where pr is the yield stress of the end-plate material and ) is the end-plate
thickness.  The required end-plate thickness is found by equating Equations (1) and
(2) and solving for tp:

2

e M, /Fpy @)
GG Je v 56

The unknown dimension, s, in Figure 2 is found by differentiating the internal work
expression with respect to s and equating to zero, resulting in

s=Jbrg /2 (5)
The end-plate thickness for the test with shims was determined assuming the
required plate bending moment is equal to the effect of the pretensioned bolt forces

acting on the end of a cantilever of length ps. Equating this moment to the plate
plastic moment strength, Fpy bp lpzu, the required end-plate thickness is

tp= /BBtPy/(Fpybp) (6)
where By is the specified bolt pretension force.
2.2 Determination of Bolt Diameter
Kennedy et al (1981) proposed a method for predicting bolt forces with prying action

in split-tee connections. The Kennedy split-tee analogy consists of a flange bolted
to a rigid support with two bolts. The total force at a bolt, B, is then one-half of the
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d force, 2F, plus the prying force per bolt, Q. The basic assumption in the
edy method is that the plate goes through three stages of behavior as the
d load increases. At the lower levels of applied load, plastic hinges have not
oped in the split-tee flange plate and the behavior is termed thick plate
. The prying force, Q, at this stage is assumed to be zero. As the applied
load increases, two plastic hinges form at the intersections of the plate centerline
and each web face. This yielding marks the "thick plate limit" and indicates the

tiation of the second stage or intermediate plate behavior. The prying force at this
ge is somewhere between zero and the maximum value. As more load is
plied, two additional plastic hinges form at the centerline of the plate and each
line. The formation of this second set of plastic hinges marks the "thin plate
_ and indicates the initiation of the third stage or thin plate behavior. The prying

orce at this stage is at a maximum constant value. Once the status of the plate
“behavior has been determined, the bolt force is calculated by summing the portion
~of the applied flange force assigned to the bolt with the appropriate prying force, e.g.
B=F+Q.

- Srouji et al (1983) and Abel and Murray (1992) modified the Kennedy procedure for
the four bolt, end-plate connection. These results are also reported by Murray
- (1988) and will not be repeated here for lack of space.

Since prying force theoretically does not exist in the connections with shims, the bolt
force is simply the pretension forces, By, or F, whichever is greater.

2.3 Determination of Required Column Flange Strength

‘The required column flange strength was determined using the procedures
developed for monotonically l>aded moment end-plate connections by Hendrick and
_ Murray (1984) and Curtis and Murray (1989) and summarized in Murray (1990).

3.0 TEST SETUP AND INSTRUMENTATION

The physical test setup for the evaluation of the connections is a cantilevered beam
connected to a column section as shown in Figure 3. The test setup is in a
horizontal plane. Axial loads are not applied to the column or beam
Instrumentation includes displacement transducers to measure beam end
deflections, instrumented calipers to measure end-plate and column flange
deformations and instrumented bolts to measure bolt forces. To instrument a bolt, a
2 mm hole is first drilled in the head of the bolt to a depth so that a "bolt" strain gage
can be installed below the head of the bolt but above the threaded portion of the
shank. After insertion of the strain gage, an epoxy is injected into the hole which, on
curing, forms a tight bond between the gage and bolt material. The final step is to
calibrate the bolt using a tensile test machine.

Quasi-static loading is applied to the end of the cantilever using a hydraulic

~ actuator. The loading history prescribed by ATC-24 "Guidelines for Cyclic Seismic
Testing of Components of Steel Structures” (Guidelines 1992) is used for the tests.
The loading history consists of two load steps below beam yield, one load step at
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yleld, and then necessary load steps 'in excess of yielding until fracture of the
connection or severe deterioration of strength is achieved. Each load step consists
of three cycles; a cycle consists of two sequential excursions, one in the positive
and one in the negative bending direction. The cycles below yield are load
controlled and those above yield are displacement controlled. Displacement step
increments above yield are equal to the deflection of the beam at yield.

r‘?u || ng;l l _
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Ll 1 11 4§ 2

J\ _}I..J/;

baten  Aarges

Figure 3. Test Setup

4.0 RESULTS

Table 1 shows the end-plate and bolt dimensions and measured yield stresses for
the material used in the three tests. For each test, the end-plate was welded, using
full penetration welds, to a W18x35 (W460x52), A36 steel, beam section and bolted
to the flange of a W14x145 (W360x216), A36 steel, column section.

Table 1
Test Specimen End-Plate Dimensions and Material Properties

D
in.
(mm)

b
in.
(mm)

g
in,
(mm)

P
in.
(mm)

d
in.
(mm)

Fy
ksi
(N/mm?)

Fu
ksi
(N/mm’)

7.0
(178)

1.0
(25)

45
(114)

15
(38)

1.0
(25)

40.2
(277)

62.2
(429)

7.0
(178)

1.0
(25)

45
(114)

15
(38)

1.0
(25)

40.2
(277)

622
(429)

7.0
(178)

1.5
(38)

45
(114)

1.5
(38)

1.0
(25)

35.1
(242)

67.2
(463)

For Test 1, a shim was not used and the bolts were tightened, as determined from
the instrumented bolts, to the prescribed pretension force in the AISC LRFD
Specification (Load 1993). The applied load versus deflection and beam moment
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_rotation histories from the test are shown in Figure 4(a). Figure 5(a) shows the
corresponding exterior and interior bolt force versus applied load history. Local

_ of the beam flange, 9 in. - 11 in. (229 mm - 279 mm) from the face of the
_ occurred toward the end of the 16th cycle. Neither the end-plate, welds,
bolts or column flange showed any distress during the test. The hysterisis loops
shown in Figure 4(a) are robust and significantly wider than those reported for fully
welded connections. As seen in Figure 5(a), there was a substantial loss of bolt
forces. However, these loses did not effect the strength of the connection.

Test 2 was identical to Test 1, except that the bolts were tightened using the turn-of-

nut method (Load 1993). This tightening method resulted in larger strains in the
bolts on completion of tightening. Figures 4(b) and 5(b) show results corresponding
fo those for Test 1. Again, failure was local buckling of the beam flanges without
“end-plate, weld, bolt or column flange distress. The bolt forces decreased as in
Test 1, but not as significantly.

Test 3 was conducted with 0.50 in. (13 mm ) thick shims placed as shown in Figure
1(b). The bolts were tightened to the minimum pretension level as measured by the
_instrumented bolts. Failure was by local buckling of the beam flange without end-
plate, weld, bolt or column flange distress. Figures 4(c) and 5(c) show the load-
_displacement and bolt force-load histories. Again, the hysterisis loop is wide. Bolt
forces decreased unexpectedly, possibly because of yielding of the shim plates.

5.0 CONCLUSIONS
Properly designed end-plate connections appear to be viable connections for frames
designed for seismic loading. The end-plate connection tests reported here show
that the strength and energy dissipation capability, necessary to resist large seismic
loadings, are available.
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Low CYCLE FATIGUE TESTING OF SEMI-RIGID
BEAM-TO-COLUMN CONNECTIONS

Luis Calado'
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Abstract

arch was carried out to investigate the cyclic behaviour of beam-to-column
ions. Three different typologies were tested, which represent frequent
plications in steel construction. The specimens were submitted, in a multi-specimen
ing program, to constant amplitude displacement histories, in order to develop a
glative damage model. Such a model is based on the Ballio-Castiglioni hypothesis
er's rule, and lead to the assessment of possible classes of fatigue resistance
examined typologies of beam-to-column connections. Based on the
al results of this and previous research programs carried out by the authors,
al failure criterium is proposed for steel components under low-cycle fatigue.

1. INTRODUCTION

I constructions in seismic regions, steel structures in general offer a large advantage
ih respect to r.c. structures, due to reduced dead load, and thus reduced inertial
jees. Furthermore, the material ductility is satisfactory. However, evidence of
uctural collapses has been reported in occasion of recent earthquake events
dge 1994, Kobe 1995) and a significant population of steel structures suffered
ded damage, in buildings, bridges, and viaducts.

owing the Northridge Earthquake of January 17, 1994 several cases have been
ported (Bertero et al., 1994) of steel frame buildings which did not collapse, yet
thibited significant structural damage. Local failures of steel structural members or
connections, or both, took place. Such failures, however, did not result in severe
all deformations, thus remaining hidden behind undamaged architectural panels.
variety of local collapses was observed, among which the recurrent case was
entified in the failure of welded beam-to-column joints in moment resisting space
mes. Investigations have been carried out about the nature and the causes of the
) pd failures and have shown that several topics pose unsolved problems, thus
pviding subjects of primary importance for research programs.

fecent analyses have shown that well proportioned semi-rigid connections designed
P allow active participation in non-linear deformation may enhance the dynamic
jerformance of steel frames in low and medium rise buildings and reduce the ductility
nd on other members under severe ground motions.

pciate Professor, Civil Engineering Department, Technical University of Lisbon
ociate Professor, Department of Structural Engineering, Politecnico of Milan
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For these reasons, recently, several-research programs have been conducted to
investigate the cyclic behaviour of semi-rigid connections. Among them the tests
performed by Ballio et al. (1987) on flange plated connections, flange and web cleated
connections, extended-end-plate connections and welded connections is pointed out.
Astaneh et al. (1989) investigated the behaviour of steel double angle framing
connections under severe cyclic loading of earthquakes. The experimental research
that Bernuzzi et al. (1992) have conducted was on top-and-seat angle and flush-end-
plate connections under cyclic loading

In addition to these and other experimental research programs, a number of numerical
models were also developed by various authors. Most of these models are empirical,
and need experimental results for the calibration of the various parameters assumed
as governing the behaviour of the connection

This paper presents preliminar results of a research program on low-cycle fatigue of
semi-rigid beam-to-column connections. After identifying a limited number of structural
steel details, they were realised and tested under low cycle fatigue. The aim of the
research is to try to establish classes of (low cycle) fatigue resistance for connections,
similar to those existing for structural details under high cycle fatigue (EC3 - Design of
steel structures, 1992)

2. EXPERIMENTAL PROGRAM

2.1 Test Set up

The experimental set-up used for the tests on the semi-rigid steel connections is shown
in Figure 1. It was designed in order to simulate the conditions of beam-to-column
connections within the frame structure. It consists mainly in a foundation, a supporting

girder, a reaction wall, a power jackscrew and a lateral frame

Figure 1 - Test set-up
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B power jackscrew, which displays a 1000 kN capacity and a 400 mm stroke, is
jached to a specific frame, designed to accommodate the screw backward
vement, which has been prestressed against the reaction wall. The specimen was
cted to the supporting girder through two steel elements. Due to the
racteristics of the test set-up the column lies horizontally, while the beam is vertical.
@ supporting girder was fastened to the reaction wall and to the foundation by
stressed bars. The forces F are measured in a load cell located between the power
kscrew and the specimen, while the top displacement v, is evaluated at the level of
p applied force. An automatic testing technique was developed to allow
nputerised control of the power jackscrew, the displacement and all the transducers
d to monitor the specimen.

2 Specimen Set up

he specimen consisted of a beam attached to a column by means of different details.
3¢ typologies of connections were selected which represent frequent solutions

pted in steel construction for beam-to-column connections: web and flanges cleats

BCC1 type, (Fig. 2a), extended end plate - BCC2 type, (Fig. 2b ) and flange plates

ith web cleats - BCC3 type, (Fig. 2c). For each typology three specimens were
ised and tested, according to a multi-specimen testing program.

{1t
L A

L+8

bl

- x . —_— - - = -
- N -

Figure 2 - Typologies of connections considered in this research.

he profile used for columns and beams in all specimens was a HEA120 in Fe360. For
%e web and flanges cleats specimens 100x100x10 angles in Fe360 were adopted.
he bolts used were M16 grade 8.8 and all welds were full penetration butt welds.
“Specimens were instrumented with electrical displacement transducers. They measure
the displacement of the specimen supporting plates, the vertical displacement of the
int and the relative and absolute rotation of the cross-section and joint.

e ————————
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2.3 Loading History Adopted

The choice of a testing history associated to a testing program depends on the purpose
of the experiment, type of test specimen and type of anticipated failure mode. In
general, a single-specimen testing program is adopted. The recommended loading
history to be applied in such a testing program (such as those proposed by ECCS
(1986) and ATC (1992)) consists of stepwise increasing deformation cycles; the cycles
are usually symmetric in peak deformations.

However, as it is also clearly stated in ATC Guidelines (1992), a multi-specimen testing
program is needed if a cumulative damage model is to be developed for the purpose of
assessing the performance of a component under arbitrary loading histories. In
particular a cumulative damage model may be adopted to evaluate the cumulative
effect of inelastic cycles on a limit state of acceptable behaviour

A cumulative damage model is generally based on a damage hypothesis and may
include several structural performance parameters that must be determined }
experimentally. For these reasons testing program utilising this cumulative damage
model requires at least three constant amplitude loading tests on identical test
specimens. For each test, a new specimen must be used, since each specimen is to be
tested to failure. The deformation amplitudes for the three tests should be selected so
that they cover the range of interest for performance assessment.

In the present study, the following amplitudes of displacement cycles were considered
\v/v, = 6, 8 and 12 for BCC1 type, Av/v, =6, 7 and 8 for BCC2 type and Av/v, = 6, 8 and
10 for BCC3 type, where Av is the imposed displacement at the top of the specimen,
while v_is the yield displacement.

3. EXPERIMENTAL RESULTS

Hysteresis loops in a load-displacement diagram (F-v) and the failure mode are
presented in Figure 3, 4 and 5. Some observations on the behaviour of each type of
connections during the cyclic test until the collapse are made

Figure 3 - Experimental hysteresis loops and the failure mode
of a web and flanges cleats connection.
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SWeb and flanges cleats connections - BCC1 type: the behaviour of this type of
gonnection is characterised by large bolt slippage. The increment of plastic
geformations in both legs of the angles in the flange connections was observed during
the test. Slip occurred mainly in the vertical plane between the beam flange and the
vertical angle leg due to the ovalization of the holes in the flange of the beam and in
the vertical leg of the angle. For all specimens of this type the failure was due to a
Morizontal crack that started in the middle of each vertical leg of the angles when they
were in tension. These cracks propagated with increasing the number of cycles until
complete failure of the angle

Figure 4 - Experimental hysteresis loops and the failure mode
of an extended end plate connection.

BCCS

I

Figure 5 - Experimental hysteresis loops and the failure
of a flange plates with web cleats connection

MExtended end plate connections - BCC2 type: the connections of this type are
Scharacterised by regular histeresis loops, without any slippage and with a regular
deterioration of the absorbed energy and the maximum force at the end of each cycle
For the three specimen a plastic hinge took place in the beam. The local buckling of
the flanges and web of the beam induce large plastic deformations in these zones The
effect of the bending and the tension of these zone induce the development of cracks
which started for the three specimens in the flange of the beam. The cracks grow with

e ——TTTTTTTTTT




376 L. Calado and C. Castiglioni

the increase of the number of the cyclés until they reach all the section of the flange
and part of the section of the web cause the failure of the specimen. At the end of each
test an axial shortening of the specimen was observed due to the occurrence of a
highly localised deformations of the specimens.

Flange plates with web cleats connections - BCC3 type: this type of connection has a
behaviour between the BCC1 type, and the BCC2 type. They exhibit slippage between
flange plates and the flange of the beam due to the ovalization of the holes, but this
phenomena has lower importance when compared with web and flanges cleats
connections. The flange plate had a similar behaviour as the angles in BCC1 type
under bending deformation but the vertical separation between the beam and the
column is avoid. In all specimens the failure was due to the crack in the vertical plates
that connect the flange of the beam with the flange of the column. No shear
deformation was observed in all bolts.

4. FAILURE CRITERIUM

It is particularly interesting to formulate some failure criteria based on the achievement
of a given level of deterioration of the mechanical properties of the material. In fact, by
means of such a collapse criterium, the limit state at which a structural component is
considered out-of-service, can be a-priori defined. Such a situation, of course, may not
coincide with actual collapse of the component. However, in order to be applied in
standard design procedures, such a collapse criterium must allow an assessment of
the failure conditions as close to reality as possible, and always on the safe side.

Some authors (Calado and Azevedo, 1989) proposed to adopt as unified failure
criterium the reduction of the energy dissipated in a cycle to 50% of that dissipated by
a structural component made of an elastic perfectly plastic material, cycled under the
same amplitude. That criterium was formulated based on a number of numerical
sirwlations of the cyclic behaviour of steel members (Ballio and Calado, 1986).

Based on the experimental results obtained during extensive testing programs carried
out on beams, beam-columns, welded connections (Castiglioni, 1995, Ballio and
Castiglioni, 1994) and on beam-to-column connections (Calado and Ferreira, 1994)
the following failure criterium can be formulated having a general validity for structural
steel components under variable amplitude loading:

n/n,sa (1)

where 1, represents the ratio between the real absorbed energy at the last cycle before
collapse (E) and the energy that might be absorbed in the same cycle if the structural
member had an elasto-plastic behaviour (E_, ), while n  represents the ratio between
the real absorbed energy in the first cycle in plastic range (E_,) and the energy that

might be absorbed in the same cycle if the structural member had an elasto-plastic
behaviour (EW).

In the case of constant amplitude displacement, Ecppt I8 €qual to Ecppor @nd equation
(1) may be rewritten as follows:

E,/Eqsa (@)

e
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ions 1 and 2 « is a parameter which value should be determined by fitting the
al results. Based on the results obtained in a multi-specimen tests program
to-column connections under different levels of constant amplitudes it is
yosed for o« a constant value equal to 0.50. This means that the failure of the
pection took place when the ratio between the real absorbed energy and the real
jotbed energy in the first cycle in plastic range is less or equal to 0.50. The value
S to consistent results also in the case of beams and beam-columns made by
A220 and IPE300 profiles. Other types of profiles are presently under investigation,
) proposed value of a can be adopted for a safe assessment of the damage
wulated in the beam-to-column connections. Hence, this value is not to be
isidered as the best fit of experimental results, but can be regarded as possible
prence value in damage assessment procedures.

5. CUMULATIVE DAMAGE ASSESSMENT

pm tests carried out it was noticed (Ballio and Chen, 1993) that, in good agreement

h other previous studies (Coffin, 1954, Mason, 1954), for all structural components
gams, beam columns, welded joints, beam-to-column connections), the relationships
hich best fitted the experimental results in terms of cycle amplitude Av (normalised on
yield displacement vy ) and number of cycles to failure Nf , were exponential

petions of the type Nf=a (Avay)b , with a and b constant parameters to be defined
id calibrated on the experimental test results. If the cycle amplitude Av can be

ated to the stress range in the component Ag, this kind of relationships become
ar to the Wohler S-N lines [Wohler, 1860] usually adopted in high-cycle fatigue

§

tarting from these considerations, Ballio and Castiglioni (1994) recently proposed an
pproach to unify the design and damage assessment procedures for steel structures
nder low and/or high cycle fatigue.

According to Ballio and Castiglioni (1994), if the material can be regarded as an elastic
erfectly plastic one (as in the case of steel), it can conventionally be assumed that
trains are proportional to the generalised displacement component s, and it can be
stated that:

Ae  As

—_—— (3)

‘This equation defines the nominal strain range in a particular way, taking into account
the local reduction of stiffness at plastic hinge location by an equivalent uniform
reduction of stiffness along the total beam length, and can be re-written as follows:

. AS AS
= £= 25 - 5%(F . (4)
Sy y sy J)
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Ac’ is an effective stress range, associated to the real strain range At in an i
member made of an indefinitely linear elastic material and, in the case of high

fatigue (i.e. under cycles in the elastic range) coincides with the actual stress range Ac.

Once determined the number of cycles to failure Ny, test data can be re-processed to

plot in a log-log scale N¢ vs. Ac™ given by eq. (4). The domain log (Ac =EAg) vs. log N
is the usual domain for the Wdhler (S-N) curves adopted by various International
Codes and Standards for (high cycle) fatigue design of steel structures. In practice, by
adopting the S-N curves of EC3, which can be mathematically expressed in the form:

Nf A 3 =K (5).

(where K is a constant value depending on the fatigue strength category of the detalil),
and by substituting in eq. (5) to Ac the expression of Ac’ given in eq. (4), the
relationship between Nf and the generalised displacement amplitude As becomes:

Nt [?cf Fy R =K ©)
Py

By comparing this expression to the Manson (1954) Coffin (1954) one (7):
Nf [As,]C=C"1

it can be concluded that the two expressions are similar; the only difference is that in
equation (6) the total cycle amplitude As is adopted while Manson and Coffin consider
the excursion in the plastic range As,.

The two expressions (6) and (7) coincide for C=1/K, c=3 and As,= ‘:—sa( F)) ;

By considering equation (6) and adopting Miner’s rule, the proposed damage model
becomes:

I L 3 {
Ly (—LG{F JJ ®)
S

where nj is the number of occurrences of cycles having an amplitude Asj , and the .

summation is extended to the number L of different cycle amplitudes Asj to be
considered.

6. CONCLUSIONS

If an equivalent stress range Ac* = E Ae is considered, associated with the actual strain
range in an ideal indefinitely elastic material, the S-N lines given by Codes for high
cycle fatigue can be adopted for interpreting the low cycle fatigue behaviour of beam-
to-column connections, as shown if Figure 6 with regard the experimental results
described in previous section 3.
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LE 1.00 100 i

Figure 6 - Fatigue strength of beam-to-column connections.

Br's rule can be adopted, together with the previously defined S-N curves and with
j cycle counting method (e.g. Rainflow) to define a unified collapse criterion, valid for
joth high and low cycle fatigue.

3 main issue became, in this case, the assessment of fatigue strength category of
pus typologies of the connections, i. e., of the appropriate S-N curve to be
issociated with each type of detail. This can be done either by means extensive
BXp arimental research or by numerical modelling. Such models should, however, be
jalibrated on tests results.

any case a reliable failure criterium must be defined, allowing conservative
inition of the number of cycles to failure, i. e. of the conditions corresponding to
gpecimen collapse.

A possible failure criterium having a general validity and giving consisting results for a
ber of structural components has been proposed in this paper. The validity of such
griterium must however to be furtherly investigated and extended to other structural
details.
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ELOPMENT OF INTERIM RECOMMENDATIONS FOR IMPROVED WELDED
AENT CONNECTIONS IN RESPONSE TO THE NORTHRIDGE EARTHQUAKE
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Abstract

A short term research and testing program was conducted in response to damage observed at
w number of welded steel moment connections following the 1994 Northridge Earthquake.
e test program investigated several changes to joint welding and design procedures intended
1o improve earthquake response of steel moment frame connections. Sixteen very large scale
eam-to-column connections were tested under cyclic load, The most successful connections
ed in this program were those in which the beam flanges were reinforced with cover plates
or vertical ribs. The test results showed that reinforcing the connection to reduce stress at the
sam flange groove welds, combined with reasonable care in welding can significantly enhance
joint performance.

1

1. STEEL MOMENT CONNECTION DAMAGE

Following the January 17, 1994 Northridge Earthquake, significant damage was observed at
beam-to-column moment connections in steel moment resisting frames. More than 100 modern
‘steel buildings suffered moment connection damage. This damage was observed primarily at
"~ the conventional welded flange-bolted web type moment connection detail widely used in west
'~ coast U.S. practice for the past 25 years. A variety of different types of fractures were observed
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President, Englekirk & Sabol, Inc., PO Box 77-D, Los Angeles, Calif., 90007
*Asst. Prof. of Civil Eng., Georgia Inst. of Tech., Atlanta, Georgia 30332
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at these connections, including fractures at the beam flange groove welds, and fractures in the
columns within the joint region, typically initiating at the beam flange groove weld. Fractures
occurring at or initiating at the beam bottom flange groove weld appear to have occurred far
more frequently than at the beam top flange.

None of the connection damage resulted in collapse of a steel moment frame building nor did
it result in loss of life. This damage, however, is contrary to the design intent of an earthquake
resistant steel moment frame, and may represent a more serious safety concern for ground

motions that differ in intensity, duration, or frequency content from that experienced in
Northridge. The causes of the observed connection damage have been the subject of
considerable debate. It appears, however, that a number of factors related to welding, joint
design, and steel material properties played a role in the damage. More detailed descriptions of

damage and discussions of contributing causes are available elsewhere (AISC 1994b, Bertero
et al. 1994, SAC 1994a, SAC 1994b, SAC 1994¢, SAC 1995). In addition to its poor
performance in the Northridge Earthquake, the conventional welded flange-bolted web
connection detail has also shown a history of poor performance in laboratory tests (Engelhardt
and Husain 1993).

2. TEST PROGRAM

Within approximately three months following the Northridge Earthquake, a short term in
testing program was initiated under the guidance of the AISC Task Committee on the
Northridge Earthquake. This test program was intended to generate some immediate data on the
effectiveness of various measures intended to improve connection performance under earthquake
loading. This program was directed towards steel moment frames that were under design or
construction at the time of the earthquake, and that were in need of immediate guidance. Thus,
the objective of the test program was to develop interim guidelines for the deign and
construction of improved steel moment connections, in the shortest possible time. The te
program emphasized connection details for new construction, and was not intended 1g
investigate repair procedures for damaged joints. This paper provides a brief overview of the.
test program. More complete details are available elsewhere (AISC 1994a).

Tests were conducted on single cantilever type test specimens, as shown in Figure 1. Slowly.
applied cyclic loads were applied at the tip of the cantilever. Beam tip displacement
increased until connection failure occurred, or until the limits of the testing apparatus were
reached. Test specimen performance was judged primarily based on the level of inelastic
deformation achieved in the beam prior to connection failure. All test specimens
constructed of W36x150 beams of ASTM A36 steel, and either W14x455 or W14x426 column
of ASTM AS572 Gr. 50 steel. These member sizes resulted in joints with very strong par
zones, so that inelastic action at the joint was forced into the beam.

A number of different connection details were investigated in the test program. The connections
incorporated what were intended to be improvements both in welding and in connection desig
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pder to guide the test program, AISC organized an advisory group representing a broad
'of expertise, including researchers, structural engineers, fabricators, erectors, steel mill
jentatives, welding specialists, and welding inspection and NDT personnel. Based on the
of this group, improved connection design details and welding procedures were

connection investigated in this test program, two replicates were constructed by two
structural steel fabricators in order to gain some confidence in the repeatability of
ts. A total of sixteen specimens were tested. Highlights for several of these tests are

ed below.

 first connection detail investigated was the conventional welded flange - bolted web detail,
jigned in accordance with the seismic detailing provisions of the 1991 Uniform Building
ge (Uniform 1991), the governing code in the western U.S. The detail for this specimen,
gignated as Specimen 1, is shown in Figure 2. Although the conventional connection detail
s used, several improvements were incorporated in the welding, including removal of backup
irs and weld tabs, and close attention to welding workmanship. Welding was accomplished
the self shielded flux cored arc welding (FCAW) process, as it was for all specimens in this
® program. The clectrode used for the beam flange groove welds for Specimen 1 was
pssified as E70T-4, typical of past field welding practice for this connection. This electrode
h ized by very high deposition rates, but can result in weld metal with rather low
ness and ductility. The purpose of this specimen was to determine if the conventional
ection detail, when provided with very good welding workmanship, was likely to provide
actory performance.

Both replicates of Specimen 1 showed poor performance, developing only very limited ductility

I the beam prior to connection failure. The load-deflection response at the tip of the beam for

pe of the two replicates of this detail (designated as Specimen 1A) is shown in Figure 3.

Failure of both replicates occurred by sudden fracture at the beam flange groove welds, with
fractures occurring near the weld column interface. No welding workmanship defects were
ble on the fracture surfaces.

“The second connection detail investigated in this test program was an all-welded connection.
‘Bt was similar 1o the first detail, except that the beam web, rather than being bolted, was welded
directly to the column flange. As with the previous detail, the E70T-4 electrode was used for
the beam flange groove welds. Past test programs have typically shown better performance from
all-welded connections, as compared to welded flange-bolted web details (Popov and Stephen
1972, Tsai and Popov 1988). This better performance has been attributed to the improved ability
“of the welded web connection to transfer bending moment at the connection, thereby reducing
~ stress on the beam flange welds. Unfortunately, both replicates of this connection detail showed
poor performance, with fractures occurring at the beam flange groove welds early in the
. inelastic loading history for the specimens. As above, no significant workmanship defects were
“identified on the fracture surfaces.

" These first four test specimens showed unsatisfactory performance, despite very good welding
workmanship, removal of back up bars, and removal of weld tabs. These results suggest that
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the poor performance of these connections in the Northridge Earthquake likely cannot b
attributed solely to poor welding workmanship. This observation does necessarily indicate thal
workmanship was not a significant issue in the Northridge connection damage. It does indicate
however, that there are factors other than workmanship that significantly affect connectie
performance. The poor performance of the first four specimens does not necessarily '
condemnation of these connection details. These details may have shown better performane
if, for example, a different welding electrode or welding process had been chose
Unfortunately, there was no opportunity to investigate this hypothesis as part of this test
program. The effects of varying weld metal properties, and most notably weld metal toughness,
is being investigated in a new test program currently underway by the authors.

The majority of the remaining connection details tested in this program were classified
reinforced connections. The beam flanges were reinforced with cover plates or with vertical
"ribs". An example of a connection reinforced with vertical ribs, designated as Specimen 6, i
shown in Figure 4. An example of a connection reinforced with cover plates, designated
Specimen 8, is shown in Figure 6.

The intent of these reinforced connections was to significantly reduce the stress on the bean
flange groove welds and surrounding base metal regions, and to move the location of the beam
plastic hinge away from the face of the column. The design goal adopted for the reinforced
connection was that the region of the connection at the face of the column should remai

essentially elastic under the maximum bending moments and shear forces developed by the fully
yielded and strain hardened beams. For the various reinforcement configurations tested,
section modulus of the reinforced cross-section was on the order of 1.6 to 2.0 times the sectic
modulus of the unreinforced beam cross-section. In addition to reinforcing the flanges, different
FCAW electrodes were used for some of these specimens, and continuity plates were added fof
some of the specimens.

Eight of the ten reinforced connections showed excellent performance, developing very large
inelastic deformations in the beam without connection failure. The beam tip load versus
deflection response for a connection reinforced with ribs (Specimen 6B) is shown in Figure 5
The response for a connection reinforced with cover plates (Specimen 8A) is shown in Figure
7. These connections performed as intended. The beam plastic hinge formed at the end of the
reinforcement, away from the face of the column, while the region of the connection near th
face of the column remained essentially elastic. The connections were capable of developing
the full flexural strength and ductility of the beams. g

Two of the connections reinforced with cover plates showed poor performance, experiencing
brittle failures at low levels of beam ductility. One cover plated specimen failed by a sudden
fracture at the top flange/cover plate weld to the column. This fracture occurred near the welds
column interface, and showed no visible workmanship defects. Inspection data for this specim
suggested that some of the welding parameters (voltage, electrical stickout, etc.) were likely
beyond the range specified in the Welding Procedure Specification. Studies of this ]
suggest that the improper choice of welding parameters lead to weld metal with unusually lg

toughness. The replicate of this specimen, with the same connection design and welding
electrode, but for which the Welding Procedure Specification was followed, showed excelle
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performance. The Structural Welding Code - Steel, AWS D1.1-94 (AWS 1994) requires that
welding be executed in accordance with a written and approved Welding Procedure
Specification. These test results emphasize the importance of this requirement. They also
suggest a relationship between weld metal toughness and overall connection performance.

A second cover plated specimen failed by a sudden fracture within the column flange material
at the beam's bottom flange connection, pulling out a portion of the column flange material.
The fracture surface suggested a possible problem with through-thickness properties of the
column flange. This test specimen indicated that even with a reinforced connection and careful
welding practices, material properties may represent a "weak link" for this type of connection.

3. CONCLUSIONS

The results of this test program suggest that improved welding workmanship, by itself, may not
be adequate to assure satisfactory performance of the conventional welded flange - bolted web
connection detail under inelastic cyclic loading. The results also indicate that a large
improvement in cyclic loading performance is possible at steel moment frame joints by the use
of a reinforced connection combined with careful attention to welding.

Based on the limited evidence provided by these tests, definitive guidelines for the design and
construction of welded steel moment connections are not possible. However, based on their
judgement and interpretation of the available data, the writers recommend the use of reinforced
connections as an interim measure until additional data becomes available. Sizing reinforcement
so that the section modulus of the reinforced cross-section at the face of the column is on the
order of 1.5 to 2 times the section modulus of the unreinforced beam cross-section appears
reasonable. ltems likely to be beneficial for welding include: removal of backup bars and weld
tabs, use of electrodes that provide high toughness weld metal, careful inspection at the time
of welding, including the rigorous enforcement of Welding Procedure Specifications, and
thorough ultrasonic inspection.

It should be noted that even with a reinforced connection and careful attention to welding, the
test results indicate poor performance may still possible due to potential weaknesses in the
column flange through-thickness properties. Nonetheless, while perhaps not guaranteeing
success 100 percent of the time, the use of reinforced connections is expected to provide a
much higher level of performance and structural safety, as compared to pre-Northridge
practices. It is also clear from these tests that a large number of welding, design, and materials
related factors significantly affect connection performance. A long term research effort will be
needed to fully resolve all the issues raised by the Northridge Earthquake.
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POST-EARTHQUAKE STABILITY OF STEEL MOMENT FRAMES
WITH DAMAGED CONNECTIONS

Abolhassan Astaneh-Asl!

Abstract

@ objective of this study was to study seismic safety of welded steel moment frames
maged during the 1994 Northridge earthquake. A 4-story, a 14-story and a 27-story
idings in Los Angeles were studied. Inelastic 2-D models of the undamaged and
maged frames representing the three buildings were subjected to various intensities
eral past earthquake records. The results indicated that seismic behavior of the
aged frames was somewhat similar to the behavior of steel semi-rigid frames. The
Bcks in the bottom flange welds did not cause the study-frames to be more
isceptible to collapse than the same frames before the damage. No tendency to
se due to P-A effects was detected in the three study-frames subjected to various
ies of the earthquake records that were used.

1. INTRODUCTION

1.1. Background

ing the January 17, 1994 Northridge earthquake the welded joints of more than 100
8l moment frame buildings in Los Angeles cracked. The cracks in the welded rigid

pssor, Department of Civil and Environmental Engineering, 781 Davis Hall,
sity of Califomia, Berkeley, CA, 94720, USA.
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connections were mostly in the full-penetration welds or the heat-affected zone of
bottom flange of the girders. However, 1o lesser extent, cracks were also found in the
top flange welds, column flanges, column webs and the panel zones. A few s
connections have also been cracked. In many cases, the damaged buildings did
exhibit visible out-of-plumbness or damage to their non-structural elements. A f
weeks after the quake, this study of seismic safety of the damaged welded s
moment frames was initiated. The highlights of the study are summarized here.
information can be found in (Astaneh-Asl et al., 1995).

1.2. Objectives of the Study

The main objective of the study was to investigate life-safety aspects of the we
steel moment frames damaged in Los Angeles by the 1994 Northridge earthquak
More specifically, the objective was to develop information on the question of: is the
a safety concern in case the damaged steel moment frame buildings are shaken by
another earthquake or by a sizable aftershock of the Northridge earthquake befon
appropriate repairs or retrofits are done? '

2. RESEARCH

2.1. Methodology

To achieve the objectives and considering the public concern for the safety of the
damaged steel structures, the research team conducted case studies and investigatet
seismic safety of three modern buildings that were damaged. The buildings were a
story, a 14 story and a 27 story welded steel moment frame buildings in Los Ange
The frames are shown in Figure 1. Table 1 provides major properties of the three
buildings. The structures were designed according to the modern seismic codes ant
are representative of the current design practices in California.

The study consisted of building inelastic computer models of one critical frame
each of the three buildings and subjecting the models to various intensities
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acceleration time history records. The acceleration time history records of the 1940
Centro, 1952 Taft, 1978 Miyagi-ken-Oki, and the 1994 Northridge-Newhall earthg
were used. Whenever the vertical component was available, the horizontal and ve
components of the earthquake were applied simultaneously. In selecting the past
earthquake records for these studies the records representing pulse type near fault
earthquakes, long duration earthquakes as well as long distance earthquakes were
included. The results presented in this paper are only for various intensities of
Northridge earthquake records. The responses of the frames to El-Centro, Miyagi-ken-
Oki and Taft records were in general similar to Northridge results.

2.2. Modeling of the Undamaged and Damaged Frames

One rigid frame from each of the three buildings was selected to represent the
structure. Then, two models were developed for each frame: one undamaged and one
heavily damaged model. The undamaged frames represented the structures be
the earthquake. In the damaged structure, the frame was modeled with the bott
weld in all of its connections cracked. A recently released survey of the damage in 59
buildings in Los Angeles (Youssef et al., 1995) indicates that, on the average, only
about 20% of the connections in surveyed buildings had cracked. The assumption
all bottom flange welds cracked was a conservative assumption to represent the
possibility that during future larger earthquakes more connections can develop cracks.

The girders and columns in both damaged and undamaged frames were modeled to
have a bi-linear cyclic moment-rotation behavior. The cracked connections were
modeled as semi-rigid as explained in the following section.

2.3. A Proposed Model to Represent Cracked Welded Connections

The analysis program DRAIN-2DX used in these studies could only accept symmetric,
bi-linear moment-rotation models for the connections. The actual behavior of the
connections with one flange crack is unsymmetric. To overcome this limitation and still
to obtain meaningful results, the unsymmetric moment-rotation behavior of the crack
connections was converted to their equivalent symmetric moment-rotation curves.
the time of these studies, February through July of 1994, no test data was available on
the actual cyclic behavior of the cracked connections of welded steel moment frames.
Therefore, by using the available information on cyclic behavior of steel semi-ri
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ections (Nader, and Astaneh-Asl, 1992), and by considering mechanics of the
behavior of the welded connections before and after crack, the model shown in
3 2(a) was developed and proposed by the author,

BCE four cyclic tests of actual cracked connection specimens, taken from a
amaged building in Los Angeles, have been conducted (Anderson and Xiao, 1995).
he results of these tests, although very limited in numbers, are very close to the

sed model and confirm the above assumptions, To be fit for DRAIN-2DX
am, the model in Figure 2(a) was then converted to the symmetric model of
gretic behavior shown in Figure 2(b).

h developing the cyclic model of the moment-rotation behavior, it was assumed that
he connection with bottom flange cracked can develop full strength of the girder if
ied moment is negative (i.e. the weld crack is closed and is in compression) and
connection can develop 40-60% of the girder plastic moment capacity when
noment is positive (i.e. the weld crack in the bottom flange is open). The value of 40-
0% moment capacity for the cracked connections was established by calculating Mp
the Tee cross section that is left after the bottom flange is cracked, see Figure 2(a).

3. RESULTS

3.1 Behavior of Undamaged and Damaged Frames From the 4-Story Building

e 3 shows time histories of roof drift for the actual record of the 1994 Northridge
rthquake obtained from a California Strong Motion Instrumentation Program (CSMIP)
located about 1.5 km from this 4-story building. The studies indicate that the
e shear and roof drift responses of the damaged frame is less than the undamaged
frame. The exception is the first peak at about 4 seconds into the earthquake
en damaged frame indicates a drift of about 3.5%. Up to the Point "A" in Figure 3,
s drift responses of both frames are almost identical. However, after the first peak
e response of damaged (semi-rigid) frame is much less than the undamaged (rigid)
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me. Also, notice that the undamaged frame shows a permanent drift (out-of-
mbness) of more than 1%.

g the Northridge earthquake, in the case of this 4-story building, probably at Point
A" in Figure 3, the connections have been cracked. After the frames were damaged at
i@ time of about 4 seconds into the quake, the structure has become a semi-rigid
fructure and has responded according to the substantially smaller "dashed" line
psponse in Figure 3. This can be an explanation why the observed damage to the
n-structural elements of this building was relatively minor and the out-of-plumbness
ifter the quake was only about 5 cm ( less than 0.3% drift) at the roof level.

Behavior of Undamaged and Damaged Frames From the 14-Story Building

2 4 shows time histories of roof drift of the 14-story structure, when subjected to
same Northridge-Newhall earthquake record used for the 4-story building.
aver, it should be mentioned that the 14-story building is located about 30 km from
%e station that recorded the Northridge-Newhall ground motion. The results indicate
that for this building, subjected to Northridge-Newhall records, the roof drift and base
ar of the damaged semi-rigid frame is smaller than the roof drift of the undamaged
t rigid frame throughout the response.

‘The undamaged rigid frame develops a maximum peak roof drift of about 1.3% while
maximum peak roof drift of damaged semi-rigid frame is about 1.1%. Up to the Point
‘A in Figure 4, the responses of both frames to Northridge-Newhall record are very
However, after the first peak at Point A in Figure 4, the response of the
‘damaged (semi-rigid) frame is less than the response of the undamaged (rigid) frame.
This behavior is very similar to the behavior of 4-story building presented earlier.

Behavior of Undamaged and Damaged Frames From the 27-Story Building

mentioned earlier, the study-frames were subjected to ever-increasing maximum
seak acceleration levels of the records from Northridge-Newhall, El-Centro, Taft and
‘Miyagi-ken-Oki earthquakes. In this section, the results of undamaged and damaged
frame models of the 27-story building subjected to scaled-up Northridge-Newhall
records with 1.5g maximum peak acceleration are presented.
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Figure 5 shows the results of dynamic response of the 27-story structure, (see Table
before it was damaged and after it is assumed that all bottom flange welds have beel
cracked.

The results indicate that the roof drift of the undamaged and damaged frame model
are very similar during the earthquake. After ground shaking has stopped at the time @
15 seconds, the response of the damaged frame (semi-rigid) is less than t
undamaged (rigid) structure. Similar to previous cases, this indicates that after the
frame is damaged, the response is "slowed down". The maximum value of roof drif
for both undamaged and damaged frames subjected to Scaled-up Newhall record
1.5g MPA was about 2%

The fact that the roof drift of the damaged (semi-rigid) frame is less than the roof drift in
undamaged (rigid ) frame might appear to be contrary to the belief of some structun
engineers who feel that after the structure is damaged, it is more flexible and weakel
therefore, it will develop larger drifts. This feeling might be correct for static loadin
and might have stemmed from the code based equivalent static load design concept
However, the available data on seismic response of steel structures do not suppo

this simplistic and somewhat erroneous view of the actual complex dynamic beha
of steel structures.

Figure 6 shows the time history of axial load in one of the exterior columns of the f
floor of the 27-story Undamaged and damaged frames. The undamaged (rigid)
developed large tension during many cycles even after the earthquake had stopped.
The damaged frame developed relatively small tension and only during the earthquake.
Similar phenomenon was also noted when the frames were subjected to
intensities and other earthquakes.

The large value of axial forces in the columns of these moment frames was in p
related to the inclusion of the vertical component of the ground motion. Often d :
analysis is done by only applying the horizontal components of the acceleration
records. However, these and other studies (Astaneh-Asl, et al., 1994) have indicated
that in many structures including buildings and bridges relatively large vertical inertia
forces can be developed.
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4. CONCLUSIONS

The study reported here was a relatively limited study conducted in 1994 as an
emergency investigation to the seismic safety of the damaged buildings in Los A
No generalized conclusions should be drawn from the results reported herein.
However, the study resulted in better and more realistic understanding of the actual
behavior of steel moment frames before and after their connections have been
damaged. In this new field of "Seismic Safety of Damaged Steel Structures" much more
work is needed to establish what type of steel structure with what level of damage
should be considered seismically safe and what type should be declared hazardous
and be evacuated.

Some of the findings of this study related to seismic safety of steel moment f
are:

1. The seismic behavior of damaged steel welded moment frames was found to
somewhat similar to the behavior of steel semi-rigid frames.

2. Almost in all case studies done as part of this project , the response of dama
(semi-rigid) frames was less than the undamaged (rigid) frame.

3. The fact that due to cracks in the weld, lateral strength and stiffness of a
frame is reduced does not necessarily mean that the structure cannot su
similar or stronger earthquakes.

4. The concept of equivalent static lateral load (code approach) cannot be used
understand the complex seismic behavior of damaged (semi-rigid) steel mo
frames. Particularly with regard to the drift values, realistic inelastic time hist
analyses are necessary.

5. In any analysis of structures, particularly in dynamic analyses of semi-rigid
structures, the connection models should be as realistic as possible. The
developed in 1994 for this study appears to have closely predicted the results
the cyclic tests of damaged connections conducted in 1995.
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6. The technology of computer analysis has advanced significantly in recent years.
However, the art and science of predicting connection behavior and establishing
rational ground motions have not been advanced as much. As a result, using
powerful computer analyses programs to analyze unrealistic structural models
subjected to fictitious base excitations will not provide meaningful results. Much
research work remains to be done in the field of seismic behavior and modeling
of steel connections.
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Table 1. Information on Three Buildings, the Subjects of This Study
(Source: Youssef et al, 1995)

Building Dist.to | No.of Typical | Framing | Design code/ | Connects. | No. of Connects.
1D Epicenter | Stories | Fioor Area | System Year built Inspected Damaged
EQE1 15 km 4 2300(m2) | Partial UBC-88/ 112 4 BG, 16 BC,

Frame 1992 8S,6CW
NYA577 | 15km 14 | 3500(m2) | Perim, | Unknown/ 29 2TW,
Frame 1981 19 BW
ESi4 15 km 27 1500m2) | Partial UBC-85/ 20 5TW,
Frame 1991 6 BW
Notes:

BG: Bottom girder flange, BC: Column flange near bottom flange of girder,
S: Shear connection, CW: Column web or doubler plate,
TW: Top flange weld of the girder, BW: Bottom flange weld of the girder,
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SERVICEABILITY LIMIT STATE
FOR COLD-FORMED STEEL BOLTED CONNECTIONS

Roger A. LaBoube'
Wei-Wen Yu?

Jeffrey L. Carril®

Abstract

ental studies were performed to investigate the tensile capacity, bearing
and the interaction of tension and bearing capacities of flat sheet cold-formed
bolted connections. The influence of bolt hole deformation was also
astigated. In the experimental investigation, single shear flat sheet connections
2 investigated for single bolt and multiple bolt configurations. The intent of this
Investigation was to compare the current design equations for the nominal bearing and
tensile capacities and to develop appropriate serviceability design criteria. The focus
of this paper is the development of a serviceability limit for the nominal bearing
pacity of cold-formed steel flat sheet connections,

1. INTRODUCTION

In the United States, the design of cold-formed steel bolted connections is governed

pecification, 1986). Development of the Specification, is based primarily on
arch on the behavior of bolted connections conducted at Cornell University,
hiversity of Missouri-Roiia (UMR), and University of Wyoming. This research studied
nly bolted connections in flat sheets.

he Specification’s design provisions for the bearing capacity of a bolted connection
B based on the ultimate bearing capacity between the connected parts and the bolts.

issoc. Prof., Dept. of Civil Eng., University of Missouri-Rolla, Rolla, MO, USA
ators Prof. Emeritus, Dept. of Civil Eng., University of Missouri-Rolla
rly Res. Asst., Dept. of Civil Eng., University of Missouri-Rolla, Rolla, MO,
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To reach the ultimate bearing capacity, large deformations commonly occur around the
bolt hole. Therefore, if the deformation around the hole is a critical design
consideration, the Specification provision may be unconservative.

When connecting thicker plates, research (Frank and Yura, 1981) has demonstrated
that hole elongation, or ovalization, greater than 6.35 mm (0.25 in.) will be present
when the ultimate bearing capacity is achieved. Therefore, both strength and

serviceability limit states are addressed in the Load and Resistance Factor Design
Specification for Structural Steel Buildings (Load, 1993).

The purpose of the UMR investigation was to study the tensile capacity, bearing
capacity, and the interaction of tensile and bearing capacities of connected flat sheets
in bolted connections, and to develop appropriate strength and serviceability design
recommendations. This paper will summarize the serviceabilty study.

2. SCOPE OF INVESTIGATION

The UMR investigation consisted of a review of pertinent literature, an analysis of
available test data, an experimental study of bolted connections using flat steel sheets,
and an analysis of the experimental results.

The analytical study of available test data consisted of a comparison between tested
failure load and predicted failure load, where the predicted load was computed by the
United States, Canadian, and European design guidelines (Carril et al., 1994).

The experimental phase of this investigation explored the bearing and tensile strength
behavior of thin steel sheets connected by bolts. Particular emphasis was placed on
defining the influence of hole deformation on load capacity of a connection.

3. UMR EXPERIMENTAL INVESTIGATION

To evaluate the effect of hole deformation on the load capacity of bolted connections,
experimental work was conducted to investigate further the bearing strength and
tensile strength of bolted connections made of thin flat sheets. The test specimens
were designed such that joint failure would occur due to bearing, fracture in the net

section, or a combination of bearing and fracture in the net section. The specimens
were designed for the following parameters: (1) nominal sheet thickness: 1,02 mm
(0.04 in.), 1.78 mm (0.07 in.) and 3.05 mm (0.12 in.); (2) ratios of d/s: 0.12, 0.15
and 0.31; (3) 12.7 mm (1/2in.) diameter A325T bolts; (4) bolt pattern configurations,
as shown in Figure 1; and (5) with and without washers. All tests were single shear
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ions and were performed using the 26.7 kN (120,000 Ib.) Tinius Olsen
| Testing machine located in the Engineering Research Laboratory of the
of Missouri-Rolla.
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Figure 1. Geometry of test specimens

1 Mechanical Properties Of Steel Sheets

le coupon tests were conducted to obtain the mechanical properties of the steel
. Table 1 shows the measured thicknesses and mechanical properties of the
specimens used in the investigation. The mechanical properties were determined
standard coupon tests following ASTM A370 procedures.

Table 1 - Material Properties

Thickness
{in.)

0.040
0.070
0.120

F\f
(ksi)

35.80
32.06
36.61

Fs
(ksi)

55.84
52.47
53.02

Note: F, and F, values are the average of two tests
1in. = 25.4 mm; 1 ksi = 6.9 N/mm?

% Elongation

50
50
44
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3.2 Preparation Of Test Assemblies’

One hundred and two test assemblies were fabricated for this investigation.
allowed for the testing of three identical tests of the thirty-four different

connections, Each assembly consisted of two identical flat sheet test speci
bolted together (Fig. 2). Figure 1 shows the various types of specimens tested.

The purpose of fabricating three identical test assemblies of the thirty-four diffe
bolted connections was to provide consistent results in identical bolted conn
tests. Initially all three identical test assemblies were tested. As the testing pro
proceeded, it became apparent that if the first and second tests gave consi
results, the third test was not providing any additional useful information. There
in order to provide for a more efficient testing program, if the first and second t
gave consistent results, the third test was not be conducted. Cf the 102 3
assemblies fabricated, it was only necessary to test seventy-five assemblies. C
et al. (1994) lists the dimensions and mechanical properties of the seventy-five t
that were conducted.

All tests used 13.7 mm (1/2 in.) diameter A325T bolts with 14.29 mm (9/16
diameter punched bolt holes. Washers were used on some of the assemblies,
since it is more common in practice not to use washers under the head and nut of |
bolted connection, the majority of the tests did not include washers. Of the seve
five assemblies tested, twenty-five were tested with washers.

[EP— Pt

Figure 2. Typical test assembly
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4. TESTING OF CONNECTION ASSEMBLIES

1 Attachment of Test Assembly to Testing Machine

Because most of the test specimens that were used were too wide to be gripped by
the testing machine, specially designed grip plates were connected to each end of the
assembly to transmit the applied loads. The specimens were connected to the
grip plates using 12.7 mm (1/2 in.) diameter A325T bolts.

Installation of Bolts

Two identical test specimens, that is sheets, were bolted together to form a test

ssembly. The bolts were snugged tight to simulate the bolt tightening procedure in
ctice. To insure the approximate same bolt tightness between test assemblies, the
g individual tightened the bolts for all test assemblies.

Slippage between the two identical flat sheet test specimens was acceptable, but
flippage between the test specimens and the grip plates was not. Therefore, the ends
the specimens, which were to be attached to the grip plates, were roughened using
sandpaper. The test assembly was bolted to the grip plates using 12.7 mm (1/2 in.)
‘diameter A325T bolts with washers. These bolts were tightened to achieve a
ness much greater than snug, to aid in preventing slippage between the test
scimens and the grip plates.

4.3 Measurement of Load and Elongation

" The elongation of the bolted connections was measured using a LVDT attached to the
test assembly as shown in Fig. 3. A detail of the attachment is shown in Fig. 4. The
. applied load and elongation readings of the connection were recorded at one second
intervals, using a computer data acquisition system. Typical load deflection curves
are presented by Carril et al. (1994).

5. DEVELOPMENT OF DEFORMATION OR SERVICEABILITY LIMIT

A detailed presentation of the connection test results are summarized by Carril et al.
(1994). The following discussion will focus on the serviceability limit state study.

" The results of the tests which failed in bearing or any combination that included
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bearing were considered for the serviceability limit state evaluation. The results of the
test assemblies whose failure mode included bearing are listed in Tables 2.

The intent of this investigation was to develop an equation for the nominal bearing
capacity, P,, of a bolted connection that would limit the amount of deformation around
a bolt hole to an acceptable limit. For consistency with the AISC Specification (Load,
1993), a deformation limit of 6.35 mm (0.25 in.) was selected as an acceptable limit,
To be consistent with existing design expressions, it was desired to have an equation
in the form of:

P, = cdtF, (Eq. 1)

where ¢ = constant recognizing serviceability limit; d = nominal bolt diameter; t

Figure 3. Detail of LVDT attachment
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e thickness of the thinnest connected sheet; and F, = tensile strength of connected

constant c¢ for each test was determined using Equation 2 and is shown in Table

¢ = P/dtF n, (Eq.2)

vhere P’ = tested tensile load at 6.35 mm (0.25 in.) connection deformation; and n,
‘number of bolts.

he constant ¢ varied from 1.493 to 2.478 for the different connections as shown in
ble 2. However, the mean, considering all the tests in Table 2, was found to be

.93. Therefore, a proposed bearing strength equation that would limit the

ation around the bolt hole to approximately 0.25 in. is given as follows:

P, = 1.93dtF, (Eq. 3)
are d, t and F, are previously defined.
Fhe accuracy of Eq. 3 to provide a 6.35 mm (0.25 in.) deformation limit is indicated

by the ratio of P’ to Eq. 3 (Table 2); the ratio ranged from 0.774 to 1.284, with a
[ of 1.001, a standard deviation of 0.127 and a coefficient of variation of 0.127.

6. CONCLUSIONS

sed on tests of single sheet bolted connections, a design equation for bearing and
‘combinations that include bearing was developed for the serviceablilty limit state
ch was defined as 6.35 mm (0.25 in.) of connection deformation.
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Table 2 - Test Hesulfs for Serviceability Limit State

Assembly P’ c P‘/Eq. 3
Number (kips)
AY22-1 3.90 2.065 1.070
AY22-1 3.87 2.107 1.092
AY23-1 3.85 2.096 1.086
AY23-3 4.12 2.243 1.162
BY13-1 4.82 2.055 1.065
BY13-2 4.24 1.766 0.915
BY13-3 4.00 1.628 0.844
AN32-1 7.09 2.266 1.174
AN32-2 7.62 2.478 1.284
AN33-1 7.29 2.330 1.207
AN33-2 7.10 2.232 1.156
BN33-1 12.62 2.000 1.036
BN33-2 12.52 1.984 1.028
DN12-2 S 1.545 0.801
DN12-3 3.95 1.684 0.873
DN22-1 .57 1.952 1.011
DN22-2 7.00 1.879 0.974
AY12-1 2.32 1.978 1.025
AY12-2 207 1.807 0.937
BY12-1 4.43 1.763 0.913
BY12-2 4.17 1.659 0.860
BY12-3 4.03 1.718 0.890
BY22-1 6.82 1.831 0.949
BY22-2 6.79 1.849 0.958
BY22-3 7.58 2.064 1.069
BN32-1 13.74 2.196 1.138
BN32-2 13.68 2.205 1.143
DN32-1 13.42 2.109 1.093
DN32-2 13.37 2.105 1.091
EN12-1 7.33 1.526 0.791
EN12-2 7.7 1.493 0.774
EN22-1 12.59 1.690 0.876
EN22-2 12.77 1.690 0.876
EN32-1 23.17 1.852 0.959
EN32-2 22.17 1.787 0.926
Mean 1.930 1.001
Std. Dev. 0.127
cov 0.127

Note: 1 kip = 4.5 kN
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AN ATTEMPT OF CODIFICATION OF SEMIRIGIDITY FOR SEISMIC
RESISTANT STEEL STRUCTURES

e e,

Federico M. Mazzolani'

Vincenzo Piluso®

Abstract

lis paper, the attention is focused on the different behaviour of full-strength and
strangmmtmmeselsmicpoim of view. With reference to the most
types of connections, by considering the experimental data collected in the techni-
Maiure. the miation between the flexural strength and the ductility of partial strength
B .. column {gl'gg ysed. Successively, the main parameters goveming the in-
umn ]oints on the seismic behaviour of steel frames are briefly sum-

in into account the above state-of-art, an attempt of codification for seismic
purposas is made.

1. INTRODUCTION

~ The recent eanhquake Northridge (Califomia, January 17, 1994) has seriously com-
pmised, at least in A. the image of steel structures as the solution to seismic desi n
pblems. In fact, immediately after the earthquake it was reported that no significant

lomelbtﬂldingswasomurred but few weeks later alarming news began robe
et al.,
to the

ublishe of steel members. Nowadays, it has been repor-
d (Bertero et ) that these ges have concemed the fracture of column base
failure of the anchor bolts, the overall buckling of lateral bracin
to the local buckling and in some cases to the fracture of their ends and,
Bt but not least, the failure of welded beam-to-column connections of special moment
isting frames. last is undoubtely the m%te irnport:nt type of failure ooclgerred in steell
e Northridge earthquake investigations concemi causes 0
damagahaveglvmrlsa!oawldedismssionwilhinmesden fic international
ynity. Cn one hand, it beassumedmalpoorwoﬂcmanshi!ssoiel&toblame
, it is necessary to tighten the site supervision and to improve the welding
and procedures; on the other hand, damage causes can be a ted to defective
guidance leading to a rotation ductility suppl lower than the earthquake imposed
d. Even if we can content ourselves by consi nPthefactthatlherehavebeenno
d colapse‘ Elnasha?‘ ‘steelgg‘) structures, this latter point of view seems nowadays the most
By l'mans of a review of the experimental tests carried out in USA and Japan, it has
In evidenced (Bertero et al., 1994) that the of failure occurring in welded beam-to-
T mections during the Nonhridqa earthquake have been already observed in ex-
s conducted in the laboratory. In addition, the numerical anal of the seismic
2 of a six-storey steel fmmecl building damaged during North earthquake has
om that there were several ground motions, reco during the earthquake, able
gnificant Ie&d the structure into the inelastic range. In many cases, the plastic rotation
d at the beam ends exceeded 0.02 rad, therefore, on the base of the available
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Fig.1 - Typical structural scheme used Fig.2 - Typical beam-to-column joint for
Cg'!fomia designers o n:gmmr-rwsm frames in USA

experimental data (Tsai and Popov, 1988 - Engelhardt and Husain, 1992, 1993), it is clear
that the cracking occurring in the connections cannot be considered unusual.

In the experimental tests carried out in USA, a plastic rotation su equal to 0.02 rad
has been used as a benchmark to the seismic performance -to-column con-
nections, because it was believed to be sufficient to withstand severe earthquakes (Tsai
and Popov, 1988), As this limit value can be exceeded, it is clear that the attention should
be focused on the design value of the qg-factor which could be reduced in order to limit

astic rotation demands occurring during severe earthquakes or, as an altemative, on the
mprovement of the seismic performances of dissipative zones.

The following question can be raised: «Can the results of the american "on field" expe-
rience be applied to european practice?».

It has to be considered that the steel grade, the chemical composition and the mechani-
cal characteristics of the steel can be different. Also the welding technique can be different.
In addition, different strength requirements leads to different plastic rotation demands.

Fle?andinﬁ the strength irements, it has to be remembered that the american code
UBC91 (Uniform Building Code, 1991) provides for special moment resisting frames a re-
duction factor Aw equal to 12 which is equivalent to a value of the european g-factor equal
to 8. On the contrary, Eurocode 8 (Commission of the Eu Communities, 1993) provi-
des a g-factor value equal to 6 and the japanese code (AlJ, 1990) a structural
D, equal to 0.25 which corresponds to g =4. Therefore, the strength requirement given in
the american code is the least! restrictive. |

In addition, in the structural scheme used by California deslmg;s (Fig.1) the moment
resisting frames do not involve all the bays (Bertero et al. 1994), reducing the number
of dissipative zones and attracting more inertial forces.

Last but not least, it has to be considered that the beam-to-column connection detail
used in USA for moment resisting frames does not correspond to the european practice

(Fig.2).
Q‘he recent “on nasmdence due to the Northridge earthquake has 1o be capitalized
by the international community, but local conditions and design practice have 1o
be accounted for. Taking into account above considerations and the available experi-
mental data conce inelastic behaviour of beam-to-column connections, an attempt
of codification of semirigidity is herein presented on the basis of previous studies carried
out by the Authors' research group. -

2. THE CODIFIED SEMIRIGIDITY CONCEPT IN EUROPEAN CODES

Beam-to-column joints have a fundamental importance in case of seismic resistant steel
frames, because dissipative zones have to be located at the beam ends, so that their
rotational ductility supply is strictly related to the detailing of connections.

In Eurocode 3 mission of the European Communities, 1990) particular attention
has been paid to the joint classification, in which two main parameters are involved: the
flexural strength and the rotational stiffness. On the basis of these parameters and exclu-
ding the case of nominally pinned connections, which do not correspond to the case of
moment resisting frames, lour fundamental cases can be recognized: a) full strength-rigid
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| strength-semirigid joints; c) partial strength-rigid joints and d) partial strength-

seismic point of view, such a distinction is particularly important, because the

mmmmmmﬁsmmwsnmmwmw

of the beam-to-column joints. Notwithstanding, the term semirigid fra-

used both for frames with full strength-semirigid joints (case b)

strength joints (cases ¢ and d). On the contrary, the term rigid

10 denote frames with full strength-rigid joints, but the distinction
oibemma?r%ngm id ( ) the ref

case s rigid joints (case a) represents the reference

which the beam-to-column joints exhibit the ideal behaviour, so that

a frame ection (Cosenza et al., 1887).

the point of view of the location of the dissipative zones, completely

are developed in case of full strength joints and in case of partial

fact, three different types of behaviour can be reco?;:iezsd depending on

e moment of the joint (M) and on the plastic moment of connected beam

full strength joints (My; > Mpb), a possible plastic hinge will develop at
, while the joint remains in elastic range. Plastic rotations involve only the

of partial strength joints (My; < Mpb) the dissipative zone is located within
lheplat:émmmaimhelasﬂcmnga. In this case the joint has to be able to
ermediate case (My; = Mpp), representing a transition condition, the
in !hegohl elements and at the end of the ;
gives in its Annex J (CEN/TC250/SC3-PT9, 1994) simplified

both the rotational stiffness and the flexural resistance of the most
beam-to-column joints, providing the operative tool to apply the semirigi-
, for static , modem codes such as Eurocode 3, have alrea
the door to the use of semirigid frames, either with full st h or partial strengt
vided that all code requirements are met. This new development has not yet
“been considered by seismic code drafting committees.
~ In the european seismic codes (ECCS, 1988 - Eurocode 8, 1993), it is requested that
Joints in dissipative zones have to possess sufficient overstrength to allow for ldin?ol

@ ends of connected members. It is deemed that the above condition is satislied

it
jeielied
L

,_
i

-~ 3

1
g 36

:

E

least 1.20 times the plastic resistance of the connected member. This means that
ollull-wm%]dnls suggested and dissipative zones have to be located at the
nber end rather in the connections.

'u:gd mm%,fi.e.ﬂwcmﬂh:motmwmﬁc:m
_ energy, is orbidden. Notwithstanding, it is strongl
.insuchae?ss:?um?;geymnthmnuddlhaeﬂecuvmofsummrzwm
- the above overstrength level (1.20) which is aimed at assuring the location
the dissi zones al the beam ends, it is important to underiine, since now, that the
a should be properly related to the width-to-thickness (b/4) ratios of the beam
jection. In fact, the maximum flexural strength, that the beams are able to withstand is
pveloped at the occurrence of local buckling.

= In both cases, either of full-strength or of partial-strength semirigid frames, codified rules
‘evaluating the behaviour factor to be used in design are not still available.

3. REVIEW OF THE EXPERIMENTAL DATA ON BEAM-TO-COLUMN JOINTS

' Despite numerous experimental tests dealing with the cyclic behaviour of beam-to-co-

mn joints have been carried out all over the world, simplified rules for estimating the
fational ductility of beam-to-column joints are not at all codified. This is probably due to
@ great number of joint typologies to be tested and to the fact that even a small modifica-
n of a structural detail can lead 1o a significant variation of the joint behaviour under both
fith reference to fully weided connections, it has been evidenced that the use of web

at the beam end can reduce the ductility of the connections. Web copes are usually
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FULLY WELDED CONNECTION' column MNange
—
\ [h-ﬂ-c!
— welding detail . "
continuity plate
web cope
-
4
e — WELDING DETAIL WITH WEB COPE
T continuity plate
doubler plate column Mange
h— | -

e

WELDING DETAIL WITHOUT WEB COPE

detall of the
groove face of web

Fig.3 - Detailing of fully welded connections

located at the beam end in order to avoid the intersection of the fillet welding line of the
beam web and the back running line of the beam flange. Recently, the influence of the
web s on the ic behaviour of welded connections has been experimentally investi-
gated (Matsui and , 1982). Two froups of three specimens have been tested. A
group was detailed with web copes and the second one wi

was composed by a specimen designed to develop plasticity in the panel zone, a ﬁ

plastic engage both of the panel zone in shear and of the beam end in bending. In case of
specimens without web copes, a part of the web at the beam end was cut as a groove and
butt welded to the column flange (Fig.3). The experimental tests (Matsui and Sakai, 199%)'
have pointed out that the use of web copes leads to the cracking of the welding
lhebemnﬂangeandﬁn:lgztothelraciureoflhebeamﬂangealﬂwheata
The specimens without copes exhibited a significant improvement both of duwm%
enegy dissipation capacity. Only the specimens whose plastic zone was located
panel zone in shear were practically unsensitive to the presence of the web copes
developing a plastic rotation supply of about 0.06 rad. In the other cases, the plastic rota-
tion supply was about 0.035 rad in specimens with web copes and about 0.055 rad in
specimens without web copes.

The importance of the detailing was already evidenced during the experimental m

g
:

deve some ago within the activities of the technical committee TC13

Design» of E Ballio et al, 1987). The experimental program was devoted o the
analysis of the behaviour of the most common connection ies designed in
order to d full plastic resistance of the beam: connections with double web an-

gles bolted to beam web and to the column flange and with splices welded to the
column and bolted to the beam flange, top and seat angle with double web angle connec-
tions, extended end plate connections and, finally, fully welded connections. From the ex-
perimental evidence, some general considerations were drawn about the use of additional
stiffeners in the main connection E

- if stiffeners are added to the of the connection which are the most responsible of its
flexibility, the amount of energy absorption is decreased but the load carrying capacity is

increased,

- if the added elements do not substantially modify the evolution of the deformation mecha-
nism but, on the contrary, increase the local s! of the connection components (as for
examplaanlncraaseoi{hbckness.thenmerawill an increase of energy absorption and
strength, provided that the original type of collapse is ductile.
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ﬁastbrﬂaﬁmwmmngedl 0.03 to 0.07 rad. In addition,
m Msmgthdmmmrglmnmmmoﬁdmr;ad&mtwgkdcomgbm

megraa!estemrgyclwpaﬁmcapam (Mazzolani and Piluso, 1995).
‘As the experimental results have evidenced taverysaﬁsfac@orydwﬁmyandenergy
mpncﬂyisobtainedthroumumptasﬁcmngeiomauonmmebeam.sme

have proposed to reduce the beam f width near the beam-to-column
) in order to force the formation of the hingeatttnbeamrathertmmn
mncﬁonwﬂorinﬂupanelzom;&ne mental program including also this

| beam-to-column connection detail has been recently developed (Ballio and Chen,

3 1993b)
ental program has been devoted both to bare steel joints and to
2 joints and without slab (Schleich and Pepin, 1992). In particular, with rale~
Iolhemsaolbaresteeljolnts the cyclic behaviour of bolted web-welded f
ctions, end-plate connections and fully welded connections has been investigated. n
on, both exterior and Iinterior joints have been tested. All the specimens have develo-
lﬂmmlmsistamegreatermanﬂ'le moment of the beam. The plastic rotation
upp rlraed!romumradbowmd n addition, the experimental results have confir-
r : fully welded connections, the reduction of the beam flange causes a little loss
.lllt'qth massufas the formation of the plastic hinge in the beam leading to a very
. beha r.
1 ‘I'hat:ydic behaviour of partial strength connections has been e nmen!alt){ investiga-
ted at the Unive rsltyoiTremo(Bemuzzietal 1992 - Bernuzzi, 1992). The aftention has
on the connection Inf&ctthespac:menmislsola beam stub
gh the connection to be tested to a rigid counterbeam, so that the testi
able to represent the case of beam-to-column joints with negligible pan
ZOne€ Thelestresultsmmalﬂrstypeolmecnmscan ovudeasatu-
niﬂeant reduction of the energy dissipation capacity is exhibited
L cmnparisonmmm rength rigid weided joint resuits, as it has been evidenced in
A and Piluso, 1 rJ by means of a comparison, in nondimensional form, between
ental tests and the ones of full strength connections (Ballio et al., 1987)
% Evan monotonic tests do not provide any information about the stiffness and stre
Jegradation which can occurr under repeate plastic excursions, such as the ones de
ped during destructive eammakes. ){sare able to give a first look insight into the ductili-
suqnly of beam-to-column This is c&erﬁculaﬂy interesting, because a significant
of experimental tests collected in banks, such as SERICON data bank
sinand, 1992)mdtheSCDBdatabank(Kcs!iandChen 1986). With reference to the
a collected in these data banks and to the tests performed by Aggarwal (1994), Zoete-
gijer and Kolstein (1975), Zoetemeijer and Munter (1983), Simek and Wald (1991), Fi
4, andsshowaoomparlsonbetweenma experimental data and the following formula,
- proposed by Bjorhovde et al. (1990), relating the ductility supply to the joint flexural resi-

- S54-3m (1)
Puj = T

where m is the nondimensional ultimate moment of the joint and g is the nondimensional
ultimate rotation computed as the ratio between the joint ultimate rotauon and the conven-

12 12
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.4 - Flexural strength versus ductility: Fig.5 - Flexural strength versus ductility:
?Qﬁﬂamduﬂded connections ¥ extended end plate connections
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EXTENDED END PLATE CONNECTIONS (sirvmg cobsmd tional elastic rotation given by 5 Mg db / E In,
« % . % _ | being db»and Iy the beam depth and the beam
T e e S pplied for partial
a or
= f st joints, because in case of full
st ts the beam rotation capacity

| should be considered.
- 4 =+ Fig4 relers to welded connections without
. conlinu;iz plates, while Fig.5 and Fig.6 refer to
[ [omcones spu || €Xte end plate connections. In particular,
| - in Fig.6 only the joints corresponding to speci-
. . _-menssaﬂs’yl memembefhiam%m
@ rion, requested by Eurocode 8 (1993) and
Fig.6 - Flexural sirength versus ductilly: req. Thooe: figures. evidence tht relaion (|
.0 Y- red. ures,
extended end plate connections satisfying can be interpreted, with appro:dmauc(n!
the s‘w column-weak beam crilerion as a lower bound of the du |||y wmﬂy. rovi-
ded that the connected members satisfy the
hierarchy criterion required for seismic design, excluding weak-columns. In addition, the
reat scatter of the available data points out the need of further experimental tests, at the
ht of new interpretation rules which have to define the basic parameters to be recorded.
T e el s o st et
L any rule - sta
the flexural ﬂ\owmjoin?yisatle"gh%ﬁmasmwmeofmecoma%wdrnember.
the control of the joint rotation capacity is not requested.

4. SEISMIC RESPONSE OF SEMIRIGID FRAMES

Despite numerous experimental tests on the behaviour of beam-to-column connections
under monotonic and ic loads have been carried out by many researchers, the seismic
behaviour of semirigid frames has not been exhaustively investigated.

For these reasons, aiming at a clarification of all parameters affecting the seismic inela-

stic behaviour of fullpartial strength semirigid frames, a simplified has been introdu-
ced (Faella et al., 1994a, 1994b) with reference both to full strength-semirigid connections
Kody M, and to partial s semirigid connections.
[ ohive This approach presents also the advantage
“M‘lm &2 to allow the use of the great amount of stu-
¥ P dies concermning the seismic response of the
“— 12 Iz <= | SDOF systems and, therefore, includes also
the effects of the random variability of the
I. L ground motion.
The analysed model represents a subas-
K2 K2 sembla which has been extracted from an

actual frame by assuming that beams are
1 2 4_- subjected to dguhle wr\?lgwrs bending with

- e b, 3 . zero moment in the midspan section and by

P T L2 a2 oonsldeﬁn?woeach beam as contemporary be-
longing to storeys, so that their m

Fig.7 - The simplified model cal properties have been halved. It is belie-

ved that this model is representative of fra-

mes failing in global mode. The fiexural stiff-
ness of the columns of the original frame, from which the substructure has been derived, is
equal to El/h; the flexural of the beams is equal to Els/L. The moment versus
rotation curve of the joint is modelled with a bilinear relation which is completely defined by
means of only two parameters: the elastic rotational stiffness K, and the ultimate moment
M. It is evident that, with reference 1o the elastic range, the comparison between the

ser?lngid substructure and the rigid one is governed by the following nondimensional para-
meters:

C_E.'g/L 2)
T El./h
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KoL
—te

K= Ely @

:mmnmwﬂmmmkmwmmm stifiness of

, with reference to the inelastic behaviour, the nondimensional ultimate flexu-
r CE oilhajoim

-

L @)

betwaenthetwolundamentaleases the full strength connections
partial strength connections for m < 1.

, closed form relations representing the connection influence of
behaviour of steel frames have been derived. In particular, in
the connection influence of the period of vibration, on the frame

ductility of frames either with full strength or
In (Faella et al., 1994b) the parameters

per-
that the ratio between
3-facto dtt\emoddwimhnls:rengmsemmgd]olms and the one of the referen-
case ¢ can be expressed as a function of four parameters:

= = (5)
%=ﬂx-€..1-.ﬁ')

jeing - the frame sensitivity to second order effects computed for the model with rigid
inis (equal to the inverse of the critical elastic multiplier of the vertical loads) and A the

E _Ineasa of %nu strength connections, a significant increase of the number of parame-
§ involved in the seismic behaviour of the model arises. In fact, the nondimensional
the between the g-factor of the model with partial strength

.e. ratio
joints gk and the one of the reference case, is affected by six parameters

e . ®
= (K., %= R ,m, L)
e

tn U“"ﬁwwmmmmmmmm between the beam

particu slﬂgﬁed 0 plastic
~ rotation X rotational ductility supply is of parang:::nt lmportanios for
avaluating possibility usapaﬂiaistrengihiom selsnﬂcresis structures an
mm«mwemmmwm .8 represents the case
discontinuity correspon-

Fig.8 - Seismic response of the model: example

b
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semirigid .

First of all, it has been already said that the required level of overstrength, which the
connections have to be able to inommmumﬂw?lasucwngefomauonallhe
beam ends, has to raia to-thickness ratios of the beam section

Asnrusbempoi nted out inapraviouspaper(MazzalarﬂaMPﬂuso 1992), the maxi-
mum flexural resistance that the beams are able to develop is given by:

Mm=JM’j (7}

where the overstrength coefficient s (s > 1 for first and second class sections) represents
the ratio between the stress Ieacﬁn?o}o local buckling and the yield stress. The coefficient s
can be computed by means of the following mlatlon

- ! f- (8)
0.695 + 16333 + 006232 - 0,602 L 5

éf

T W )

are the slenderness parameters of the flange and of the web respectively (being by the
flange width, dw the web depth, I and i the flange thickness and the web thickness
respectively). In addition, L’ lsmedlstancebemaenm;;dnlofmnmanlmdtha
plastichmge(appmnmately:. = L/2, being L the beam span).

The above relation evidences that if the width-to-thickness ratios are strongly limited, the
local buckling is practically prevented, so that s = f,/f,. In this case the value of 1.20 com-
Wasmmmngm factor for designing bearn-to-columnoomacﬁmcouidmlbe
su 1o allow the development of the whole beam rotation capacity, due to the prema-
ture of the connection.

Itis evident that the obtained overstrength level should be furtherly amplified to
account for random material variability

The above on to use the ter s (Eq.8) as overstrength factor instead of a
given number (such as 1.20) should assure the complete development of the beam plastic
rotation , S0 that the control of the connection ductility is not requested.

Further should account for the influence of the beam-to-column connection

detormabilgm on the period of vibration, the frame sensitivity to second order effects and
the frame lity supply. All these effects can be takan into account by properly reducing
the design valGe of the g-factor (Mazzolani and Piluso, 1995).

Always with reference to full strangt(l: connections, the analysis of equation (5), repre-
senting the reduction coefficient g-factor to account for the influence of the bearn-
to-column connection delorrnability allows to recognize that the most significant variations
oi n=g>/¢"™ are obtained by varying the beam-to-column flexural stiffness ratio {. This

evndencedhﬁgs 9, 10 and 11, where the influence of {, A and y. is analysed, respecti-

into account that { =0.5 provides a lower bound of the above reduction coeffi-
cient that, at the same time, this value of { is more close to the practical situations, the
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owing formula for evaluating the reduction coefficient n of the g-factor as a function of K
gan be suggested:

0.08 X £ 1 (10)
— 158,1/158

i

“The above proposal accounts also for the fact that K = 25 is the limit value commonly
u ﬁ‘ma. 1990) to define conditions for which the influence of the beam-to-co-

n =030 +

5

behaviour is negligible and, therefore, the structure is considered as a rigid

the above relation and the one suggested by other Authors

comparison between

sh and Nader, 1992a, 1992b) is given in Fig.12. It can be noted that the Astaneh-
proposal practically is limited to a very small range K<5 for the connection stiff-
On the contrary, the phisical meaning, also supported by an extended numerical
nalysis on the assumed model, is in favour of a nuous coverage of the semirigid
ge with a progressive reduction of the g-factor as far as K decreases.
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ADVANCES IN CONNECTION DESIGN IN THE UNITED STATES

Charles J. Carter'

Abstract

jpaper provides an overview of notable recent advancements in connection design
ce in the United States. Topics to be addressed are: partially restrained (PR)
connections, steel connections in high-seismic regions, blind bolting for tubular
sers, electronic data transfer, and tee shear connections. As noted herein, many

e topics are addressed in greater detail by other authors at this same conference.

1. PARTIALLY RESTRAINED (PR) MOMENT CONNECTIONS

common approach to connection analysis and design in the United States has been
idealize the moment-rotation characteristics of connections as either simple or fixed.
le-angle simple-shear connection, for example, would be assumed to
jommodate the simple-beam rotation while transferring shear, but no moment. A
ge-plated moment connection would be assumed to fix the end of the beam,
ferring shear and moment, while allowing no relative rotation of the beam end with
ct to its support.

assumption that a connection was either simple or fixed, as well as the construction
f connections to approximate that assumption, were both necessary for two main
msons. First, the tasks of analysis and design were greatly simplified and could be

ished with the tools available to the designer of yesterday: pencil, paper, and
rule. Second, the actual non-linear moment-rotation behavior of the connection fell
e the assumptions of the elastic allowable stress design approach.

ant technology, however, allows innovative engineers to shed these limitations.
Pencil, paper, and slide rule have given way to sophisticated computer-based second-
order elastic analysis techniques wherein connections can be modeled as non-linear
rotational springs. Furthermore, the advent of LRFD allows the designer to consider the
actual behavior of the structure under ultimate loading to ensure its strength and stability.

- 'Senior Staff Engineer, American Institute of Steel Construction, One East Wacker
'Drive, Suite 3100, Chicago, IL 60601-2001, USA
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One approach is to model today's standard simple shear connections as PR moment
connections to quantify and utilize their inherent rotational stiffness. Swenson (1992)
advocates the design of low-rise frames using bolted double-angle connections as the
gravity and lateral system for the building, thereby eliminating the need for bracing or
what would be considered today as a standard moment connection, i.e., flange welds,
flange plates, etc. This system substantially reduced cost by eliminating field
welding/inspection and column-web stiffeners while reducing foundation costs, simplifying
beam-to-column connections, and reducing frame erection time. It is also noted that
consideration of PR-connection behavior in the retrofit of existing structures often
eliminates the need for additional bracing or other intrusive strengthening.

The greatest advantage of PR connections, however, is in the potential to develop new
connections which need not approximate the behavior of either simple or fixed ends. One
such innovation is the semi-rigid composite connection (SRCC). Leon (1993) documents
the development of this PR moment connection, which combines a typical web connection
with a bottom flange angle and rebar in the slab above (Figure 1). Since the cost to add
the bottom angle is minimal and some rebar may be used in the slab anyway for crack
control, this detail provides a very economical connection to carry both gravity and lateral
load. Papers on this same subject will be presented at this conference by Leon, as well
as Easterling and Rex.

2. STEEL CONNECTIONS IN HIGH-SEISMIC REGIONS

Traditional seismic design practice has utilized the prescriptive moment connection detail
(illustrated in Figure 2) as the preferred connection for special moment frames in seismic
regions. Given the perception that this connection offered both superior performance and
economy, it is not surprising that it was used nearly exclusively in seismic steel
construction. However, unexpected structural damage to more than 100 buildings in the
Northridge earthquake demonstrated the susceptibility of the standard detail when large
inelastic rotations are required.

An emergency research project at the University of Texas-Austin confirmed some of the
damage patterns and resulted in preliminary guidelines in the interim period until further
research results are available. This information is available in AISC (1994b) and is the
subject of the paper to be presented by Engelhardt, et al, at this conference.

Other research efforts have also been launched to determine long term solutions, such
as bolted extended end-plate moment connections and PR framing. Additionally, an
innovative energy dissipating connection called the slotted bolted connection (SBC) is
now being tested (Popov, et al, 1994).

lllustrated in Figure 3, the SBC utilizes slots in the main connection plate (parallel to the
line of loading), which is sandwiched between the brass shims and outer steel plates
which have standard holes. When the tensile or compressive force applied to the
connection exceeds the frictional resistance, the main plate slips relative to the brass
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Figure 1. Typical semi-rigid composite connection

Current U.S. Code Requirement

WZ/Z1sless than 0.7
Provide supplementary welds with
strength to develop 20% ot M ___

1f 2,/ Z 1s greater than or equal 10 0.7
No supplementary welds required

Figure 2. Prescriptive seismic connection for special moment frame
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shims and outer steel plates, thereby-dissipating energy. This process is repeated with
slip in the opposite direction upon reversal of the direction of force application.

The resulting approximately rectangular hysteresis loops in Figure 4 demonstrate an
elastic-perfectly-plastic behavior with consistently repeatable energy dissipation.
Calculations based upon test results showed that nearly 75 percent of the input energy
is dissipated.

3. BLIND BOLTING FOR TUBULAR MEMBERS

While tubular members are less commonly used in the United States than in other
countries, their use is increasing. Traditionally, connections to tubular members have
been welded since bolting was possible only near the tube end due to inside
inaccessibility. However, a product called the “twist-off blind bolt* or TBB (Figure 5) has
been developed by Huck International, a fastener manufacturer in Irvine, CA. Initially, this
product was devised to meet a need in the Japanese markel.

Manufactured with no apparent head, a head is formed on the far (inaccessible) side of
the grip in the initial phase of installation. Subsequently, the installation progresses
through snug-tight and is fully tensioned when installation is complete. This fastener
provides the strength equivalent of an ASTM A325 high-strength bolt. Refer to Sadri
(1994).

4. ELECTRONIC DATA TRANSFER

There is a great variety of software available to automate the analysis, design, and
fabrication of steel structures. The extent of coverage of any one program, however, is
usually quite limited. Thus, in the course of the structure from conception/analysis
through fabrication/erection, several different programs might be utilized.

To facilitate the exchange of information between these programs, AISC has formed a
Committee on Software, which is responsible, among other things, to develop standards
for such data exchange. As a pilot project, a link protocol called DELink was developed
for AISC’s connection design software CONXPRT.

The following is from the DELink User's Manual: "DELink is a data transfer protocol that
allows structural design programs to export data to DEsign Advisor (the shell system in
which AISC's CONXPAT runs). This data consists of a knowledge base specification and
other information pertaining to the parameters being transferred; i.e., beam and column
sizes, values of shear and moment, bolt and weld sizes, ... etc. DELink is a process in
which a text file is generated then read, interpreted, and executed by DEsign Advisor.
The file consists of a set of keywords and program code fragments. The keywords direct
DEsign Advisor to perform certain tasks, and the program code fragments are interpreted
and executed by the loaded knowledge base."
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The pilot project for which this protocol I|nked gravity floor framing and column designs
performed with RAM Analysis' RAMSTEEL to automated connection designs with AISC's
CONXPRT.

5. TEE SHEAR CONNECTIONS

The Astaneh approach to design of tee shear connections (Nader and Astaneh, 1989)
provided for ductile behavior through bending of the tee flange. Consequently, the use
of many tee sections with thicker flanges was precluded by the assumed limitations.
AISC (1994a) incorporates a new approach based upon requirements for ductile behavior
(Thomton, 1995) which are also to be presented by Thomton at this conference.

When the tee is welded to the support and bolted to the supported beam, for ductility in
the tee connection, the 70 ksi weld size w must be such that:
F1
Wy =0. 0158—-‘1(— +2] M
but need not exceed %!,. In the above equation, 1, is the thickness of the tee flange, f,
is the thickness of the tee stem, and b and L are as illustrated in Figure 6.

For a tee bolted to the support and bolted or welded to the supported beam, the minimum
diameter for bolts through the tee flange for ductility must be such that:

F.[ p2
Gy e <0.1631, ‘_g[% .2] 2

but need not exceed 0.69t,'*. Additionally, to provide for rotational ductility when the tee
stem is bolted to the supported beam, the maximum tee stem thickness should be such
that:

l‘.mt%—’ﬂf‘lﬁh 3)

When the tee stem is welded to the supported beam, there is no perceived ductility
problem for this weld.

Eccentricity is considered as follows: For a flexible support, the bolts or welds attaching
the tee flange to the support must be designed for the shear A, the bolts through the tee
stem must be designed for the shear R, and the eccentric moment A a where a is the
distance from the face of the support to the centroid of the bolt group through the tee
stem. For a rigid suppont, the bolts or welds attaching the tee flange to the support must
be designed for the shear A, and the eccentric moment A, a; the bolts through the tee




Advances in Connection Design in the US.A 429

2

L L s d 4

@
TIGNTER AN PINTAL BAEAL OFF

._
TN
e

»
7

D
.‘.-‘.-A_-‘/J/‘.-‘.'

-

{

. "’ f'
[ TTTT R ] N i
vandR fh
pa oLl | LI N ' i
T | 1
AU |t ?f' “
PSRl Y ‘ 11 |
A UL A ' 11
o o) | T _l ll‘l —

|aMa ' ai:gloj

(a) Boited fiange (b) Weided fiange
Figure 6. Variables for tee shear connections




430 C. J. Carter

stem must be designed for the shear R,
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RIA FOR THE USE OF PRELOADED BOLTS IN STRUCTURAL JOINTS

J.W.B. (Jan) Stark "

Abstract

pre are certain cases in which it is important to make sure that bolts in structural
_joints are so tightened that a minimum clamping force (preload) is ensured. In such
cases controlled tightening is required. In practice there is no uniform opinion
‘about the situations where preloading of joints is really necesary. Also there is not
‘agreement on the tightening procedures. In this paper an attempt is made to
formulate objective criteria for the use and installation of preloaded bolts.

1. INTRODUCTION

In ENV 1993-1 (Eurocode 3) and ENV 1090-1, rules are given for the design and
execution of bolted connections. Depending on the required performance of the
_joint, the bolts may be used as preloaded or non-preloaded ("snug-tight") bolts.
. In some cases, the performance specifications can only be met when the bolts are
. 50 tightened that a minimum clamping force is ensured. In such cases, controlled
tightening is to be requested. It should, however, be realised that procedures for
~ control of preload are cost-intensive and have, in principal, a negative influence on
the speed of fabrication and erection. So, preloaded bolts with controlled
. tightening should only be used in cases where it is absolutely necessary. In
existing practice, controlled tightening is in the author’'s view unnecessarily
| required in many situations. This is of course not favourable for the use of steel.
In the paper, a first attempt is made to objectively specify criteria for the use of
preloaded bolts. If controlled tightening is necessary, a choice has to be made
between different methods. In ENV 1090-1, four methods are specified. These
methods will be shortly described and pros and cons discussed.

- The subject of this paper has been intensively discussed in ECCS-TC 10 for a long
time. Due to differences in tradition, quality level of the fabrication industry,
. control procedures and views on structural integrity in the various countries, it
was, until now, not possible to reach full agreement on the best tightening
procedure to be recommended.

So, although the contents of this paper is influenced by the discussions in
ECCS-TC10, it does not necessarily reflect the common opinion of that committee.

Professor Steel Structures, Delft University of Technology
Deputy director, TNO Building and Consruction Research
P.O. Box 49, 2600 AA Delft, The Netherlands
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2. WHY PRELOADING ?

By pretensioning of the bolts, a clamping pressure will develop between the
connected parts. This clamping pressure influences the structural response. This
will be illustrated for two basic load cases, e.g. shear and direct tension.

Shear
To facilitate easy erection, the holes have a clearance with respect to the diameter
of the bolt. The normal clearance is 2 mm. This hole clearance causes extra
deformation due to slip if the joint is loaded in shear. The load-deformation
response will be influenced by the preload in the bolts.
F (kN) This is illustrated in
160 figure 1, where the
load-deformation
diagram of a lap joint
is given for a low and
high preload.
The preload in the bolt
causes clamping
forces between the
plates. Friction will
prevent slipping of the
connection.

s e w8 w0 W
deformation (mm)

Figure 1: Load-deformation diagram of a lap joint

The friction resistance for each friction interface is equal to the clamping force (=
preload) times the slip factor. So if the preload is small, a relatively low shear load
will cause some slip in the order of a few millimeters. The connection "sets" until
the bolts are "bearing” against the sides of the holes. If the relatively small
deformation due to slip is not acceptable, a high preload in combination with a
good and reliable slip factor cam be used to prevent the slip. Once slip occurs, a
preloaded connection progressively becomes a bearing type and at larger slips both
types of joints behave similarly. The load transfer mechanism in a non-preloaded
and in a preloaded joint before slip is illustrated in figure 2.

Bearing .
1]
h._l
> \
& N\
TR |
o W

Figure 2: Load transfer mechanisme in a non-preloaded and a preloaded joint
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a joint with preloaded bolts is subjected to an external tension force, the
response is often illustrated with the "force triangle” given in figure 3.

F 4

Lengthening Shortening of
of the bolt the plate package

Figure 3: "Force triangle”

This triangle gives the relation between bolt elongation and the shortening of the
plate assembly due to preloading. An external load F, will cause an increase of the
bolt elongation, but at the same time expansion of the plate assembly. As a result
of that, the load in the bolt will increase by AF, and the clamping force will be
reduced by AF..

The external load F, is the sum of AF, and AF,. The relation between AF, and AF,
is dependent on the stiffness relation between bolt and plate assembly. Therefore
the variation of the force in the bolt due to external load can be influenced by the
location of the clamping force.

In figure 4, a T-stub connection is shown, where the contact is concentrated in the
central "stiff" region. In this case, the bolt force will not increase until F, = F, and
separation starts. So the location of the contact pressure is of crucial importance
with regard to bolt fatigue. The right detailing as shown in e.g. figure 4 leads to
static loading of the bolts, although the joint is subjected to fatigue loading.

F| (kN) &
150 Separation of connection
! parts
| AT
] | i.-f.F.

100 T3 i U _x :

> i 2F,
Fa %

a5 :
-4-.>/ | Fo v 2F,
4O W v — Fy (kN)

0 100 * 130

Figure 4: Development of bolt tension in a T-stub connection
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3. WHEN PRELOADING ?

In some countries it was common practice to require that all high-strength bolts
be installed, so as to provide a high level of preload, regardless of whether it was
really needed or not. In North America this was the case until 1985 and the
situation in Europe differs from country to country.

It may be that this practice was influenced by the use of the indication HSFG-bolts
(high strength friction grip bolts). This suggests that "high strength” and "friction
grip" are directly related.

As was noted in section 2, the ultimate strength of bolted joints is not dependent
upon the amount of preload in the bolts. So if the joint has to conform with no
other requirements than static strength ("resistance” in Euro-slang), there is no
reason to require preloading. This is now accepted in Eurocode 3 by the
introduction of 5 categories of bolted connections as given in table 1.

Use of non-preloaded high- strength bolts up to grade 10.9 is permitted for shear
connections (Cat.A) as well as tension connections (Cat.D)

Table 1: Categories of bolted connections in ENV 1993-1 (Eurocode 3)

| Shear connactions
I Category Crtena Remarks
A F. 34 % Fopg No preloading required.
beanng type Fesa % Fong All grades from 4.8 10 10.9.
8 Fosdaw 5 Fondee | Preloaded high strength boits.
slip-resistant at serviceability | F_ S Fong No slip at the serviceability limit state.
Fy50 = Fama
= Fosa % Fong Preloaded high strength bolts.
siipresstant at ulumate Fosq < Fopg No siip at the ulbmate limit stats.
Tension capacity
Category Criterion Remarks
v} Fss = Fing No preloading required.
non-preloaded All grades from 4.6 w0 10.9.
1
£ Foes = Fipg Preloaded high strength boits.
preloaded
Key:
F.Saser ™ Ousign shear force per boit for the serviceability limit state
F.se = gamign shear force per boit for the ultimate limit state
Fona = design shear resistance per bolt
Fane = gdesign Dearing resistance per boit
Fofd ser = Oumign siip resistance per bolt at the servicesbility limit state
L = desmgn slip resstance per boit at the ultimats limit state
F. 2 = gdesgn tensile force per bolt for the ultimate limit state
Fine = design tension resistance per bolt
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In North America the RCSC (Research Council on Structural Connections)

introduced in 1985 the requirement that only fasteners that are to be used in

slipcritical connections or in connections subject to direct tension, need to be

preloaded. Bolts to be used in bearing-type connections need only be tightened to

the snug-tight condition. This is hopefully a first step. The next step should be that

~ also in North-America non-preloaded bolts may be used in connections subject to
direct tension when the loading is predominantly static.

Now situations will be described where the use of preloaded bolts may be useful
Or even necessary.

Shear connections

Reasons for preloading may be:

a. To avoid reduction of stiffness due to slip in the joint.

When the deformation criteria are very stringent or when the deformation has
to be determined very accurately it may be necessary to avoid slip in the joints.
Normally this will concern a serviceability criteria so that category B is
sufficient.

Deformation of joints may also influence the resistance as is the case for the
stability of a slender unbraced frame (see figure 5). In this case category C
connections are required.

§ S

L]
|
|

Figure 5: Beam-to-column connection in an unbraced frame

The designer should realise that use of slip resistant connections is very
expensive and therefore seek for another solution. This may be to accept the
additional deformation of the joint and compensate this by extra stiffness of the
members. A bit more steel (relatively cheap!) will almost always be more
economic than considerable increase of fabrication cost.

b. Sometimes the normal clearance of holes is not sufficient to compensate the
tolerances on site. The use of oversize or slotted holes may then be necessary
to facilitate easy erection.

Oversize and slotted holes shall only be used in slip-resistant connections.

€. When a connection is subject to frequent reversal of load, slipping is not
acceptable and preloaded bolts in a slip-resistant connection, injection bolts or
fitted bolts shall be used.An example is the bracing of a crane-runway.
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For wind and/or stability bracing, bearing type connections may normally be
used (EC3, clause 6.3 (3)). A possibility to avoid reversal of load in bracing
connections is to pretension the brace member by a turn buckle or by other
means.

d. When a joint is subject to impact or significant vibration loosening of the nuts
should be prevented. This may be by preloading the bolts but other locking
devices are available and may be less expensive then controlled tightening.

e. Preloaded bolts in slip-resistant connections may be used to improve the fatigue
resistance.

For the decision to use slip-resistant connections the designer should realise that
additional to cost-intensive controlled tightening procedures also special care for
control of friction surfaces during fabrication and erection is required.

Tension connections

Reasons for preloading may be:

a. To improve the fatigue resistance.

The fatigue resistance of a single bolt in tension is rather poor. However, as
explained in section 2, preloading in combination with the right location of the
clamping force will reduce or even eliminate variation of bolt forces.

b. By preloading of the bolts the stiffness will increase as illustrated by the load
deformation diagram of a T-stub given in figure 6. The designer should consider
whether the required stiffness can possibly be obtained by redesign of the
connection components without using preloaded bolts. Alternatively he can also
consider to increase the stiffness of other structural components, for example
by taking somewhat heavier members. These measures will almost always give
more economic designs than use of preloaded bolts.

FIkN]{

16.0 +

lz.o-f.l

B.0+

—a— NON PRELOADED

- #= PRELOADED
4.0

—

T 50 100 150 200 Almm)

Figure 6: Effect of preloading on the response of a T-stub connection

In summary the need to use preloaded bolts is typically in bridges, cranes, crane
girders and other structures loaded by gatigue or dynamic loading. They should
rarely be applied in buildings and other predominantly static structures.

In the future the choice between preloaded and non-preloaded bolts should be
based on quantitative performance specifications for the joints instead of general
qualitative indications as given above.
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4. HOW PRELOADING ?

0 provide the desired level of preload for bolts used in slip-resistant connections
cat. B and C) or preloaded connections subject to tension (cat. E) RCSC
cifications and Eurocode 3 require that the bolts be tightened such that the
ulting bolt tension is at least 70% of the nominal tensile strength of the bolt.

§ F._“ = 0.7 f“A'

he installation of bolts should comply with the following two requirements:

Tightening the bolts should result in at least the specified bolt tension (preload)
. Tightening should be stopped in time so that there is sufficient reserve against
breaking of the bolt (overtightening).

n ENV 1090-1 the following installation methods are covered:
» Torque control method

= Turn of the nut method

- Torque and turn method (combined method)

Direct tension indicator method

- Special devices/bolts

g first three "direct™ methods and their pros and cons are now discussed.

- Torque control method
When the high-strength bolt was introduced, installation was primarily by methods
of torque control. Approximate torque values were suggested for use in obtaining
specified bolt tension.
For this method of tightening a calibrated torque wrench is required which may be
d operated or, for bolts of larger diameters, power operated.
The greater part of the torque applied is
used to overcome the thread friction and
the friction between the nut and the
surface against which it rotates.
Only a small portion is effectively utilized
to develop the bolt tension (see figure 7).
If the geometry of the screw head and
the coefficient of friction between the
A = thread friction various mating surfaces were known, it
B = bolt tension would be possible to estimate the tension
C = nut face friction induced by a given torque.

Figure 7: Distribution of torque

The uncertainties concerning distribution of contact pressures, and the variabilities
of coefficients of friction in practice, do not justify the use of anything other than
@ simple rule such as:

M, =kdF,
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where:
M, is the applied torque (Nmm)
d is the bolt diameter {(mm)

F, is the preload in the bolt (N)

k is the coefficient of friction between mating surfaces

In practice k values have been measured for new bolts which vary between 0,12
and 0,20.

Many tests showed the great variability of the torque-tension relationship as
illustrated in figure 8.

F -

e e
... "< Range of scatter due to
X A varigtions in the coefficient K
W

A length

Figure 8: Preloading with the torque method

Even bolts from the same lot yielded extreme values of bolt tension + 30% from
the mean tension derived. The variance is caused mainly by the variability of the
thread conditions, surface conditions under the nut and lubrication. The water-
soluble lubricant supplied on bolts can be degraded by rain or moisture or threads
can become contaminated on site with dirt or grease.
The result is an erratic torque-tension relationship.
Therefore, the torque method is not recommended by the ECCS and Eurocode 3.
The best possible results will be obtained if the following recommendations are
followed:
- the torque wrenches shall be checked at least every day using a bolt tension
calibrator
- all bolts shall be from one manufacturer, at least per diameter group
- protect the bolts from contamination
- use a hardened steel washer under the part to be turned
use reliable tightening tools
Even if these recommendations are complied with it is questionable whether 70%
of the nominal tensile strength can be consistently and safely achieved.
It has been suggested to reduce the specified preload for this tightening method
to as low as 50% of the nominal tensile strength [Bouwman and Piraprez, 1989].
In Germany 63% is common practice.
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of-the-nut method

his method is based on a specified or predetermined rotation of the nut after

tial tightening to "hand tight" or "snug tight" condition.

ontrolling tension by the turn-of-the-nut method is primarily strain control (see

gure 9).

he purpose is to rotate the nut sufficiently to take the bolt well into the inelastic

egion. In the inelastic region the load versus elongation curve is relatively flat,
h the consequence that the bolt tension is comparatively insensitive to variation

‘the nut rotation, while a large reserve exists against breaking the bolt.

It should be noted that the ductility of the bolt largely depends on the length of the

threaded portion. Care must be taken with short bolts which have only a small

int of thread in the grip (5 threads is a minimum).

ere the plates are not flat and parallel as indicated in Figure 9b, this method has

disadvantage that the preload will not be reached if not enough attention is

1 to closing the gaps. A requirement of the method is therefore that the contact

aces must fit snugly before the bolts are finally tightened.

(a) (®)

]

Number of turns @
| ag | ap

(a) Plates are flat. After tightening (Fy) the required
. preioad is obtained (T gprescribed number of turns).
(b) Plates are stift and not flat, after hand
tightening (Fp) the gap is not closed. The
required preload is not obtained

Figure 9: Preloading with the turn-of-the-nut method
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Torque and turn method (combined method)

In this method the torque method and the turn-of-the-nut method are combined.

It is the most reliable method and recornmended by ECCS and CEN-TC135.

The bolts are tightened by a two step procedure :

Step 1: First tighten all the bolts to 75% of the specified preload (= 53% of the
nominal tensile strength). As indicated in the dicussion of the torque
method the danger of overtightening due to unexpected low friction is
sufficiently low at this level of the torque. On the other hand the bolt
tension will be in most cases sufficiently high to close the gaps between
the connected parts.

Step 2: Subsequently an additional further turn is applied. In ENV 1090-1
indicative values for the angle of the additional rotation are given (values
between 60 and 120 degrees, depending of the bolt length). In case of
doubt the required angle should be determined by testing.

This method is logical because it is based on force control in the elastic region and

on deformation control in the inelastic region. The method is not very sensitive to

variation in friction. At the same time it is not very sensitive to variation in

stiffness of the plate assembly. This is illustrated in figure 10.

| Plates Plates not
flat flat

1. Torque —= 0,75 Fp

2 Turn-of-the-nut ( 8p= 90°-1207) —Fy

)

Figure 10: Preloading with the torque and turn method
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The Stiffness Model of revised Annex J of Eurocode 3
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Abstract

In 1994 a revised draft of Annex J of Eurocode 3 entiteld ‘joints in building frames’ was
approved by CEN. For this Annex a new model for the determination of the rotational
stiffness was developed. This paper provides backgrounds to this new stiffness model
and shows comparisons with test results.

1. INTRODUCTION

* A major technical improvement in the revised Annex J of Eurocode 3 [1] (hereafter:

- Annex J) is the new model for the determination of the rotational response of joints.
The objective of this paper is to provide backgrounds to this model. These are given
in the first part of this paper. In the second part comparisons are made with test
results.

In general, the moment rotation characteristic (M-¢ curve) of joints is non-linear.
Although Annex J can be used to determine a simplified linear, bi-linear or multi-linear
M- curve, this paper will focus on its potential to predict a full non-linear curve. This
is to enable a direct comparison between model and test results.

The test results are taken from the databank SERICON ([2]. This databank forms a
collection of M-¢ data from different laboratories all over Europe. The databank
contains results for different types of joints (e.g. welded joints, joints with extended end
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2 Dr. Ir., Research Associate, MSM Department, University of Liége, 4000 Liége, Belgium

3 |r. Research Assistant, Department of Structural Engineering, TNO Building and Construction
Research, 2600 AA Delft, The Netherlands
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plates, joints with flush end plates and cleated joints) and for different joint
configurations (e.g. single sided, double sided).

Key differences between the model in the new Annex J and the old Annex J [3] are

the following:

1) In the old Annex the calculated deformations of the components were those
corresponding to the design resistance of these components (see chapter 3 for the
definition of the word "component”). The elastic deformations were calculated back
from these deformations by dividing with a factor 2,25. In the new Annex, the
elastic deformations are calculated directly.

2) Unlike in the old Annex, these elastic deformations are now only dependent on the
lay-out of the joint and the Young modulus and not any more on strength
properties or safety factors.

3) The calculation of the full non-linear curve in the new Annex is simplified
compared to the old one.

4) In the old Annex, the stiffness prediction of a stiffened end plated joint could be
below the prediction of an unstiffened one. This problem is now resolved.

2. THE GENERAL MODEL

Provided that the non-linear M-¢ curve of the new Annex J is not limited by the
rotational capacity (., this curve consists of 3 parts, see figure 1. Up to a level of
2/3 of the design moment resistance (M .,.), the curve is assumed to be linear elastic.
The corresponding stiffness is the so-called initial stiffness S,.. Between 2/3-M , and
M ;. the curve is non-linear. After the moment in the joint reaches M ., a yield
plateau could appear. The end of this M-¢ curve indicates the rotational capacity (¢,
of the joint. Since the determination of M ., and the rotational capacity in the new
Annex J is not significantly different from the old Annex J and backgrounds are well
documented [4, 5], this paper will not focus on these aspects.

, lat |IV.I'“‘}

k i -
T L

rotation

Figure 1: Non-linear M-¢ curve according to Annex J.

The model assumes a fixed ratio between the initial stiffness S, and the secant
stiffness at the intersection between the non-linear part and the yield plateau (S, at
level M ,,). For end plated and welded joints, this ratio is equal to 3. For flange cleated
joints, this ratio is 3,5, see figure 1. These values are simplified values and result from
numerous parameter studies and test observations [5).
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The shape of the non-linear part for M ¢, between 2/3-M , and M, ,, can be found with
the following interpolation formula:

S

§ ——=—— (1)
[ 15 M., |°*
Mll!
where ¢y = 2,7 for end plated and welded joints and

3,1 for flange cleated joints.

In this interpolation formula, the value of S, is dependent on M ..

3. DETERMINATION OF THE INITIAL STIFFNESS S,

. The Annex J stiffness model utilizes the so called “component method®. The essence
of this method is that the rotational response of the joint is determined based on the
mechanical properties of the different components in the joint. The advantage of this
~ method is that an engineer is able to calculate the mechanical properties of any joint
by decomposing the joint into relevant components. Annex J gives direct guidance for
end plated, welded and flange cleated joints for this decomposition. Table 1 shows an
overview of components to be taken into account when calculating the initial stiffness
for these types of joints.

Table 1: Overview of components for different joints

Component Number End Welded Flange
plated cleated
Column web panel in shear 1 x X X
Column web in compression 2 x x X
Column flange in bending a X %

Column web in tension

e
-
=
-

end plate in bending 5 x

flange cleat in bending 0 N
bolts in tension 7 X X
bolts in shear 8 x
bolts in bearing G .

In the model it is assumed that the deformations of the following components: a) beam
flange and web in compression, b) beam web in tension and c) plate in tension or
compression are included in the deformations of the beam in bending. Consequently
they are not assumed to contribute to the flexibility of the joint.

The initial stiffness S ,, is derived from the elastic stiffnesses of the components. The
elastic behaviour of each component is represented by a spring. The force-deformation
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relationship of this spring is given by:

F=k-E-A, (2)
where F, = the force in the spring i,

k, = the stiffness coefficient of the component i,

E = the Young modulus and

A, = the spring deformation i.

Chapter 4 gives backgrounds of the formulae to determine k..

The spring components in a joint are combined into a spring model. Figure 2 shows
for example the spring model for an unstiffened welded beam-to-column joint.

Figure 2: Spring model for an unstiffened welded joint.

The force in each spring is equal to F. The moment M, acting in the spring model is
equal to F-z, where z is distance between the centre of tension (for welded joints
located in the centre of the upper beam flange) and the centre of compression (for
welded joints located in the centre of the lower beam flange). The rotation ¢, in the
joint is equal to (A, + A, + A,) / 2. In other words:

M] Fz E FZt _EZJ (3)

For an end plated joint with only one bolt row in tension and for a flange cleated joint
the same formula yields. However, components to be taken into account are different,
see table 1.
L 3

Figure 3a shows the spring model adopted for end plated joints with two or more bolt
rows in tension. It is assumed that the bolt row deformations for all rows are
proportional to the distance to the point of compression, but that the elastic forces in
each row are dependent on the stiffness of the components. Figure 3b shows how the
deformations per bolt row of components 3, 4, 5 and 7 are added to an effective
spring per bolt row, with an effective stiffiness coefficient k, (r is the index of the row
number). In figure 3c is indicated how these effective springs per bolt row are replaced
by an equivalent spring acting at a lever arm z. The stiffness coefficient of this
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flective spring is k.. The effective stifiness coefficient k,, can directly be applied in
mula 3. The formulae to determine k,, , k., and z as given in Annex J can directly
B derived from the sketches of figure 3. The bases for these formulae is that the
t-rotation behaviour of each of the systems in figure 3a, 3b and 3c is equal. An
al condition is that the compressive force in the lower rigid bar is equal in each
se systems.

b) M €) M

~ Figure 3: Spring model for a beam-to-column end plated joint with two bolt
E rows in tension.

4. DETERMINATION OF THE STIFFNESS COEFFICIENTS k
4.1 Plates in bending and bolts in tension

In the procedure for strength calculation included in Annex J, the three following
components: (i) column flange in bending, (i) end plate in bending and (iii) flange cleat
in bending are idealized as T-stubs (see figure 4). These ones are assumed to be
_connected by means of bolts to an infinitely rigid foundation (figure 5 and 6.a). Their
so-called “effective length |," is such that the failure modes and the corresponding
~ collapse loads are similar to those of the actual joint components. The concept of
*equivalent T-stubs" for strength is easy to use and allows to cover the calculations
of all the plated components with the same set of formulae.

. The "T-stub concept" may also be referred to for stiffness calculation as shown in [5]

and [6]. The equivalence between the actual component and the equivalent T-stub in
the elastic range of behaviour (initial stiffness) is however to be expressed in a
different way then at collapse and requires the definition of a new effective length |, ..
" In view of the determination of the related stiffness coefficients k, two problems have
1o be investigated:

- the response of the T-stub in the alashc range of behaviour;

: - the determination of |, ..
- These two points are successively addressed hereunder.
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column flange

Figure 4: T-stub idealizations Figure 5: T-stub on rigid foundation

a) T-stub response

When subjected to tension forces, the flange of the T-stub deforms in bending and the
bolts mainly in tension (figure 6.a). The elastic response of this system has been
studied first by YEE and MELCHERS [6]. A slight refinement related to the location
of the prying effect has been proposed later in [5]. The corresponding expressions are
rather long to apply so simplifications have been introduced by the authors:
- to simplify the formulae: n is considered as equal to 1,25 m (m and n
are indicated in figure 6.a)
- to dissociate the bolt deformability (figure 6.c) from that of the T-stub
(figure 6.b).
Under these assumptions, it can be shown that:
for the T-stub (figure 6.b):

S 4
Bass * (4)
m

for the bolts (figure 6.c):

k, = 1,6 = (5)
b
where A, = bolt reduced area, L, = bolt length including half thickness of the bolt head
and of the nut and t = T-stub flange thickness. The indexes of the k coefficients relate
to the component numbers listed in table 1. In equation (5), a factor 2,0 instead of 1,6
would be expected at first sight; in reality, the value 1,6 is defined in such a way that
the prying effect is taken into consideration.
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1,28m 1.28m 0.63F 0.63F
b) T-stub alone c) Bolts alone

Figure 6: Elastic deformation of the T-stub

Definition of | .

figure 6.b, the maximum bending moment in the T-stub flange (points A) is
as M, = 0,322-F-m. Based on this expression, the maximum elastic load
=, (first plastic hinges in the T-stub at points A) to be applied to the T-stub can be

41, thf L ¢
A Lini - £l f (6)

F =z
A 1288m 4 1,288 m '’

In Annex J, the ratio between the design resistance and the maximum elastic
resistance of each of the components is taken as equal to 3/2 so:

1 1
F K ofam t f {7)

F
4 0859 m

)
_ , AR
As, in figure 6.b, the T-stub flange is supported at the bolt level, the only possible
collapse mode of the T-stub is the development of a plastic mechanism in the flange.
The associated collapse load is given by Annex J as:
|
T @)

Fll

where |, is the effective length of the T-stub for strength calculation.
By identification of expressions (7) and (8), |, ,, may be derived:

b = 0859 1, = 085 1, (9)

offam

Finally, by introducing equation (9) in the expression (4) giving the value of Kyse

0,85 1, t°
234 —m;'l- (10)
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4.2 Column web panel in shear

In beam-to-column joints, column web panels are subjected to high shear forces V
(see figure 7). The shear force V can be expressed as [-F (F forces are statically
equivalent to the applied moment M, see figure 7).  values are dependent on the joint
configuration and loading; related values are given in Annex J.

Figure 7: Column web panel Figure 8: Column web in tension
in shear or compression

Through experimental and numerical research works e.g. [5], it has been shown that
shear stresses T in column web panels are more or less uniformly distributed. The
corresponding deformation y is therefore such that « = G-y. V can be expressed as
A -t and y as A/z so:

v A, t A_ G

Feo—= = —— A (11)
B B Bz

As G = E/[2(1+v)] and v = 0,3, the following expression of k, can be simply derived:

A A
K & e n 00 =2 (12)
2(1+v) B 2 pz

4.3 Column web in tension or compression

In [5], the elastic linear relationship between the tension or compression force F
transversally applied to the column and the corresponding elongation or shortening A
of the web (see figure 8) is expressed as:

Et,

F = T E A (13)
d. is defined as the clear depth of the column web. The coefficient £ depends on the
relative stiffness of the column flange in bending and the column web in tension or
compression; its expression - which differs for welded and bolted joints - is rather
complicated so simplifications have been brought by the authors. These simplifications
are based, as for the T-stub in section 4.1.b, on the ratio (= 3/2) between the design
resistance of the web defined in Annex J as:
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! Fl.l ’ blﬂ ‘.n fy (14)
d the maximum elastic resistance of the web expressed (from equation 13) as:

f
F.,-(t_,B:;-zt"Egn-:t“EE?-vgtf (15) ‘

om this ratio, an approximated value of £ is derived: £ = 2/3 b,,. By introducing this

3 in equation (13), the following expression of the stiffness coefficient is obtained:
0,667 b 0,7 b t,, 16

- 7 e d 4 ( )

off -:
=

4 Bolts in shear and bolts in bearing

ormulae for stiffness prediction are proposed in [5]; they are based on previous
prks by PAVLOV and KARMALIN and are validated by comparisons with test results.
nited modifications (to avoid the use of specific units) have been brought to these

ae in Annex J. The reader is therefore asked to refer to [5] for background

5. COMPARISON WITH TEST RESULTS

5 section shows comparisons of the presented stiffness model with test results. The

t data are taken from the databank SERICON [2]. In order to enable comparisons
of the complete stiffness model with test results it is necessary to show the full non-
near curves which are obtained by using the application rules of Annex J.

or the determination of the joint properties, i.e initial stiffness and design resistance,
‘measured material and geometrical data obtained from tests are used. The value of
the moment resistance M ., is calculated with safety factor y=1,0. The moment

sistance is determined according to the most accurate model of Annex J, e.g. the
‘alternative method to determine the resistance of the T-stub is used for joints with
‘bolted end plates. Both the rotational stiffness and the moment resistance are
‘calculated by taking into account the actual forces in the shear panel of the column
web through the exact values of the B-coefficients.

It can be seen from figure 9 that the prediction of the joint stiffness and resistance is
~ in good agreement with the actual behaviour. The differences in the resistance are
‘due to strain hardening and membrane effects which are not taken into account in the
~ design rules of Annex J. In the stiffness model it is assumed that a joint remains
.~ elastic up to a level of 2/3 of M 5,. This assumption is confirmed by the curves.
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c) Innsbruck, double/single sided, end plated joints

Figure 9: Comparison with test results




The Stiffness Model of revised Annex J of Eurocode 3 45]

M [kNm] M [kNm] M [kNm]
R g
S e o= Test 117.002 we= Test | 17.004
——— EC 3 Annex J EC 3 Annex )
T s R ) e U 7 L
00 A 08 00 06
¢ [rad] ¢ [rad]
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f) Dundee, double/single sided, end plated joints

Figure 9: Comparison with test results (continued)
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6. CONCLUSION

The new stiffness model of the revised Annex J allows for the determination of the
initial (elastic) stiffness of a joint independently of a strength calculation, It also gives
design rules for the determination of a full non-linear M-¢ curve. Comparisons with test
results show a good agreement between the predicted curves and the real ones
obtained from tests.

The model for the stiffness calculation is based on the so-called component method.
Therefore it can be applied for many types of joints and joint configurations. Moreover
it can be easily extended to new types of joints as for example composite joints
provided that on one side the deformation behaviour is known for all components (i.e.
stiffness coefficients k) and on the other side that the contribution of the different
sources of deformability can be taken into consideration with the presented model by
means of a set of springs.
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Safety considerations of Annex J of Eurocode 3

Markus Feldmann'
Gerhard Sedlacek®
Klaus Weynand®

Abstract

The new Annex J of ENV 1993 -Eurocode 3 [1] presents rules for the design of joints

th for stiffness and strength. Due to the different components and materials of which
 joint may exist, the safety assessment of structural joints is rather complex and has
jo far not been thoroughly clarified. This paper gives some considerations of the
fluence of unexpected overstrength on the ductility and safety of joints. For seismic
ing a method is suggested which allows an extension of plastic design to joints
alternating rotations.

1. INTRODUCTION

he ULS-design of a steel structure consisting of elements and joints may be
jormed with two options:

he first option is the consideration of the whole true moment-rotation characteristic
the joints. This means the use of the original M-¢-curve from experiments or from
alculations, fig.1 (curve @). It also means that both strength and rotations are
ad in the most realistic way and model uncertainties are of no concemn.

he second option is the use of a standardized model which describes the moment-
ftation behaviour of a joint in a simplified way: the initial stiffness, the transition from
e elastic part to the plastic part of the curve and the ultimate resistance level without

a priori limitation of the rotation. Annex J gives rules for such an approach, fig.1
rve @). Using this model in a plastic analysis with moment redistribution means
ting account of rotation on the resistance level M, of a joint. This necessitates an
ional check whether the actual rotation-capacity of a joint is able to fulfil the
requirement determined from the calculation or not.

' 'Dr.-Ing., Institute of Steel Construction, RWTH Aachen, 52056 Aachen, Germany
" Prol. Dr.-Ing., Institute of Steel Construction, RWTH Aachen, 52056 Aachen. Germany
pl.-Ing., Institute of Steel Construction, RWTH Aachen, 52058 Aachen, Germany
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Fig. 1: Moment-rolation-curves: Original curve from the test
(1) and model curve according to. Annex J (2)

The model deviation of the moment-rotation behaviour in the initial elastic range and
in the transition from the elastic-plastic to the full plastic range is fairly small whereas
in the full plastic branch with great rotations the model deviation becomes significantly
larger. However the model resistance level is below the real resistance and the actual
stiffness of this full-plastic branch remains positive unless premature failure due to
cracking or buckling occurs.

2. EFFECTS OF OVERSTRENGTH OF JOINT COMPONENTS

Performing a plastic analysis using Annex J of Eurocode 3 implies an additional check
of the rotation-capacity of the joint on the level of M, fig.1. However Annex J only
provides lump rules for a check of the rotation capacity. Sufficient rules for determining
the rotation capacity have not been established in Annex J so far.

This chapter deals with the consequences of overstrength phenomena of single
compeonents in the joint. These considerations refer to both the local moment-rotation
behaviour of the joint and the global load-deflection behaviour of the structure and
allows to determine the safety elements to be applied.

2.1 Effects of overstrength of joint components on the joint's behaviour

Taking the general moment-rotation behaviour of a joint according to Annex J, fig. 2,
it is possible to identify several levels of resistance of each component of the joint.
Following the positive stiffness of the full plastic branch of the actual moment-rotation
curve (which Annex J reduces to a constant level M ) it is quite obvious that the
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ion of the actual M-¢-curve with the resistance levels M, _. . of the
ts limits the rotation capacity of the joints to ¢, €.g. by the brittie failure

of the bolts or welds. These rotation capacities might be calculated by
Prome M (1)

Sy

that the plastic stifiness S ; and the resistance levels M, . are known and
premature failure due to buckling occurs.
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Fig. 2: Moment-rotation-curve according to Annex J and

rotation capacities influenced by maximum strength
Mg come, Of different components

The prediction of the characteristic behaviour of structural elements and joints is based
on the nominal values for the yield stress f. The nominal value for f, however is the
lower 5%-fractile or less of the statistical distribution of the yield stress. The
consequence is that the available rotation capacity becomes the smaller the more the
actual yield stress exceeds the nominal one. Fig. 3 shows this significant reduction of
available rotation capacity if the strength of one component of the joint (e.g. the bolts’
strength of a joint with an endplate remains constant and also the stiffness S
remains constant).

By introducing the overstrength as Af, or, directly expressed, as AM the rotation
capacity becomes smaller. From the proportional relationship in the moment-rotation
curve that reduction can be expressed as

: M ) ]
Oy * R_comp.i (M‘ AM) (2)

S
Lo
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Fig. 3: Reduction of actual available rotation capacity of a

joint introducing the actual yield stress

In fig. 4a the curves are shown which represent the dependence of the rotation
capacity ¢, on the yield strength Af with different hardening stiffnesses S, ; and
constant M, ... This sort of diagram may also be established for cases in which the
rotation capacity is governed by local buckling phenomena, fig. 4b [2].

—— -—
l fy fy
Fig. 4: Dependence of available rotation capacity of joints
on the yield stress
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2.2 Effects of overstrength of joint components on the structural behaviour
In fig. 5 a statically undetermined structure (continuous two span beam) with a partial-

strength joint above the support is shown. In plotting the load-rotation diagram
(referred to the rotation of the joint) the graph in fig. 5 applies (thick line)

Fig. 5: Load-deformation behaviour of a statically undeter-
mined structure without and with overstrength in the
relevant plastic hinge (joint)

In the very first elastic part of the graph the deformation follows proportionally the load
until the first plastic hinge occurs. In this case this plastic hinge is assumed to occur
in the joint. Afterwards the load-rotation curve increases further with the remaining
elastic stifiness C, until the ultimate load P, is reached by developing of the last plastic
hinge. During the moment redistribution process the plastic hinge in the joint has to
fulfil a certain plastic rotation.

However this load-rotation behaviour is based on an idealized bi-linear moment-
rotation characteristics in the plastic hinges, see fig. 2. Assuming the actual moment-
rotation behaviour of joints, the global load-rotation characteristic would become more
smooth.

Let's now consider also in this graph an overstrength Af.. The first hinge would occur
on the level P,+AP. But the required rotation ¢,,, is being significantly reduced from
Drec 10 Dypq overs With:

L A » e nd— (3)

=
0". Ll e "we c




458 M. Feldmann et al.

23 Comparison of the effects of overstrength of the joint components on the
joint’s behaviour with the effects on the structural behaviour

Considering a design situation in which the available rotation capacity is fully exploited,
ie.

Cr * e (4)
the question is whether an incremental change of strength towards larger yield
strength of the material leads to actual rotation capacities greater than the required
rotation (this would be a safe situation) or to actual rotation capacities smaller than the

required ones (this would be an unsafe situation). To achieve the safe situation the
following condition must be fulfilled, see fig. 6:

de de,..
’dr_l‘ldrr\ ©)

o0 A
Tiq cap
1
]
| overstrength
|
 Preg
| -—
Yynom y
Fig. 6: Behaviour of required rotation and rotation capacity

in view of overstrength

This condition can also be graphically shown for general cases. The A¢,,, - distance
in the graph of fig. 5 can be derived for all levels of P, which are possible, assuming
that the calculated rotation requirement ¢,,, remains the same. Then all A, - values
or do,,, -values for all possible P, - levels for a certain overstrength AP are obtainable.
This is indicated in fig. 7 (dashed hyperbola).

Introducing the value for dd,,, (dashed vertical line in fig. 7) the intersection of the
dd,,, - hyperbola and the dd,,, - vertical line gives the distinction between safe and
unsafe ranges with respect to the overstrength phenomenon of a component in a joint.
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Fig. 7: Incremental change of the considered yield stress
(=AP): Comparison of the effects side of require-
ment with the effects on the capacity side,
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3. LOW-CYCLE FATIGUE ASSESSMENT FOR STRUCTURAL JOINTS

In this second part of this paper the effects of cyclic loading on the resistance of joints
are considered. These considerations are necessary when repeated or alternating
rotations could be applied during lifetime, e.g. for wind actions or seismic actions.

Having a joint with constant amplitude cyclic loading, see fig. 8, which can be
modelled with Finite Elements [3], the strains and in particular the plastic strains were
investigated during the cycling loading. It appeared, that the relationship between the
plastic strains at the hot spot (strain at the relevant place where the first crack occurs)
and the plastic rotations are linear. This linear relationship gives rise to estimate a
"Whohler-line-relationship” with logarithmic cycles on the abscissa and logarithmic
plastic rotations on the ordinate, the slope of which is the slope of the Manson-Coffin-
rule for steel material. The value for that slope was investigated [4] and determined
to

me =20 (6a)
for low alloyed structural steels. Due to logarithm laws the slope of the rotational
Wohler-line is the same as the strain Woéhler-line assuming that one strain cycle is one
rotational cycle:

mg = 2.0 ' (6b)
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Fig. 8: Cyclic moment-rotation characteristic of a joint,
cyclic plastic strain-rotation characteristic of the hot
spot, strain Wohler-line and rot ational Wohler-line

Having the slope of the rotational Wohler-line, however the level of failure with N=
(static case) is so far being unknown, but is going to be determined by experim
[5)(6]).

If the value of ¢,,., is known then a life cycle assessment for joints with altem
loading can be derived allowing for plasticity i.e. energy dissipation in the joints. U
the Miner-rule, eq. (7), as a damage hypothesis, that has been already justified foi
beams [7](8][9], a damage equivalent quasistatic rotation capacity can be defined,
9.
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Fig. 9: Rotational Wohler-line approach with starting value
..., and damage spectrum
‘The Miner-rule
n
— £ 1,0 7
X N, (7)

can be transformed into a comparison of damage using the slope of the rotational
Wéhler-line mg = 2,0

Y @)" n ¢ (o,.)" (8)
such that an equivalent rotation requirement for the static case can be formulated

SR .y' EZ‘I‘- n, (9)

With that rotation requirement a rotation check as for statically loaded structures can
be allowed:

¢

eqequ ( 1 0}

This check limits the damage from alternating yielding to safe values and allows to
extend the application of the plastic hinge method to joints subject to seismic loading.

by = @




462

(]

(2]

(3]

(4]

(5]

(6]

[7]

8]

(9]

[10]

(1]

2]

M. Feldmann er al.
" REFERENCES

EUROCODE 3, ENV - 1993-1-1, Revised Annex J, Design of Steel Structures,
CEN, European Committee for Standardization, Document CEN / TC 250 / SC
3 - N 419 E, Brussels, June 1994,

FELDMANN, M.: Zur Rotationskapazitat von I-Profilen statisch und dynamisch
belasteter Trager, Ph.D. Thesis, Institute of Steel Construction, RWTH Aachen
1994,

SEDLACEK, G.: KONG, B.-S., WEYNAND, K.: Das Rotationsverhalten von
Riegel-Stitzen-Verbindungen, DFG Bericht Se 351/19-1, Aachen, 1995.

BOLLER, CH.; SEEGER, T.: Materials Data for Cyclic Loding, Vol. 42a/b,
Elsevier Science Publishers B.V., 1987.

running DFG research project: Untersuchungen der Grenzbeanspruchung fir
Stahlbaukonstruktionen in Erdbebengebieten, die alternierender Plastizierung
ausgesetzt sind, Se 351/27-1, Aachen, 1995,

running AIF research project: Grenzen fur alternierende Plastizierung far
Stahlbauelemente, Aachen and Leipzig, 1995.

BALLIO, G.; CASTIGLIONI, C.A.: An Approach to the Seismic Design of Steel
Structures Based on Cumulative Damage Criteria, Journal of Constructional
Steel Research, 1994,

BALLIO, G.; CASTIGLIONI, C.A.: A Unified Approach for the Design of Steel
Structures under Low and/or High Cycle Fatigue, Journal of the Constructional
Steel Research, 1994.

BALLIO, G.; CASTIGLIONI, C.A.: Seismic behaviour of Steel Sections, Joumal
of Constructional Steel Research, 1994,

KUCK, J.: Anwendung der dynamischen FlieBgelenktheorie zur Bestimmung
der Grenzzustande fur Stahlkonstruktionen unter Erdbebenbelastung, Ph.D.
Thesis, Insitute of Steel Construction RWTH Aachen, 1994.

ZOETEMEIWER, P., Summary of the Research on Bolted Beam To Column
Connections, Heport 6-85-7, University of Technology, Delft, Netherlands, 1985,

COLSON, A., BJORHOVDE, R., Connection Moment-Rotation Curves for Semi-
Rigid Frame Design, Connections in Steel Structures |I: Behaviour, Strength,
and Design, The Second International Workshop on Connections in Steel
Structures, Pittsburgh, USA, 1991




DESIGN OF FILLET WELDS IN RECTANGULAR HOLLOW SECTION
T, Y AND X CONNECTIONS USING NEW NORTH AMERICAN
CODE PROVISIONS

Jeffrey A. Packer'

Abstract

The effective length and design of the perimeter weld around the branch member in
axially-loaded Rectangular Hollow Section (RHS) T and X connections is examined
experimentally. By means of 16 full-scale connection tests which were designed to be
weld-critical, guidelines for the effectiveness of the heel, toe and side welds are
developped in terms of the principal connection parameters. It is found that more of the
weld perimeter is effective for lower branch member to chord member angles, and more
weld is effective for smaller width branch members (relative to the chord member size).
The effective weld length recommendations advocated are shown to result in weld
designs with an adequate level of safety using the current AISC LRFD or CSA
- specifications.

1. INTRODUCTION

It is well known that the flexibility of RHS connections results in non-uniform loading of
the welds around a joint. As a consequence, some recent international recommendations
have required that welds to truss branch members develop the yield capacity of the
member, to accommodate for any arrangement of loads in the member. Hence, on the
basis of a 90° connection only, the International Institute of Welding (IIW, 1989) has
recommended that the throat thickness (a) of a fillet weld be > 1.07 {, where {, is the
thickness of the connected branch member, for tubes with a yield strength around 350
N/mm? regardless of connection angles. This was modified slightly to a > 1.10 ¢,in

! Professor, Department of Civil Engineering, University of Toronto, 35 St. George Street,
Toronto, Ontaric M5S 1A4, Canada.
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Eurocode 3 (1992). The safety level implicit in this recommendation is for the weld e
have a safety index " 2 3.8. In North America, on the other hand, connectors (e.g.
welds) are required to have a safety index B* 2 4.5 (Fisher et al., 1978).

Such a universal design provision for fillet welds, based solely on branch member
thickness, will be excessively punitive for many applications. By proportioning the weld
on the basis of acting member forces, however, a designer has the ability to jus
potentially smaller weld sizes but the connection deformation and rotation capacity m
be taken into account, typically by imposing a weld reduced effective length.
advantages of this weld design approach can be significant in situations where aesthetics
have controlled the member selection, or only a restricted number of bracing (we

member sizes have been chosen for reasons of cost optimization, or a long compression
bracing member causes the member to be loaded well below its full section squash load,
or the bracing to chord member angle is low thereby producing a much longer weld
around the member.

On the basis of extensive laboratory tests, both on isolated connections and comple
trusses, recommendations have already been made for the effective length of welds i
gapped and overlapped K (or N) connections between RHS members (Frater and Pac
1992a, 1992b). These recommendations have been adopted in design guides publisheg
by the Comité International pour le Développement et I'Etude de la Construction Tubulairg
(CIDECT) (Packer et al., 1992), the American Welding Society (AWS, 1994), and the
Canadian Institute of Steel Construction (Packer and Henderson, 1992). As n¢
information was available, at the time, for weld effective lengths in RHS T, Y and X
connections, speculative formulae were provided in these same design guides. )
purpose of this paper is therefore to report on a study of weld design for RHS T, Y an
X connections and to give appropriate weld effective length rules for use in desig
such joints,

2. EXPERIMENTATION

Four large-scale RHS 90° T connections and 12 X connections were fabricated, with plal
attachments to the branch member ends for load application. All RHS members us
were cold-formed to ASTM A500 Grade B. The connection parameters varied i
the width ratio (j), branch member to chord angle (6,) and weld size. As the failure
of RHS T, Y and X connections depends on the [ value, and changes around [} = 0.8
0.85 (Packer and Henderson, 1992), one set of branch members was selected to b
around this transition (B = 0.80) and another well below (B = 0.50). Since
experiments were intended to examine weld behaviour, failure was designed to alwa
occur in the weld rather than by some connection failure mode. With all test specime
being proportioned to fail locally in the welds it was considered that the results obtained
from tension-loaded X connections would also be applicable to Y connections, since a ¥
connection resembles an X connection with one less branch member. The properties ¢
the 16 test specimens can be found in Cassidy (1993).
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Prior to fabrication of the test specimens, the perimeter lengths and individual side lengths
were measured carefully for each branch member cut at different angles so that the
actual weld length would be known accurately in evaluation of the test results. This is an
important prerequisite to any eventual recommendation for effective weld length.
Geometry dictates that the toe and heel of the RHS (sides ¢ and d respectively) be of
equal length and likewise the two branch member sides parallel to the direction of the
chord (sides a and b) should be equal. These measured lengths are given in Cassidy
(1993). A method has also been provided by AWS (1994) and adopted by CISC (1991)
for determining the contact perimeter of an inclined RHS branch member. This assumes
that a cold-formed member has an outside comer radius of 2t, and multiplies the 90°
perimeter by a factor K, to account for the sloping of the branch member. This gives the
inclined RHS contact perimeter as:

Perimeter = K, [4x t,+ 2(b,- 4t) + 2(h,- 4t) 1)
hl
=5 +b,
sin
where K, = — w2
. by (2)

 Perimeters determined using Egs. (1) and (2) showed that this "K, method" is sufficiently
accurate for connection designers to use (Cassidy, 1993). In this paper the more precise
measured lengths have been used in subsequent analysis of results.

The test welds were all made by the Welding Institute of Canada using flux-cored arc

welding with a CO, shielding gas. All final welds were checked and approved by a third

party using magnetic particle inspection. For all connections having 6, < 60° the toe of

each branch member was bevelled then welded to form what is often considered a partial

joint penetration butt (groove) weld. However, in this study all welds were considered
fillets and measured as such.

Weld sizes were determined by making a negative mould of each test weid then cutting
it at four or five locations along each branch member side and measuring the legs of the
weld and throat size at each position. Over 1500 weld dimensions were taken for the 16
connections and the average measured values, along with the mechanical properties of
'~ the as-laid weld metal determined by tensile coupon tests, are given elsewhere (Cassidy,
1993).

Each of the four T connections was tested to failure in a quasi-static manner under
tension loading on the branch member. This tension force was applied by a universal
testing machine to a tongue welded into the branch member and to a special-purpose
* testing jig which applied a shear force to the chord. A typical testing arrangement is
shown in Fig. 1. The 12 X connections were tested in a similar manner but with the two
~ branch members loaded directly by the universal testing machine via tongue plates. Strain
gauges were secured to the branch members of all test specimens to observe and record
the strain distribution around the branch members adjacent to the welded joint. These
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were positioned 10 to 15 mm away from the actual weld toe, to avoid the strain
concentrations caused by the notch effect at the toe, and oriented in the direction of the
branch member. Displacement transducers with a 50 mm stroke were used to monitor
the overall connection deformation. (See Fig. 1). Strain gauges were also used on
specimens to ensure proper alignment and therefore axial loading on the branch
members, as well as to verify that the shear lag effect (caused by loading the RHS on
only two sides via tongue plates) had disappeared well before the joint region. For the
X connections, each specimen produced a test on two branch member “test welds" of
similar size, so each X connection weld failure represents a lower bound of two samples.
All test specimens failed in a sudden manner with fracture through the weld metal and/or
base metal. A typical joint faillure is shown in Fig. 2 and failure loads are given by
Cassidy (1993)

’,

IG. 1. T Connection in Testing Machine FIG. 2. Typical Weld Failure
with Testing Jig Below

3. DISCUSSION OF RESULTS

Graphs of load versus strain for the transverse and side welds of test T2 (} = 0.5) are
shown in Fig. 3. It can be seen that the side welds a and b are completely effective in
resisting load whereas the transverse welds ¢ and d are only effective at the comer
locations until high loads are attained. If the width ratio (J}) is increased the transverse
welds become even less effective, as is evident in Fig. 5(a). In this case only the comer
region of the transverse weld resists the branch member tension load, with most of the
transverse weld actually remaining in compression for the whole load range. One would
expect the branch member load to be transmitted to the chord member walls primarily

T W R e
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through sides a and b at high j values, yet the ineffectiveness of sides ¢ and d is rarely
recognized by welding engineers leading to some instances of very unsafe design.

The X connection tests also confirmed that, for equal branch member angles, more of the
perimeter was effective in resisting the applied tension load at the lower i value.
However, for either 3 value (0.5 or 0.8) the X connections showed that a lower connection
angle produces a larger effective perimeter length. This trend of more sides being
effective at lower branch member angles is similar to the trend observed by Frater and
Packer (1992b) for K and N connections, wherein the heel weld could only be considered
fully effective for 6, < 50°. The influence of 8, on the effectiveness of the transverse
welds in T and X connections, particularly the heel weld, can be seen by comparing Fig.
4 (T connection with B = 0.8) with Fig. 5 (X connection, 8, = 30°, B = 0.8).

A study of the distributions of strain around the branch member adjacent to the "test
welds" in all 16 T and X connections showed the trend for weld effectiveness given in Fig.
6. The side welds a and b (refer to Fig. 5) can be seen to be fully effective for all joints,
but the toe and heel welds (sides ¢ and d respectively) are generally only partially
_ effective. These partially effective sides are designated c, and d, with the length of these
portions estimated by an existing RHS effective width formula (Packer and Henderson,
1992):
10 Foty

b e et S e LU R ,but # b seeik
¢ bylty F 1, : 1 »

. In view of the fact that only two width ratios were examined, and for a constant chord
~ slendemess (by/1,) ratio which also influences the effective length of the transverse welds
~ (see Eq. (3)), the behaviour illustrated in Fig. 6 was simplified to the recommended design
model also shown in Fig. 6. This also acknowledges the large scatter of data that is
inherent in welding research as well as the difficulty that welding engineers would
encounter in applying Eq. (3) correctly. Thus, it is suggested that the weld effective
length around a branch member be determined for all B values by:

2h
For 8, <50° : Effective length =a+b+d= _ é + b, vn(4)
s 1
. 2hl
For 8, 2 60° : Effective length =a+b = — vore(5)
Sing,

A linear interpolation is recommended between 50° and 60°. The lengths b, and h,
should be based on the contact perimeter taking account of the rounded comers. For
experimental analysis this can be done using the measured lengths, or in design practice
using the K, formula (Egs. (1) and (2)). The consideration of the branch member as
having square comers can produce unsafe weld lengths, particularly for small, thick-
walled, RHS.
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FIG. 6. Observed Effective Weld Lengths and Simplified Model
for Effective Lengths, in T and X Connections.

4. SAFETY LEVEL IMPLICIT IN RECOMMENDATION

Predicted resistances for the failed weld of each connection were calculated using the
proposed effective length guideline (Egs. (4) and (5)) in conjunction with both the AISC
LRFD (1993) and CAN/CSA-S16.1-94 (CSA, 1994) steel specifications, along with
measured material and geometric properties.

The Canadian Standards Association specification (CSA, 1994) gives the factored shear
resistance of a fillet weld by the smaller of:

. For base metal

V,=¢,067 F,A_, ...(6a)

or

Vo =0, 067 FlA,, ...(6b)
. For weld metal

V, = ¢, 0.67 X A, (1.00 + 0.50 sin'* 6) kD

‘where ¢, = 0.67 for all of Egs. (6a), (6b), and (7) and 6 in Eq. (7) is the angle between
the axis of the weld and the line of action of the force (0° for a longitudinal weld and 90°
for a transverse weld). Conservatively, one is allowed to set the function (1.00 + 0.50
sin'® 6) to one. The latest American Institute of Steel Construction specification (AISC,
- 1993) replicates Eqgs. (6a), (6b) and (7) although the (0.67)(0.67) term appears in the form
(0.75)(0.60), allowing for shear rupture of the base metal (Section J4), and the (1.00 +
10.50 sin'® 8) is only an optional function mentioned in Appendix J2.

The correlation between actual failure loads and predicted resistances using the CSA or
. AISC LRFD methods, in conjunction with the simplified model of Fig. 6, is shown in Fig.
7. The overall mean of the actual strength to predicted resistance ratios is 1.622 with a
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coefficient of variation (COV) of 0.180. Tﬁis mean appears to be conservative because
the test strength is compared with the predicted resistance, which includes the ¢,, factor.

To assess whether an adequate, or excessive, safety margin is inherent in the correlation
shown in Fig. 7, one can check to ensure that a minimum safety index of §* = 4.5 (Fisher
et al., 1978) is achieved, using a simplified reliability analysis in which the resistance
factor, ¢, is given by (Fisher et al., 1978; Ravindra and Galambos, 1978):

¢ = mgexp (-af* COV). ...(8)

mpg,is the mean of the ratio: (actual element strength)/(nominal element resistance), COV
is the associated coefficient of variation of these ratios, and a is the coefficient of
separation taken to be 0.55 (Ravindra and Galambos, 1978). Considering that a ¢ factor
was initially included in the predicted resistance calculations, the value determined by Eq.
(8) - which can be considered a resistance factor adjustment or ¢,,, - would be greater
than 1.0 if the required safety index of 4.5 was achieved. The ¢, is actually 1.039 for
both the AISC LRFD and CSA specifications, indicating that both provide just adequate
levels of safety when used in conjunction with the effective length recommendations made
herein. It should be noted that ¢, values well below unity result if the total weld length
(a+ b +c+d)is used. The effective length recommendations above should also prove
conservative when applied in Europe, given previous cross-calibrations with Eurocode 3
recommendations for weld design (Frater and Packer, 1992a; 1992b).
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z X2 2000
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FIG. 7. Actual Failure Loads v. Predicted Resistances by CSA (1994) and
AISC LRFD (1993), with Simplified Model for Effective Weld Lengths.

5. CONCLUSIONS

Based on a series of careful laboratory tests on weld-critical, isolated RHS T and
connections, it is recommended that an effective length for the branch member weld
by Egs. (4) and (5) be used in the design of RHS, T, Y and X connections.
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recommendation has recently prompted a revision of the AWS D1.1 specification and is
incorporated in the forthcoming AWS D1.1-96 (AWS, 1996). A speculative
recommendation by Packer and Henderson (1992) also requires revision, as it is still
‘unconservative for connections with 8, < 50°. Another recent pronouncement on this
topic appears in a CIDECT Design Guide (Packer et al., 1992) and is overly conservative

ince it recommends the use of Eq. (5) for all 8, values.
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8. NOTATION

p

g

effective area of fusion in base metal number 1 (A ) or 2 (A,,) = effective leg
length of weld x length of weld;

effective throat area of weld = effective throat thickness of weld x length of weld;
theoretical throat thickness of weld;

external width of RHS member i (i = 0, 1), 90° to plane of truss;

ultimate stress of base metal;

yield stress of member i (i = 0, 1);

external depth of RHS member i (i = 0, 1), in plane of truss;

subscript to denote member of connection; / = 0 designates chord;

i = 1 refers to a branch member for T, Y and X connections;

K, relative length factor for weld around RHS branch according to AWS (1994, 1996);
mg  mean of ratio: (actual element strength)/(nominal element resistance);
t

Vr

E ]

oo

~Inone

thickness of RHS member i (i = 0, 1);
factored resistance of weld;
X, ultimate strength of electrode material;
o separation factor = 0.55;
B width ratio between branch member and chord = b,/b,;
p* safety (reliability) index for LRFD and Limit States Design;
6, angle between branch member 1 and chord;
o, resistance factor used for base and weld metals.




Requirements and Capabilities for Composite Connections in Non-Sway Frames

David A Nethercot'

Abstract

‘Developments aimed at improving understanding of both the achievable levels of moment

pacity, rotational stiffness and rotation capacity for composite connections and the values

‘required from these quantities to achieve economy when using the semi-continuous approach to

fame design are described. In both cases emphasis is on the provision of design expressions that

Nink performance and requirements directly to the main physical parameters of the connections
nd the frame members respectively.

1 INTRODUCTION

past 20 years have seen the development of a substantial body of knowledge on the
iour of composite connections. This has led to a situation in which the role of variations
o the principal items that make up a composite connection in controlling the key measures of
the structural performance of the joint is now generally appreciated. Understanding the
ehaviour of the connection is, of course. not an end in itself; the real need is to be able 1o profit
3 thu improved understanding by developing more realistic approaches to the design of
f e frames. that by recognising the actual contributions of the joints give the designer a
‘competitive edge.

[he opportunity 1o use more advanced design approaches of this type and yet to operate within
the framework of an accepted design code has been provided by the inclusion in EC4 (1) of the
“Semi-Continuous” approach to frame design. This extends the concepts of “Partial Strength”
‘and "Semi-Rigid" Joints that are currently rather more rigorously developed for bare steelwork
‘via Annex J of EC3 (2) to composite construction. At present the approach is limited to non-
y frames, thereby reflecting the fact that almost all testing of composite connections has
ployed non-sway arrangements. Of the few exceptions to this, the most notable example is
> work of Leon (3,4), who has utilised his findings in developing a design approach for
nposite sway frames employing U.S - style details

fessor and Head, Department of Civil Engineering, University of Nottingham, University
k. Nottingham NG7 2RD, U K.
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In frame design the objective must be to'match the levels of performance that are readily
achievable from connections to the requirements of the joints necessary to achieve a competitive
design. Essentially this centres around the need to redistribute high elastic moments from the
beam to column support regions into the mid-span regions of the beams so as to utilise the large
sagging moment capacity of the composite section. This must, of course, be achieved without
exceeding the capability of the joint regions - either in terms of strength or of deformation. Thus
complementary studies of the levels of performance required from connections when operating
in a frame environment are just as important as work to investigate connection behaviour itself.

It is the purpose of this paper to bring together the findings of several recent studies of both
connection behaviour and connection requirements as a way of demonstrating the progress that
has been made towards the development of comprehensive design treatments for semi-continuous
composite frames.

2 CONNECTION PERFORMANCE

Itis now widely accepted that the important measures of connection performance as defined on
Figure 1 are:

M, - Moment Capacity
K - Rotational Stiffness
b, - Rotation Capacity

L o

Figure 1 Simplified M-¢ curve for a composite connection

and that the most comprehensive representation of connection performance is its complete M-¢
curve shown as Figure 2. Compared with the equivalent bare steel detail, composite action
generally increases M, and K but because it changes the eventual mode of failure it normally
significantly reduces ¢, Indeed, re-examination of the vast body of test data on steel joints
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shows that in a large number of cases actual failure - in the sense of reaching a peak on the M-¢
curve - did not occur, the test being stopped once very large deformations had been achieved
and/or the available rotation provided by the particular testing arrangement had been exhausted.

Figure 2 Most general form of moment - rotation characteristic

All available composite connection test data, amounting to some 150 test histories, have been
included in a database linked to a spreadsheet calculation facility (5) that permits the verification
of design approaches. Methods are now available (5) for predicting both M, and ¢, - the two
properties whose values influence the ultimate load carrying capacity of the semi-continuous
frame through their effect on the achievable final pattern of moments. The availability of these
design models has, in turn, permitted the study of practically achievable levels of connection
performance.

3 REQUIREMENTS

Compared with the extensive studies of connection performance referred to in the previous
section, very little work had, until quite recently, been undertaken to study the relationship
between frame properties e.g. support and span moment capacities, hogging and sagging beam
stiffnesses, span lengths, patten of moments etc., the percentage of moment redistribution
necessary to achieve the desired final moment distribution and the support rotations needed to
achieve this. Starting with the separate consideration of elastic and plastic behaviour illustrated
in Figure 3 recent theoretical work at Nottingham (6,7) now permits the determination of the
required support rotation 8, for several different arrangements, linking this directly to the final
level of design moments selected within the span. Exploratory calculations have been used to
investigate the sensitivity of these rotations to the various problem parameters; from these the
key quantities have been identified as:

M'/M, - ratio of support i.e. connection, moment to span design moment.
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Ry = (Mg - M)/ (M- M) - relative moment ratio
in which My = span design moment
M = span yield moment
W, L- span plastic moment, calculated using the stress block approach

R,, implicitly includes the ratio My/M,, the chosen level of span design moment.

(b} loads and moment diagram

total required rotanons

/
ﬂ,/ |
E‘-u
8,
L Lm |
™ = quas-plastic nge
(c) total deformanon and towl required rotagon
clashe requred ro@nons
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H"i .l T
(d) elasuc def and elasoc requured rolanon
phlﬁlwmrdm
. &
eﬂ
I - _! quas plastic hinge

(e) quasi-plastc rotation at rradspan and plasne required rotation

Figure 3 Subdivision of required rotation

Further work has permitted the "inversion” of these findings so that explicit formulae have been
provided to give not just required rotations in terms of beam properties but, more usefully, the
available percentage of moment redistribution (or the final value of M'/M,) for selected values
of 8,and M,. Thus starting from an appreciation of reasonable levels of connection performance
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= M' and 6, - the designer can work directly with the final moment diagram. Alternatively, by

ensuring that certain limits are observed. rather like the restrictions on cross-sectional geometry

to give a “class] section” when using plastic design, a quasi-plastic approach (8) that parallels
the mechanism method of simple plastic theory may be adopted.

4 CAPABILITIES

- Based on behaviour observed in the tests (5). including the 11 different, possible failure modes
~ listed in Table 1, design models for M, K and ¢, have been established. In the case of M, and
$, a consistent approach using the stress block concept and assuming:

i no tensile contribution from cracked concrete
il all reinforcement at yield (but neglecting strain hardening)
iii a uniformly distributed compressive force

has been employed.

| Test terminated due to excessive joint deformation
Excessive deformation of column flange
Buckling of beam flange
{ Shear connector failure
Anchorage failure of reinforcement
Failure of slab in shear
Fracture of slab reinforcement
Local buckling of column web
Finplate twisting
Bolt failure

Table | Failure Modes Observed in Tests

Using basic concepts of mechanics, the pattern of force transfer through each component in a
composite connection may be constructed: Figure 4 illustrates the concept for an endplate for
which the neutral axis (of the connection) falls between the level of the first and second bolt
rows. Each of the component resistances - suitably linked to the possible modes of failure - may
be expressed in terms of an appropriate formula, the neutral axis located, the lever amm
determined and hence the moment capacity calculated.

Full procedures have been worked out within the context of the Procedure Guides and
Engineering Bases approaches of the EUREKA CIMsteel project for the 4 cases:

endplates

fin plates

web cleats

web cleats plus seating cleat
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Figure 4 Model for determination of moment capacity;
neutral axis below first row of bolts

Validation was by direct comparison with test data and Table 2 shows the findings to be
generally on the safe side. More recently the approach has been extended 1o take account of
unbalanced moment loading (9,10 ).

Connection types Number of tests Standard Deviation Coefficient of M_J’Mp_
checked (SD) Variation (x)
Flush endplate 30 0.17 14% 1.18
3 0.04 4% 1.10
(top position)
Partial depth
endplate 3 0.04 4% L
(middle position)
7 0.08 8% 1.03
(bottom position)
Cleated 7 0.09 7% 1.25
Finplate 4 0.08 7% 1.26
Total 59 0.08 71.3% 1.16
-2

Table 2 Summary of Comparisons for Prediction of Moment Capacity

A compatible method for calculating the available rotation capacity ¢, has also been devised (5).
Starting from the same determination of the location of the neutral axis, the elongation of the
reinforcement together with any slip of the shear studs is calculated. Based on records of
reinforcement strains from tests the assumption has been made that the region up to the second
set of shear studs will be yielded. The model is illustrated in Figure 5. Validation has again been
by direct comparison against test data and the results are summarised in Table 3. When studying
this it should be borne in mind that the method is effectively attempting to predict the extent of
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plateau region on the M- ¢ curve of Figure 2, an inherently more difficult task than to predict
the peak of this curve i.e. M, Itis also the case that the designer is interested in the question of
kequate rotation capacity - not in using the precise value,

Availability of these design models permits the effect of changing certain key parameters in the
ponnection to be readily studied. As an example, Figure 6 shows the influence on M, of varying
the percentage of slab reinforcement for a full depth endplate arrangement. For the 120mm deep
b 1.7% is required to develop a connection capacity equal to the hogging moment capacity of
beam, a figure that increases to 2.1% for a slab depth of 10