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FOREWORD

"Is Your Structure Suitably Braced?"

A day and a half conference concerned with the bracing requirements for metal
structures was held in Milwaukee, Wisconsin on April 6 and 7. This conference was
an expansion of the half day theme session that has been a traditional part of the Annual
Technical Session of the Structural Stability Research Council. The conference was
conceived as a method of bringing the concerns, research and design information on the
difficult topic of bracing design for metal structures to a wider professional audience
than normally attends SSRC meetings. In this respect the conference was a great
success.

There were over 170 persons who attended the conference, representing ten
different countries. A large group of attendees were practitioners from Wisconsin and
Northern Illinois. These were the type of engineers that the conference was intended
to attract. They certainly received some good information on considerations in the
design of bracing for metal structures.

The twenty papers in these Proceedings were presented in five sessions: two
dealing with beams and the others with columns, building systems and frames. Special
recognition is deserving to the keynote speakers for these sessions: Joe Yura, Ted
Galambos, Russ Bridge, Dick Kaehler and Bill Baker. The knowledge of this
impressive group of experts was put to test in the final session of the conference where
practical questions from the audience were presented to them in a panel discussion,
which is also summarized in these proceedings. Recognition and thanks is also due to
the other contributing authors and co-authors for their efforts in preparing papers and
making presentations at the conference.

At noon on Wednesday there was a conference luncheon. The speaker at the
luncheon was Mike Tylk, a consultant from the Chicago area, who presented some
thought-provoking situations in an entertaining manner under the title, "The Dreaded
Friday Afternoon Phone Call". This presentation also appears in the Proceedings.
Thanks, Mike, for your time and effort.

The SSRC was assisted in this conference by four co-sponsors:

American Institute of Steel Construction
American Iron & Steel Institute
Metal Building Manufacturers Association
National Center for Earthquake Engineering Research



A special note of thanks is due to five local sponsors who contributed financially to
support the conference:

CH2M Hill
Computerized Structural Design
Graef Anhalt Schloemer Associates
Howard Needles Tammen & Bergendoff
Society of Iron & Steel Fabricators of Wisconsin

The person who deserves the most recognition for this conference is Jerry
Iffland, Chairman of the SSRC Finance Committee and President of Iffland Kavanagh
Waterbury, P.C. in New York City. The whole concept of condensing the traditional
SSRC meeting and expanding the theme session to a full conference was Jerry’s. He
also had the idea for the eye catching publicity brochure and his firm put forth the
energy and expense in a large mailing. He was aiso the person who initially suggested
Milwaukee as the meeting site. Thanks!

There were many people involved behind the scenes both before and during the
conference to make it a successful event. I thank the active participants on the planning
committee: Clarence Miller and Ramulu Vinnakota from the SSRC, Nestor Iwankiw
of AISC, Gill Harris and Don Johnson from MBMA. The SSRC staff put forth
considerable extra effort in planning and arranging for this conference, in addition to
the requirements for the preceding SSRC meeting. For this we recognize: Lynn
Beedle, Director; Jim Ricles, Associate Director; Lesleigh Federinic, Administrative
Secretary; and Diana Walsh, Secretarial Assistant. Also, thanks to the students from
Marquette University and the University of Wisconsin-Milwaukee for their efficient
assistance during the conference.

Hopefully these Proceedings will become an important part of structural
engineering literature. They contain some excellent information on the design of
bracing systems for a variety of structural applications. Careful reading will also reveal
alternate ways of considering a topic and some areas of controversy or question. These
will undoubtedly become future topics of consideration by the Structural Stability
Research Council.

O R Fln s

Donald R. Sherman
Chairman

Milwaukee, Wisconsin
April, 1993
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THE DREAED FRIDAY AFTERNOON PHONE CALL

MICHAEL J. TYLK
TYLK, GISTAFSON AND ASSOCIATES, INC.

The dreaded Friday afternoon phone call usually goes
something like this "Mike, we’ve got a problem.” Now
these calls usually do not occur on Monday mornings or on
Wednesdays or as a matter of course when any other
engineers are inthe office. No, they usually occur when
you are alone inthe office late on a Friday afternoon
when every one else has gone home.

Leslie Robertson got a dreaded Friday afternoon phone
call a few weeks ago. ‘Leslie, we have a problem over
here at the World Trade Center, how soon can you be
here?"

I'm going to talk today about three dreaded Friday
afternoon phone calls which all happened to me on
Fridays.

The first dreaded Friday afternoon phone call came in the
winter of 1979, I had been in business by myself for
about three years and had designed a typical strip
shopping center which had opened in October of that year.
It had been snowing all day. Matter of fact, it had been
snowing since late the night before. There was at least
18 inches of new snow on the ground and there had been 6
to 8 inches on the ground before this storm had started.
Dave (not his real name) the architect for the project
had called me to say "Mike, your roof is collapsing" I
replied what do you mean, my roof is collapsing.

You will notice that when there is a problem, the
pronouns get changed. Not, "the roof* or "my roof* or
even "our roof", but "your roof". Dave went on to say
that "my welds were failing on my bar joists" and "How
Soon can you get there". My heart was in my throat as
You can imagine. I told him I would leave right away and
be there as soon as I could.

Now at this time I'd like to fill you in on two other
phone calls that 1 had gotten from Dave earlier in the
day. The first one was late morning, "Mike, Joe the
building manager out at the Commons is concerned about
the amount of snow on the roof and wants to know if it is
Okay to put a 2500 pound bobcat up there to push the snow
off". I replied "is he nuts?" "the roof might hold it,
but it will tear up the built up tar and gravel roof.
"NO" I told him, "No bobcat, the roof was designed to
meet the building code and it would be okay. Secretly,
I wished that I had selected one bar joist size larger,
but I eluded nothing but confidence that the roof was
okay .
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The second call from Dave that day came just after lunch.
Joe wasn'’t happy about leaving the snow alone on the roof
when Dave called him back to tell him "No bobcat®" So
Dave suggested that. they get a snow blower up there and
blow the snow off. He was real proud of himself, he had
told Joe that if he started in the middle of the roof he
could blow the snow both ways to the edge and eventually
off. He was calling me to confirm what he had told Joe.
*Dave" I said, "the roof is 100 feet by 700 feet, we have
three 33’-4 bays in the 100 foot direction, if you start
in the middle you’d be lucky to blow the snow 15 to 20
feet and eventually you will have twice as much snow in
the outside bays. Then it may collapse." I again re-
emphasized that the roof design was adequate and not to
worry. Then later I got that dreaded Friday afternoon
phone call. So with my heart in my throat I left for the
building. Because of the weather it took me about an
hour and a half to get there and all along the way I went
over the design of the building in my head. Did I make
a mistake? Would this end my career? I relaxed a little
bit when I turned the corner and first saw the building.
It was still standing. I headed over to the area where
there was a crowd of people. I identified myself and
went inside the building and this is what I found.

The roof construction was typical bar joists with
horizontal bridging bearing on rolled steel beams or
girders. However at this location a concrete block wall
had been built separating a maintenance area from a
beauty shop. The wall had been built tight to the roof
deck and the bridging angles were mortared in tight. In
the maintenance area a sprinkler pipe had been installed
between the joist and the wall. In order to get the pipe
in, the sprinkler fitter had cut the lower bridging angle
and later welded it back. Now with two feet of snow on
the roof, the bar joist were deflecting as can be
expected. However the concrete block wall prevented the
closest bar joist and the bridging angles to deflect and
eventually the weld where the sprinkler fitter had
replaced the bridging angle snapped.

Evidently the noise was like a rifle shot with a
subsequent thud. The ladies in the beauty shop on the
other side of the wall were alarmed and called the
maintenance man who found the broken weld and called the
owner, who in turn called the architect, who then called
me. This was somewhat like the game you play at parties
where you whisper something into a persons ear at one end
of a line and they in turn repeat it to the next person
and so on. By the time it gets to the end of the line it
doesn’t resemble anything like what you told the first
person. One broken weld on a bridging angle turned into
the welds breaking and the roof collapsing.
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I instructed them to cut holes around the bridging angles
in the wall to allow for deflection and weld the bridging
angle back together. The hole in the wall around the
bridging angle also had to be stuffed with fireproofing
material.

I spent the next hour walking around inside and outside
of the building to check if everything else was okay. It
was. 1 was very tempted to chastise the owner and
architect for putting me through some anxious moments.
The hour and a half drive to the building was the worst.
However I bit my tongue, smiled, shook hands and left.

The second dreaded Friday afternoon phone call came in
October of 1981. George Wright, my late partner, was in
the hospital having had a mild heart attack. George had
been working on an erection procedure for a bridge over
the Chicago Sanitary and Ship Canal. Our client, a steel
erector called late on a Friday afternoon and said “Mike,
first thing in the morning I am going to drive my
Manitowoc 3900 on to a barge and I wonder if I'm going
to tip it over.*

It sounded like a simple problem of statics. Just like
a footing with an eccentric load. Is the resultant in or
out of the Kern? I asked the client for the weights and
sizes of the crane and barge and told him I’'d call him
back in a little while. I then started to work out my
little statics problem.

All of a sudden I realized that I didn’t know what I was
doing. A Masters Degree in Architectural Engineering
from the University of Illincis, ten years at Skidmore,
Owings and Merrill and five years in business for myself
and suddenly here was a problem that I had never
encountered before. The worse part of it was that it
sounded like such a simple problem that I told the client
that I'd call him back in a little while. Trying not to
think of what might happen, I started searching through
our library looking for a text book that could help me
and solve this simple little problem. After striking out
with Gaylord & Gaylor, Roark, Timosheko, and Seely &
Smith, I tried Peck Hanson and Thornburn, Wayne Téng and
Terzaghi and Peck. Nothing. Now these books had never
failed me before. By the time I set down the last Hool
and Kinne book we had in the office I was in a definite
panic. I was about to lose one of my partners best
clients.




Then I realized that George must have solved this problem
dozens of times, having been with American Bridge for 15
years. I then went to what he referred to as his bible,
American Bridges' "Construction Engineering Handbook"* and
under the section "Major Equipment" found a section
called "Boats and Barges"“, and some sample problems
under the heading of "List of Floating Craft*. I was
home free, I got out my calculator and worked the sample
problems and then worked out my problem.

It would work, the barge was heavy enough that the crane
could drive on to the end of it with out it tipping over.
So I called our client back apologizing that a "little
while" had taken two and a half hours. After I told him
that the crane would not tip over the barge when he drove
it on the next morning, he replied “good but just in case
I am going to lash the tug boat to the other end of the
barge." I didn’t know he had a tug boat!

The last dreaded Friday afternoon phone call that I am
going to talk about today came in June of 1991. A three
story condominium building with parking in the basement
was located approximately one mile from our office. We
had done some minor consulting work on other buildings in
the area and knew the local real estate agent and a local

maintenance contractor real well. The maintenance
contractor had been called by a woman tenant on the third
floor of the building. "One of my doors doesn’t close

anymore' was her complaint. So Joel, the maintenance
contractor, sent over one of his guys who planed down the
bottom of the door. Two weeks later the tenant called
Joel back to complain again that her door didn’t close
anymore. This time Joel himself went back and planed the
door down again. Now one week later she called again
“Her door didn’t close". Now Joel thought that the first
time maybe his guy didn’t do a good job, but the second
time he knew he had done it right himself so he called
the real estate agent who managed the building for the
Condominium Association. Joel told Jack the Real Estate
agent that there was something seriously wrong and
recommended that we be called in to investigate. Jack
called us. I had left for home already, but Ed Rahe, one
of our Associate Partners had made the mistake of being
the last one to leave the office. He got the dreaded
Friday afternoon phone call. After being there only a
few minutes, Ed called one of our other Associate
Partners, George Marrs, who lived nearby and explained
the problem. George replied “call some ironworkers" and
“tell them to bring some steel columns and steel plates."



This is what they found; A steel pipe column in the
parking garage in the basement was leaning approximately
S* in its 8 foot height. There was severe buckling of
the column near the floor. The W16 beam it was
supporting had deformed into a parallelogram having been
welded on the top to weld plates in the precast slab it
was supporting.

A decision was quickly reached to evacuate the building
until temporary repairs could be made. The ironworkers
arrived and using some W6 columns and 3/4 inch steel
plates installed a temporary fix. One W6 column was
placed on each side of the pipe column and 3/4 inch steel
plates were welded into the web of the W16 beam. This
work was completed by 3 o’clock Saturday morning and by
Saturday afterndon, after we determined that the building
was not going to collapse, the tenants were allowed back
into the building.

And now as Paul Harvey would say, "This is the rest of
the story"

The building was only about 12 years old. The steel pipe
columns had spray on fireproofing on them, and a light
gage metal cover surrounded the fireproofing. The sheet
metal cover kept the fireproofing from being knocked off
by tenants brushing past them after parking their cars.
Also the basement flooded periodically. Not a lot of
water, six to eight inches at the most. But the
fireproofing acted like a wick and the cover prevented it
from drying out. This combined with the road salts
coming off the cars had caused the column to severely
corrode. Within 12 years the loss of section was in some
places in excess of 3/16 of an inch, and the column which
only had a wall thickness of .28 inches started to
collapse upon itself. On this particular column the loss
of section was not symmetrical and thus the column
leaned. But on others we found the column uniformly
collapsed like an accordion until there was enough
resistance to hold the load.

After the temporary £ix, we inspected the entire
building. Some colurns had compressed up to 2 inches.
We then designed a shoring system that allowed us to
remove all of the distressed columns and beams, jack the
building back up, and replace all of the steel beams and
columns. For replacement we used double extra strong
columns which have a wall thickness of .864 inches.

The lesson learned is leave early on Friday afternoons,
and let some one else get the dreaded Friday afternoon
phone call.
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FUNDAMENTALS OF BEAM BRACING

Joseph A. Yura
University of Texas at Austin

Introduction

The purpose of this paper is to provide a fairly comprehensive view of the subject of beam
stability bracing. Factors that affect bracing requirements will be discussed and design methods proposed
which are illustrated by design examples. The design examples emphasize simplicity. Before going into
specific topics related to beam bracing, some important concepts developed for column bracing by Winter
(1960) will be presented because these concepts will be extended to beams later.

For a perfectly straight column with a
midheight brace stiffness 8, the relationship R —
between P, and B; is shown in Fig. 1 full” bracing ?
(Timoshenko, 1961). The column buckles
between brace points at full or ideal bracing; in P v P
this case the ideal brace stiffness §; = 2 B,/ L, . [
where P, = 7 EUL,2. Any brace with a
stiffness up to the ideal value will significantly
increase the column buckling load. Winter
(1960) showed that effective braces require not
only adequate stiffness but also sufficient L
strength. The strength requirement is directly 0 2 By ly / P
related to the magnitude of the initial out-of- e
straightness of the member to be braced.

Fig. 1 Effect of Brace Stiffness

For a column with an initial out-of-
straightness (half sine curve) with a displacement A, at midheight and a midheight brace stiffness equal
to the ideal value, the heavy solid line in Fig. 2(a) shows the relationship between Ap and P. For P =
0, Ap= A, When P increases and approaches the buckling load, 7> EI/L,?, the total deflection Ay
becomes very large. For example, when the applied load is within 5% of the buckling load, Ap= 20A,.
If a brace stiffness twice the vaiue of the ideal stiffness is used, much smaller deflections occur. When
the load just reaches the buckling load, the Ar= 24,. For By = 3f;and P = P,, Ar= 1.54,. The
brace force, Fy. , is equal to (Ap - A, )By, and is directly related to the magnitude of the initial
imperfection. If a member is fairly straight, the brace force will be small. Conversely, members with
large initial out-of-straightness will require larger braces. If the brace stiffness is equal to the ideal value,
then the brace force gets very large as the buckling load is approached because Ay gets very large as

o
7
;! [l—2
BNy
{
i B= 8
!
;
i
)
A, =0.002L,
Ag=0002L, 4, oswe,
% 2 T w2 % % % % @
£ (%of P)
{a) a1/4, (6) o

Fig. 2 Braced Column with Initial Out-of-Straightness
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shown in Fig. 2(a). For example, at P = 0.95P,.and A,= L,/ 500, the brace force is 7.6% of P, which
is off the scale of the graph. Theoretically the brace force will be infinity when the buckling load is
reached if the ideal brace stiffness is used. Thus, a brace system will not be satisfactory if the theoretical
ideal stiffness is provided because the brace forc too large. If the brace stiffness is overdesigned,
as represented by the 8; = 26; and 38; curves in Fig. 2(b), then the brace forces will be more reason-
able. For a brace stiffness twice the ideal value and a A,= L, / 500, the brace force is only 0.8%P, at
P = P,, not infinity as in the ideal brace stiffness case. For a brace stiffness ten times the ideal value,
the brace force will reduce even further to 0.44%. The brace force cannot be less than 0.004P corres-
ponding to A = 0 (an infinitely stiff brace) for A= L / 500. For columns Yura (1971) showed that
the brace force could conservatively be taken as 0.008 of the column load. This force is based on a brace
stiffness at least twice the ideal value and an initial out-of-straightness of Ly / 500.

Published bracing requirements for beams usually only consider the effect of brace stiffness
because perfectly straight beams are considered. Such solutions should not be used directly in design.
Similarly, design rules based on strength considerations only, such as 2 2% rule, can result in inadequate
bracing systems. Both strength and stiffness of the brace system must be checked.

Beam Bracing Systems LATE] RACING

L Beam "b" has lower load so it can
Beam bracing is a much more com- ﬁ brace the tap flange of girder "a".
plicated topic compared to column bracing.

This is due mainly to the fact that most a b
column buckling involves primarily bending
whereas beam buckling involves both flexure
and torsion. An effective beam brace resists -
twist of the cross section. In general bracing Girder
may be divided into two main categories,  PLANVIEW
lateral and torsional bracing as illustrated in m

Fig. 3. Lateral bracing restrains lateral dis- Metai Deck Forms
placement as its name implies. The effective-

ness of a lateral brace is related to the degree

that twist of the cross section is restrained, TQRSIONAL BRACING
For a simply. supported beam subjected to

- buckled shape -weak framing

Sl

Top Flange Framing

buckled shape - strong framing

Through
Girders

Cross

uniform moment, the center of twist is located "7 Frames

at a point outside the tension flange; the top 5

flange moves laterally much more than the = X

bottom flange. Therefore, a lateral brace

restricts twist best when it is located at the PLAN VIEW floor beam

top flange. Lateral bracing attached at the /Dec"ing

bottom flange of a simply supported beam is

almost totally ineffective. A torsional brace p - S

can be differentiated from a lateral brace in 4 " I Buckled Shape
that twist of the cross section is restrained

directly, as in the case of twin beams with a SECTA-A
cross frame or diaphragm  between the
members. The cross frame location, while
able to displace laterally, is still considered a
brace point because twist is prevented. Some systems such as concrete slabs can act both as lateral and
torsional braces. Bracing that controls both lateral movement and twist is more effective than lateral or
torsional braces acting alone (Tong and Chen, 1988; Yura, 1992). However, since bracing requirements
are so minimal, it is more practical to develop separate design recommendations for these two types of
systems.

Fig. 3 Types of Beam Bracing

Lateral bracing can be divided into four categories: relative, discrete, continuous and lean-on.
A relative brace system controls the relative lateral movement between two points along the span of the



13

1 2 3 <—ten. fig. restraint

i - “A Is best

all : - -
: i a) brace location A )

bl relative “~ center of twist

1 1 brace <A
i : : ) centroid brace
I : A relatively ineffective
; 1 top flange <A i
1 of girder b) top flange loading center of twist
: brace_, 1A ¢~ brace location
ﬁ C§3 Q comp. fig. can
b b <A move lateraily
| ] ¢) cross section distortion sact A-A
Fig. 4 Relative Bracing Fig. 5 Factors That Affect Brace Effectiveness

girder. The top flange horizontal truss system shown in Fig. 4 is an example of a relative brace system.
The system relies on the fact that if the girders buckle laterally, poinis a and b would move different
amounts. Since the diagonal brace prevents points a and b from moving different amounts, lateral
buckling cannot occur except between the brace points. Typically, if a perpendicular cut anywhere along
the span length passes through one of the bracing members, the brace system is a relative type. Discrete
systems can be represented by individual lateral springs along the span length. Temporary guy cables
attached to the top flange of a girder during erection would be a discrete bracing system. A lean-on
system relies on the Jateral buckling strength of lightly loaded adjacent girders to laterally support a more
heavily loaded girder when all the girders are horizontally tied together. In a lean-on system all girders
must buckle simultaneousty. In continuous bracing systems, there is no "unbraced” length. In this paper
only relative and discrete systems that provide fuli bracing will be considered. Design recommendations
for lean-on systems and continuous lateral bracing are given elsewhere (Yura, 1992,1993). Torsional
brace systems can be discrete or continuous as shown in Fig. 3. Both types are considered herein.

Sorte of the factors that affect brace design are shown in Fig. 5. A lateral brace should be
attached where it best offsets the twist. For a cantilever beam in (a), the best location is the top tension
flange , not the compression flange. Top flange loading reduces the effectiveness of a top flange brace
because such loading causes the center of twist to shift toward the top flange as shown'in (b). Larger
lateral braces are required for top flange loading. If cross members provide bracing above the top flange,
case (c),the compression flange can still deflect laterally if cross-section is not prevented by stiffeners.
In the following sections the effect of loading conditions, load location. brace location and cross-section
distortion on brace requir will be pr d. Allthe cases considered were solved using the elastic
finite element program BASP (Akay, 1977; Choo, 1987) which considers local and lateral-torsional
buckling including cross-section distortion. The BASP program will handle many types of restraints
including lateral and torsional braces at any node point along the span along with transverse and
longitudinal stiffeners. The solutions and the design recommendations presented are consistent with the
work of others: Kirby and Nethercot (1979), Linder and Schmidt (1982), Medland (1980), Milner (1977),
Nakamura (1981, 1988), Nethercot (1989), Taylor and Ojalvo (1966), Tong and Chen (1988), Trahair
and Nethercot (1982), Wakabayashi (1983), and Wang and Nethercot (1989).

Lateral Bracing of Beams

Behavior. The uniform moment condition is the basic case for lateral buckling of beams. If a
lateral brace is placed at the midspan of such a beam, the effect of different brace sizes (stiffness) is
illustrated by the BASP solutions for a W16x26 section 20 ft long in Fig. 6. For a brace attached to the
top (compression) flange, the beam buckling capacity initially increases almost linearly as the brace
stiffness increases. If the brace stiffness is less than 1.6 k/in., the beam buckles in a shape resembling
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a half sine curve. Even though there is
lateral movement at the brace point, the load
increase can be more than three times the
unbraced case. The ideal brace stiffness
required to force the beam to buckle between
lateral supports is 1.6 k/in. in this example.
Any brace stiffness greater than this value
does not increase the beam buckling capacity
and the buckled shape is a full sine curve.

Top Flange Brace
/iy

When the brace is attached at the top flange, | 8 }“midsgpan brace
there is no cross section distortion. No 90 2 ) 12 16
stiffener is required at the brace point. LATERAL BRACE STIFFNESS ( k/in }

A lateral brace placed at the centroid Fig. 6 Effect of Lateral Brace Location

of the cross section requires an ideal stiffness
of 11.4 k/in. if a 4 x 1/4 stiffener is attached
at midspan and 53.7 k/in. (off scale) if no 5

stiffener is used. Substantially more bracing ey, ‘I}op Flange Brace '
is required for the no stiffener case because of 4 1
web distortion at the brace point. The “ Brace at Centroig 0821 Prace

centroid bracing system is less efficient than

R 3

the top flange brace because the centroid pﬂ
brace force causes the cemter of twist to nobr, P at centroid
move above the bottom flange and closer to ’H_,g
the brace point which is undesirable for 1 .ﬂzséa_e_..
lateral bracing. ~midspan brace

0

0 30 60 80 120 150

For the case of a beam with a
concentrated centroid load at midspan, shown
in Fig. 7, the moment varies along the length. . . .
The ideal centroid brace (110 k/in.) is 44 Fig. 7 Midspan Load at Centroid
times larger than the ideal top flange brace
(2.5 k/in.). For both brace locations cross

LATERAL BRACE STIFFNESS (¥k/in)

section distortion had a minor effect (<3%). 50 {oad at Centroid
The maximum beam moment at midspan
when the beam buckles between the braces is £ 40 /]:[[M
1.80 times greater than the uniform moment ( kips ) ¢P
case which is close to the C, factor = 1.75 30 SWiemE D
given in specifications (AISC, AASHTQ). 20—
This higher buckling moment is the main 20 T‘? Flange Load midspan brace
reason why the ideal top flange brace -
requirement is 1.56 times greater (2.49 vs. 0= \[[[«
1.6 k/in.) than the uniform moment case. o
. (] 4 8 12 16 20
Figure 8 shows the effects of load and LATERAL BRACE STIFFNESS ( in)

brace position on the buckling strength of
laterally braced beams. If the load is at the
top flange, the effectiveness of a top flange
brace is greatly reduced. For example, for a
brace stiffness of 2.5 k/in., the beam would buckle between the ends and the midspan brace at a centroid
load close to 50 kips. If the load is at the top flange, the beam will buckle at a load of 28 kips. For top
flange loading, the ideal top flange brace would have to be increased to 6.2 k/in. to force buckling
between the braces. The load position effect must be considered in the brace design requirements. This
effect is even more important if the lateral brace is attached at the centroid. The results shown in Fig.
8 indicate that a centroid brace is almost totally ineffective for top flange loading. This is not due to

Fig. 8 Effect of Load and Brace Position
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cross section distortion since a stiffener was used at the brace point. The top flange loading causes the
center of twist at buckling to shift to a position close to mid-depth for most practical unbraced lengths,
as shown in Fig. 5. Since there is virtually no lateral displacement near the centroid for top flange
loading, a lateral brace at the centroid will not brace the beam. Because of cross-section distortion and
top flange loading effects, lateral braces at the centroid are not recommended. Lateral braces must be
placed near the top flange of simply supported and overhanging spans, Design recommendations will
be developed only for the top flange laterai bracing situation. Torsional bracing near the centroid or even
the bottom flange can be effective as discussed later.

The load position effect di d above |
assumes that the load remains vertical during
buckling and passes through the plane of the web.
In the laboratory, a top flange loading condition
is achieved by loading through a knife edge at the
middle of the flange. In structures the load is
applied to the beams through secondary members
or the slab itself. Loading through the deck can  Pestoring Torque Cross Section Distortion
provide a beneficial "tipping” effect illustrated in (a) (b)
Fig. 9. As the beam tries to buckle, the contact
point shifts from mid-flange to the flange tip
resulting in a restoring torque which increases the
buckling capacity. Unfortunately, cross- section distortion severely limits the beneficial effects of tipping.
Linder (1982, in German) has developed a solution for the tipping effect which considers the flange-web
distortion. The test data (Linder,1982; Raju, 1992)indicates that a cross member merely resting (not
positively attached) on the top flange can significantly increase the lateral buckling capacity. The tipping
solution is sensitive to the initial shape of the cross section and location of the load point on the flange.
Because of these difficulties, it is recc ded that the tipping effect not be considered in design.

When a beam is bent in 4000 A
double curvature the compression flange W I:i

switches from the top flange to the bottom \
T,
/B

Fig. 9 Tipping Effect

flange at the inflection point. Beams with
compression in both the top and bottom (jrk)
flanges along the span have more severe 2
bracing requirements than beams with

compression on just one side as illustrated by 1000 /

the comparison of the cases given in Fig. 10. 16x26 -

The solid lines are BASP solutions for a 20 ft “midspan fig.brace
long W16x26 beam subjected to equal but % 5 10 15 20 35

opposite end moments and with lateral
bracing at the midspan inflection point. For
no bracing the buckling moment is 1350 in-k.
A brace attached to one flange is ineffective
for reverse curvature because twist at midspan is not prevented. If lateral bracing is attached to both
flanges, the buckling moment increases nonlinearly as the brace stiffness increases to 24 k/in, the ideal
value shown by the black dot. Greater brace stiffness has no effect because buckling occurs between the
brace points. The ideal brace stiffness for a beam with a concentrated midspan load is 2.6 k/in at M_,
= 2920 in-k as shown by the dashed lines. For the two load cases the moment diagrams between brace
points are similar, maximum moment at one end and zero moment at the other end. In designa C, =
1.75 is used for these cases which corresponds to an expected maximum moment of 2810 in-k. The
double curvature case reached a maximum moment 25% higher because of warping restraint at midspan
provided by the adjacent tension flange. In the concentrated load case no such restraint is available since
the compression flanges of both unbraced segments are adjacent to each other. On the other hand, the
brace stiffness at each flange must be 9.2 times the ideal value of the concentrated load case to achieve
the 25 % increase. Since warping restraint is usually ignored in design M, = 2810 in-k is the maximum

BRACE STIFFNESS ( kin)

Fig. 10 Beams with Inflection Points
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design moment. At this moment level the double curvature case requires a brace stiffness of 5.6 k/in
which is about twice that required for the concentrated load case. The results in Fig. 10 show that not
only is it incorrect to assume that an inflection point is a brace point but also that bracing requirements
for beams with inflection points are greater than cases of single curvature, For other cases of double
curvature such as uniformly loaded beams with end restraint (moments), the observations are similar.

Up to this point only beams with a 1600 t;hzo/?\ ]
single midspan iateral brace have been sy e
discussed. The bracing effect of a beam with =
multiple braces is shown in Fig. 11. The m '2%
response of a beam with three equally spaced  (inck )
braces is shown by the solid line. When the 80
lateral brace stiffness, 8y, is less than 0.14 .
k/in., the beam will buckle in a single wave, 400 (”:_VWQ)QS B My
In this region a small ircrease in brace
stiffness greatly increases the buckling load. 0 3braces 10
For 0.14 < B; < 1.14, the buckled shape 0 1 2 3 4
switches to two waves and the relative BRACE STIFFNESS @ EACH LOCATION (K/in)
effectiveness of the lateral brace is reduced.
For 1.4 < B < 2.75, the bucked shape is Fig. 11 Muitiple Lateral Bracing

three waves. The ideal brace stiffness is 2.75

k/in. at which the unbraced length can be considered 10 ft. For the 20 ft span with a single brace at
midspan discussed previously which is shown by the dashed line , a brace stiffness of only 1.6 k/in. was
required to reduce the unbraced length to 10 ft. Thus the number of lateral braces along the span affects
the brace requirements. A similar behavior has been derived for columns (Timoshenko and Gere, 1961)
where changing from one brace to three braces required an increase in ideal column brace stiffness of
1.71, which is the same as that shown in Fig. 9 for beams, 2.75/1.6 = 1.72.

Yura and Phillips (1992) report the
resuits of a test program on the lateral and
torsional bracing of beams for comparison
with the theoretical studies presented above.
Some typical test results show good
correlation with the BASP theory in Fig. 12.

TEST___ 8
_ %
\ “— BASP

7
6
5
4

BUCKLING LOAD (kips)

Since the theoretical results were found to be 3] Top Flange Load
reliable, significant variables from the theory

were included in the development of the

design recommendations given in the 1 o W12x14 - 24 ft.
following section. In summary, moment 0

gradient, brace location, load location, brace 0 0.5 1 15 2 25
stiffness and number of braces affect the LATERAL BRACE STIFFNESS (k/in)
buckling strength of laterally braced beams.

The effect of cross section distortion can be Fig. 12 Lateral Bracing Tests

effectively eliminated by placing the lateral
brace near the top flange.

Lateral Brace Design. In the previous section it was shown that the buckling load increases as
the brace stiffness increases until full bracing causes the beam to buckle between braces. In many
instances the relationship between bracing stiffness and buckling load is nonlinear as evidenced by the
response shown in Fig. 11 for multiple braces. A general design equation has been developed for braced
beams which is gives good correlation with exact solutions for the entire range of zero bracing to full
bracing (Yura, 1992b). That braced beam eguation is applicable to both continuous and discrete bracing
systems, but it is fairly complicated. In most design situations full bracing is assumed or desired, that
is, buckling between the brace points is assumed . For full bracing a simpler design alternative based
on Winter’s approach was developed (Yura, 1992b) and is presented below.
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For elastic beams under uniform moment the Winter ideal .
lateral brace stiffness required to force buckling between the braces Table 1. Brace Coefftcient

is B; = #P; I L, where Py = o2 El,, / L%, I _ is the out-of-plane

moment of inertia of the compression flange which is I,/2 for doubly Number Brace
symmetric cross sections, and # is a coefficient depending on the of Braces Coef.
number of braces n within the span, as given in Table 1(Winter, 1 2
1960) or approximated by # = 4 - (2/n). The C, factor given in > 3
design specifications for nonuniform moment diagrams can be used to 3 341
estimate the increased brace requirements for other loading cases. For 3 3.63
example, for a simply supported beam with a load and brace at -
midspan shown in Fig. 7, the full bracing stiffness required is 1.56 Many 40

times greater than the uniform moment case. The C, = 1.75 for this
toading case provides a conservative estimate of the increase. An
additional modifying factor Cy = 1 + (Mg / M,.)2 is required when there are inflection points along the
span (double curvaure), where Mg and M are the maximum moments causing compression in the top
and bottom flanges as shown in Fig. 13. The moment ratio must be equal to or less than one, so C4
varies between 1 and 2. In double curvature cases lateral braces must be attached to both flanges. Top
flange loading increases the brace requirements even when bracing is provided at the load point. The
magnitude of the increase is affected by the number of braces along

the span as given by the modifying factor C, = 1 + (1.2/n). For M
one brace Cy = 2.2; for many braces top flange loading has no S
effect on brace requirements, i.e. C;= 1.0. s

In summary, a modified Winter’s ideal bracing stiffness can M
defined as follows, L
«_ G P

c.C, a

For the W12x14 beams laterally braced at midspan shown in Fig. Fig. 13 Double Curvature
12,Ly = 144in,, #=2,C, = 175, C, = 1 + 1.2/1 = 2.2, and

P; = 2 (29000) (2.32/2)/(144)* = 16.01 kips, 8, = 0.856 kiin.

which is shown by the * in Fig. 12. Equation (1) compares very favorably with the test resulits and with
the theoretical BASP results. For design the ideal stiffness given by Eq. (1) must be doubled for beams
with initial out-of-straightness so brace forces can be maintained at reasonable levels as discussed earlier.
The brace force requirement for beams follows directly from the column F, = 0.008P for discrete braces
given earlier.” The column load P is replaced with the equivalent compressive beam flange force, either
(C, Pp or My /h, where M is the maximum beam moment and h is the distance between flange centroids.
The M;/h estimate of the flange force is applicable for both the elastic and inelastic regions. For relative
bracing the force requirement is one half the discrete value. The lateral brace design recommendations
which follow are based on an initial out-of-straightness of adjacent brace points of L,/500. The combined

ATE BRACING DESIGN REQUIREMENTS

Stiffness: B =2#(GPCL GfL, or 2EMINC Cp[Ly @

where # = 4-(2/n) or the coefficient in Table 1 for discrete bracing; = 1.0 for relative bracing
CoP; = Cpn? EL,/Ly2;0r = (M;/h) where Mg is the maximum beam moment
Cy = 1+ (1.2/n) for top flange loading; = 1.0 for other loading
Cy = 1+ (Mg/M,)? for double curvature; = 1.0 for single curvature
n = pumber of braces

Strength:  Discrete bracing:  F,, = 0.008C, C, M, /h ©)
Relative bracing:  F,_ 0.004 C CyM; /h 4)
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values of # and C,vary between 4.0 and 4.8 for all values of n so Eq. (2) can be conservatively
simplified for all situations to 8" = 10 Mg / h for single curvature and £, = 20 M;/ h for double
curvature.

Some adjustments to the design requirements are necessary to account for the different design code
methodologies, i.e. allowable stress design, load factor design. etc.. In AASHTO-LFD and AISC-LRFD,
M is the factored moment; in Allowable Stress Design, M is based on service loads. The C,P; form
of Eq (2) can be used directly for all specifications because it is based on geometric properties of the
beam, i.e., B 2 BL* where @y is the brace stiffness provided. The brace strength requirements, Egs.
(3) and (4), can also be used directly since the design strengths or resistances given in each code are
consistent with the appropriate factored or service loads. Only the Mg/ h form of Eq. (2) which relies
on the applied load level used in the strictural analysis must be altered as follows:

AISC-LRFD: B2 B¢ where ¢ = 0.75 is suggested
AISC-ASD: BL=z2 {ZL* where 2 is a safety factor
AASHTO-LFD: g = 8~ no change

The discrete and relative lateral bracing requirements are illustrated in the following two design examples.

Lateral Brace Design Examples. Two different laterai bracing systems are used to stabilize five
composite steel plate girders during bridge construction; a discrete system in Example 1 and a relative
bracing in Example 2. The AASHTO- Load Factor Design Specification is used. Each brace shown
dashed in Example 1 controls the lateral movement of one point along the span, whereas the diagonals
in the top flange truss system shown in Example 2 control the relative lateral displacement of two adjacent
points. Relative systems require 1/2 the brace force and from 1/2 to 1/4 of the stiffness for discrete
systems. In both examples, a tension type structural system was used but the bracing formulas are also
applicable to compression systems such as K-braces. In Example 1 the full bracing requirements for
strength and stiffness given by Egs. (2) and (3) are based on each brace stabilizing five girders. Since
the moment diagram gives compression in one flange, C4 for double curvature is not considered.

In both examples, stiffness controls the brace area, not the strength requirement. In Example 1 the
stiffness criterion required a brace area 3.7 times greater than the strength formula. Even if the brace
was designed for 2% of the compression flange force (a commonly used bracing rule), the brace system
would be inadequate. It is important to recognize that both stiffness and strength must be adequate for
a satisfactory bracing system.

. . 4 Tong & Ch
Torsional Bracing of Beams ong \Bn ideal brace, BASP
A

Examples of torsional bracing systems 3} dxasi 2
were shown in Fig. 3. Twist can be M, =2 67x1/4
prevented by attaching a deck to the top
flange of a simply supported beam, by floor

beams attached near the bottom tension flange no stiffener
of through girders or by diaphragms located s bises (ﬁ,—v"’%’@—gj M,
near the centroid of the stringer. Twist can m 8*_20—‘8

also be restrained by cross frames that 0 i ___~ midspan brace
prevent the relative movement of the top and 0 1000 2000 3000 4000
bottom flanges. The effectiveness of torsional TORSIONAL BRACE STIFFNESS (in-krad )
braces attached at different locations on the

cross section will be presented. Fig. 14 Torsional Brace at Midspan

Behavior. The BASP solution for a simply supported beam with a top flange torsional brace
attached at midspan is shown in Fig. 14, The buckling strength - brace stiffness relationships are non-
linear and quite different from the top flange lateral bracing linear response given in Fig. 6 for the same
beam and loading. For top flange lateral bracing a stiffener has no effect. A torsional brace can only
increase the buckling capacity about fifty percent above the unbraced case if no stiffener is used. Local
cross-section distortion at midspan reduces the brace effectiveness. If a web stiffener is used with the
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torsional brace attached to the compression flange, then the buckling strength will increase until buckling
occurs between the braces at 3.3 times the no-brace case. The ideal or full bracing requires a stiffness
of 1580 in-k/radian for a 4 x 1/4 stiffener and 3700 in-k/radian for a 2.67 x 1/4 stiffener. Tong and
Chen (1988) developed a closed form solution for ideal torsional brace stiffness neglecting cross-section
distortion that is given by the solid dot at 1450 in-k/radian in Fig. 14. The difference between the Tong
solution and the BASP results is due to web distortion . Their solution would require a 6 x 3/8 stiffener
to reach the maximum buckling load. If the Tong ideal stiffness (1450 in-k/radian) is used with a 2.67
x 1/4 stiffener, the buckling load is reduced by 14%; no stiffener gives a 51% reduction.

LATERAL BRACING - DESIGN EXAMPLE 1

Span = 80 fi.; 10in. concrete slab

5 girders @ 8 ft spacing, A36 steel

\
K " . \ .
,‘5/112 Girder Properties ‘\ Design a lateral bracing system to stabilize the
& Y girders during the deck pour. Use the external
,/ N tension system shown. The form supports
Ay -~ transmit some load to the bottom flange so

—eaqind
= 561in Px48
=320
J=129if| 1-1/4x15

assume centroid loading.

Use Load Factor Design for the construction
-condition - LF. = 1.3

Loads:  Sleeigirder: A = 48.75in.2, wt = 165 Ib/f
Conc. slab: 8 x% x 150 /S = 1000 I/t
w = 1165 b/t =1.165 k/ft

M= 4wl LF. = 341.165) 60413 = 1211 kef
M = 3656112 = 1682 kA > 1211 keft c =10

B Yy b
Try 4 lateral braces @ 16-ft spacing m

Check lateral buckling - center 18-t is most critical (AASHTO 10-102c)

6 32,0 2
91x10°(1.0) m'\l 01z 1224 07 (155;(012)

= 15020000 Ib-in = 1251 k-ft > 1211 k-ft 4 braces required

M

Brace Design: Use the full bracing formula - discrete system -

See Eq2&3
2
_ X2(0000) (32.0) _ e w=4.2 _ac. o o=1p- -
R =" (ox12p = 248kips; #=4-7 =35; C =10; C =10
3.5 (248)(1.0)(1.0; - . . .
ﬁ‘;_ =2 -——(—mlx(—mz-(——? = 9.04 kin. for ea. girder = 45.2 K/in. for 5 girders = F/ A
A, (29000) ' A
Brace stiffiness = cos’ 6(—A-—L) = 2 < 45200 —>F
b «5) 335 < Ap
Ay = 261 m_z «<— CONTROLS
Brace Strength: Fbr = 0.008 (5) (1211 x12/49.0) = 11.88K
(A36 steel) “ive girders

AF = 1137/cos®; A,= LL88B o 57442
by 6 O74in_




LATERAL BRACING - DESIGN EXAMPLE 2

W ' Same as Example 1 except the bracing system is a relative system -
y E R A a top flange horizontal truss. Each truss stabilizes 2-1/2 girders.
k¥4 LV 1'g‘ﬂ The unbraced length of the girder flange is 16 ff which was checked
[ v in Example 1.
b A Top fig Brace stiffness: P = 248 kips
¥ Y of girder 2P ¢, C !
" & / ﬁ: _ f ¥b™L Cb = 1.0
Ay A _——
SHG b o = 10
¥ b4 2(248) 1.0 (1.0)
i ) = 16 x 12 = 2.58 k/in for ea. girder

PLAN VIEW = 6.45Kkfin for 2 1/2 girders

2
2. (aE 1 A (29000) - _ 2
gl —me | —————— = 845Win; A, =0.23%in <«
cos e(L)b <'\f5—> @x12xV5) b
) 1211 x 12 .
Brace strength:  F,. = 0.004 (21/2) —(—%L = 2.97 kips
2975
Aofy = 2078 i Ay S = o84’
Stiffness controls the brace size; 9/16 ¢ OK A = 0.248 in2

Figure 15 shows that torsional bracing
on the tension flange (dashed line) is just as
effective as compression flange bracing (solid
line), even with no stiffener. If the beam has
no stiffeners, splitting  bracing equally
between the two flanges gives a greater
capacity than placing all the bracing on just
one flange. The dot-dash curve is the
solution if web distortion is prevented by
transverse stiffeners. The distortion does not
have to be gross to affect strength, as shown
in Fig. 16 for a total torsional brace stiffness
of 3000 in-k/radian. If the W16x26 section
has transverse stiffeners, the buckled cross
section at midspan has no distortion as shown
by the heavy solid lines and M, = 1582 in-k.
If no stiffeners are used, the buckling load
drops to 11337in-k, a 28% decrease, yet there
is only slight distortion as shown by the
dashed shape. The overall angle of twist for
the braced beam is much smaller than the
twist in the unbraced case (dot-dash curve).

The effect of load position on
torsionally .braced beams is not very
significant, as shown in Fig. 17. The differ-
ence in load between the two curves for top
flange and centroid loading for braced beams
is almost equal to the difference in strength

3000 :
no distortion  / < both flanges
/ braced
i
2000 [’ comp. fig braced
_Mcr
(in-k) /
ten. fig braced
1000
Us8-60-66— Mer
— [ Wiexzs |
0
110 102 10° 1% 105 10° 10

TOTAL TORSIONAL BRACE STIFFNESS (in-k / rad)

Fig. 15 Effect of Torsional Brace Location

Total top fig brace
3000 in-k/radian

C i
5Mcr
— 30 —d
W16x26

4 stiffened
/’ M = 1582in-k

no bracing

. no stiffeners
M= M =283 ink

M = 1133 in-k

Fig. 16 Effect of Cross Section Distortion




for the unbraced beams (zero brace stiffness). 50,
The ideal brace stiffness for top flange
loading is 18% greater than for cemtroid P 40
loading. This behavior is different from that ( kips;

shown in Fig. 8 for lateral bracing where the 0
top flange loading ideal brace is 2.5 times

< Top Fiange Load
~*" Load at Centroid

that for centroid loading. P
X . . 10, T W1626
Figure 18 summarizes the behavior of midspan 2 1op fig

a 40-ft span with three equal torsional braces
spaced 10-ft apart. The beam was stiffened
at each brace point to control the distortion,
The response is non-linear and follows the . i
pattern discussed earlier for a single brace. Fig. 17 Effect of Load Position
For brace stiffness less than 1400 in-
k/radian, the stringer buckled into a single
wave. Only in the stiffness range of 1400-
1600 in-k/radian did multi-wave buckled
shapes appear.. The ideal brace stiffness at
each location was slightly greater than 1600
in-k/radian. This behavior is very different
from the multiple lateral bracing case for the
same beam shown in Fig. {1. For multiple 400
lateral bracing the beam buckled into two
waves when the moment reached 600 in-k
and then into three waves at M, = 1280 in- o 400 800 1200 1800 2000

k. For torsional bracing, the single wave TORSIONAL STIFFNESS @ EACH BRACE (in-kirad)
controlied up to M, = 1520 in-k. Since the

maximum moment of 1600 corresponds to Fig. 18 Multiple Torsional Braces

buckling between the braces, it can be assumed, for design purposes, that torsionally braced beams buckle
in a single wave until the brace stiffness is sufficient to force buckling between the braces. The figure
also shows that a single torsional brace at midspan of a 20-ft span (unbraced length = 10 ft) requires
about the same ideal brace stiffness as three braces spaced at 10 ft. In the lateral brace case the three
brace system requires 1.7 times the ideal stiffness of the single brace system, as shown in Fig. 11.

c"0 1000 2000 3000 4000 5000
TORSIONAL BRACE STIFENESS (in- k/radian

10
3 braces

Tests have been conducted on torsionally braced beams with various stiffener details which are
presented elsewhere (Yura, 1992). The tests show good agreement with the Basp solutions.

Buckling Strength of Torsionally Braced Beams. Taylor and Ojalvo (1973) give the following
exact equation for the critical moment of a doubly symmetric beam under uniform moment with
continuous torsional bracing

Top fig. brace B,

5
6 M, A
- ‘/ 2 &) Gogeet3) & o9S5E
M., =y M, +B,EI, 5 wies © 3\_5.;\.\‘{6“9\:\
P /BASP L=30

72283 in-k)

where M, is the buckling capacity of the

My g6 ,

. . = 5 20
unbraced beam and B, = attached torsional M 04 in)
brace stiffness (k-infrad per in. length). 2

. \ A N 10°
Equation (5); which assumes no ¢ross section 1 677 ink)
distortion, is shown by the dot-dash line in
Fig. 19. The solid lines are BASP results for g 0 % o 70
a W16x26 section with no stiffeners and spans a 2

BB/ M

of 10 ft, 20 ft, and 30 f under uniform
moment with braces attached to the . . .
compression flange. Cross-section distortion Fig. 19 Approximate Buckling Formula
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causes the poor correlation between Eq. (5) and the

Diaphragms
BASP results. Milner (1977) showed that cross- or Decks
section distortion could be handled by using an
effective brace stiffness, @r, which has been [
expanded (Yura, 1992) to include the effect of —=

stiffeners and other factors as follows,

+ ! +L 6)

1
B B Bg

L
8T

where @y, is the stiffness of the attached brace, 8., is
the cross-section web stiffness and B, is the girder
system stiffness. The effective brace stiffness is fess
than the smallest of 8y, 8, Or ﬁg.

6ElI
p-2Eb
b S

135 j]
1

Through Girders

p

S—
8 ! 6

5“ZEIb
b S

Fig. 20 Torsional Bracing Stiffness

The 8, of some common torsional brace systems are given in Figs. 20 and 21. Systems comprised
of diaphragms, slabs, and floor systems for through girders in Fig. 20 assume that the connection
between the girder and the brace can support a bracing moment M. If partially restrained connections
are used, their flexibility should also be included in Eq. (5). Elastic truss analyses were used to derive
the stiffness of the cross frame systems shown in Fig. 21. If the diagonals of a X-system are designed
for tension only, then horizontal members are required in the system. In the K-brace system a top

horizontal is not required.

> <A
TENSION SYSTEM ' gm 28 g
2N F> Moo ®
N (i >lka, Bo=M/O
U h
g J,b 22
. ES h
< Bp = ﬁ Tension System -
—_—t ¢ = horizontals are required
Ac h
22
AES hy

\(—F

Tension - Compression System
horizontals not required

22

By = 2ES hp
LY S
Ac Ay

K Brace System -
diagonals designed for
tension and compression

A, = area of horizontal members L =
Ac = area of diagonal members S =
E = modulus of elasticity hy =

length of diagonal members
spacing of girders
helght of the cross frame

Fig. 21 Stiffness Formulas for Cross Frames
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In crossframes and diaphragms the brace Mp,

moments My are reacted by vertical forces on the Beam Loadl

main girders as shown in Fig. 22. These forces /_9;"‘1—!'—/_97
increase some main girder moments and decreases b ~ 2M
others. The effect is greater for the twin girder s d 2My, Brace Load—s—ﬁr
system B compared to the interconnected system S

A. The vertical couple causes a differential
displacement in adjacent girders which reduces
the torsional stiffness of the cross frame system. @
For a brace only at midspan in a twin girder ﬂhr

system the contribution of the inplane girder
flexibility to the brace system stiffness is

arm I><I:I><I

e T3 oyt lz_st

where I, is the strong axis moment of inertia of .
one girder and L is the span length. As the Fig. 22 Beam Load from Braces
number of girders increase, the effect of girder stiffness wiil be less significant. In multi-girder systems,
the factor 12 in Eq. 7 can be conservatively changed to 24 (l&) 12 Ing where n, is the number of girders.
&
For example, in a six-girder system, the factor becomes 100 or more than eight times the twin gn‘der
value of 12, Helwng (1993) has shown that for twin girders the strong axis stiffness factor B
significant and Eq. (7) can be used even when there is more than one brace along the span.

Cross-section distortion can be approximated by
considering the flexibility of the web, including full depth " / 2
stiffeners if any, as follows: T

stiffener
3 3
8 =3,3E (N+15h)e, . t by 8)
see h 12 12 t
Torslonal Brace
where t, = thickness of web, h = depth of web, t, = 5,%%

thickness of stiffener, b, = width of stiffener, and N =
contact length of the torsional brace as shown in Fig. 23. For T—
continuous bracing use an effective net width of 1 in. instead h
of (N + 1.5h) in B, and By, in place of 8, to get By. The l__ (N +15h)
dashed lines in Fig. 19 based on Egs. (5) and (6) show good
agreement with the BASP theoretical solutions . For the 10 Fi Effective Wi N
fi-and 20 ft spans, BASP and Eq. (6) are aimost identical. ig. 23 Effective Web Width
Other cases with discrete'braces and different size stiffeners also show good agreement.

In general, stiffeners or connection details such as clip angles, can be used to control distortion.
For decks and through girders, the stiffener must be attached to the flange that is braced. Diaphragms
are usually W shapes or channel sections connected to the web of the stringer or girders through clip
angles, shear tabs or stiffeners. When full depth stiffeners or connection details are used to control
distortion,the stiffener size to give the desired stiffness can be determined from Eq. (8). For partial depth
stiffening illustrated in Fig. 24, the stiffness of the various sections of the web can be evaluated
separately, then combined as follows:

ﬁ_ihj(f)(ﬂy’%ﬁ) ©)
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where h; = h,, h,. or h, and

hc
LSS S I (10) e 1[5 —t=
ﬂm ﬁc s ﬁl h hp
@ ]

The portion of the web within h, can be considered
infinitely stiff. For rolled sections, if the diaphragm R
connection extends over at least one-half the beam 1, T
depth, then cross-section distortion will not be signif- t
icant because the webs are fairly stocky compared to Fig. 24 Partially Stiffened Webs

built-up sections. The depth of the diaphragm, h,,

can be less than one-half the girder depth as long as it provides the necessary stiffness to reach the
required moment. Cross frames without web stiffeners should have a depth h, of at least 3/4 of the beam
depth to minimize distortion. The iocation of a diaphragm or cross frame on the cross section is not very
important; it does not have to be located close to the compression flange.  The stiffeners or connection
angles do not have to be welded to the flanges when diaphragms are used. For cross frames, £, should
be taken as infinity; only b, and h, will affect distortion. If stiffeners are required for flange connected
torsional braces on rolled beams, they should extend at least 3/4 depth to be fully effective.

Equation (5) was developed for doubly-symmetric sections. The torsional bracing effect for
singly-symmetric sections can be approximated by replacing I, in Egs. (5) with I defined as follows:

Ly =1 + -1, (n

LYY

where L, and I, are the lateral moment of inertia of the compression flange and tension flange
respectively, amft ¢ and t are the distances from the neutral bending axis to the centroid of the
compression and tension flanges respectively, as shown in Fig, 25(a). For a doubly symmetric section
¢ = tand Eq..(11) reduces to 1. A comparison between BASP solutions and Eqs. (5) and (11) for three
different girders with torsional braces is shown in Fig. 25(b). The curves for a W16x26 show very
good agreement, In the other two cases, one of the flanges of the W16x26 seqtioh was increased to
10x1/2. In one case the small flange is in tension and in the other case, the compression flange is the
smallest. In all cases Eq. (11) is in good agreement with the theoretical buckling load given by BASP.

Equation (5) shows that the buckling load increases without limit as the continuous torsional brace
stiffness increases. When enough bracing is provided, yielding will control the beam strength so M, can
not exceed M,, the yield or plastic strength of the section. It was found that Eq. (5) for continuous
bracing could be adapted for discrete torsional braces by summing the stiffness of each brace along the
span and dividing by the beam length to get an equivalent continuous brace stiffness. In this case M_,

B

M
5000 yer Flg. 10x1/2
- 15.5x1/4 stiffener
£4000
=
£3000
g
= 2000
7
(&3
£ 1000
tension flg. o 0
. b o 2 4 s 8 10
() . (e) By, Brace Stiffness (k-injradfin, length)

Fig. 25 Singlv Svmmetric Girders
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will be limited to M,, the moment corresponding to buckling between the brace points. By adjusting Eq.
(5) for top flange loading and other loading conditions, the following general formula can be used for the
buckling strength of torsionally braced beams :

Cis Br Bl

T

M, = J Co M.+ s M, or M, az

where C, and Cy, are the two limiting Cy, factors corresponding to an unbraced beam (very weak braces)
and an effectively braced beam (buckling between the braces); Cy is a top flange loading modification
factor; Cy = 1.2 for top flange loading and Ct = 1.0 for centroid loading; and ET is the equivalent
effective continuous torsional brace (in-k/radian/in. length) from Eq.(6). The following two cases
illustrate the accuracy of Eq. (12).

BASP —\

4x1/4 stiffener

For the case of a single torsional brace
at midspan shown in Fig. 26, Cy,>= 1.35 for

T Eq12

a concentrated load at the midspan of an \
unbraced beam (Galambos, 1988). Usually
designers conservatively use C,= 1.0 for this no siffener

case. For the beam assumed braced at mid-

© . Top Flange Load Cy=12
span, Cy,= L.75 for a straight line moment P Fiang l =1.35
diagram with zero moment at one end of the W12x14-24 ft, b= 175

= N W b o O~

Critical Load (kips)

unbraceq length, These two values of C,., are 0% 100 200 300 400 500 600
used with any value of brace torsional ) i .

stiffness in Eq. (12). For accuracy at small Torsional Brace Stiffness (k-in/rad)
values of brace stiffness the unbraced buck- . .

ling capacity Cy M, should aiso consider top Fig. 26 Effect of Stiffener

flange loading effects. Equation (12) shows excellent agreement with the BASP theory. -With no
stiffener, B, from Eq. (8) is 114 in-k/radian, so the effective brace stiffness Sy from Eq. (6) cannot be
greater than 114 regardiess of the brace stiffness magnitude at midspan. Equations (6), (8) and (12)
predict the buckling very accurately for all values of attached bracing, even at very low values of bracing
stiffness. A 4 x 1/4 stiffener increased f,.. from 114 to 11000 in-k/radian. This makes the effective
brace stiffness very close to the applied stiffness, §,. With a 4 x 1/4 stiffener, the effective stiffness is
138 in-k/radian if the attached brace stiffness is 140 in-k/radian. The bracing equations can be used to
determine the required stiffener size to reduce the effect of distortion to some tolerance level, say 5%.

Figure 27 shows the correlation between the approximate buckling strength, Eq. (12) and the exact
BASP solution for the case of a concentrated midspan load at the centroid with three equally spaced
braces along the span. Stiffeners at the three brace points prevent cross-section distortion so ET=

36,/288 in.. Two horizontal cutoffs for Eq. (12) corresponding to the theoretical moment at buckling
between the braces are shown. The K = 1.0 25
limit assumes” that the critical unbraced
length, which is adjacent to the midspan load,
is not restrainéd by the more lightly loaded
end spans. To account for the effect of the
end span restzaint, an effective length factor
K = 0.88 was calculated using the procedure
given in the SSRC Guide (Galambos, 1988).

Centroid Load
Figure 27 shows that it is impractical to rely Cpg -
on side span end restraint in determining the Cpy™ 135 5

buckling load between braces. An infinitely %9 500 1000 1500 2000 2500 3000
stiff brace is required to reach a moment
corresponding to K = 0.88. If a K factor of
1 is used in the buckling strength formula, the

Eq12

[.8]
[=]

o _K=.288
BASP N —\~~ S
i \

K=10

-
o

-
o

Critical Load (kips)

L

Brace Stiffness per Brace (k-in/rad)

Fig. 27 Multiple Discrete Braces
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comparison between Eq. (12) and the BASP solution is good. Equation (12) should not be used with K
factors less than 1.0; the results will be unconservative at moments approaching the full bracing case.
Simifar results were obtained for laterally braced beams (Yura, 1992).

Torsional Brace Design. There are two basic torsional bracing systems shown in Figs. 20 and 21:
bending members represented by diaphragms, decks or floor beams; and trusses for the cross frames,
The two systems can be correlated by noting that My, = F_hy, where hy, is the depth of the cross frame.
The term "brace forces" used hereinafter refers to both My, and Fy . Equation (12) gives the relationship
between brace stiffness and M, for an ideally straight beam. For beams with an initial twist, 6, it is
assumed that the brace design requirements are affected in a similar manner as that developed for lateral

bracing of beams with initial out-of-straightness . The required brace stiffness f} , which must be at least
twice the ideal stiffness to keep brace forces small, can be obtained by rearranging Eq. (12)

* 2 2 2.2 C.
BT =2 (Mcr - Cbu Ma ) Z_T— 13
oo E Loy

For discrete braces f¢° = PpL/n. The brace force My, = 81" 6, An initial twist §,= 1° ( 0.0175
radians ) is recommended. For a 14-in deep section this assumed initial twist corresponds to a 0.25 in.
relative displacement between the top and bottom flanges. Equation (13) can be conservatively simplified
by neglecting the Cyp, M, term which will be small compared to M, at full bracing and by taking the
maximum Cry, which is 1.2 for top flange loading. The simplified stiffness and brace force requirements
are given in the following summary.

Stiffness: ' 87 =BrLin=24LM} | (nElzCp,) )

Strength: My, = Fy h, = 0.04LM} | (nEL;Cp,) {15)

maximum beam moment

ch + {t/c) Iy, ; = 1, for doubly symmetric sections (see Fig. 25 )
moment diagram modification factor for the full bracing condition
span length

number of braces along the span

where Mg

"
g
[T

~od
-

‘n

The available effective stiffness of the brace system By is calculated as follows:
1_1,1,1.,.1

1
B L 16

S A A A A 4o

C33E[ B (NeLSH)L, 16} .
'3"6"6’_7,7(,,_)( 7 13 ) an

where h; = h,, hy. or h, ; N = bearing length ( see Fig. 23 )
stiffness of attached brace (see Figs. 20 and 21);

24(ng- 1 )2 §? EL/ (L% ny) 18)
where ng is the number of interconnected girders (see Fig. 22)

o
L]
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The torsional brace stiffness requirement, Eq. (14), must be adjusted for the different design specifi-
cations as discussed earlier for the lateral brace requirements:

AISC-LRFD: Br= B /e where ¢ = 0.75 is suggested
AISC-ASD: By = 28;" where 2 is a safety factor
AASHTO-LFD:  fy 2 67 no change

Torsional Brace Design Examples. In Exampie 3 a diaphragm torsional bracing system is designed
by the AASHTO-LFD specification to stabilize the five steel girders during construction as described in
Examples 1 and 2 for lateral bracing. The strength criterion, Eq. 15, is initially assumed to control the
size of the diaphragm. A C10x15.3 is sufficient to brace the girders. Both yielding and buckling of the
diaphragm are checked. The stiffness of the C10x 15.3 section, 195,500 in-k/radian, is much greater
than required but the connection to the web of the girder and the in-plane girder flexibility also affect the
stiffness. In this example, the in-plane girder stiffness is very large and its affect on the brace system
stiffness is only 2%. In most practical designs, except for twin girders, this effect can be ignored. If
a full depth connection stiffener is used, a 3/8 x 3-1/2 in. section is required. The weld design between
the channel and the stiffener, which is not shown, must transmit the bracing moment of 293 in-k.

The 40-in. deep cross frame design in Example 4 required a brace force of 7.13 kips from Eq. (15).
The factored girder moment of 1211 k-ft. gives an approximate compression force in the girder of 1211
X 12/49 = 296 kips. Thus, the brace force is 2.5% of the equivalent girder force in this case. The
framing details provide sufficient stiffness. The 3-in. unstiffened web at the top and bottom flanges was
small enough to keep .. well above the required value. For illustration purposes, a 30-in. deep cross
frame attached near the compression flange is also considered. In this case, the cross frame itself
provides a large stiffness, but the 14-in. unstiffened web is too flexible. Cross-section distortion reduces
the system stiffness to 16,900 in.-k/radian, which is less than the required value. If this same cross
frame was placed at the girder midheight, the two 7-in. unstiffened web zones top and bottom would be
stiff enough to satisfy the brace requirements. For a fixed depth of cross frame, attachment at the mid-
depth provides more effective brace stiffness than attachment close to either flange

Closing Remarks and Limitations

Two general structural systems are available for bracing beams, lateral systems and torsional systems.
Torsional bracing is less sensitive than lateral bracing to conditions such as top flange loading, brace
location, and number of braces, but more affected by cross-section distortion. The bracing
recommendations can be used in the inelastic buckling range up to M, if the My form of the lateral brace
stiffness equation is used (Ales, 1993).

The recommendations do not address the bracing requirements for moment redistribution or ductility
in seismic design. The bracing formulations will be accurate for design situations in which the buckling
strength does not rely on effective lengths fess than one. Lateral restraint provided by lightly loaded side
spans should, in general, not be considered because the brace requirements would be much larger than
the recommendations herein. Also, laboratory observations in the author’s experience ( usually unplanned
failures of test setups ) show that brace forces can be very large when local fiange or web buckling occurs
prior to lateral instability. After local buckling the cross section is unsymmetric and vertical loads
develop very significant out of plane load components. The bracing recommendations do not address
such situations.
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TORSIONAL BRACING - DESIGN EXAMPLE 3

;} [”] I“l Same as Example 1 except use the diaphragm
 — system shown. In Ex. 1, four lateral braces were
required which gave M, = 1251 k-fi, just 3%
.==L 96 J;J, LJ. greater than the required mom. Since torsional
Girder Properties braces will impose some additional vertical forces

_ i _ . on the girders as shown in Fig. 22, probably five
h=49.0,c =3085,t =18.15 ':‘ braces shouid be used. However, for comparison
I,= 17500, Rw: 320, by =352 in with Examples 1 & 2, a four-brace system will be

18.45 designed. M,eq.d = 1211 k-ft (see Ex. 1)

"
Toge 352= 239 1n

Eq. (1) 1,732+

Eq.(15) M, = 0.04 (80 x 12) (1211 x 12)°

] = 293 ink A38 Steel:
4 (29000) 239 (1.0)

Req'd S, = 20338 = 8.14in°

Try C10x 15.39 - p 3 . 4
1= 67.4in", S, = 13.5in", t, =0436in, b=260in,J=0.21in

Check lateral buckling of the diaphragm

3 =
l,, = (2.80) (0.436)/12 =0.639in H Co=23

- 5 0.639 772 (0.21) ( 710 )
=g 0 (2.3) 27 =10 AA R
M, 1x10 (2.3) 5 0.639 + 5 { SHTO19 102_6)
= 837000 Ib-in = 837in-k > My =13.5(36) = 488 >293in-k, OK
2
Check stiffness: Eq. (14);  p_ = 240B0x12) (1211x12)" _ 4206 10 kradian
Tread  4(20000) 239 (1.0) 2
< Ds
The stiffness of the diaphragms on the exterior girders is 8Ely, /S.
10 Since there are diaphragms on both sides of each interior girder, the
stiffness is 2 x 6E1,,, /S. The average stiffness available to each girder
is(@x6+3x12)/5 = 96El, /S.
19.5
ﬂb = 9.6 (29000) 67.4/96 = 195500 in-k/radian
2 2
Girder : Eq. (18) B, = 24(5-1) 29000 (96) 17500 = 406000 in-k/radian
_ 5 (80x12)
Distortion : From Fig 23 and Eq. (17) determine the required stiffener size , t (= 3/8in
. 3.3(28000)(_49 2(1.5 x195x 8° , 37503 ) )
Bs 195 - \195 T2 2
From Eq..(16) o 1 L1 . 2 .8 = 40500in-kiradian (2
h 17550 195500 406000 ﬂs v

Equatlﬁg (1) and (2) gives b,=3.17in. -  Use 3/8 x 3-1/2 sliffener




TORSIONAL BRACING - DESIGN EXAMPLE 4

Same as Example 3, but use cross frames. Make all
member sizes the same. A K-frame system will be
considered using double angle members welded to
connection gusset plates. Member lengths are shown in
inches. Use four crossframes. See Examples 1 and 3 for
section properties. Use A36 steel.

Assume brace strength criterion controls - Eq. (15)

0.04 (80 x 12) (1211 X 12

£ (40) = = 283 in-k ; BE_ = 7.31kips
b (40) 4 (29000) 238 (1.0F oy T T ER
2R, L, 2(7.31)62.5 .
From Fig. 21 : Max force = diagonal force = —;—'J = —(7—?:5——— = 9.52 Kips - comp

The AASHTO Load Factor method does not give a strength formula for compression members
so the formutation in Allowable Stress Design will be used. Convert to ASD by dividing the
member force by the 1.3 load factor to get an equivalent service load force.

Diagonal Force (ASD) = 9.52/1.3 = 7.3 kips
Try2L-21/2 x 21i2 x 1/4 r, = .769in. A = 238 in2
t/r=1625/.769=812 ; R = 16980 - .53 (81.2)2 = 13490 psi = 13.5ksi

Piow = 13.49 (2.38) = 32.1 kips > 7.3 kips OK
Check brace stiffness: )
Eq.(14); bT req'd = 17550 in-k/radian - see Example 3

2
3 Fig.21: B, - 2280000 (96Y (40} 2.38) _ 747000 in-kiradian

8(62.5)°+ (96)°

3 Girder : ﬁg = 406000 in-k/radian - see Example 3
L2 2
L. 3.3(20000) (49 Y1530 (5F) _ ,
x p,=p,= 222000 (49 Y( 1B - 399000 in-kirad
PR T L =2 ; B_=113000 > 17550 in-ki
€309 5 = 77000 * 706000 * 39000 Py = 113000 > 17550 In-kirad g,

Evaluate the cross frame shown below

B . 2(29000) (96) %30)%(2.38)

X ! 5 = 490000 in-k/radian
8(56.8)° + (96)

. 2 3
B, = 23(20000) (49 V(1.3 UAD I ) - 15300 in-krad

14.0 14.0
- 1,1 g i
= 750000 * 708005 * 75300 ° bT 16900 < 17550 in-k/rad NG
Choo, K.M,, 1987, , "Buckling Program BASP for Use on a Microcomputer”, Thesis pr d to The
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BRACING OF COLD-FORMED CHANNELS NOT ATTACHED TO DECK OR SHEETING

by Kenneth T. Kavanath and Duane S. Ellifritt?

INTRODUCTION

The theme of this conference is, "Is Your Structure Suitably
Braced?" Everyone would agree that bracing is necessary for sta-
bility of both members and structures, but how much is enough? And
if a little is good, is a lot better? This paper explores the pos-
sibility that too much bracing may not be helpful and may, is some
cases, cause the designer to believe a structural member is stronger
than it really is. Tests on cold-formed channels at the University
of Florida and the University of Western Australia confirmed that
current design specifications for lateral-torsional buckling of
channels not attached to sheeting may be unconservative for short,
discretely braced spans.

BACKGROUND

Research on flexural strength of discretely braced channels
and zees not attached to sheeting was conducted at the University
of Florida in 1991 (1). The purpose of this work was to see if it
was really necessary to brace such members at the guarter-points,
as the AISI Specification (2) required, or if it was acceptable to
use fewer braces and a reduced strength, based on lateral-torsional
buckling formulas in the Specification.

One surprising result in the Florida tests was that the more
bracing used in a given span length, the less conservative the AISI
lateral buckling equations become. It was concluded that this
apparent anomaly came about because lateral-torsional buckling was
no longer the failure mode. The accepted design formulas were pre-

i , because some other 1limit
state occurred first.

That other 1limit state was "distortional buckling" of the
flange and lip that usually occurred at a braced point because the
section was not permitted to twist there and additional compression
force built up in the lip. A summary of the results of all 23
tests at Florida and their corresponding brace configurations is
shown in Table 1. It can be seen that the failure predicted by
lateral-torsional buckling for 1/4~- and 1/3-point bracing is gen-
erally higher than the actual test failure load.

Senior Lecturer, Civil Engineering, University of Western
Australia, Nedlands, 6009 Western Australia

Crom Professor of Structural Design, University of Florida,
Gainesville, Florida



Table 1. UNIVERSITY OF FLORIDA TEST RESULTS
" MM
" Nl n
Group | Test #* | M, n | other | A" | other | o | F31lure
- Gt ¢ |G-1] ¢

I clay | 4443 | sa12 101% 1.00| A
clam | 110073 | 115.17 {12482 | oex | sox | 050 | B

c141 | 11248 | 135.08 831 0| ¢

C14Q 152.65 | 142.00 108% 0.25 C

C14F 143.88 | 150.86 95% 0.00 C

11 | awn | 7218 | 60.4e 119% 1.00 | A
cizw | 171.98 | 153.23 { 163.32 | 112% | 105% | 0.50 | B

m | oziew | e | 1.3 155% 1.00 | A
zigh | 4718 | 4304 | se11| 110% | s |oso | B

2167 | 55.17 | 71.86 7% 033 |

2160 | 65.31 | 80.20 81% 05 | ¢

Z16F ) 111,53 | 90.33 123% 000 | E

v | zi3u | 30.89 | 18.57 166% 100 | A
v | curu | sieo | 42.43 122% 1.00 | A
Cl4TT | 105.24 | 136.41 77% 033 | ¢

C14T8 | 141.42 | 136.41 104% 03| ¢

ciawt | 123200 | 117.19 | 132.25 | 105% | 93 [ o050 [ ¢

C1aMB | 12084 | 11719 | 13225 | 103% | 91% | 0.50 | €

vi | ziew | 1830 | 1116 164% 1.00 [ A
21677 | 4872  78.84 62% 033 | E

7168 | 62.76 | 78.84 80% 033 | B

ZiMT | 45.97 | 4238 | 7192 ( 109% | ean | o050 | B

218 | 70.27 | 4238 | 71092 | 166% | oex | 050 | B
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M, = Failure moment from test, in -k
N, = Nominal Calculated Moment, in -k
(AISI, Sec. C3.1.2a)

Bracing
Condition

U = Unbraced

M = Mid-point

-
©
LI S I

A = Web buckled at midspan

B = Flange buckled at midspan
C = Stiffener/flange/web buckled at load point

T = Third-point

Q = Quarter point
Third-point loading, unbraced
Third-point loading, top flange, braced
Third-point loading, top and bottom flanges braced
Mid-point loading, top flange braced

Mid-point loading, top and bottom flange braced.

F = Fully braced

D = Web buckled in midspan - stiffeners bucklied in end spans
E = Stiffener buckled in midspan



This research ended without answering the question of how to
best predict this type of distortional buckling. Additional tests
were performed at the University of Western Australia to provide
answers to this question.

BEHAVIOR OF BRACED CHANNELS

When a channel section is loaded in the plane of the web, or
through the flange, there exists a primary torsion which produces
twist. The equations of equilibrium couple the lateral motion and
twist, so that the torsion is accompanied by weak axis bending.
The section, therefore, develops axial stress due to a combination
of major axis bending, minor axis bending, and warping (twist).
Additional local stresses are added to the lip by concentrated
loads or lateral brace forces.

] For the case of strong axis bending only, the stress state is
independent of the brace configuration. For twist and weak axis
bending, however, the stress state is a function of the brace con-
figuration. Fig. 1a shows the rotation pattern which results from
a central point load and third-point bracing.

The outward deflection of the compression flange at the center
span relieves the lip of compression, and failure occurs near the
web. Fig. 1b shows the rotation pattern for third point loading
and mid-point bracing. The reverse curvature at center span in-
creases the stress at the lip, and failure occurs at the flange/
1ip junction.

Since the total stress is a combination of bending and tor-
sion, the ratio of warping stresses to bending stresses exerts a
strong influence on the failure of the cross section. At very
short spans, or low span-depth ratios, the bending moment becomes
small and the torsional moment increases. At long spans, or high
span-to-depth ratio, the bending moment is large, and the torsional
moment decreases. Thus, the AISI formulation would appear to be
best suited to the design of long beams, or those in which the tor-
sional stresses are small in relation to the bending stresses.

EXPERINENTAL PROGRAM

Tests at the University of Florida (1) revealed that unbraced
or mid-point braced members consistently fell above the AISI pre-
diction curve, while most of the third- or quarter-point braced
members fell below the prediction curve.

Ten similar tests were conducted at the Civil Engineering Lab-
oratory of the University of Western Australia with the 1loading
applied in the plane of the web at the neutral axis. The cross-
section, shown in Fig. 3 was the same for all tests. The material
was AS1397, with a nominal yield strength of 500MPa, and a measured
yield strength of 550 MPa. Variables in the test program included
sgan length, load position, and brace location, as summarized in
Fig. 2.



Channels were tested in a back-to-back configuration, with
strain gauges at the point of expected failure. Equal deflection
of the two channels was provided by a rigid loading frame extending
well below the two specimens. The cross-section and loading frame
is shown in Fig. 3,

AMALYTICAL MODELLIRG

Classical second order theory for lateral-torsional buckling
can be derived from energy considerations (3) using a simple sine
wave for the case of an unbraced span with constant moment. The
governing equations:

4,. 4
M_0 u EIyyw /L 0 u 0

xXx

+ - Eq- 1

2,.2 4, .4
o M, | |6 0 GIn®/L*+ EI /L 0 0

yield the exact solution for buckling under a constant moment.
Torsional moment on the cross-section enters the equations on the
right hand side:
4,4
M, 0 u EI /L 0 u o

+ - Eq. 2

o M (6 0 can?/r?+ e nt/Lt| (6 M,

The presence of vertical bending, M x+ couples the rotation, (0 ),
to the lateral bending, ( u ), so that torsion results in a combi~-
nation of lateral motion and twist. The simple energy equations
can be expanded to a finite element formulation through the use of
piecewise cubic equations in ( u ) and ( # ), so that beams with
varying moment, varying torque, and arbitrary boundary conditions
are accurately modelled. (4)

Coupling between ( u ) and ( # ) results in a combination of
three stress patterns in the cross-section, as shown in Fig. 4.

In addition to the global bending stresses, local distortional
stresses can result from the application of point loads, either at
brace points or at points of concentrated load. A simple model for
the distortional stress can be based upon the concentrated shear
flow in the lip, using a sine wave approximation for the distor-
tional shape.(5) The local model is shown in Fig. 5.

The distortional model (above) can also be used to calculate
the distortional buckling of the cross-section. A typical buckling
curve is shown in Fig. 6 for a uniform stress on the compression
flange.



The computer model in this paper has been based on the elastic
distortional buckling values derived from a series of flange stress
distributions. oOne approximate formula was derived for the long
wave flange mode (Fig. 6), and a second was based on the classical
buckling solutions for a rectangular plate in bending plus compres-
sion. (6)

Flange Buckling acr(HPa) = 820 - 900 (a) + 400 (a)2

Web Buckling kK =4+5.6 (a2 - 20 +1) - .6 (a° - 3a +2)

0., = kn’E/12/ (1-4%)/ (b/t)?

where: a = stress ratio
Distortional stresses are amplified by the flange buckling stress,
since the distortional bending wave length and the buckling wave
length have similar longitudinal dimensions.

Oq = 04/(1 = [0, + o, +0,1/0.,)
where o, = distortional 1lip stress in Figure 5
041040, = stress distributions in Figure 4
The AISI provisions for stiffened flanges include the calculation
of an effective flange width, which is dependent on the maximum
flange stress, and the flange stress distribution.
AN=1,052/ k + w/t « £/E
p o= (1~ .22/M)/A

b=w, if A < .673

b=pw, if A > .673

where terms are defined in the AISI Specification, Section B 2.1.
Since the stiffened plate represents post-buckling behavior, it is
treated separately from the elastic distortional buckling and the
elastic web buckling in the computer model. The coupled equations,
Eq. (2), are solved incrementally. At each step, the flange stress
and stress distribution are calculated. The effective width is
calculated, and the revised section properties are determined. The
process is continued until the maximum stress exceeds one of: a)
the yield stress, b) the distortional buckling stress, or ¢) the
web buckling stress.

EXPERIMENTAL AND ANALYTICAL RESULTS

Experimental results are compared with the AISI Specification
provisions and with the computer model in Figs. 7 and 8. The
lateral torsional buckling curves (full and effective section) are
based upon a 1.46 moment multiplier in the central brace case, and



a 1.41 moment multiplier in the third point brace case.* Both mul-
tipliers were derived from a finite element lateral torsional buck-
ling analysis, which incliudes the effects of moment distribution
across the entire span and the location of braces in the span.
Fig. 7 shows the comparison curves and test values for third point
loading and mid~point bracing (Tests 1,2,9,10 in Fig. 2b). Fig 8
shows the same curves for the case of third point bracing and mid
point loading (Tests 3,4,5 in Fig. 2b). In both figures, the short
unbraced span corresponds to a short total beam span, and the test
results fall below the AISI curves.

Tabulated results of the test program are given in Table 2:

Table 2
ANALYTICAL AND EXPERIMENTAL

RESULTS

M Ratio
Test a/L X -’ntl ll{(ﬁt-sl% l)::fi::i Mt .1::7114:151 Mtout/ Mana1

1 .5 3.95 3.16 3.6 1.25 1.09
2 .5 4.06 3.16 3.6 1.28 1.13
3 .33 5.07 5.00 4.8 1.01 1.06
4 .33 5.47 5.00 4.8 1.09 1.14
5 .43 5.18 5.88 4.7 0.88 1.10
6 .25 5.12 5.48 5.2 0.93 0.98
7 1.0 3.06 3.62 3.3 0.85 0.93
8 1.0 2.94 3.62 3.3 0.81 0.91
9 .5 5.08 5,78 3.8 0.88 1.34
10 .5 5.30 5.78 3.8 0.92 1.39

A comparison of test 5 with tests 3 and 4 shows that the AISI pre-
dicts an increase in load due to shorter unbraced length, while the
analysis predicts a decrease in load due to proportionally larger
torsion. The test results are approximately unchanged, or are
slightly decreasing. A comparison of test 9 with tests 1 and 2
shows a dramatic increase in the AISI predicted failure, with only
moderate increases in both the test results and the analytical
model. The underestimation of failure in the analytical model is
believed to be due to the use of an elastic buckling model for the
web (with no allowance for post-buckling strength). It is inter-
esting that the analytical model predicts a fully effective section
at failure (due to a non-uniform stress distribution in the flange),
while the AISI Specification significantly reduces the effective
flange width (due to a uniform distribution).

* The moment multiplier applies to a constant moment on simply
supported unbraced span.



In Fig. 7, the computer model exceeds the lateral torsional
buckling load for long unbraced lengths, which reflects the failure
criterion used in the model. The first buckle mode of a centrally
braced specimen is anti-symmetric, with zero stress at center span.
Since failure is based on cross-sectional stresses at center span,
the section passes over the first mode, and fails in the second
(symmetric) mode. Experimental specimens also failed in a sym-
metric pattern, which may reflect the presence of some weak axis
moment resistance at the central brace point.

SUMMARY AND CONCLUSIONS

The AISI Specification for lateral~torsional buckling of un-
sheeted members has been shown to be unconservative for members in
vhich the torsional stresses are high in relation to bending
stresses. Tests and analytical results indicate that the stresses
and failure patterns are strongly dependent upon the brace con-
figuration, and not simply upon the unbraced length. An analytical
solution is presented that predicts conservative results for these
gso-called "short" spans.
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1. Introduction

Low-rise structures are mainly one storied and long in span, as represented by factory
buildings and school gymnasiums. How to erect a roof is the main design consideration for
such structures. The roof may be erected above a one-storied building by arranging gabled or
arched plane frames parallel in the ridge direction and connecting them into a framework, or by
building a space framework. The roof may be built of H-shaped section members, arched rigid
frames, or truss members. Vertical loads, such as dead load, live load and snow load, and
horizontal loads, such as seismic load and wind load, produce large bending stresses in the
corner knee members of frames. The ultimate strength and deformation capacity of the corner
knee members determine the stability of the entire frame. In fact, there are reported many cases
in which school gymnasiums, prefabricated steel frames, and truss frames failed apparently due
to out-of-plane buckling in the frames containing the comer knee members.

The safety of individual structural members, such as beams and columns, is studied in the
structural design of these frames. This procedure is based on the assumption that the structural
members are fully supported at their joints to restrain their out-of-plane buckling and
deformation in terms of design and construction. Some structures are not fully supported at
comer points. In actual frameworks, purlins and furring strips, or tie beams in the ridge
direction, and cross beams passing through the apex of the corner knee members are attached to
beams and columns. Such members are usually connected to the outer flange or outer chord
members of frames. No lateral bracing members are attached to the inner flanges and inner
chord members of frames. Bending stresses due to vertical loads, such as snow load, and
horizontal loads during an earthquake or a storm become compressive stresses in the inner
chord members of frame corners. The apex of the inside of the corner is thus considered to
laterally move out of plane, resulting in buckling. The bracing and stability of the corner knee
members are an important issue in this respect. The results of two experiments conducted
conceming the problem are reported here. The bracing design of corner knee members is also
discussed.
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2. Outline of Experiments

One experiment (experiment 1 ©) was conducted concemning the corner knee members of a
low-rise system frame, and the other (experiment 2 ') conceming comparison between solid
web members and open web members.

Specimens in experiment 1 are beam-column corners knee members of system frame. The
cross section of specimen is built-up tapered H-section and maximum height is 450mm and
minimum height is 300mm. The inner flange of the specimens has a radius of curvature of 300
mm. The corner bracing problems are concerned with the bracing position, bracing rigidity,
and presence or absence of stiffeners in the bracing point. The parameters of experiment | are
the bracing position, the presence or absence of a stiffener at the corner, and the shape of the
comner stiffener and loading condition. In this experiment, bracing rigidity is infinite as full
bracing. Comer apex bracing types and loading conditions are illustrated in Figure 1. A total
of ten specimens were used in experiment 1. Their dimensions are listed in Table 1.

Experiment 2 is concerned with the bracing and stability of solid web and open web
members. As shown in Table 2, three truss members and two built-up H-shaped section
members were used as specimens. Purlins, furring strips, or cross beams in the ridge direction
for the comer apex are attached to the outer chord member or outer flange of a main frame.
These members not only carry external forces, but also restrain the out-of-plane deformation of
the main frame. In experiment 2, therefore, bracing members with strength and rigidity
comparable to the purlins, furring strips, and cross beams were attached to the outer chord
members of the main frames, as shown in Figure 2. The rigidity ratio of tie beams to main
frame members in actual structures was obtained and used as the flexural rigidity transfer ratio
to determine the cross section of bracing members used in experiment 2. Loading system is
showed in Figure 2.

3. Experimental Results
3.1 Results of Experiment 1

Figure 3 shows the in-plane load-deformation curves of the specimens when the bracing
method was changed. The maximum strength of each specimen reached the yield load.
Compared with specimen A-O having the out-of-plane deflection of the compression and
tension flanges restrained, specimen A-3 having the tension flange alone restrained has a
greater drop in deformation capacity after the maximum strength. Specimen A-8 with the
rotational restrained at the apex has a deformation capacity similar to that of specimen A-0. If
there is a stiffener at the bracing point, axial rigidity bracing with the tension flange alone is
effective as bracing against buckling. To provide a desired deformation capacity after the
maximum strength, axial rigidity bracing with the tension flange alone is not enough, but



rotation must be restrained. This suggests the importance of studying the bending rigidity of
tension bracing members. Web plates undergo local buckling relatively early after the
maximum strength, partly under the influence of drift stress, because the inner flange of the
specimens has a radius of curvature.

Figure 4 shows the in-planc load-deflection curves of the specimens when the stiffener shape
was changed. The maximum strength of specimen A-2 without stiffener is about 30% of that of
specimen A-3 with stiffeners on both sides. The effective buckling length of specimen A-2 is
approximately the same as the distance between the supporting points at loading points. When
there is no stiffener at the apex bracing point, bracing on the tension side alone is not enough.
Specimen A-5 with stiffeners of 2/3 sectional depth attached on both sides has a higher strength
than specimen A-2, but its maximum strength is 129 kN. Specimen A-7 with a full-depth
stiffener attached on one side alone is as strong as specimen A-3 with stiffeners attached on both
sides. Its loss of strength after the maximum strength is so large, however, that the desired
deformation capacity cannot be expected.

Figure 5 shows the in-plane load-deflection curves of specimens A-3 and A-9 loaded by
different methods. As shown in Figure 1, specimen A-9 has the outer flange subjected to
compressive stress, while specimen A-3 has the outer flange subjected to tensile stress. Since
specimen A-9 has the out-of-plane deformation of the compression flange restrained, it does not
suffer lateral buckling deformation, and its strength rises after yielding strength under the
influence of strain hardening.

3.2 Results of Experiment 2

The strength of the truss members greatly varies with whether or not the inner chord member
subjected to compressive stress at the corner is restrained against out-of-plane deformation.
Figure 6 shows the load-deflection curves of specimens T-1 and T-2. When the outer chord
member in tension is braced and the inner chord member in compression is not braced,
specimen T-2 with the highest bracing rigidity has a strength of only P/Py =0.7. When there is
no horizontal displacement at the column head in such arched frames, stress testing as
separately performed on the beams and columns in the design of frame members. The design
strength according to this consideration is P/Py = 0.55~0.63, and the experimentally
determined maximum strength is 1.10 to 1.26 times higher. This means that the redundant
strength with respect to the design swength is low and that only a small safety factor is provided
when the columns and beams are separately designed. The maximum strength of specimen T-
3 having the compression inner chord member and the tension outer chord member braced
similarly as shown in Figure 7 is P/Py = 0.98 and close to the yield load Py. The maximum
strength P is 1.86 times as high as the maximum strength P/Py = 0.6 of specimen T-1 with the
outer chord member alone braced under the same conditions. This shows that bracing the inner
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chord member with compression stress is useful for buckling.

The solid web members were studied only in such types that the outer flange alone was
braced. Figure 8 shows the load-deflection curves of specimens F-1 and F-2. As evident from
the experimental results, the maximuom strength exceeds the yield load Py=161 kN and reaches
the full plastic moment load of the corner knce member. The maximum strength is nearly two
times as high as the design load.

4. Relationships Bracing Conditions, Rigidity and Strength,
Deformation Capacity of Frame

When the inner and outer chord members are restrained at the corner of open web members
like truss members, the maximum strength is much higher than when the outer chord members
are restrained. The buckling mode is of double-curvature type with respect to the corner apex.
When the outer chord member alone is braced the corner apex of the inner chord member moves
out of plane, because that the out-of-plane rigidity of the web is relatively low.  The buckling
mode including the beam and column members is single curvature, and the bracing effect is
small. This shows that when the outer chord members alone at the comers of frame composed
of truss members are braced, it is inappropriate to design separately test columns and beams
against buckling at connection of beam and column, considering immoval point for lateral
displacement at the apex of comer of frame . Solid web members like H-shaped sections
exhibit the buckling bracing effect and provide sufficient strength when the outer chord
members alone are braced. If the rigidity of the panel zone at the corner apex and the bracing
strength and rigidity of the outer chord member are high enough, bracing of the outer chord
member subjected to tensile stress is effective against buckling.

When the stress imposed on each solid web members is calculated backward from the
reading of the strain gauge attached to the brace, it is clear that the brace is subjected to a large
bending moment as well as axial force. This tendency is similar to that reported for beams®.
Figure 9 shows the bracing rigidity to secure the deformation capacity of member based on
numerical results. If the bending moment is taken as bending moment due to the lateral
torsional deflection of the compression flange, it can be considered as bracing moment
M=0.025Fh when 2.5% of the yield axial force is imposed as horizontal force F as shown in
Figure 10.

5. Conclusions

The results obtained from the above-mentioned experiments may be summarized as follows:
(1) When the main frame is composed of truss members and when the outer chord member in
tension is restrained by a cross beam or purlin, the inner chord member deforms out of plane
at the corner to lose the bracing effect, because the out-of-plane rigidity of the web is small.



For the truss members, therefore, both chord members should be restrained at the corner by
ridge tie beams and similar members (Figure 11). In addition, the inner chord member in
compression should penetrate through the outer chord member.

(2) When the main frame is composed of solid web members like H-shaped sections, it is
desirable that the out-of-plane deformation of both the inner outer chord members should be
restrained at the corner. Unlike open web members, solid web members call for the restraint
of only the outer flange in tension if enough strength and rigidity are provided around the
panel zone composed of the column and beam. In this case, it is recommended that a
stiffener be provided at each bracing point or that the braces attached to the compression
flange and the tension flange be connected by tie members like knee braces.

(3) When attached to the inner and outer chord members or the compression and tension
flanges, the corner knee members is 2.5% of the yield axial force of a T-shaped section
containing the compression flange as shown Figure 10.

(4) When the tension flange alone of a solid web member is braced, it is necessary to pay full
attention not only to the above-mentioned axial force, but also to the bending moment. If the
bending moment is taken as bending momente due to the lateral torsional deflection of the
compression flange, it can be considered as bracing moment M=Fh when 2.5% of the yield
axial force is imposed as horizontal force F as shown in figure 10.

(5) Due care must be exercised when joining and attaching members restraining inner chord
members in tension to the truss members.
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Table 1 Specimen of Experiment 1

Bracing Condition

Loading Condition

Fig.1 Bracing and Loading Condition

Specimen Section Yield Stress Bracing
P © o, o, (Nmm’) | Condition
A-0 H-450X150X6X 12 264 369 I
A-1 H-300X150X6X12 264 369 I
A-2 ] 264 369 v
A-3 264 369 11
A4 g 264 369 1
A5 % 264 369 v
A-6 264 369 I
A-7 264 369 VI
A-8 264 369 I
A-9 R=300 264 369 II
Rotational
. Bracing
Lateral Bracing
> > < < D <} TenFlange
[ q =4 Com.Flange
I I I v v VI



Table 2 Specimen of Experiment 2

S pecimenL Chord Member Lacing Member | Bracing | Bracing
Section |oNmm)] Section |G NmmICondition} Member
11 [HROSXESXH 337 |opasxasxd] 354 1 |=115%100
T2 [g S[I 327 |2L-45%x45%5| 354 I {=215%X100
T3 327 |2L-45x45x6] 354 o J=11.5x100
Specimen Member Yield Stress Bracing | Bracing
Section o, (Nmnr) | 6, (Nfm)| Condition ] Member
H350X 150X6 X 12
F1 H-175X 150X 6X 12 281 304 I -11.5X 100
Jf T L
F2 oL 281 304 I —-21.5X100
I 1000 | 1000 ’ Bracing Member
——— ] I
—

1I

Bracing Condition

Loading System of Frame

Fig.2 Bracing and Loading Condition
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BRACING DESIGN FOR INELASTIC STRUCTURES

Joseph M. Ales Jr. and Joseph A. Yura
The University of Texas at Austin

INTRODUCTION

Most theoretical research on bracing requirements for structures are based on elastic concepts.
A summary of elastic bracing solutions for beams and columns is given by Trahair and Nethercot (1984).
Pincus (1964) used a simple model to demonstrate that the bracing stiffness requirements for inelastic
columns are greater than those for elastic columns. Based on the work of Pincus (1964), Trahair and
Nethercot (1984) conclude that the summary of their stiffness requirements will progressively
underestimate the required bracing stiffness as the column slenderness decreases, but no adjustments are
given to account for the increased brace requirements as a result of the inelastic behavior. For full
bracing, i.e. the bracing is sufficient to force buckling between the braces, Winter (1958) showed that
the bracing requirements could be derived using a rigid link model. Winter’s full bracing requirements
are a function of the column load and the distance between braces, not column elasticity. Winter’s
approach is the basis for most bracing design recommendations. There is no experimental evidence
available for bracing requirements of inelastic columns to evaluate the contention of Pincus.

For beams in the inelastic range, most research has been concerned with the spacing of the
braces, not the properties of the braces. The Commentary on Plastic Design in Steel (ASCE, 1971) gives
requirements for bracing at plastic-hinge locations. In the ASCE recommendations the lateral brace must
have axial strength, axial stiffness and flexural stiffness. Experiments on simply-supported beams do not
verify the need for flexural stiffness in the lateral braces. In addition, the brace requirements for axial
stiffness and strength are less than those required by Winter's approach. A design example illustrating
both Winter’s approach and the ASCE approach (neglecting the flexural stiffness requirement) is given
in Saimon and Johnson (1980). Both approaches give the same size brace in the example. Wong and
Nethercot (1989) conducted a theoretical study of brace stiffness and strength requirements for beams
with a concentrated load at midspan. Their study verified the Winter approach especially on the need
to use at least twice the ideal full bracing stiffness in order to reduce the brace forces. The brace forces
were less than 1% of the flange force when the recommended stiffness was provided. The results appear
to verify Winter’s approach for use with inelastic beams, but the loading condition considered only
involved a small amount of inelasticity near midspan. Nakamura (1988) presents a few experiments
which appear to follow the trends suggested by Winter’s approach but no test details are given, including
the loading condition.

While there are only a few documented studies on bracing requirements for inelastic beams and
columns most design is in the inelastic range of behavior in order to achieve maximum utilization of
material. Obviously, closer spacing of bracing must occur in order to reach the plastic region, but this
does not necessarily mean the brace requirements are substantially changed by the inelastic behavior of
the member to be braced. Undocumented failures of test setups in experiments when instability occurs
in the inelastic range, has contributed to the notion that inelastic structures require larger bracing than
elastic structures. Similar observations have been noted by colleagues when examining actual structural
failures due to earthquake, wind and snow. However, in the authors’ experience, when a lateral bracing
failure occurs in a load test into the inelastic range, it usually happens after a local flange or web buckle
occurs, which causes the w-shape beam to become unsymmetrical. The loss of symmetry of the section
causes shifts and inclinations of the principal bending axes which can cause very substantial lateral and
torsional forces, much like those in channel sections not loaded through the shear center. Lateral bracing
forces caused after local buckling occurs are very substantial but are beyond the scope of this
presentation. However, since most local buckling occurs in the plastic range, bracing failures are often
associated with inelasticity rather than local buckling.

The objective of this paper is to provide bracing design recommendations for beams and columns
loaded into the inelastic range before local buckling occurs. These recommendations apply to flexural
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buckling only; torsional buckling must be addressed separately. The recommendations are based on
Winter’s model for discrete bracing and the tangent modulus concept for continuous bracing. In the next
sections, Winter’s model is reviewed and the Pincus theory evaluated. Two beam experiments are
presented which support the use of the Winter Model.

WINTER'S MODEL f py
The effect of brace stiffness on the -elastic A bracig P '

buckling strength of a simply-supported straight column P

with a mid-height brace is shown in Figure 1 \’

(Timoshenko and Gere, 1961). There is an almost linear P 2 .

relationship between P, the column buckling load, and T A -!F—

8., the brace stiffness, until the maximum Joad b

corresponding to buckling between the braces is r
At 8, = 2P, / L, full or ideal bracing is achieved. o 2 opt, /
Further increases in brace stiffness do not affect the Figure 1

column strength. The general buckling solution for any
value of brace stiffness shown in Figure ! is complicated,
but Winter (1958) developed a simple solution for the
particular case of full bracing.

Winter’s model for the determination of the ideal
brace stiffness is shown in Figure 2. The column is
represented by two straight rigid links, pinned at the
center at the bracing location. Assuming a small
movement,” A, at the brace point when the column load P
is applied, equilibrium or one-half of the column requires
PA = BAL, /2 or 8 = 2P / L,, the same solution shown
in Figure 1. This model gives the correct ideal brace
stiffness for any number of equally spaced braces (Salmon
and Johnson, 1980). Winter's solution does not require
the use of elastic principles. His model indicates that only
the magnitude of the load, the distance between braces, and the number of braces affects the stiffness
required for ideal bracing. Say, two columns have the same length and bracing spacing, but have
different sizes of members and may be constructed from two different materials. If it so happens that
the load corresponding to buckling between the braces is the same for both cases, then the ideal brace
stiffness will be the same for both columns. Simitarly, if the two columns are constructed from the same
material, but because they have different sizes, one buckles in the elastic range and the other column
buckles at the same load but is in the inelastic range of behavior, there will be no difference in the
bracing requirements.

‘Lg‘ . 1:’El¢ L&l PINCUS MODEL,

Lz

Figure 2

The rigid link model developed by Pincus
2A % (1964) is shown in Figure 3. His model is similar to

1S Winter’s model with the addition of a rotational spring

L = at the midspan, which represents the bending stiffness
A - !éa_ =El A of the column itself. When there is no brace at the

2 mid-height, the column will buckle at P, = x?EI / L%,

= ®El For the rigid link model to give the same answer, a

T rotational spring with a stiffness of x*EI/4L is

required. When a lateral brace is attached to the

Figure 3 linkage system, as shown in Figure 4, equilibrium for

one half the column gives



P= 1!’ EI . p Lb 1))
L? 2
i 8a Py  pa Pincus reasoned that if the column buckied in the
> >3~ inelastic range, then the #* EI / L? contribution would
24 Ly diminish based on the tangent modulus concept, thus
T increasing the brace stiffness required to reach the
-— RE|4 Au same load as an elastic case.

A \ pa «L L
o B The conclusion reached by Pincus is
ga 2 questionable because his model does not give the
— PA = 2L +5—E;' A correct value of ideal stiffness at full bracing, even
when the column is elastic, as follows. For elastic
Figure 4 behavior, at ideal bracing P, = #* EI / L,2. Since L

= 2L,, Equation (1) gives a required 8, = 1.5 #* EI

1L» = 1.5P/L,. The exact stiffness at full bracing
is 2P / L, as shown in Figures 1 and 2. At full bracing there is an inflection point at the brace point
(zero moment) and Winter’s model which satisfies this condition gives the correct answer. No rotational
spring at midspan is necessary at full bracing so the Pincus model is incorrect for full bracing. His model
would be more appropriate at brace stiffness substantially below the ideal case.

BRACING RECOMMENDATIONS IN THE INELASTIC RANGE

Based on the previous discussion, Winter’s method is recommended for both the elastic and
inelastic ranges of behavior. Winter’s method is applicable to bracing systems which are attached at a
discrete number of points along the length, and the load level corresponds to buckling between the brace
points. In this case the brace requirements are simply a function of the magnitude of the load and the
unbraced length. Since Winter’s recommendations are documented elsewhere (Salmon and Johnson,
1980), they will not be repeated here.

If the bracing system is continuous, Winter’s simply approach will not give the exact results. For
continuous column bracing, Timoshenko and Gere (1961) give the following elastic relationship between
P, and the continuous brace stiffness B,

P =P°[n’+ pL? } @)

2,2
n‘n*P,

where P, = 2 EI /L2, L is the span length and n is the number of half sine waves in the buckled shape.
To use this solution with a given P, substitute integer values of n = 1, 2, 3, etc. in Eq. (2) and use the
smallest result. Equation (2) has no limit except P, < yield load. If P, is in the inelastic range of
column behavior, it is recommended that the tangent modulus concept be used. That is, replace E in P,
with E;. For the CRC column curve the tangent modulus is

2,41(1-1] ®
E P’

where P is the applied column load and P, is the yield load. For other column curves such as that given
in the AISC steel specification, the ratio E/E is the same as the "stiffness reduction factor" given in
tabular form in both the ASD and LRFD versions of the specification. A design example follows
illustrating the approach for continuous bracing of inelastic columns.
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EXAMPLE PROBLEM
WHAT GIRT STIFFNESS IS NECESSARY TO

ADEQUATELY BRACE THE COLUMN?
Pu = 325K w12X40 : A36 STEEL

r\ r
DETERMINE THE STIFENESS USING THE
5.5 CONTINUQUS BRACE FORMULA
A= |L]
5.5 P =tP.n?+ __F_"L_z_
22 I ) L} . £ nnl Pt
=
=~ =
5.5 ﬁ ® SOLVING FOR B,
A= |L|GRT )
— — 2
5.5 ﬁ pla"L;‘ (P, -5 Pyn?)
7\‘\‘ J—J
} ® LET B, = 38, /L where 8, = ideal girt stiffness
L = total column length
2,2
CALCULATE P, pu-"sz(P,-rP,nz)
KLy = 22’ : Pg = 135 kips : AISC
-LRFDp.2-25
CALCULATE 7
P35 34 kei: t <0258 :AISC-LREDp.2-8
$A4 085 (118

TIFFN] REQUIRED

B, = _"i( 325 - 0.258(135) n? ) = n (325 -34.83 a?)
4 322)(12) ’ 80.25 )

en=1:8,=362k/in
en=2:8,=926k/in v CONTROLS
en=3:8,=129k/in

DESIGN STIFFNESS
2By _ 202 .
Pomior = 5 * -&75—5’ = 247 k] inch
WINTER’S FORMULA FOR A COLUMN WITH THREE DI BRACE
341 P
B, - AL e P,

I, 5.5(12)

- 2168 44,8 k [ inch



EXPERIMENTAL TESTS

Two tests were conducted on simply
supported $6X12.5 beams. Two point loads
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were applied to produce a constant moment
along the center section of the beam. The test
setup is shown in Figure 5. The end supports
and the loading locations were rigidly braced
out - of - plane; at the center span location, a
rigid brace was used in the first test and an
elastic brace was used in the second test. The
span lengths were calculated to cause inelastic
buckling of the constant moment spans. A
plastic moment test on a short section of an
S$6X12.5 was conducted to determine the

48"

X X
| 43-4 ar
LOAD

moment - curvature relationship. From this Figure 5: TEST SETUP
relationship, a moment vs. modulus of
elasticity curve was calculated; this curve is
shown if Figure 6. Buckling was targeted to
occur at an inelastic moment of 356 in-kips, 40000 $6X125M | TEST
which corresponds to a tangent modulus of
3650 ksi (.13E). The plastic moment was 35000
373 in - kips. The center spans were treated 30000
as the buckling spans and the end spans were 26000
treated as the restraining spans. % oo
DETERMINATIONOFBRACESTIFENESS '
FOR TEST #2 10000
M, « 356inkpa
X 5000 E, 3650k

Winter’s model shows that for a o
column with an elastic support in the center, 0 50 100 150 200 250 300 30 X
the stiffness necessary to make the elastic MOMENT (inips)
support act as a rigid support is §; = 2P /
L,, where 8, is the ideal spring stiffness Figure 6: E vs. M : M, TEST

required, P is the columa buckling load, and

L, is the distance from the brace to the end

support. See Fig. 2. This model can be used for determining the bracing requirements for beams by
replacing P with the force in the compression flange of the beam when bucking occurs. For these tests,
the buckling moment was 356 in-kips; dividing this by the distance between the flange centroids, 5.75",
the force in the compression flange at buckling was P = 356 / 5.75 = 62 kips. The ideal brace stiffness
required was 8, = 2*62 / 48 = 2.58 k/in. The ideal stiffness cannot be used in actual tests because any
imperfections in the member will cause the brace force to approach infinity. Therefore, the ideal brace
stiffness was increased by 20% 10 S = 8.4 (1.2) = 2.58 * 1.2 = 3.1 K/in.

SUPPORT FIXTURES

The test setup is shown in Figure 7. At the beam support locations, rollers provided the in -
plane support and brace plates provided the out - of - plane support. See Figure 8. At the load points
and at center span, out - of - plane bracing was used. The bracing allowed the in - plane deflection of
the beam, caused by the applied loading, and the out - of - plane rotation, caused by lateral buckling.
A schematic of the fixture for the load point bracing is shown in Figure 9. The bracing elements are held
by inclined double angle supports that are bolted to the test floor and welded together at a point above
the test beam. A steel plate <A >, centered between and boited to the inclined double angles, supports
another steel plate <B> that has a strip of teflon epoxied to its surface. Plate <B> is free to rotate
about the edge of plate <A>. Aluminum clips, with teflon pieces epoxied to its surface, are attached
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to the top and bottom flanges of the test beam. The
low friction teflon surfaces of the clips and plate
<B> allows free vertical deflection of the test beam.
Figure 11; ELASTIC BRACE A picture of the bracing elements is shown in Figure
10.

For the center span location, it was necessary
to design a brace with rigid supports for the first test
and a brace with elastic supports for the second test.
The bracing elements used at the load points were
also used at the center span location; only the top
flange was braced. A schematic of the elastic brace
support for Test # 2 is shown in Figure 11. It
consists of L 3 1/2 X 3 1/2 X 1/4 angles, placed back
- to - back, that are welded to an end plate, which is
bolted to the test floor. The flexural stiffness of the
cantilevered angles provides the lateral brace stiffness.
Figure 13: RIGID BRACE The calibration of tlfe brace support stiffness is shown
in Figure 12. The brace support, bolted to a reaction
wall, is loaded with steel plates at the bracing
location. Two dial gages that can read to 0.001"
measure the deflection at the bracing location. The
stiffness of the brace support was the slope of the load
- deflection curve, using the average of the slopes of
two calibration tests. The calibrated stiffness of the
brace support was 2.96 k/in.

The rigid brace was constructed by stiffening
the existing elastic brace with inclined double angle
buttresses; the schematic of the rigid brace support is
shown in Figure 13.

TEST SETUP

The test beam was loaded by two 12 kip
capacity rams. Load was measured with a pressure
transducer. A linear potentiometer measured the vertical deflection at the center brace. Lateral
deflections were measured at the center of the two interior spans by using a ruler, graduated in
hundredths of an inch, and a theodolite. See Figure 14. For the test with the elastic brace support, dial
gages at the braces measured lateral deflection. The beams were painted with whitewash to identify
yielding.

Figure 14: INSTRUMENTATION
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P - M, TEST
B0 - ELASTIC BRACE
g 30 RIGID BRACE
3 =
E 200
Y 10
g w
501
00005 0001 000% 0002  0.002

400 ELASTIC - PLABTIC CURVE 373
3sop ™ P
= w0 YIELDING OF BOTH FLANGES
& COMPRESSION FLANGE VIELDING
{0 L.
é L L YIELDING BETWEEN LOAD POINTS
5 W YIELDING AT LOADING YOKES
Y 50
8 A ELASTIC BRACE TEST
= 100 @ RIGID BRACE TEST

NOTES ARE FROM ELASTIC BRACE TEST

05 1 15 2 25 3 35 4

CURVATURE (1/in) VERTICAL CENTERLINE DEFL. (in)
Figure 15: M - ¢ CURVES Figure 16 M - A, CURVES
Table I: Sumary of Results
TEST BRACP; STIFF | INITIAL IMl_JERFECTION ) Mc,' S-Shape
k/in. at midspan in - kips
1 o 0.30" 355 YES
2 2.96 0.031" 355 YES

Load was applied statically in increments of 1 kip, up to a load of 8 kips; at this point, the first
major yield lines appeared. Once yielding began, load was deflection controlled; readings were taken
after each 0.15" increment in the centerline vertical deflection. Each load step was paused S minutes and
the reading was taken after the pause. A real - time plot of the load vs. centerline vertical deflection was
used to gage specimen behavior.

Figure 17;

TOP FLANGE YIELDING

R LT

A summary of the test results is shown in
Table 1. The results show that the brace stiffness was
sufficient to cause S - shape buckling of the beam. In
Figure 15, the moment - curvature curves of the two
tests are compared with the curve from the plastic
moment test. In both of the test beams, the moment
peaked at 355 in - kips and then fell off, due to the
fateral buckling. This moment is below the plastic
moment of 373 in - kips and is essentially the same as
the predicted buckling moment of 356 in - kips.

The moment vs. vertical centerline deflection
plot is shown in Figure 16. Behavior was linear until
the moment reached approximately 320 in - kips.
Initial yielding began at the load yoke points; yield
lines then appeared on both the top and bottom
flanges; the yield lines on the compression flange
indicated the horizontal curvature of the buckled
shape. This is shown in Figure 17. Yielding
occurred along the entire length of the constant
moment spans.
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The moment vs. lateral deflection curves for both tests are shown in Figure 18. After initial
lateral settlement of the bracing fixtures, no additional lateral deflection occurred until the yield load was
exceeded. The initial imperfections for the two beams are shown in the Jower right corner of the graph.
The initial out - of - straightness of the beam section between the center span brace and the load points
was approximately L / 700 for Test # 1 and L / 3000 for Test # 2. Plots of the vertical midspan
deflection vs. the south end lateral deflection for both tests are shown in Figure 19. Also shown is the
lateral deflection of the elastic brace used in Test # 2, The generic buckled shape of the beam for both
tests is shown in the lower right corner of the graph.

CONCLUSIONS

The experimental test program showed that Winter’s model is valid for members loaded into the
inelastic range. Nakamura has also published results that verify this hypothesis. Winter’s model for
discrete braces is a function of the column load and the unbraced length; the column elasticity does not
affect the bracing requirements. For continuously braced columns, the elasticity of the column is
addressed by using 7 in the bracing equation. The bracing equation for continuously braced columns can
be used to determine the bracing requirements for columns with multiple discrete braces. The Pincus
model, which shows that inelastic columns require more bracing than elastic columns, has been shown
to be incorrect due to a flawed extrapolation from the Winter rigid bar model. Future research, focusing
on experimental testing, is necessary to determine the bracing requirements for columns and beams loaded
into the inelastic range and to verify the bracing equations presented in this paper.
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BRACING OF TRUSSED BEAMS
by
Theodore V. Galambos

Department of Civil and Mineral Engineering
University of Minnesota

INTRODUCTION

Trussed beams, more popularly known in North America as steel joists, are mass
produced trusses used as direct load-carrying elements for supporting roof or floor loads, or
as primary structural members which support the steel joists (joist girders). These structural
members are selected from load tables in the Steel Joist Institute (SJI) Load Tables. The

designs of the trusses are based on the SJI Specification (Steel Joist Institute, 1992).

Such structural components are strong and laterally stable once they are in their final
erected state under the service loading, but they are extremely slender in the lateral direction
during the various stages of construction, and, therefore, great care must be exercised in
providing suitable lateral bracing. The ratio of stiffness in the plane of the truss to the out-
of-plane stiffness is very large, and some of the more slender joists are difficult to erect
without special bridging. The SJI Specification has many provisions that deal with lateral

bracing. This paper will present some of the background for these rules.

The research for the development of the SJI bracing criteria is reported in the MS or
Ph.D. theses of the following persons: Leigh (1971), Minkoff (1975), Westerheide (1979),
Masoumy (1980) and Xykis (1988). The following publications deal with the bracing

requirements of steel joists: Hribar and Loughlin (1968), Galambos (1988) and Galambos and
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Xykis (1991).

The design of the individual steel joists is the purview of the joist manufacturer who

provides trusses which will support the load specified in the Load Tables. The design
engineer can thus easily select a joist from the tables. However, it is the responsibility of the

Consideration must be given to the following stages in the process of erecting a steel

joist roof or floor system:

Stability under self-weight.
Stability under the weight of an erector on the joist.
Stability under construction loading.

Stability under service loading.

STABILITY UNDER SELF WEIGHT AND UNDER WEIGHT OF ERECTOR

In general, steel joists are underslung trusses, and they are erected in the following
sequence: First the joists are placed in their approximate location between the supporting
walls or beams. One end is welded to the end-support in its exact location. An erector then
proceeds to install the lateral bracing (also called bridging), at the same time drawing the
member into its correct location. When all the bridging is in place, the ends of the bridging

lines are anchored, and the other end-seat of the joist is welded to its support. The placing



and fastening of the bridging is the most dangerous part of the erection sequence. Once the
bridging is in place, both ends of each joist are welded down, and the bridging lines are
properly anchored, construction may proceed by installing the deck, the flooring, the
fireproofing, or the roofing and insulation. Under no circumstance is it wise to place

construction load on the system until the bridging installation is complete.

Two types of bridging are used in steel joist construction: diagonal bridging and
horizontal bridging (Fig. 1). Horizontal bridging is used exclusively if the joist length is less
than approximately 40 fi, a central diagonal brace is used in the range of around 40 ft to 60
ft, while above that span all bridging is of the diagonal variety. If diagonal bridging is used,
it (the center row) must be installed before the crane hoisting cables are released. Only then

can the erector be allowed to climb on the joist.

The critical length when the central diagonal brace must be in place before the erector
can venture on the joist is determined by assuming a uniform beam with simple supports in
the plane of the truss, ends prevented from twist and lateral deflection, and loaded by a
uniformly distributed force acting through the centroid of the cross section and a central
concentrated load acting at the level of the centroid of the top flange. The uniformly
distributed load is the self-weight of the joist, and the concentrated load is the weight of the
erector, which is taken to be 300 lbs. The answer is found by solving for the length, L, in
Eq. 1 Minkoff, 1975). This equation is derived by the Rayleigh-Ritz method with an
assumed sinusoidal lateral and torsional deformation. The critical lengths in the SJI

Specification are determined by this formula.
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In this equation the terms are defined as follows:

P=300 lbs, weight of erector

w=weight of joist per unit length

E=modulus of elasticity

G=shear modulus

L=length of joist

I,=out-of-plane moment of inertia of top and bottom chord

K=effective length factor, 1.00 if ends are not welded down, 0.85 if one end is welded
down '

B, =a cross-sectional property defined in Fig. 2

A,=area of bottom chord

A,=area of top chord

I,=moment of inertia of cross section about its major axis

a=distance between shear center and point of load application (neg. if above shear center)

y=centroidal distance between centroid of top chord and centroid of cross section

y.=distance between shear center and centroid, (neg. if shear center if above centroid)

d,=effective depth of section

C, =warping constant



J=S8t. Venant torsion constant

STABILITY UNDER CONSTRUCTION LOAD

The construction load consists of the weight of decking and the weight of the
workmen as they install the decking by welding it at intervals of no more that 36 in to the
top chords of the joists. The whole system is assumed to be braced only by the bridging.
Two problems need to be considered: a) the spacing of the bridging and b) the magnitude of
the anchorage forces. The first requirement of bracing was investigated by Hribar and
Loughlin (1968) and Leigh (1971), while the bracing forces were studied by Masoumy
(1980). Xykis (1988) and Masoumy (1980) also studied the bracing problem as a three-
dimensional frame system. Lateral buckling tests on full-scale individual joists (Hribar and
Loughlin, 1968 and Leigh, 1971) and on model-sized multiple joist systems, as well as the
theoretical studies, demonstrated that the following approximations can provide a sufficiently
accurate basis for developing the design criteria that underlie the bridging rules in the SJI

Specifications:

Bridging spacing:

nE (2)

cr

where L, = spacing bridging lines

1,

, = radius of gyration of top chord about its y-axis

F., = assumed stress in the top chord under construction loads
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(17 ksi for open-web joists and 12 ksi for longspan joists)

Anchorage forces:

F = 0.0025 0 Pyy)onabie 3

required

where n - number of joists in a row
Py = allowable stress in top chord

The required anchorage forces in the SJI Specification for the construction load
condition are determined for eight joists in a row loaded to produce the critical stresses listed
above. Equation 3 is based on an initial crookedness of 1/920 of the distance between
bridging lines. Figure 3 shows the variation of the bridging anchorage forces with the
number of loaded joists. A comparison is made between the predictions from Eq. 3 and an
analytical calculation. The variation of the forces in the center row of horizontal bridging
are shown in Fig. 4 for a roof system of ten joists in a row with seven lines of bridging.
The joists are assumed to be fully loaded with their design service loads, as is the case when
the decking cannot provide Jateral bracing (see comments about standing-seam roofs below).
These forces were determined by analysis of the system of braced chords. It should be noted
that the bridging forces can be in compression despite the fact that both ends of the bridging

lines are anchored.

STABILITY UNDER SERVICE LOADING
The joist system is amply stabilized under gravity loads by the rigid decking (steel
deck and/or concrete slab) when the decking is welded to the compression chord at a

distances of at most 36 in. Usually the welds are placed closer than this limit. However,



there are two conditions when it is necessary to be concerned about bracing in the completed
structure:

a) The strength of the bottom chords and the bottom chord bracing spacing must be
checked to provide adequate resistance to uplift loads due to wind. It is especially important
that the first bottom chord joint is braced (see Fig. 1), since this point must now brace the
end of the first web diagonal which is in compression under uplift loading.

b) Standing-seam roof decking cannot be counted on to provide lateral bracing to the
top chords of steel joists. Therefore it is necessary that lateral bracing be provided by the
bridging lines under the full service loading. This means that the bridging lines will need to
be spaced closer (i.e., F is larger in Eq. 2, and thus L is smaller), usually 4 ft on center,
and that the bridging anchorage forces will be larger (i.e. F, in Eq. 3 is larger). It will be
advantageous to interrupt the horizontal bridging lines with a "box" made of two adjacent
joists laced together by diagonal braces to form sufficiently strong intermittent anchorages

when there are more than eight or ten joists in a row.

SUMMARY AND CONCLUSIONS

Steel joists are very efficient when they are in their final location with the decking in
place and the loads are due to gravity. In the fully erected stage it is necessary, however, to
check lateral bracing if the loads are uplift loads due to wind, and to provide adequate
bracing in the case of standing-seam roofs. During the construction phases of building it is
also important to consider the stability of the joist under its self-weight and under the weight
of an erector. Furthermore, bridging spacing and bridging strength need to be accounted for

during the placing of the decking on the joist system. The criteria to be considered during
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the various stages of construction are discussed in this paper, and the background of the rules

in the Steel Joist Institute Specification is presented.
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BRACING IN CANTILEVER-SUSPENDED
SPAN CONSTRUCTION

Hesham S. Essa and D.J. Laurie Kennedy
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ABSTRACT

Secondary framing members such as open-wcb steel joists can enhance the stability of
beams in cantilever-suspended span construction markedly. This enhancement results from
both the lateral and torsional bracing provided to the top flange of the beam by the joists. With
such restraints the buckling of the beam is characterized by web distortion. A distortional finite
element model, verified by 31 full-scale tests, is used to investigate the stability of the beam. A
simplified expression for the bending stiffness of open-web steel joists, which brace the beam
torsionally, is presented. The strength of the minimum specified welded connections for the
joists is checked. The stiffness of practical joists is sufficient and the strength of the minimum
specified welded connection for joist shoes is likely to be sufficient to stabilize the beam
through torsional bracing. Because torsional bracing enhances the stability of the beam much
more than lateral bracing, its effect should be considered to achieve economical designs for
beams in cantilever-suspended span construction. Numerical comparisons are given for the
buckling capacity of beams with different bracing systems.

INTRODUCTION

After the collapse of a parking roof of a commercial building in Burnaby, British
Columbia, Canada, in April 1988 (Closkey 1988), the question was raised about the adequacy
of the bracing design for cantilever-suspended span construction. In this system, the beams of
alternate bays cantilever over the top of columns and a simple span is suspended between the
ends of the cantilevers in the other bays. Open-web steel joists are supported on the top flange
of the beam. The welded joist shoe connection may provide both lateral and torsional restraint
to the top flange and thereby enhance the beam stability significantly.

Solutions currently available for designing beams in cantilever-suspended span
construction against lateral-torsional buckling (CISC 1989) account for neither the beneficial
effect of torsional bracing nor the adverse effect of the height of load application above the
shear centre. The results can be either overly conservative or unconservative, depending on the
boundary conditions involved.

The problem is further complicated by web distortion and the twisting of the braced
flange between bracing points. A finite element model (Albert et al. 1992) has been developed
to predict the lateral-torsional buckling of a beam under any combination of loading and
restraint conditions, taking into account cross-sectional distortion. This model uses a line
element to simulate the flanges and a plate element to simulate the web. A series of 31 full-scale
tests, conducted to verify this model, gave a test/predicted ratio of 0.99 with a coefficient of
variation of 0.064.
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TORSIONAL RESTRAINT STIFFNESS

The input data of the finite element program require an estimate of the effective torsional
restraint stiffness, K, provided to the beam through the joist shoe connection by the flexural
action of the joist. A spring model (Milner 1975) can be used to determine K, as

1 1.1

8] K_=K K.

where K; is the in-plane bending stiffness of the open-web steel joist and K, the stiffness of
the joist "shoe connection, depends on its moment-rotation characteristics. When a welded
connection is used, which is the usual case in cantilever-suspended span construction, Milner
(1977) recommended an infinite value for K, based on some experimental results. Milner and
Rao (1978) determined values of K_ for bolted connections experimentally.

Consider the open-web steel joist shown in Fig. 1(a), where the top chord is extended
beyond the end of the web member to provide for the joist seat. This joist can be modelied as a
beam with a moment of inertia I, for the central portion between the end panels and a moment
of inertia I,, which is taken equal to that of the top chord member, for the end panels, as
indicated in Fig. 1(b). Applying an in-plane bending moment, M, at the end q, and assuming
simply supported end conditions, the end rotation is given as

M 2 2 2 3
21 ag=gpr L1 (-1 -3+ 3Ly - 2L, /1))

Because I) >> I, and L >> L,,, the expression for end rotation can be approximated as

3 ML
Bl g

Therefore, the in-plane bending stiffness of the open-web steel joist is obtained as

The expressnon for K; given by [4] was confirmed usmg a plane frame program. When
no information is available about the cross sections of the joist chords, it is suggested that,
based on a study of practical JOlSl sizes of two different manufacturers, a value of 3 x 107
Nmm/rad. is generally conservative for K;. For interior beams, with JOlsts on both sides, K is
obtained by adding the contribution of the joists on each side. For joists acting composxtely
with a concrete slab, significant enhancement of the torsional stiffness is achieved.
Conservatively, the moment of inertia of the composite section of the concrete and the top
chord acting together is used for I, in [4] of the joists on one side of the beam where the
concrete is in compression as the beam tends to rotate, and that of the steel top chord alone on
the other side where the concrete is in tension.



STRENGTH OF MINIMUM WELDED CONNECTION

The reliability of the torsional reswraint in enhancing the stability of the beam depends
on the strength of the welded joist shoe connection to the top flange of the beam. CSA
Standard CAN/CSA-516.1-M89 (CSA 1989) requires a minimum specified length and size of
the two parallel fillet welds of 40 mm and 5 mm respectively for this connection.

With a torsional restraint stiffness, K,, and an angle of twist, 8, of the top flange at the
buckling load at a bracing location, the minimum required strength for the connection is

51  M,=K,8,

However, because the finite element model treats the beam buckling as a bifurcation problem,
only a normalized buckled shape is obtained and the values of the twist remain unknown.
Therefore, the model was modified to include the effects of initial imperfections in order to
determine the bracing forces (Trahair and Nethercot 1984). A W360x39 beam of 9 m span,
under uniform moment, with five intermediate bracing points on the top flange, and a
maximum sinusoidal sweep of 1/1000 of the span, the maximum specified tolerance for out of

straightness, was analyzed. For a torsional restraint with a stiffness, K,, of 108 Nmm/rad. and

rigid lateral restraint at the bracing points, a rotation of 1.3x1072 rad. was obtained for the
maximum angle of twist for the top flange at a bracing point when the factored moment was

applied. The resulting restraining moment of 1.3x 10° Nmm, under these extreme conditions,
when-shared equally by joists framing from both sides, is about 55% of the factored moment
resistance of the minimum specified weld. For sweeps less than the maximum tolerance and for
less extreme moment diagrams, the strength required would be less.

EFFECT OF TORSIONAL BRACING STIFFNESS

In cantilever-suspended span construction, practical open-web steel joists offer
essentially rigid lateral bracing and finite or limited torsional bracing to the top flange of the
beam. Bracing should be provided, where the beam is continuous over the column, to both the
column and the bottom flange of the beam because the compression in the beam flange is
greatest there. Extension of the bottom chord of the open-web steel joist on the column line and
the joist shoe connection on the top flange provide the beam with lateral restraint for both
flanges, i.e. a fork support. If the lateral bracing of the bottom flange, or alternatively web
stiffeners are not provided, the only torsional bracing that can be provided to the bottom flange
of the beam is through a rigid connection with the column. This does not provide much lateral
restraint and is not preferred as discussed subsequently.

Figs 2(a) and 2(b) show two interior bay W460x74 beams with the same loading
conditions but with different support conditions. The cantilever tip loads, as is approximately
the case in practice, arc applied at the shear centre. Open-web steel joists load the top flange of
the main span and provide rigid lateral restraint and torsional restraint (which can be selected as
desired) as indicated by the filled circles. Open circles and open squares represent. complete
(rigid) translational and complete rotational restraint respectively, each without the other. The
bending moment diagram selected for this example is shown in Fig. 2(c). All the bottom flange
is in compression. Cross-sectional dimensions are: depth, 457 mm; flange width and
thickness, 190 mm and 14.5 mm; web thickness, 9 mm. The yield strength of the steel is 300

MPa, the modulus of elasticity is 200x10° MPa, and Poisson's ratio is taken as 0.3. Not
knowing the residual stress pattern (which the finite element model can accommodate), the
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finite element program was used to obtain the elastic lateral-torsional buckling resistances and
then, if necessary, the corresponding inelastic buckling resistances were determined using the
procedure given by CSA Standard CAN/CSA-816.1-M89 (CSA 1989). The effect of torsional
restraint stiffness on the inelastic buckling resistances of the beam with the two bracing
systems is demonstrated in Fig. 3 where the ratio of the inclastic moment resistance to the fully
plastic moment, m;, is plotted against the torsional restraint stiffness. The lower plateaus, for
both support or bracing systems, up to K, values of about 10% Nmnyrad., represent the
situation where the bottom flange is restrained only by twisting of the cross section without
web distortion. The rotational restraint of the top flange is insufficient to cause distortion of the
web as the compression flange buckles. Within the range of torsional bracing stiffness of 10°
to 10° Nmmyrad., full torsional restraint of the top flange develops and, as the bottom flange
attempts to buckle, web distortion occurs. Greater bracing stiffnesses do not further enhance
the critical moment and the upper plateaus are reached.

Because the lower limit of the practical range of the in-plane bending stiffness of open-

web steel joists is about 107 Nmm/rad., joists properly fastened to beams increase the beam
resistances significantly.

It is also noted that, for all values of the torsional bracing stiffness, the beam with fork
supports has significantly greater resistance than the beam without.

EFFECT OF DIFFERENT BRACING SYSTEMS

The effect of different bracing systems is illustrated by Table 1 where 27 different
cases, all for the W460x74 beam considered previously, are presented. The bending moment
diagram is that of Fig. 2(c) with the entire bottom flange in compression. The restraint symbols
are as discussed previously. The torsional stiffness, used, is the intermediate value of 10’
Nmm/rad. (see Fig. 3).

Consider cases 1 10 9, which all have fork supports and therefore allow comparisons to
be made of the bracing provided at the load points. Comparisons are based on the inelastic
moment resistance ratios, m;, determined by prorating the elastic moment ratio me =M, / M, to
the inelastic value usmg the equation of CSA Standard $16.1 (CSA 1989) when m, is greater
than 0.67. (When m, is less than 0.67, m; = m,).

Case 1, without restraints at the load points gives the least value of the ratio m; of 0.530
and by providing fork supports at one end and then the other, cases 2 and 3, the ratio is
increased to 0.648 and then to 0.750, an overall increase of 42%.

Cases 4, 5 and 6, with lateral restraints at the main span load points, parallel cases 1, 2
and 3 thhout, and show that fork sy, 2(gpports at one and then two cantilever tips increases the
moment ratio, m; from 0.573 to 0.720 to 0.862 or 57% overall. This is also evident for cases
7, 8 and 9, with the addition of rotational restraint at the load pomts, where the moment ratio,
my, is increased from 0.826 to 0.869 to 0.955 or 16% overall. The increase is less here as the
significantly restrained beams are approaching their limiting moment capacity of Mp

A comparison of the three parallel cases of 1 with 4, 2 with 5, and 3 with 6, the first
three in each pair without lateral restraint and the last three with, show increases of 8%, 11%
and 15% only. These improvements are relatively small because the beams buckle without



significant lateral displacement of the tension flange, but are enhanced when interactive
buckling occurs in cases 3 and 6.

In contrast, a comparison of the three parallel cases of 4 with 7, 5 with 8, and 6 with 9,
the first three in each pair having lateral restraint only and the latter three lateral and torsional
restraint give increases of 44%, 21% and 11%, respectively. Even though in the latter two
cases the increase is compromised by the beam resistance approaching the limiting value of M,
it is evident that torsional restraint has a marked effect on increasing the moment resistance of
the beams.

The torsional restraint provided by the joists can cause beams with fork supports to
behave very favourably failing by inelastic buckling at moments approaching M in the most
restrained conditions.

Cases 10 to 18 parallel cases 1 to 9, the difference being that for cases 10 to 18
torsional restraint only is provided at the top of the columns. Fork supports are not provided
and the top of the column, torsionally fixed to the beam flange, is free to translate (This
approximates the bracing conditions in Bumaby (Closkey 1988), where one column had no
lateral support and the other had fork supports. Using the finite element program to analyze that
structure as loaded gave an inelastic moment ratio of 0.81 as compared to that calculated at
failure of 0.86, i.e. the failure load was 1.06 times the predicted load.

Comparisons of pairs 1 with 10 through to pairs 9 with 18 shows that by allowing the
bottom flange to translate at the top of the column, the inelastic moment ratio is reduced to
between 52% to 74% of that for the comparable case with fork supports. Conversely the fork
support bracing system is, for the cases cited, 136% to 192% as strong. Again the differences
are reduced somewhat when moment resistances are limited due to inelastic behaviour.

Above all else, these comparisons illustrate the importance of providing lateral restraint
at the top of the column.

Cases 19 through 27 differ only from the parallel cases 10 through 19 in the fact that
the top flange of the beam over the top of the column is restrained laterally and torsionally in
the former and only laterally in the latter. The increase due to this increased restraint varies
between only 5 and 9% for the different pairs and is a measure of the decreased distortion of
the beam web over the top of the column when the top flange is restrained locally as compared
to the case when it is allowed to rotate at that location.

In Fig. 4, variations of the inelastic moment resistance ratio with the ratio R, of the
static moment on the main span to the end moments on this span, are presented for a beam with
fork supports and for a beam with translation of the supports allowed for the cases (4 and 13,
respectively, Table 1) where only translational restraint is provided by the open-web steel joists
and the cantilever tips are not laterally restrained.

A ratio R=0 means that no transverse loads are applied to the main span and that the
entire length of the bottom flange is uniformly compressed. A ratio R=1 corresponds to the
moment diagram of Fig. 2c for which Table 1 was computed. A ratio of R=2 means the static
moment is twice the end moment or the positive moment at midspan equals the negative
moment at the supports and 70% of the bottom flange is in tension with the same length of the
top flange, which is laterally supported, in compression.
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For the beam with fork supports the inelastic moment resistance ratio increases
continuously from 0.331 for R = 0, to 0.573 for R = 1.0 (as given in Table 1) to 0.831 forR =
2.0 even though the load on the beam is increased 2.43 times. The reason is that the critical
unbraced compression flange, tending to buckle laterally, is less and less heavily stressed as
the value of R increases.

For the beam where translation (but not rotation) of the support is allowed, two
phenomena have opposite effects on the variation of the inelastic moment resistance ratio, my,
and its value increases from 0.313 for R = 0.0 to 0.396 for R = 1.0 and then decreases to
0.360 for R = 2.0. The ratio tends to increase as less of the laterally unsupported bottom flange
is heavily stressed in compression but this phenomenon is overcome due to increased load on
the top flange causing increased destabilization and tendency of the web to distort over the
supports.

It is also noted that when R = 2.0 that the moment resistance of the beam with
translation of the supports allowed is only 43% of that with forked supports.

CONCLUSIONS AND RECOMMENDATIONS

1. The moment resistance of the double-overhanging main span beams in cantilever-
suspended span construction depends on the loading and bracing systems provided.

2. Open-web steel joists welded (or bolted) to the top flange of the main span beam
provide both lateral and torsional bracing to the beams. The torsional bracing enhances the
morment resistance substantially more than the lateral bracing.

3. Overall the inelastic moment resistance of the main span beams with fork supports is
about halved from the maximum value when the joists provide rotational and translational
restraint and the cantilever tips have fork supports to the case when no restraint is provided by
the joists or at the cantilever tips.

4. In the most restrained case the moment resistance of the main span beams
approaches the full cross-sectional strength.

5. The moment resistance of the main span beams when translation of the supports is
allowed may be less than one-half that of beams with fork supports, with other restraining and
loading conditions remaining the same.

6. The moment resistance of the main span beams with fork supports increases as its
midspan moment becomes less negative and finally takes on positive values.

7. The moment resistance of the main span beams where translation of the supports is
allowed remains low irrespective of the shape of the moment diagram.
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Case Restraint diagram Elastic moment Inelastic moment
resistance ratio resistance ratio
me=M, /M, m;
1 = —3 0.530 0.530
2 e —3 0.648 0.648
3 == 23 0.805 0.750
4 o0 ;e 0.573 0.573
5 S o oy - 0.749 0.720
6 &g —o—o—o—2—3 1117 0.862
7 — e =] 0.993 0.826
8 T e A - e 1.146 0.869
9 M 1.649 0.955

Table 1 Buckling resistances for different restraints



Case Restraint diagram Elastic moment  Inelastic moment
resistance ratio resistance ratio
me=M, /My mj

10 —= S 0.369 0.369
11 - - g 0.384 0.384
12 &K 23 0391 0.391
13 oo 0.396 0.396
14 =% o—o—o—o—2o 0.420 0.420
15 == 2 =3 0.451 0.451
16 A" . own S S - a 0.606 0.606
17 SO O e S A o | 0.614 0.614
18 8’.:;‘ S ?‘:-8 0.724 0.705

Table 1 Continued
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Case Restraint diagram Elastic moment Inelastic moment

resistance ratio resistance ratio
me=M, /M, m;

19 5 —R 0.395 0.395

20 2 - = 0413 0.413

21 == =3 0.422 0.422

22 — oo 0.425 0.425

23 e ; 'd?_: 0.458 0.458

24 g ‘r o—o—o ‘Ta 0.498 0.498

25 L__& A g | 0.663 0.663

26 o B 0.674 0.672

27 o ; o0 =3 0.783 0.739

o Lateral restraint

Table 1 Continued

o Torsional restraint

e Lateral and torsional restraint
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Abstract

The 1-40 bridges over the Rio Grande are scheduled to be razed in
the summer of 1993 due to geometry and traffic safety considerations.
The bridges are classified as “fracture critical” two girder steel bridges. A
bridge will be tested to determine the impact of defects on the
redistribution of loads, on the load capacity, and on the potential for
collapse. After data is accumulated for this fracture critical bridge in
pristine condition, defects consisting of one or more cuts in critical
locations will be made and the data retaken.

A three dimensional computer model was created to predict the
before and after fracture response of the bridge. Response of the intact
structure was determined. Then a defect in the form of a near full
depth crack in one of the girders was introduced. The after fracture
behavior of the structure was evaluated. The role of the different
elements in load redistribution was evaluated and used for a) gage
placement, b) safety considerations.

In the real structure the fractured girder will be initially shored and
the shoring reduced. Strains will be measured at strategic locations
under dead load and specific live loads. The field test data will be
subsequently used to check, validate, or modify the analytical model.

This paper presents preliminary results of the finite element
analysis that precedes the testing.

Introduction

The I-40 bridges over the Rio Grande in Albuquerque are due to be
razed in mid 1993 due to geometry and traffic safety considerations.
The bridges represent a common design in the U.S. and are classified as
non-redundant“fracture critical” two girder steel bridges. Fracture
critical members are tension members of a bridge whose failure will
probably cause a portion of or the entire bridge to collapse. It is
assumed by AASHTO that fracture of a non-redundant structure is
severe, and will lead to catastrophic collapse. These concepts are based
on the simplified AASHTO assumptions used in the design of two-
girder steel bridges, which do not account for the actual three
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dimensional behavior of the as-built structure.

The NCHRP Report No. 3192 “Recommended Guidelines for
Redundancy Design and Rating of Two-Girder Steel Bridges” gives
guidelines for design and analysis of alternate load paths. These
guidelines are based on analytical studies. Actual in-situ testing of the
as-built structure is necessary to verify the analytical approach.

Experience shows that two-girder highway bridges although
classified as “fracture critical” typically do not collapse when a fracture
occurs in a girder. In many instances, they remain serviceable, and
damage sometimes is not even suspected until the fracture is
discovered incidentally or during inspection. Much still needs to be
learned about the after fracture behavior of these structures: how does
the load get redistributed when fracture occurs and how does the
fractured bridge in many instances carry not only it’s dead load but
also the vehicles on it?

Analvtical Evaluati

A three dimensional finite element computer model of the bridge
was developed using SAP 90 on a 486 desktop computer. A near full
depth crack was modeled in one of the girders. This analysis was
necessary from a safety standpoint, to determine the sensor locations,
optimize the quality and quantity of the data acquisition devices, and to
assist in planning the nondestructive testing procedure of the structure
by predicting the after fracture response. Safety requires a temporary
bent under the fractured girder. The predicted forces expected in this
shoring are needed for proper design. Since one can only have a finite
number of data acquisition channels, placement of the sensors is
important. This model allows proper placement of sensors of proper
sensitivity. The bridge is also going to be used for nondestructive
testing techniques, to determine their sensitivity.

Bridge Description

The current structure, built in 1963, is a 1,275 foot long, non-
composite bridge consisting of three 3-span continuous units with
spans of 131 ft.-163 ft.-131 ft each. The structural unit is a two-girder
welded with bolted splices design with a floor system (Fig. 1,2,and 3).

Loading

Two HS-20 Truck loadings were used in the computer studies in
addition to the dead load of the structure. The trucks were positioned
to create maximum positive moment at midspan of the central span of
a 3-span group.
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Computer Model

A detailed three dimensional analysis of the bridge was necessary to
account for the full interaction of the elements and to model the
complex three dimensional behavior of the as-built structure (Fig.4).

Deck{shefl element
Concurrent nodal point - )

Stringer

X T XK T2
7’ 7

Girder top & botiom
flange
(beam elements)

Floor Beam Bottom Flange
Beam elements.

Figure 4. Three Dimensional Model

The elements used in this model are:

The Flanges. Beam elements are used to model the top and bottom
flanges of the girders, stringers and floor beams.

The Webs are modeled using shell elements. In a previous model,
plane stress elements were used to model the webs. When using plane
stress elements, out of plane instability can occur, and it is necessary to
restrict out of plane degrees of freedom. When using shell elements,
this suppression of out of plane degrees of freedom is not necessary and
a better representation of the full three dimensional movement of the
actual fractured structure can be achieved.

The web stiffeners are modeled using beam elements.

The deck is modeled using shell elements.

Bottom lateral bracing diagonals are modeled as truss elements.



Supports: The expansion supports were modeled as rollers
(translation restraints in the vertical, and transverse direction) , with
the fixed supports modeled as hinges ( translation restraints in the
vertical, transverse, and longitudinal directions).

Crack. A near full depth crack is modeled at midspan of the central
span of one of the girders (Fig. 5, 6).
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Crack Girder Bottom Flange
Figure 5. Modeling of the crack

Systems. Two basic models were examined: (1) a model of the
intact structure; (2) a model of the bridge with a crack in one of the
girders. A near full depth crack was modeled at midspan of the central
span, extending through the bottom flange and the web. As a first step,
an elastic analysis of both systems was conducted.

To determine the alternate load paths, the forces and moments
generated in the different elements of the structure were monitored.
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Results

When a crack was introduced in the girder there was a shift in load
paths throughout the structure. When the results were interpreted, it
was apparent that the crack had simply created a new, but still stable
structure.

Deflections: At the crack location, the deflection under dead+live
load went from 1 in before the crack to 3 in after fracture.

Load redistribution: The load redistribution was observed under
dead load when the crack occurred.

Longitudinal load redistribution: Most of the load was
redistributed longitudinally via the cracked girder and the deck-stringer
system. Cracked Girder: The two portions of the cracked girder acted
as cantilever beams, and transferred the load to the interior supports,
with a 30% increase in the negative moment at these supports.
Stringers: The stringers showed a large increase in moment at the
vicinity of the crack. The closer the stringer to the crack, the larger the
increase in load. The deck : The deck showed a large increase in
moment. The closer to the crack zone, the more pronounced the
increase. At the crack, the moment computed exceeded the plastic
moment capacity of the deck.

Transverse load redistribution: Part of the load was redistributed
to the intact girder through the torsional rigidity of the deck, floor
beams, and bracing system. This transverse redistribution of load is
most pronounced at the crack zone. Intact Girder: There was a 20%
increase in moment at mid span of the central span of the intact girder,
showing the transverse redistribution at the crack zone. There was
only a 4% increase in negative moment at the interior supports. Floor
Beams: The beams B1, B2, and B3 (Fig. 7) at the vicinity of the crack had
the most significant change in moment. Floor beam B2, adjacent to
the crack carried less load due to the lack of support at one end created
by the fracture in the girder. Floor beam B3 showed a 20% increase in
positive moment. There was a negative moment at the floor beams
connection with the intact girder, showing the load redistribution to
the intact girder. Lateral bracing: There was a change in load pattern
for the lateral bracing throughout the structure, with shifting for some
of the bracing from tension to compression, due to the twisting of the
structure. The largest increase in load was detected in the two panels at
the vicinity of the crack (Fig. 8). These forces in the bracing were still
well below yield and buckling.
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Bracing Effects. To further evaluate the role of the lateral bracing
in the load redistribution, the bottom lateral bracing in the structure
was removed and the simulated tests repeated.

Transverse load redistribution to the intact girder was reduced as
was expected. The moment at mid span of the central span of the intact
girder increased by only 15% compared with 20% when the bracing was
in place. The deflection under dead + live load at the crack only
slightly increased, staying within 3 in. This analysis leads to the
conclusion that the bracing did play a role in redistributing the load;
however, the major redistribution is in the deck-stringer system. The
bracing would be more effective in creating torsional resistance, hence
more resistance for this type of failure, if it was placed closer to the
bottom of the girder.

Conclusions

1. When a crack was introduced in the bridge, it changed the
existing structure into a new, but still stable structure. Vertical
deflection predicted at the crack under dead+live loading was small, at
about 3 in.

2. For this specific structure, most of the load was observed to be
redistributed longitudinally, via the girders and the deck and stringers
to the interior supports.

3. There was some load redistribution in the transverse direction to
the intact girder due to torsional rigidity of the deck, floor beams and
bracing system. This occurred mainly at the vicinity of the crack.

4. Although it contributed to the torsional stiffness of the bridge,
due to it’s location, at floor beam level, the bottom lateral bracing was
not very effective as an alternate load path in redistributing the load to
the intact girder.

5. With the exception of the deck, where the moment measured
at the crack location exceeded the yield moment capacity, the forces
computed in the different members of the structure were not high
enough to cause yielding.

_Further Study

These results are the analytical predictions of a computer model.
The next step is the testing of the bridge. Although the computer
model was instrumental in setting up the test, the test in turn will be
used to check, validate, or modify the analytical model.
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ABSTRACT

Very little information is available in literature on torsional bracing requirements for
columns, Usually it is assumed that column braces must prevent movement in the two principal
bending directions. Most column bracing are not designed to prevent twist at the brace point.
The importance of torsional bracing is illustrated through a case study of an actual collapse and
from theoretical solutions for columns with lateral braces attached at various locations on the
cross sections. A common case of a column braced laterally along one flange is discussed and
design examples presented. Torsional brace requirements for column braces are developed. In
addition the torsional brace requirements at the ends of the beams are presented and compared
with the torsional restraint provided by typical shear tabs and web connection angles.
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BRACING FORCE AND STIFFNESS REQUIREMENTS TO DEVELOP THE DESIGN 7°

STRENGTH OF COLUMNS
by
M.). Clarke and R.Q. Bridge

Centre for Advanced Structural Engineering
The University of Sydney
Australia

INTRODUCTION

The in-plane strength of slender columns (axdally loaded compression members) can be
increased by the use of bracing at intermediate positions along the length of the column in the
plane of buckling. In design, the strength of a column is related to the elastic buckling load for
an equivalent pin-ended “effective” length member through the use of a column curve (AS
4100-1990, AISC-LRFD-1986). The bracing is usually considered as decreasing the effective
length of the column and hence increasing the buckling load, which in turn enhances the ultimate
strength. The buckling load will depend on the stiffness of the bracing. For perfectly straight
elastic columns, the relationship between buckling load and brace stiffness can be derived
analytically and standard solutions are available (Bleich, 1952; Timoshenko and Gere, 1961).
These solutions, however, give no indication of the forces likely to be developed in the braces.

Real columns have geometric and material imperfections and will deflect immediately on the
application of load and introduce forces into the braces. The problem of an elastic column with
a sinusoidal out-of-straightness and a single central brace has been studied (eg. Green et al.,
1947, Zuk, 1956). For a brace of infinite stiffness (a rigid brace), the relationship between the
elastic buckling load and the brace force for any given maximum out-of-straightness at
midheight has been derived analytically. For a brace of finite stiffness (an elastic brace) and
where buckling occurs in a symmetric mode, an approximate expression relating the brace force
to the applied load has been proposed (Green et al., 1947). The analytical expressions predict
that the brace force asymptotes to infinity as the applied load approaches the buckling load for
the symmetric mode. To be useful for design purposes, limitations on the brace stiffness and the
column buckling load and mode are therefore desirable. Winter (1960) developed some
simplified expressions by assuming a hinge formed at the brace point and proposed some lower
limits on the required strength and stiffness of the bracing.

Mutton and Trahair (1975) also analysed an elastic imperfect column with an elastic central
brace taking into account the lack-of-fit between the brace and the column and the out-of-
straightness of both the column and the brace. The ultimate strength (as opposed to the elastic
buckling load) was considered by calibrating the magnitude of the initial out-of-straightness
such that a first yield criterion for an elastic imperfect column matched test strengths which
included the effects of residual stresses as well as gzometric imperfections. This is essentially
the form of the column curve used in AS1250-1972 hased on the well-known Perry-Robertson
formulation. Brace force and brace stiffness requirements were developed by Mutton and
Trahair (1975); their initial studies indicated that, for practical braces, the brace force
requirement alone may well govern the design of the brace.
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With the development of methods of advanced nonlinear analysis of structures (White et al.,
1991; Clarke et al., 1992) that can account directly for nonlinear material properties, second-
order effects, geometric imperfections and residual stresses, the ultimate strength of structural
systems such as column-brace configurations can be determined in a rational manner. In this
paper, the problem of -an imperfect column with a single central brace at or near the cofumn
midheight is investigated. The parameters considére« are the column initial out-of-straightness,
the column slenderness, the bracing stiffness, the force in the brace, and the offset of the brace
from the perfectly central position. The minimum bracing stiffness required to develop the near-
ultimate strength of the column assuming an infinite bracing stiffness is established, and the
force in the brace at the ultimate strength of the column is also determined. The resuits are
compared with some of the bracing force and stiffness requirements in current design codes and
specifications from Australia and Europe.

PARAMETRIC STUDY

The advanced analysis developed initially for stressed arch frames (Clarke and Hancock, 1991)
and subsequently for any two-dimensional structural frame (Clarke et al., 1992) has been used in
this study to determine the ultimate strength of the column-brace system. The analysis accounts
for second-order effects and uses a plastic-zone model of material inelasticity to mode! the
spread of yielding in the members of the structure. Other factors that affect strength and
stability, such as residual stresses and geometric imperfections, are also modelled explicitly.

A simple brace configuration is shown in Fig.1 for a pin-ended column of overall length L with a
central elastic brace dividing the column into two segments, each of length £. The brace is
modelled by an elastic spring of stiffness "a" which is pinned to the column so as to provide only
lateral translational restraint and no rotational restraint. The brace can be offset from the
perfectly central position by a small amount x to account for construction tolerances. A force Py,
is generated in the brace from the application of the axial load P. The out-of-straightness of the
column is assumed to be distributed sinusoidally with a maximum value of 5 at midheight. The
fabrication tolerance specified for § in AS4100-1990 for columns is L/1000; this has been used
in the study unless otherwise stated. The column cross-section is a compact Universal Column
section 200UC46.2 (BHP Steel, 1991) bent about the minor (weak) axis and has a cross-
sectional area A, a second moment of area I, and 8 radius of gyration r. The assumed residual
stress pattern is that used by Galambos and Ketter (1959) with a maximum compressive stress
in the flange tips of 0.3fy. The stress-strain relationship assumed for the steel is linear elastic-
plastic with an elastic modulus E of 200,000 MPa and 8 yield stress fy of 250 MPa. The
following quantities referred to henceforth throughour the paper are also defined here:

f,
o The normalised slenderness A of the column between braces, A = 1¢ —E’-'—
Tr
. . n°El
o The Euler buckling load P, of the column without braces, P, = =

¢ The strength Py of the short column, P, = Af,
o The elastic critical load of the column-brace system is denoted Py,.

o The ultimate strength of the column-brace system is denoted P,,.
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The column curves in Fig. 2 have been generated for a column with a single central brace
assuming the bracing stiffness to be infinite. It should be noted that while the initial out-of-
straightness & = L/1000 is representative of a fabrication tolerance for the overall length L of the
column , the normalised slenderness A is expressed in terms of the effective length ¢ between
braces for the asymmetric buckling load. The pinned ends can be considered as rigid braces that
prevent translation but not rotation. It can be seen in Fig. 2 that the column with the perfectly
central brace is considerably stronger than the equivalent pin-ended column without any brace
but with the same effective length £. The difference can be attributed to at least two factors: the
relative out-of-straightness of each column segment from the chord line joining adjacent brace
support positions is different in both cases; and the shape of the initial out-of-straightness is
such that the deformations of the column with a perfectly central brace are predisposed to a
symmetric configuration with zero rotation at the brace position (see Fig.1(b)).

In this example, symmetry will obviously have a considerable influence on the strength. To
investigate this phenomenon, the position of the brace was shifted slightly from the perfectly
central position towards one end by a small offset distance x (see Fig. 1(c)). The variation in
column strength P, with offset distance x is shown in Fig. 3 for two different cases of column
slenderness A. It can be seen clearly from this figure that there is a critical position at which the
failure mode suddenly switches from the symmetric mode (similar to Fig. 1(b)) to the
asymmetric mode (similar to Fig. 1(a)). This highlights the importance of the positioning of the
brace as only a small shift from the perfectly central position can result in a change in failure
mode and a marked reduction in the strength. It is also pertinent to note that the determination
of the offset position x/L at which the failure mode switches from symmetric to asymmetric is
quite numerically sensitive and may depend on the degree of precision of the nonlinear analysis
(the degree of refinement of the member and cross-section sub-divisions, the size of the load
increments and the incremental-iterative solution strategies employed).
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Therefore, a perfectly central brace is of limited use in analytical studies and should not be
contemplated from & practical viewpoint. In the studies presented henceforth in this paper
characterised by an asymmetric failure mode, a brace offset of 2.5% of the overall column
length L, to account for "construction tolerance” has been used. Using this offset, the column
curve has been recalculated for the asymmetric mode and is shown in Fig. 2. This curve is still
higher than the equivalent pin-ended column curve; the reasons for this are the differences in
relative out-of-straightness from the chord lines between points of support and the restraint
provided by the slightly shorter segment to the slightly longer segment as the ultimate strength is
approached.

Bracing Stiffness
(i) Elastic Behaviour

As the normalised column slenderness A increases towards infinity, the behaviour of an axially
loaded column approaches the fully elastic behaviour whereby the ultimate strength P,, can be
taken as the elastic buckling strength P (as indicated by the column curves in Fig. 2). The
elastic buckling solution for a straight column with a central elastic brace has been derived by
Timoshenko and Gere (1961), in which P., was derived in terms of the spring stiffness "a" as -

aL 16p°

R Z(B-tanp) M

where f=— | @)

Equation (1) is shown as the upper curve in Fig. 4 for A = «. For a brace stiffness aL/P, of
zero, the buckling load P, is equal to its minimum value of P, for a pin-ended member of
effective length = 2.0¢ = L. With increasing spring stiffness al/P,, the buckling load P,
asymptotes to 8.183P, which is the buckling load (effective length = 0.6992¢) for the symmetric
mode shown in Fig.1(b) with no rotation at the brace position. This buckling load of 8.183P, is
the load that a second-order elastic analysis of the column with an initial out-of-straightness and
a perfectly central brace will converge to. For the perfectly straight column, a bifurcation point
occurs at P, = 4P, (effective length = 1.0£), which corresponds to the asymmetric mode shown
in Fig. 1(a) with rotation at the brace position. The bracing stiffness corresponding to this point
is given by al/P, = 16 and the buckling load remains constant for any further increase in bracing
stiffness as shown in Fig. 4.

(ii) Inelastic Behaviour

The variation of ultimate strength P, with bracing stiffness aL/P, is shown in Fig. 4 for a column
with a perfectly central brace (symmetric failure mode, shown as dashed lines). By way of
comparison, the lateral stiffness 48EI/L3 of a column with a central lateral load is equivalent to a
non-dimensionless spring stiffness al/P, of 48/x2, or approximately 5. For inelastic columns
with slenderness A in the practical range, it can be seen in Fig. 4 that, for each particular value of
A, there is a limiting (minimum) brace stiffness aL/P, beyond which the ultimate strength P,
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effectively corresponds to the strength of the column with an infinite brace stiffness (to within,
say, 5% tolerance). This limit, which increases as the slenderness A increases, can be considered
the limit for a "fully braced" column. However, as can be seen in Fig. 5, when the brace
stiffness is non-dimensionalised using the ultimate strength P, instead of P, (i.e. giving a non-
dimensional brace stiffness of al./P,) this limiting brace stiffness required to approach the "fully
braced” condition is less variable, with a value of aL/P,, in the range of 8 to 12.

The variation of ultimate strength P, with bracing stiffness aL/P, is also shown in Fig. 4 for the
case of a column with an offset central brace (asymmetric failure mode, shown as solid lines).
The elastic buckling mode is anti-symmetric as shown in Fig.1(a), and the buckling load P, has
a maximum value of 4P,. The curve for a column slenderness A = o defines the elastic buckling
strength P, As for the symmetric mode discussed above, for inelastic columns with
slenderness A in the practical range and which fail in an asymmetric mode, it can be seen in Fig.
4 that there is a limiting brace stiffness al/P, beyond which the ultimate strength P, corresponds
effectively to the strength of the column with an infinite brace stiffness (to within, say, 5%
tolerance). This limit increases with increasing column slenderness A. However, as for the
symmetric mode above, when Py, rather than Pg is used to non-dimensionalise the brace stiffness
(i.e. giving aL/P,), this limiting brace stiffness aL/P,, is less variable, being confined to the range
6 to 10 (Fig. 5).

Bracing Force
(i) Elastic Behaviour
For a column with a perfectly central brace of infinite stiffness (i.e. rigid) and a sinusoidal out-

of-straightness of maximum amplitude 5 as shown in Fig. 1(c), the bracing force Py, as a function
of the applied axial force P was derived by Zuk (1956) and can be expressed as

_ (ﬁ\ 16PB3[1 +cos2p + 2sin2[3]
®\LJ{x?-4p*)[2tanp-p-Bcos2p-2Bsir’p |

x [P
h == =
where 2,1’,

For P =P, = 4P, (effective length = 1.0¢), which corresponds to the antisymmetric buckling
mode shown in Fig. 1(a) with rotation at the brace position, the bracing force Py is

o

For P = P, = 8.183P, (effective length = 0.6992¢), which corresponds to the symmetric
buckling mode shown in Fig.1(b) with no rotation at the brace position, the bracing force Py, is
infinite.
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For an elastic central brace of finite stiffness "a", the bracing force Py, can be approximated by
(Green et al., 1947)

daP
S
B, P )

sz

where P, is obtained from the solution of Eq. (1).

The elastic solutions of Eqs. (3) and (5) are compared in Fig.6 with the results of the nonlinear
analysis for a column of slenderness A = 1 assuming linear elastic material behaviour. It can be
seen in Fig. 6 that Eq. (3) and the second-order analysis results are indistinguishable. For brace
stiffness with values of aL/P, greater than 16 in the practical range where the column can be
considered "fully braced" (see Fig. 4), the brace force Py, associated with the asymmetric mode
reaches a limiting value exceeding 0.5% of the applied axial force P. The limits for al/P, = 32
and o are shown in Fig. 6. The brace force increases with decrease in brace stiffness, and
approaches infinity as the value of al/P, reduces to 16, which is the brace stiffness for which
the symmetric and antisymmetric buckling loads coincide. The approximate Eq. (5) is
reasonably accurate for values of aL/P, less than 16, but is of little use as the braces are not
"fully effective” in this range of stiffness. In the practical range of brace stiffness (aL/P, greater
than 16), the accuracy of Eq. (5) deteriorates as the deformed shape is no longer close to a
sinusoidal half-wave (implicit in the deduction of the approximate Eq. (5)), but is characterised
by increasing reversed curvature at the brace position (similar to Fig. 1(b)) as the brace stiffness
increases.

(ii) Inelastic Behaviour

The variation of the brace force Py, with the applied axial load P, up to the ultimate load P, and
into the post-ultimate region, is shown in Fig. 7 for the case of slenderness A = 1 and either a
perfectly central brace (symmetrical failure mode) or an offset brace (asymmetrical failure
mode). The following brace stiffnesses were chosen: al/P, = 8 corresponding to a partial
restraint for which the buckling mode involves a displacement of the brace (sway mode); aL/P,
= 32, where the column is close to "fully braced" (P, close to the value for a rigid brace); and
al/P, = o where the brace is rigid. The results for the offset brace (resulting in an asymmetric
failure mode) are shown as the solid lines in Fig. 7. For each value of brace stiffness, it can be
seen that, at the ultimate load P, the brace force Py, varies from approximately 0.5% to 2% of
P,. The brace force, as a percentage of the applied axial force, increases with decrease in brace
stiffness.

The elastic solutions of Eqs. (3) and (5) indicate that the bracing force Py, generated in the brace
by an applied axiai force P is directly proportional to the magnitude & of the out-of-straightness
of the column. For the inelastic behaviour obtained from the advanced analysis, the variation of
the brace force Py, with axial force P for values of & of 1/1000 and L/500 are compared in Fig. 7
for a column with a central brace of stiffness al/P, = 32 and a slenderness A of 1 (all of the
curves shown in Fig.7, except for the curve labelled "8 = L/500", were computed assuming & =
L/1000). It can be seen in Fig. 7 that the ultimate load P,, was not reduced to any significant
extent by doubling the out-of-straightness 5. However, the brace force Py, can be seen to be
essentially proportional to the magnitude of & for all values of P. From the practical viewpoint
of the design of bracing members, it is therefore important that the level of out-of-straightness
of the column should be determined, based on acceptable fabrication tolerances.
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Bracing Lack-of-Fit

The effect of the lack-of-fit between the brace and the column was not investigated in the
parametric study. Assembling the brace-column system in which there is lack-of-fit may
increase or decrease the out-of-straightness of the column and may subject the brace to an initial
tension or compression. Subsequent loading may increase or decrease the bending in the
column, and may increase or decrease the force in the brace. Using an elastic analysis,
combined with a column curve to account for inelasticity and residual stresses, Mutton and
Trahair (1975) studied the problem of lack-of-fit of the column-brace system for a column with
a single central brace. This study concluded that the case of perfect fit was generally the most
critical, exceptions being for some stocky columns where the force-fit of the brace may
decrease the column strength slightly. This result needs to be verified for a range of parameters
using a rigorous advanced analysis.

DESIGN SPECIFICATIONS

Some codes and specifications give guidance on the minimum force and stiffness requirements
for the bracing in order for the column to be considered fully braced and achieve its full strength
P, based on an effective length £ between braces. The minimum bracing force Py, at a point of
bracing is usually expressed as some percentage of tke maximum compressive force Py, in the
column. In the limit, Py, cannot exceed the design ultimate strength ¢P,, (P /y where ¢ = 1/ ).

BS 5950:Part 1:1990 has the following requirements for the minimum brace force Py/Pp,,:

Single brace 2.5%
Intermediate braces 1.0% for any one brace
Multiple braces 2.5% summed over all the intermediate braces.

In BS 5950:Part 1:1985, the corresponding figure for a single brace was 1%. The increase to
the present figure of 2.5% was most likely in recognition of the "possibility of overloading the
more flexible bracing systems leading potentially to the failure of the supporting members"
(Nethercot and Lawson, 1992). BS 5950:Part 1:1990 has no requirements for bracing stiffness.

AS 4100-1990 has the following requirements for the minimum brace force Py/Pp,y.

Single brace 2.5%

Intermediate brace  2.5% for any one brace except that a lesser value, proportional
to the brace spacing, may be used where the braces are
more closely spaced than is required to ensure that the
applied design load P is equal to the design ultimate
strength ¢P, (¢ =0.9).

AS 4100-1990 contains no requirements for bracing stiffness.

AS 1250-1972 was the first edition of the metric working stress code that preceded the current
limit states code AS4100-1990. The force requirements in AS 1250-1972 for the minimum
brace force Py/Pyay Were:
Single brace 2.5%
Multiple braces 2.5% distributed evenly over all the intermediate braces
provided the braces are uniformly spaced.



The requirements for minimum brace stiffness were: 85
Single brace 10P,/L = 6Py, /L
Multiple braces 4P, /L = 24P, /L for each individual brace
P,, is the maximum compressive force in the column at working loads which, for the implied
load factor of 1/0.6 in AS 1250-1972, is equivalent to 0.6P,,,, in strength limit state format.
The stiffness requirement of 6P,,/L for the single brace is shown plotted on Fig. 5 assuming
Poay = Py. The stiffness requirement can be seen to be not unreasonable, but perhaps a little on
the low side. It is interesting to note that in an investigation of the bracing stiffness
requirements of AS 1250-1972, Mutton and Trahair (1975) found that the stiffness
requirements were inadequate but fortunately, "the brace force requirements always governed
the design of the brace and the inadequacy of the stiffness requirements was unimportant.”
Based on this finding, stiffness requirements were not incorporated in AS 4100-1990.

Eurocode 3 (1990) takes a different approach to the other codes for the expression of bracing
force and stiffness requirements. The requirements for a column of overall length L are:
Single brace : Not explicitly defined but could be interpreted as 2.0% for
a deflection A of the bracing system (equal to the lateral
deflection of the column at the brace position) of less than
L/2500.
Maultiple braces 2.0% distributed evenly over all the intermediate braces
provided the deflection A of the braces is less than L/2500.
(1+500A/L)1.67% distributed evenly over all the intermediate braces, if the
deflection A of the bracing system is greater than L/2500.
Alternatively, the bracing forces can be determined using a second-order analysis of the column-
brace system with an initial column out-of-straightness  for the column of L/500.

CONCLUSIONS

A nonlinear (advanced) analysis has been applied to an investigation of the behaviour of an I-
section steel column bent about its weak axis and restrained by a single central brace . It was
found that the behaviour was sensitive to the positicning of the central brace and that a small
offset from the perfectly central position should be included to model the construction tolerance
and to ensure an asymmetric, rather than a symmetric, mode of failure.

The stiffness of the brace, beyond which the column ultimate strength P is within 5% of the
strength of a column with an infinite brace stiffness. was found to be in the range 6P,/L to
10P/L. This range is reasonably consistent with the minimum stiffness of 6P/L implied by the
superseded code AS1250-1972.

The determination of the force in the brace was based on an initial column out-of-straightness &
of L/1000, as specified as a fabrication tolerance in AS4100-1990, and a typical pattern of
residual stresses, with a maximum compressive stress in the flange tips of 30% of the yield
stress. For a brace stiffness sufficient to provide effectively full restraint, the maximum force in
the brace at the column ultimate strength (for the asymmetric mode of failure) was found to be
in the range 0.5% to 1%. This finding indicates that the provisions of BS 5950:Part 1:1990 and
AS 4100-1990, both of which require a single centsal brace to withstand 2.5% of the column
axial force, are adequate. The brace force requiremer.ts of Eurocode 3 (1990), which imply that
the brace must withstand a minimum of 2.0% of the column force, are less conservative than AS
4100-1990 and BS 5950:Part 1:1990 but still adequate. Finally, it is important to note that the
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bracing force is directly proportional to the column out-of-straightness § (assumed to be L/1000
in the paper). Acceptable and realistic fabrication tolerances therefore need to be established.

Multiple braces have not be considered here but are the subject of further studies, using the
principles developed in this paper, to determine appropriate force and stiffness requirements to
develop the design strength of columns.
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BRACING REQUIREMENTS FOR COLUMNS

WITH EQUAL OR UNEQUAL SPANS

Raymond H. Plaut

Charles E. Via, Jr. Department of Civil Engineering
Virginia Polytechnic Institute and State University
Blacksburg, VA 24061-0105

ABSTRACT

Lateral bracing requirements for elastic columns are examined. The braces are
represented by elastic translational and rotational springs. Results are presented for a
uniform column with pinned ends and an internal brace. A compressive load is applied
at the top of the column. The effect of the bracing location on the critical load is
investigated. For imperfect columns with initial deflections, the relationship between
the bracing stiffness and the column deflection is studied. For given initial deflection
and maximum allowable additional deflection under a working load, the required
stiffness and strength of the brace are determined. Suggested modifications to the
present design guidelines are proposed.

INTRODUCTION

Only a few studies of bracing requirements for columns have treated cases with
unequal spans. Buckling of columns having two unequal spans that are separated by a
lateral elastic restraint has been studied by Urdal [1], Brush and Almroth [2],
O'Connor [3], Rutenberg and Scarlat [4], Stanway et al. [S], Thevendran and Wang
[6]1, and Plaut and Yang [7]. Bracing requirements for such columns have been
discussed by Urdal [1], Galambos [8], Stanway et al. [5], and Plaut [9]. If the spans
are unequal, the behavior may be quite different from that of a column with equal

spans.

Standard design rules for bracing are based on the classic work of Winter [10].
Winter analyzed columns with equally-spaced braces having equal lateral stiffness. He
assumed that the bending moment in the column at each bracing location is zero when
the column buckles, which is not always true and may not even be a good
approximation in some cases. Also, the standard American guidelines are based on the
critical load of the perfect column, rather than the working load. In this paper,
modifications to the guidelines are proposed for two-span columns with equal or

unequal spans.
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PERFECT COLUMNS

Consider the two-span column shown in the insert in Fig. 1. It has length L and
constant bending stiffness EI relative to the plane of buckling, and is compressed by an
axial load P. An internal brace, at a distance a; from the base, is modeled by a lateral
translational spring with stiffness k and a rotational spring with stiffness c.

The column is said to be perfect (or ideal) if it is initially straight and the load is
concentric. At the critical load Py, sometimes the buckling mode has no deflection at
the brace, which is then as effective as if it were a rigid support. This is called "full
bracing”, and the lowest bracing stiffness for which this occurs is called the "ideal
stiffness” kjg. For the column in Fig. 1, full bracing is only possible if ¢ = 0 and
a; = L/2, in which case kig = 16n2EI/L3=157.91E//L3 and the corresponding
buckling mode when k > kjg and P = Py = 4n2EI/L2=39.48E/L2 is a full sine
wave, For uniform, pinned-pinned columns with unequal spans, no ideal stiffness
exists and full bracing cannot be achieved [3,5,7]. If k4 does not exist, perhaps a
design guideline for bracing should not involve such a quantity (or an “"equivalent”

kid).

For the case k = 300EI/L3 and for several values of c, the effect of the bracing
location on the critical load is shown in Fig. 1. Similar curves are presented for ¢ = 0
in Refs. 2, 5, and 7. The critical load decreases as the brace moves away from the
center of the column. If ¢ = 0, the limiting value Py = n2EI/L2 as a0 or ajoL is
one-fourth of the critical load when aj = L/2. For a given bracing location, the
addition of rotational restraint naturally increases the critical load.

IMPERFECT COLUMNS WITH EQUAL SPANS

Actual columns are imperfect and possess some initial deflection. Consider the
column shown in Fig. 2, with no rotational spring. The axial coordinate is x, the
initial deflection (when P = 0) is wy(x), and the deflection under load P is w(x). At
the brace, the initial deflection (from the x axis) is d, and the additional deflection
under load P is d.

As a special case, Fig. 3 depicts a column with a central brace (a; = L/2). If
Wo(x) is symmetric, then the pre-buckling deflection w(x) also will be symmetric, as
illustrated by the solid curve. If k 2 kjq, bifurcation occurs when P = 4n2E1/1.2
(based on a linear analysis, which assumes that (dw/dx)Z is negligible compared to
unity). The column then buckles into an asymmetric shape, as shown by the dashed
curve. Due to the symmetric part of w(x), the bending moment at the brace is not
zero. Winter [10] approximated it as zero, and then obtained the relation

k = kig [1 +%Q) I
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when P is equal to the critical load of the corresponding perfect column. The force F
in the brace is

F = kd. @

The bracing stiffness k given by Eq. 1 and the bracing strength F associated with it
have been suggested as design guidelines in Refs. 8, 11, 12, and others.

In order to test the accuracy of Eq. 1, the column in Fig. 3 was analyzed for
several initial deflections wo(x). In all cases, a relation of the form

k=kid(1+ngd-°-) 3)

is obtained (when aj = L/2 and P = Pgr). If wy(x) is a half sine wave, which is the
buckling mode of the column when there is no brace, the factor n in Eq. 3 has the
value 4/3. If wp(x) is parabolic, one finds that n = 1.41. Other initial deflections
might provide higher values of n. Therefore Winter's approximate formula, Eq. 1,
may underestimate the required bracing stiffness. For example, if one wants the
additional deflection d to be not greater than the initial deflection d,, Eq. 1 says that a
bracing stiffness k = 2k;q would be sufficient; however, if that stiffness were used and
if wo(x) were parabolic, the actual value of d when P = P, would be 1.41d,
(according to a linear analysis).

On the other hand, columns may only be subjected to loads that are substantially
lower than the critical load, and it may be more appropriate to base the bracing
requirements on the working load instead of the critical load. The Australian Steel
Structures Code requires that the bracing stiffness be at least k = 10P/L, where P is the
working load in the column [13]. Stanway et al. [5] suggest that the stiffness of the
central brace should satisfy

k > max {8P/L; kig}. C))

In Ref. 9, the proposed required bracing stiffness for this case is
4P do)
=—|1+15-2] 5
k=T ( 4 ®)

which involves the deflections dg and d.

With regard to bracing strength, the Australian code requires F > 0.025P [13],
the British code BS 5950 requires F > 0.01P [5], and Eurocode 3 requires F = 0.01P if
the restraint is rigid (k = ) and a higher strength if the brace is flexible [5]. A
common guideline is that the bracing force F will usually be less than two percent of
the axial load in the column [8, 11}.



IMPERFECT COLUMNS WITH UNEQUAL SPANS

Consider the column in Fig. 2 with no rotational spring (c = 0) and aj = L/2.
As mentioned earlier, no ideal stiffness exists and full bracing cannot be achieved with
a flexible support in this case. If k is increased, the critical load of the perfect column
increases and approaches the value Py, corresponding to a rigid brace. For aj = 0.6L,
0.7L, 0.8L, and 0.9L, respectively, one obtains PwL2/E[ = 36.78, 31.76, 27.05, and

23.23.

The relationship between the axial load P and the ratio dy/d of the initial and
additional deflections at the brace depends on the bracing stiffness k, the bracing
location aj, and the initial deflection wq(x). Assume that wo(x) is parabolic and a3 =
0.6L or 0.4L. The ratio dy/d is plotted as a function of the bracing stiffness in Fig. 4.
On each straight line, the axial load is fixed (e.g., P = 18.39EI/L2 on the line with
P/Pyp = 0.5). One can determine the bracing stiffness required to satisfy a maximum
ratio of d/dy at a given load. For example, if the working load P is 0.7Py, and if the
additional bracing deflection d should not be greater than the initial deflection d, then
k must be greater than 265EI/L3,

The corresponding bracing force F can be determined with the use of Fig. §,
which again applies to the case of parabolic wy(x) and aj; = 0.6L or 0.4L. For the
specified load P and the stiffness k determined from Fig. 4 (at a given ratio dy/d), the
ordinate in Fig. 5 gives the bracing force as a percentage of the axial load if dy =
L/1000. For other initial deflections d,, the bracing force percentage can be found by
proportionality. For example, if dg/d = 1 and P/Py = 0.7, then KL3/EI = 265 from
Fig. 4 and 100F/P = 1.0 from Fig. 5. Therefore, if d, = L/500 and if k = 265
EI/L3, then when P = 0.7P the additional deflection is d = L/500 and the bracing

force is 2.0 percent of P.

Several bracing guidelines have been proposed for the column in Fig. 1 with
¢ = 0 and uncqual spans. According to Ref. 5, the bracing stiffness should be chosen
so that the following three conditions are satisfied (if the column is to be "effectively
subdivided™):

El 2PL x2 EI
k216n2—; k2 ———; P2 ——=+09Pc. ©)
L3 (L-aday” “T10p2 %

The last condition in Eq. 6 leads to the requirement that kL3/EI be greater than 246,
504, 1100, and 4027, respectively, for a; = 0.6L, 0.7L, 0.8L, and 0.9L. (These are
computed from Eq. 7 of Ref. 7.) In Refs. 1 and 8, the following formula is suggested:

2 2
k=E EI+ n<El 1)

8 (L-a)
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Equations 6 and 7 do not involve dg or d. Finaily, Plaut [9] proposed that the required
stiffness be

PL d
k= ————{1+1520 8
(L—al)al( ¥ d) ®

where P < Py. The corresponding bracing force is given by F = kd.

These conditions can be compared for the example associated with Figs. 4 and
5, with parabolic wq(x) and a; = 0.6L or 0.4L. Assume dy/d = 1 and P/P, = 0.7,
so that the actual required stiffness is k = 265EL3, Equation 6 leads to
k = 246EVL3, Eq. 7 gives k = 200EI/L3, and Eq. 8 yields k = 268EI/L3. The first
two results do not provide adequate bracing stiffness in this case. As another example,
assume that wy(X) is again parabolic, dg/d = 1, P/P = 0.5, and aj = 0.7L or 0.3L.
From calculated data, the actual required stiffness in nondimensional form is
KL3/EI = 181, whereas Egs. 6, 7, and 8, respectively, furnish the values 504, 394,
and 189. In this case, the bracing stiffnesses given by Egs. 6 and 7 are much greater
than necessary, whereas Eq. 8 again yields a stiffness that is slightly larger than the
actual required value.

It is interesting to examine the effect of the bracing location on the required
stiffness. Since Py, decreases as the brace moves away from the center, fixing the ratio
P/Py would not correspond to the same axial load at different values of aj. Assume
that the working load is P = 15EI/L2, the additional bracing deflection d at this load
should be equal to the initial bracing deflection dg, and the initial shape of the column
is parabolic. Results are presented in Table 1 for bracing locations a; = 0.5L, 0.6L,
0.7L, and 0.8L, and are also applicable for the corresponding locations on the bottom
half of the column. The actual required stiffnesses (in nondimensional form) are
determined from a linear elastic analysis [7). In Table 1, the required bracing stiffness
increases as the bracing location moves away from the center. As in the previous
examples, the stiffness based on Eq. 8 is closer to the actual required stiffness than the
stiffnesses based on Egs. 6 or 7, although Eq. 8 does not always provide a good
approximation and is not conservative if a; = 0.8L or 0.2L.

TABLE 1

Required Values of KL3/EI
at/L Actual Eq. 6 Eq. 7 Eq. 8
0.5 103 158 158 150
0.6 115 246 200 156
0.7 164 504 394 179
0.8 329 1100 1253 234
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CONCLUDING REMARKS

Pinned-pinned elastic columns with an internal elastic brace have been
considered. The restraint is modeled by a translational spring and (sometimes) a
rotational spring, as shown in Fig. 1. The location aj of the brace is variable, and the
displacements of the column are assumed to be small in the analysis.

For perfect columns (with no initial deflection), the critical load P¢; decreases
as the bracing location moves away from the center (Fig. 1). If rotational restraint at
the brace is significant, less translational stiffness k is required to obtain a given critical
load. If the brace is not at the center (or if it has rotational resistance), no ideal
stiffness kjq exists and full bracing (for which there is no deflection at the brace when
buckling occurs) cannot be achieved.

Imperfect columns with initial deflection and no rotational spring at the brace
(c = 0) have been analyzed (Fig. 2). For a central brace (a; = L/2), the standard rule
for required bracing stiffness is Eq. 1, in which dy and d are the initial and additional
deflections at the brace, respectively. This rule is based on an axial Ioad equal to the
critical load and on the approximation of zero bending moment at the brace. It may
underestimate the required bracing stiffness at that load.

It seems logical that the required bracing stiffness k should be based on the
working load P, the expected or allowable initial deflection dg, and the maximum
allowable additional deflection d. It can be obtained from curves such as those in Fig.
4, where the brace is located at a; = 0.6L (or 0.4L) and the initial deflection is
parabolic. (The quantity Py is the critical load for the perfect column with an
immovable support at aj, i.e., with k = «.) The corresponding required bracing
strength (as a percentage of the axial load) can be determined from Fig., 5. Similar
curves for a central brace and the same initial shape are presented in Ref. 9.

It is convenient to have simple formulas which could be applicable for any
initial shape and any bracing location. Equations 6, 7, and 8 have been proposed in
Refs. 5, 8, and 9, respectively. Comparisons between the actual required bracing
stiffness and the values from these equations for a few cases indicate that Eq. 8 gives
the most accurate approximation and is usually conservative.

Equation 8 is proposed for pinned-pinned columns with an internal brace. The
bracing strength is given by F = kd and is less than two percent of the axial load P for
most practical designs. If the pinned support at the top of the column is replaced by a
flexible support with the same translational stiffness k as the internal brace, the
following formula is proposed for required stiffness [9]:



_ 13PL do)
k=——|1+1172} 9
(L—a])al( * d ®

Again, F = kd gives the force in the brace.
For pinned-pinned columns with N equal spans of length S separated by N-1

braces with the same translational stiffness k, Winter [10] also recommended Eq. 1,
and kiq is given by [14]

#2El
kid = 2[1 cos (n——ﬁ)] =2 10
Stanway et al. [5] suggested a required bracing stiffness of
k= max{31:2 L2 GP}. 1y
g3 s

For unequal spans, Ref. 8 defined an equivalent ideal stiffness

#2El  g2El
e @
S S1+1

for pairs of adjacent spans of length S; and S;+1, and recommended that the bracing
stiffness be at least twice this value. Equation 1, with kiq given by Eq. 10, is based on
an axial load equal to the critical load and on the approximation of zero bending
moment at the braces, whereas Eqs. 11 and 12 do not involve constraints on the
deflection of the column. Further development of bracing requirements for columns
with more than one internal brace and with equal or unequal spans is needed.
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by
LeRoy A. Lutz, Ph.D., PE1
Introduction
Bracing of skylight and curtainwall framing members differs in many respects from the

bracing of other structural systems. The main reason is that the structural system itself
is typically different in a number of ways:

1) The skylight and curtainwall framing members are made of aluminum. They are
smaller in size than the members with which most are familiar. Most members
are less than 3 inches in width with depths typically ranging between 3 and 6
inches. However, skylight members of 8, 10 or even 12 inch depth are used for
large skylight structures.

2) The shapes of the cross-sections vary considerably. The ease of extruding or
bending different shapes in aluminum and the need to facilitate assembly,
accumulate condensate and provide exterior aesthetics all contribute to this
variation in shapes. Although many sections can be identified with the
customary I-shape or rectangular tube shape used in steel design, others can not
(Figure 1).

3) The connections between the secondary and primary framing members can vary
considerably. The secondary framing can be tightly attached to the primary so
that there is no question that flexural continuity is achieved (Figure 2 (a)). In
other systems only one end of a secondary member is attached tightly while the
other is detailed to be loose to permit thermal expansion and contraction to occur
without restraint (Figure 2 (b)). In some systems both ends of the secondary
member are attached in such a way that rotational restraint of the primary
member is indeed questionable and translation restraint occurs only after a gap
for thermal movement is closed (Figure 2 (c)).

The series of primary members, which are vertical mullions in curtainwalls and
typically rafters in a vertical plane for skylights, are usually not braced horizontally to a
"brace point" such as a building column or wall. These members are not attached to in-
plane bracing that could be created by adding diagonal framing members to the system.
There is some lateral stability from the frame action of the vertical and horizontal
members but the strength and stiffness of this frame is typically very poor. In most
skylights and curtainwalls the de facto bracing element is the glazing.

The glass is intended to float between the aluminum framing, so that it can move under
load and temperature change without making any glass-aluminum contact or avoid any
other local stress condition that could damage the entire glass panel.

However, the connection between the glass panel and the aluminum support framing
must also be weather tight. This can be accomplished in one of two ways. The glass
may be clamped between aluminum components using gaskets (called glazing strips)
under a prescribed pressure (Figure 3) or a structural sealant can be applied to hold the
glass and provide the weather tight seal (Figure 4). There are systems in use where the

1Vice President, Computerized Structural Design, Inc., Milwaukee, WI
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glazing panel is clamped on all four sides, where the panel is clamped on two sides with
structural sealant on the other two sides and where structural sealant is used on all four
sides. Currently four-sided sealant is recommended by the sealant manufacturers to be
shop applied only.

The clamping pressure recommended is 4 to 10 pounds per linear inch of glazing strip.
Unpublished tests conducted by Computerized Structural Design, Inc. found that an
ultimate long term friction force of 4 to 5 pli of contact length existed for one
manufacturer's product. The shear stiffness of a 50 durometer glazing strip is in excess
of 200 psi; i.e., 200 Ibs. per inch of strip per inch of displacement.

The structural sealant produced by several sealant manufacturers has an allowable
shearing stress set at 20 psi when subjected to short term loads. A common contact
width of sealant to glass is one-quarter inch which leads to a shear capacity of 5 pli. The
stiffness of the sealant under short term loads varies considerably with the aspect ratio
of the height to the length in the direction of load. The stiffness can exceed 500 psi for
aspect ratios of 0.5 or less.

Due to creep of the sealant under long term loads, the long term allowable stress
permitted by sealant manufacturers is significantly lower than the 20 psi short term
value. Thus, little structural use can be made of the sealant except for wind and seismic
loads until higher limits are permitted.

Two aspects of the bracing of skylight and curtainwall framing will be addressed. The
first is the lateral bracing provided by the glazing panel to the primary section between
adjacent secondary members. The second is the overall bracing of an entire system of
framing.

Lateral Bracing of Member | Brace Pai

The primary framing member can be subjected to bending inward, bending outward
and in the case of skylights also to substantial axial compression. The glazing panel via
the glazing strip (or sealant) has some ability to brace the section between points where
cross members brace the section. This is most useful and most critical when long glass
lights are supported by the section such that the distance between cross members is
relatively large.

When examining this situation one finds that the glazing panel is extremely strong and
stiff in its plane. There is no need to question the integrity of the glazing as will be
shown. In fact, the stiffness of the glazing strip is usually much more than necessary for
bracing. The weak link is typically the strength of the glazing strip; i.e., the shearing
limit before the glazing strip slips along the glass.

This is examined by considering the section in question being out-of-straight by Lp/500
as shown in Figure 5. Thus, the first mode of buckling is considered as critical. The
straightness of aluminum extrusions is typically better than that found for steel shapes.
This along with the attachment details between components and the esthetics desired
might justify use of L},/1000 out-of-straightness. The shape of the member, the
movement under load and the resulting shear stress developed from an axial load Pm
are considered to vary sinusoidally considering an Lp/500 initial eccentricity.

The resistance to moment produced by the axial load on the out-of-straight member is
considered to be due entirely to shear intensity Vs in pounds per inch developed



between the glass and the glazing strip. Since the lateral displacement is very smali, the
elastic resistance of the member is ignored.

Thus,
M = VsLp2 / 72 = Bn (L / 500) (Eq. 1)

which leads to
Bm = 50ViLp (Eq. 2)
where V; is the allowable shear intensity between the glazing strip and glass.
Consider a member in bending with a flange in compression being braced by the
glazing and consider Ly, = 96", Lp/rr= 120 with It= 0.4 in.4 and At = 0.625 in2 (Atis the

area of the compression flange plus one-sixth of the web, It is the moment of inertia of
this area about the web).

If V; is 2 pli for the two glazing strips, then Py, = (50) (2) (96) = 9600 lbs. and Pry/AT =
15,360 psi.

Conservatively according to the Aluminum Association Specifications this section with
an ry = 0.8, if unbraced, would have

Fo =87,000/ (Lb/ry)° =6.04 ksi = 6040 psi

At an out-of-straightness of 96"/500=0.192" = e, the unbraced flange can deflect laterally
8=38;/(1-P/PE)

from an axial load P with 8i = PeLv? / (n2EI)

With P = 6040 psi (.625) = 3775 Ibs,

8i =3775(.192)(96)? / (n210E6(0.4)) = 0.169"

and 8 is about twice §;.

However, the two glazing strips each with 1 pli shear force and a 200 psi stiffness would
permit the member to displace laterally 1/200 = 0.005".

Thus, it appears that the glazing strip with properties as illustrated in the above
example is capable of providing complete lateral bracing for the flange. A compression
stress limit Fy, of 15,360 psi could be used for this member if it is made of 6061-T6
aluminum with a 21,000 psi yield-based allowable. For a 6063-T5 material the stress
would, of course, have to be limited by the material allowable of 9,500 psi or perhaps
4/3 that value with bending from a wind load. Obviously a skylight or curtainwa
manufacturer would have to test their system or systems to verify that this bracing
would indeed be achieved for their system(s).

99
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If a member in bending has the tension flange braced by the glazing, the bracing force
required is smaller than that given above for a given flange compression force.
Considering the relative stiffness from warping and St. Venant torsion measured by the

parameter K = 1’n251w I(GJLb2) , it can be shown that sinusoidal lateral load to the

compression flange produces a lower resisting force at the braced tension ﬂange
because part of the load transfers across the span Ly. This force ratio is 1/(2K%+1)
which will approach 1 for tubular sections having small Iy /] ratios.

This concept, if extended to axially loaded members, produces a (K2+1)/(2K2+1) ratio.
However, for axially compressed members, the entire cross sectional area would be
used in computing a limit stress from the Py, value in Eq. 2. That is,

Bn(2K2+1
Yo (a-3)

For beams it will mean that the limiting stress for I shaped members will be based on
the critical moment (1)

n2Elch  JG
Ma =_II;_+T (Eq. 4)

which applies when the tension flange is laterally restrained. The effective ry, instead of
that computed from the equations of Section 4.9 of the Aluminum Association
Specifications(2), would be

effective iy = Lm/Mcf 1(ESc)/(l.2m) (Eq. 5)

using Mcr in Eq. 4. For axially loaded members which can be shown to be laterally
braced on one flange, the P developed by Timoshenko & Gere @) (their Eq. 5-56) can
be used as a basis for obtaining a limiting axial stress by using an appropriate safety
factor.

No benefit is attributed to the rotational bracing that is provided by the attachment of
the glazing to the aluminum framing. When the glass panel is loaded, the glass can
deflect significantly. The rotation induced at its attachment to the framing will likely
enhance the normal force and the slip resistance between the cap and the rafter. The
rotation of the two glass lites will actually tend to confine the framing member against
lateral translation as well. However, differences in rotation of the two lites or the
presence of a glass lite on one side only may actually induce rotation in the aluminum
member. This rotation may force the glazing to supply rotational restraint to keep the
member from buckling laterally. Thus, the rotational restraint of the glazing to framing
may well provide further assurance of lateral restraint, but may actually be detrimental
to the rotational behavior of the member. Clift and Austin ) did examine analytically
benefits of both rotational and lateral bracing provided to a curtainwall mullion by the
g(l;sjs, blcxlt did not supply experimental data to demonstrate the level of bracing
achieved.
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0 11 Braci £ Skylight or Curtainwall Syst

First consider a series of vertical curtainwall mullions that must be laterally braced. The
horizontal framing is not tight between mullions due to need for thermal movement.
Either the horizontal member is loose on one end or there is a split in the vertical
mullion to permit movement.

One may be tempted to apply a lateral restraint criteria to each vertical which will
accumulate to a significant lateral force at one side of the wall or the other. However,
often due to presence of corners or for other reasons there may be no place to take the
bracing load. Furthermore, one shouldn't be attempting to transfer load across a series
of expansion points in the framing unless it is absolutely necessary.

Rotational Restraint

A much more logical approach is to realize that a flexural member can be laterally
braced by rotational restraint as well as by lateral restraint (4). There are several benefits
to considering rotational bracing from the horizontal members.

1. The vertical member only needs the appropriate attachment to one horizontal
member to achieve bracing at that connection. A bracing moment is transferred
into the horizontal bracing member.

2. The rotational restraint provides bracing which is essentially independent to the
direction of load or location of load on the member being braced.

The rotational stiffness can be considered to be the lateral (translational) stiffness
multiplied by h2/4 (Ref. 5). The attachment of the bracing member must be such as to
restrain both flanges of the member being braced. Figure 6 illustrates primary members
that appear to be well braced rotationally via the attached horizontal members. If the
attachment of the bracing niember allows for too much flexibility in the web as may be
the case in Figure 7, only partial rotational restraint may exist unless some means of
stiffening or strengthening is added to the web.

If full rotational restraint is provided, no lateral restraint is theoretically required.
However, a minimal amount of lateral restraint is required to provide some resistance
to any component of load that might occur parallel to the glazing. Lateral restraint may
be necessary to supplement the rotational restraint if the rotational restraint is not
sufficient or when the primary members are subjected to axial loads.

Lateral Integrity

Lateral bracing loads or other in-glass-plane loads can exist in curtainwalls and
skylights. Anexample of an in-plane load is seismic load. A typical glazed curtainwall
weights approximately 8 psf and has vertical framing at a five foot spacing. The seismic
load could be as much as 24 plf per member. This load would have to span between
supports located at the floor levels. If there are split mullions, the 24 plf should be taken
by the 5 foot deep system shown in Figure 8. The mullion halves represent the flanges
of a plate girder, the horizontal members are the stiffeners and the glass lites represent
the web or diaphragms. The shear in the glass lites reaches 24(14'/2) = 168 Ibs. The
maximum shear intensity developed in the glass lites is 168/60 = 2.8 pli assuming a
uniform distribution or 11.2 psi for a quarter inch thick glass. This stress can be
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transferred to and from the glass by structural sealant and also by shear on glazing
strips if an adequate clamping pressure can be insured.

An alternative means of transferring the shear load into the glass lite is by placing
elastomeric spacer blocks between the glazing and aluminum framing. The weight of
the glass lite is always supported at two locations by elastomeric pads. These pads are
typically located at the quarter points of the lower side of the glass lite, but are
sometimes moved toward the corners to reduce the stress and deformation of the
horizontal supporting member. It is acceptable to use a bearing stress of up to 60 dpsi on
the edge of the glass lite for this ﬁermanent load. Elastomeric stops are often used on
the sides to insure that the glass lite will never contact the aluminum directly (Figure 3).
These stops can also be placed so as to be able to transfer shear load across the panel.
They should be detailed to permit thermal movement, but able to pick up load by
bearing without significant distortion (racking) of the framing. A swinging door with a
glass lite (or lites) and an aluminum frame achieves its structural integrity by blocking
the glass tight to the frame.

In curtainwall framing, the lateral support is often not located at a horizontal mullion as
illustrated in Figure 8. This requires insuring that the 168 1bs. shear force discussed
above can properly be transferred from the adjacent horizontal mullion to the support
by weak axis bending of the vertical mullion. If this lateral force were smaller, it may be
ssible to show that the load can be transferred directly from the glass to the support
y structural sealant.

Other examples of framing in need of lateral bracing integrity are the skylights shown
in Figures 9 and 10. In each case there are a series of parallel frames interconnected by
horizontal members. The primary rafters carry both axial loads and bending moments,
ie., they are beam-columns. The aluminum frame may have the ability to brace itself
with proper sizing and connection of the aluminum members. However, lateral
movement is necessary to develop the bracing moments from the frame action. Once
the glazing is installed, the diaphragm created doesn't permit the lateral movement
required to develop the frame action. If anyone has ever had the chance to push
laterally on aluminum skylight frame before and after glazing, one will realize the
tremendous improvement in stiffness and apparent strength improvement that is
obtained from the glazing. One will also realize that the lateral frame action will not
occur with the glass in place. The rafters of the ridges shown in Figure 10 have a
significant axial design load. These rafters are typically considered as laterally braced
at each of the horizontal members about the weak axis and at the ridge for strong axial
buckling.

Mock-up tests of portions of skylight and curtainwall systems are often required on
major projects. The structural tests, which follow ASTM E330, require testing the mock-
up to 150% of the design load. Testing is also done to evaluate its ability to resist water
infiltration. Obviously the structural framing stability benefits from presence of the
glazing in these tests. In fact, the aluminum framing usually deflects noticeably less
than predicted by calculation since the glass and glazing caps actually act compositely
with the aluminum cross section. With the test the benefit of the glass in improving the
lateral stability of individual members and even the overall structural stability is
considered. Designers are often required to demonstrate analytically that individual
members are satisfactory without any benefit from the glass.

Seldom though is there dispute that the framing system is adequately braced. One
wonders why there is less concern with the overall bracing. Fortunately, the glass does
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work to produce an adequate diaphragm to brace most skylight and curtainwall
systems. Low profile vaults with relatively long spans, which develop large axial
forces, should have their lateral bracing more seriously examined. Some probably
should be laterally braced by steel or aluminum structure rather than the glass.

The skylights shown in Figures 9 and 10 are all subjected to lateral load from wind (and
seismic) forces. These lateral forces plus the bracing forces are usually resisted using
the diafahtagm created by the glazing. Enough of the framing is constructed tight with
the sealant and/or clamping friction to the rafters to develop a diaphragm used to
transfer the end wall load by shear to the supports. Alternately blocking of the glazing
panel in the framing can also create the diaphragm necessary to transfer the end wall
wind or the lateral seismic load to the skylight supports.

Summary and Conclusions
The primary aluminum framing members in skylights and curtainwalls can be braced
by the secondary framing members. However, to brace for flexural loads it is better to

use the rotational bracing provided by the secondary members in order to stabilize the
primary members so as to not have to rely on developing lateral forces.

The attachment of the glass panels to the aluminum framing has the ability to transmit
structural loads. Use of structural sealant or insurance of sufficient clamping of the
glass to the rafter will permit a glass panel to laterally brace the rafter between
secondary members.

The use of glass panels as shear diaphragms due to presence of the structural sealant,
clamping of the glass or by blocking the glass panel in the aluminum framework
permits the framing system to take lateral bracing and other in-plane (seismic) loads.
For skylights, the glass panels are employed as shear diaphragms to laterally brace
members with significant axial loads as well as transfer lateral wind loads to the
skylight supports.
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EXTRUDED SECTION BENT PLATE SECTION
FIGURE 1 - UNUSUAL ALUMINUM SHAPES

FIGURE 2 - DIFFERENT CONNECTIONS FOR SECONDARY MEMBERS
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FIGURE 4 - GLASS HELD BY STRUCTURAL SEALANT




106

Pn
—
lx
L(\ Vgsin mx/Ly,
| ‘,| L
¢ {™-oLass | e-ct e v,
Ly *"C‘
- MOVEMENT
{ PRODUCING V,
—
APPLIED SHEAR
MOMENT INTENSITY
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FIGURE 7 - HORIZONTAL MEMBERS WITH FLANGES RELYING ON WEB STTFFNESS
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FIGURE 8 - CURTAINWALL FRAMING WITH SPLIT MULLIONS
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FIGURE 9 - HALF VAULT SKYLIGHT WITH END WALLS
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FIGURE 10 - LONG SKYLIGHT STRUCTURES WITH END WALLS
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LEAN-ON BRACING SYSTEMS
By

Joseph A. Yura
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ABSTRACT

Columns and beams may rely on the bracing effect of adjacent members to increase their
buckling strength. Such a system is illustrated in Fig. 1 attached. It is shown that these "lean-
on" systems are not the same as discrete braces. Exact solutions are presented for such systems
and compared with discrete bracing. A practical design approach is developed and several
design examples are presented. A case study of the application of the design method for a major
power plant structure is discussed.
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Bracing Practices in Metal Bullding Systems

Richard C. Kaehler, P.E.
James M. Fisher, Ph.D,, P.E.
Computerized Structural Design, Inc.
Milwaukee WI

ABSTRACT

Topics discussed include bracing load paths, out of plane bracing provided by secondary members and
diaphragms, and bracing of secondary members by roof and wail diaphragms. Stability load paths,
capacities of columns with different bracing spacing on each flange, and the axial capacity of strut-purling
are covered in detail.

1. INTRODUCTION

Although metal building systems, sometimes mistakenly called pre-engineered metal buildings, are
engineered almost exclusively by metal building manufactures, virtually all engineers involved in the
design, specification or review of steel buildings encounter metal building systems at one time or another.
Plant and consulting engineers specify, approve, and modify such structures. Building code officials
review them for code conformance. A number of stability related questions regularly arise. Some of
these questions are equally applicable to low-rise light steel buildings designed by those outside the metal
building industry.

Key characteristics of Metal Building Systems include:

A. The primary structural system consists of unbraced single span or multi-span steel frames. The
rafters and exterior columns are fabricated plate girders. Rafters and columns are usually
tapered to optimize the material cost required to resist the forces and moments at every point
along their length. Interior columns are g Ity prismatic shapes, either built-up W sections, or
rolled wide flange shapes, pipes or tubes. The exterior columns are usually rigidly connected to
the adjacent rafters, while interior columns are usually pinned at the top.

B. The secondary framing is generally cold-formed, light gage structural shapes. These members
are usually Z shaped, but C shaped sections or steel joists are sometimes used.

C. The secondary members are often sheathed with cold-formed light gage panel. Wall panels are
screwed to the secondaries, while roofs may be screwed down (through fastened) or attached with
sliding clips (standing seam roof). Where architectural or other concerns dictate, a variety of
conventional wall and roof systems are used.

To date, metal buildings in the United States have been designed using the allowable stress design
approach. Consequently, all references to design equations for primary structure refer to the current
AISC ASD Specification®, while references to design equations for cold-formed light gage members refer
to the current edition of the AISI ASD Cold-Formed Specification?.

2. OUT OF PLANE STABILITY OF FRAME MEMBERS

In most cases, bracing to resist out of plane stability forces from the primary framing is provided by the
secondary members and the elements to which the secondary members are attached. Only when frame
members become very deep with large flanges is an independent bracing system added.

2.1 Stabllity Bracing Load Paths

The outside flanges of frame members are braced by girts and purlins framing directly into the primary
members. A typical cross section is shown in Figure 1. These secondary members may be simply
supported or continuous. Continuous members are attached to the frame with varying degrees of
moment continuity. Lateral bracing forces from the primary frame members are transferred through the
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connections to the secondary members and induce axial forces into the secondary members, as shown in

Figure 2.
- — 21+ L]

Figure 1 - Typical Cross section with Diagonal Brace

Diagonal Flange Braces

The inside flanges of frame members are braced by diagonal members attached to girts and purlins. Steel
angles are usually used for diagonal bracing members; however, the cross section varies from
manufacturer to manufacturer. Connection to the primary and secondary members is usually
accomplished with a single bolt at each end. Other details of the connection vary. The lateral bracing
forces from the inside flanges are transferred to the purlins and girts, where they are resolved into axial
and transverse forces.

Diagonal braces are required at or near interior column locations if stiffeners are not used in the rafters to
laterally brace the column tops.

F Sty
Figure 2 - Bracing Forces Induced into Secondary Members

Rod and Cable Bracing

Tension-only X bracing is generally provided in the plane of wall and roof bays near the building end
walls. It is sized to resist longitudinal wind forces. Additional bays of bracing are often provided in long
buildings to provide additional seismic resistance and/or frame stability. Braced bays that are provided
for stability in long buildings will generally be of the same materials as exterior bays and spaced based on
the manufacturer's rule of thumb, rather than specific calculations for the building in question. A typical
roof plan is shown in Figure 3.

These braced bays will join the frame at the eave and at every 20 to 30 feet along the roof, providing the
eave strut and purlins near the X brace attachment points with a means of resisting the axial bracing
forces accumulated from the primary framing.
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Figure 3 - Bracing Forces in Roof Bracing

At the points of attachment to the frames, the X bracing provides a system of relative brace points. If
these were the only assumed brace points for the primary framing, the X bracing could, in most cases, be
conservatively design for 0.8 percent of the tributary flange forces applied to each brace point; however,
purlins and girts between those near X brace attachments must also be assumed to act as brace points to
provide economical primary framing.

Wali and Roof Diaphragms

Through diaphragm behavior, the wall and roof panels are generally assumed to resist any axial bracing
forces in girts or purlins that are not near X brace lines. If the X brace lines are assumed to be fixed against
significant lateral motion, then the diaphragm can provide relative bracing points to the intermediate
girts and purlins.

Through fastened panels on cold formed members, and steel deck either screwed to or welded to steel
joists, create relatively stiff and strong diaphragms. For ordinary light steel structures, these systems
perform their stability bracing function adequately and are seldom subject to analysis unless the
diaphragm is being used to carry calculated seismic or wind forces.

The structural details of standing seam roof systems differ significantly among manufactures, resulting in
diaphragm stiffnesses that vary over a wide range. In all practical cases, the diaphragm stiffness of a
standing seam roof is significantly lower than the stiffness of a through fastened panel system.
Nevertheless, virtually all manufacturers assume that their standing seam roof has sufficient stiffness and
strength to provide support for axial stability bracing loads in the cold-formed light gage purlins and
girts that are positioned between X brace points of attachment. The authors are not aware of any
structural failure to date that can be attributed to the inability of a standing seam roof to adequately
perform this function.

22 Unbraced Lengths of Primary Frame Members

The unbraced length of a primary frame compression flange is taken as the distance between girts or
purlins on the outside flange and the distance between diagonal flange braces on the inside flange.
Usually, not every girt and purlin has a diagonal brace attached to it; consequently, the distance between
braces on the inside flange will be larger than the distance between braces on the outside flange at some
locations. In this case, the question of what effective length should be assurned for Ly when computing
axial capacity arises.

To simplify computations, individual factures will g lly choose either the longer or shorter
length as a standard approach. The true effective length will lie between these extremes.

If moment continuity in the strong axis plane of the secondary members between the secondary and
primary members is achieved, some bracing is provided to the inside flange by the through thickness
bending of the web near the connection. As shown in Figure 4, the three elements contributing flexibility
to this bracing path are the flexibility of the secondary member in flexure, the flexibility of the connection
to the frame and the flexibility of the frame web.
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Web Stiffness

Figure 4 - Sources of Flexibility in Bracing Load Path

If sufficient strength and stiffness are provided, the inside (indirectly) braced flange will buckle in the
same mode as the outside (directly) braced flange, so the column can be considered to be fully braced. As

shown in Figure 5, if insufficient strength or stiffness is provided, the indirectly brace flange will buckle
in a lower mode at a lower load.

Fully Braced T Partlally Braced ;

t ]

R<Ry
Ll s

R<Rj

Iy :
]
P P

Figure 5 - Buckling modes of fully braced versus partially braced column haives

Summation Approach

In an attempt to develop a practical design approach to this issue, a research program was sponsored by
the Metal Building Manufacturer's Association having the following elements:



a test program to determine rotational stiffnesses of typical girt to column connections,

a theoretical study to develop an equation to predict the net bracing stiffness and strength
contributed by the bracing path described above,

a test program to measure the actual total bracing stiffness contributed by various girt to column
details,

a test program to the axial compression capacity of columns braced by girts,

a test evaluation/theoretical study to derive a practical approach to predicting the capacities of
columns with secondary members of known stiffness attached.

The principal findings of this research were:

1.

Actual connection rotational stiffness is quite dependent on the connection configuration and
must be determined experimentally. In tests, reliable rotational stiffnesses were obtained for
secondary members whose flanges were bolted with two bolts to the column flanges. Reliable
rotational connection stiffnesses were also obtained for secondary members bolted to the column
through bracket plates only when the bolts in shear were fully tensioned.

Total bracing stiffness contributed to the unbraced flange, neglecting the increase in torsional
stiffness, can be computed as:

R =1/ (Fgirt + Feonnection + Fweb)
Where:

2 2

L

draper L Font d;:;“ L nch per kip)
girt

Fonnection is determined by test

dnﬁerz'“
By =——mfer ___ (nch per ki
web = 0 69b038 195 L0IE perkip)

A factor of safety on stiffness of 2 is often applied, thus:
Ro=R/2
The total column capacity could be reasonably well pred}cﬁed by evaluating the braced and

indirectly braced halves of the cross section separately and summing their capacities, with the
following restrictions applying:
P

sm...{ %wwm

-

—
'\ Aseumed Brace Point

Figure 6 - Directly Braced and Indirectly Braced Column Halves
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In the case of a simple or bracketed connection, buckling of the unbraced flange would probably
represent the limit of the column capacity. If column top rotation is restrained by an adequate
moment resisting connection, as often happens in the exterior columns of a metal building frame,
the column can be capable of carrying additional load after the capacity of the indirectly braced
half is achieved, up to the point where the braced flange buckles laterally with nodes at the brace
points.

4. If bracing stiffness and strength from the braced side is used to increase the capacity of the
indirectly braced side, the capacity of the indirectly braced side can be taken as:

1Brace:

Py _S8R,L

P, 16P,

2 Braces:

Fo_ [RE

Pe PQ
3 or more Braces:

2 3
Eq.zo.g[}.) 5&(_5.] +1-1
P, s . \L

e
3
eed5)
P, S
where:

Pe = Elastic capacity of the column half unbraced
L = Total column length
S = Spacing between braces

The capacity of the indirectly braced half should not be taken as more than one half of Py (one
quarter of Py for the full column). Even when the bracing stiffness provided appeared sufficient
to produce column capacities of the indirectly braced haif in the inelastic range, these capacities
were not achieved in any test.

Practically speaking, the full capacity of a column based on the smaller outside brace spacing will
generally only be achieved in a situation with an excellent secondary to primary connection, a relatively
thick web and a required allowable stress in the elastic range of the column buckling curve. When

i bending moments also exist simultaneously, the allowable axial stresses for the flange under
consideration should be used, not the average allowable axial stress.

3. STABILITY OF SECONDARY MEMBERS

Lateral bracing of secondary members is provided by a combination of:
1. rotational and translational support provided by connection details
2. translational support provided by discrete bracing lines
3. diaphragm and rotational stiffness provided by the wall or roof panel.

ad Gravity Loads




Screw down deck is generally assumed to provide full lateral,bracing to the top flange. The full moment
capacity is assumed in the positive moment region. The negative moment region is often designed as
unbraced, assuming that the inflection point is a brace point.

The capability of standing seam roof to provide bracing to the top chord under gravity loads varies from
manufacturer to manufacturer. No guidance is provided in the AISI specification. Testing by each
manufacturer is required to establish the adequacy of this assumption.

Roof slopes and unsymmetrical shapes generate substantial stability forces that must be resisted. AISI
section D3.2.1 provides a method for calculating the required anchoring forces when diaphragms are
used to laterally brace purlins. In the case of standing seam roof or screw down roofs with very steep
pitches, additional bracing lines may be provided at third or half points that must be properly anchored.

3.2 Uplift

Purlins and girts under wind uplift have the majority of their compression flange unbraced and do fail in
a lateral stability mode at load levels well below those predicted for fully braced sections. Until recently,
very little guidance was available for the design of such members that took into account the favorable
effect of the roof or wall sheeting. Very simple provisions for determining the uplift capacities of these
members were added to the 1989 Addendum to the 1986 AISI Specification. The nominal capacities
permitted are the full strength of the section (Se * Fy) multiplied by the reduction factor R, whereR =:

04 for simple span C sections
05 for simple span Z sections
0.6 for continuous span C sections
0.7 for continuous span Z sections

No analytical method for the rational design of secondary members under uplift sheathed with standing
seam roof are available at this time. Some manufactures provide discrete bracing lines and assume that
the secondary member is unbraced between brace lines. Others base their designs upon test programs.

3.3 Axlal Forces

Roof purlins are usually required to resist and transfer compression loads created by direct wind
application to the endwalls and to act as wind truss struts. MBMA and AISI have funded a multi-phase
research program on the axial compression capacity of so called strut-purlins.

The first phases of the research, conducted by Hatch et al’, established that the theoretical method of
determining axial capacity developed by Simaan? could be applied successfully to a simple span
configuration with through fastened roof panel and that the traditional beam-column interaction
equations provide a conservative design when both axial and strong axis bending moments are present.
The objectives of the last phase of the research, conducted by CSDI, were to simplify the Simaan method
sufficiently that it could be used as a practical design method and to determine whether the method is
applicable to continuous span systems and standing seam roofs.

Primary Conclusions

1. A typical plot of length versus critical stress is shown in Figure 7. Except for very long and very
short members, the axial capacity is not a function of length. The capacity of long members is
governed by strong axis buckling.
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Figure 7 - Strut Purlin Ultimate Stress

The capacity of commonly used, medium length members are governed by a lateral buckling of
the unsheathed flange occurring approximately simultaneously with failure of the deck at the

fastener locations, as shown in Figure 8.

Figure 8 - Lateral Flange Buckling

2. The lower bound ultimate axial stress achieved for medium length members can be represented
by the equation:

O = (0.79x + 0.54)(1.17t + 0.93)(2.5b — 1.63 + 22.8)

where

O = critical axial stress (ksi)
x =a /b as shown in Figure 9
t = thickness of purlin (inches)
b = flange width (inches)

h = web depth (inches)

4

L

Figure 9 - Fastener Location



For members complying with the limitations below, the range of G is from about 11 ksi to 23
ksi.

3. The capacity of continuous span systems is not substantially different from that of simple span
systems.

4. The capacity of systems with standing seam roof must be established by test, but should not
exceed the value given by the equation above.

Parameters other than those listed in the equation were considered in the development of the equation,
but were found to have insufficient impact on the results to justify their inclusion. The following
limitations apply to the use of this equation:

C and Z sections with depths from 6 to 12 inches

Span lengths from 15 to 30 feet

Panels fastened to puriin at 12 inches on center or less and having a minimurn rotational stiffniess
of 0.0015 as determined by the AISI test procedure

4. Yield strengths from 33 to 60 ksi

5. Cand Z thickness not more than 0.125 inches

Rl

The standing seam systems tested were able to provide substantial axial bracing to the purlins; however;
the test loads achieved were significantly lower than those achieved with through fastened panel and the
deformations of the purlin before reaching ultimate load were much larger. Given the great variation
between manufactures in the detailing of the clips, panels and seams, a large range in bracing capacity
should also be expected.

34  Open Wab Steel Jolsts

Section 5.8.¢ of the SJI Standard Specification’ requires a maximum top chord fastener spacing of 36
inches and requires that each point of attachment be capable of resisting a lateral force of at least 300
pounds. Since even relatively stiff sliding clip systems can be moved by hand, joist manufactures have
been reluctant to make the assumption that standing seam roofs provide adequate top chord bracing for
joists. Many joist suppliers add extra top chord bracing and design the top chord based on the lateral
support provided only by the bridging. Bridging is also supplied to provide stability for the top chord
under erection conditions and to provide stability for the bottom chord under uplift conditions.

Recent tests conducted by CSDI have shown that standing seam roofs with sliding clips can provide
significant lateral bracing to the top chord of joists. This testing, conducted with several relatively stiff
standing seam roof systems, showed that the lateral bracing stiffness and /or strength of these standing
seam systems was the governing factor in the capacity of joists with large chords and spans, but that the
full capacity of smaller joists could be developed. Because of the variations in joist and standing seam
construction, it is essential that the effectiveness of the standing seam roof be determined by test for the
specific combination of joist and standing seam roof.

4. CONCLUSIONS

As shown above, each of the components of a metal building system plays an important role in providing
stability bracing to members around it. Even though each element is usually sized as required to
perform its primary function, it must be recognized that each element is carrying additional bracing
forces, sometimes of considerable magnitude.

Capacities of secondary members braced by standing seam roofs must be determined by test. Standard
uplift and axial tests should be developed and codified.

The results of the strut-purlin research is ready for review and consideration for inclusion in the AISI
light gage specification.
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RATIONAL CRITERIA FOR CLASSIFICATION OF FRAMES AS BRACED FOR GRAVITY LOADS
Mrinmay Biswas

Duke University
Department of Civil and Environmental Engineering
Durham, North Carolina 27708-0287

ABSTRACT

Stability requirement of design specifications defines structural frames as braced when "adequate” lateral
bracings are provided. This paper presents rational criteria for adequate values of bracings for frames to
be classified as braced to sustain gravity loads.

To address b the gravity load problem is separated from the lateral load problem.
For the purpose of gravnty load problem, the bracing criterion is identified as a "stiffness" requirement.
Bracings act as a secondary system to allow the primary compression bers to sustain full designated
loads that may be "factored” loads, or “service” loads with consideration of factor of safety.

Then, to address the bracing requirements for gravity loads, general bracing system of a frame is first
segregated into two groups, namely, internal bracings and external bracings, since they would require two
different mathematical treatments.

To solve the internal bracing problem, the lateral stiffness matrix of the frame structure is expressed
symbolically in terms of story stiffness of internal bracing. The limit state of stability of the frame is
expressed as its lateral stiffness matrix being positive semi-definite. This results in a set of inequalities.
Closed-form solutions are obtained which directly provide the criteria for internal bracings.

The external bracing problem, in which bracings are attached at the floor levels, appears to be simpler
than the internal bracing problem, but mathematically it is far more complex. The requirement of the
lateral stiffness matrix being positive semi-definite, symbolically expressed in terms of bracing stiffness at
floor levels, results in a set of non-linear inequalities. The order of non-linearity is equal to the number of
floors in a building frame.

The problem is resolved by using an arbitrary but simple objective function as the optimality criterion
for the bracings and using the non-linear inequalitics as constraints. The inequalities are derived by using
symbolic programming. Numerical experiments are then performed using frames from two to four stories
high with different configurations and loadings. Resulting numerical non-linear optimum design

problems are then solved by using an available computer progr Examination of results of numerical
experiments provides a clue to the design rule for external bracings.

Having arrived at two separate rules for internal and external bracings, respectively, a third rule is
derived for integrated internal and external bracings. The rules are then verified by using the stability
analysis component of a general purpose structural analysis program.

In spite of invocation of some rigorous mathematical and computational tools i in the development
stage, the rules that emerge are very simple and require only basic arithmeti B gs can be
casily designed by tabular calculations using a hand-held calculator or by usmg a simple spread-sheet tool.

INTRODUCTION

Design specifications classify structural frames as "braced" when they are deemed to have
"adequate" bracing. (AISC, 1986 and 1989) In effect such a classification allows one to design
columns with a so called effective length factor, K, value of 1 or less. Traditionally designers use
certain rules of thumb to provide adequate bracing.

A set of rational criteria is provided here for classification of frames as braced. When bracing
amount meets or exceeds these values then the frame can be considered as fully braced.
Conversely, if any component of a bracing system is less than the corresponding limiting value,
then the frame could not be considered as braced. Such a set of limiting stiffness values of
bracing is termed threshold stiffness. (Biswas, 1983; Galambos, 1988)
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Previous research on the subject indicated that when building frames are subject to gravity
load only, for the purpose of providing adequate lateral constraint to maintain stability, bracing
criteria would be stiffiress based, as opposed to being force based. (Biswas, 1983 and 1988)

Fig. 1 shows a schematic model of a typical plane frame of a multistory, multi-bay building,
subject to gravity loads and with general forms of bracing, e.g., diagonal bracing, shear walls, and
attachment of floor siabs and roof deck to an adjacent structure. Each of these types of bracing,
used separately or together, can provide lateral stiffness. Bracing system in the forms of diagonal
bracing and shear wall, etc., constructed within a building structures is termed as internal
bracing. Internal bracing provides lateral stiffness within a story against inter-floor motion. A
system providing lateral stiffness at the floor and/or roof level is termed as external bracing.

The frame shown in Fig. 1 is articulated at joints. As members, especially columns, of a real
building frame are expected to have some degree of continuity at joints, limit values of stiffness
obtained on the basis of such a model will be considered as upper-bound values of threshold
stiffness.
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7 Roof or Floor Level ;
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FIG. 1. General Plane-Frame Mode!

As consideration of internal bracing stiffness and external bracing stiffness would require
different mathematical treatment, these two systems are de-coupled. Once their respective
solutions are obtained, then the combined situation of internal and external bracing is addressed.

Both internal and external bracing stiffness values are obtained in terms of two sets of basic
frame parameters, i.e. 1) story loads and 2) story heights, as shown in Fig. 2. Stories and floors
are numbered top down, the roof deck being the level number 1. Story load is defined in two
different ways, that would yield the same result: 1) Story load is the sum of loads on all columns



in the plane of the frame, in that story; and 2) Story load is the sum of loads on the plane frame
from all floor above. For the ith story, the story load C, is given by:

CG=Y¢, ....... (1.3)
4 ’; »
in which,
c,;, = load on a typical jth column in the ith story

m = number of columns in the ith story

Alternatively,

in which, P, = load on a typical jth floor of the plane frame.
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FiG. 2. Frame Bracing Design Parameters

INTERNAL BRACING

The model for the solution of the internal bracing problem is shown in Fig. 3 as a one bay
multistory frame including story levels 1 through n. The typical design unknown is the internal
lateral story stiffness &, applied in the ith story. Using only the lateral translational motion of the
frame at its floor levels as the degrees of freedom, the stiffness matrix K is given by:

K=K; + K,

in which,
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K is the so called Elastic Stiffness Matrix comprised entirely of k', and

K, is the so called Geometric Stiffness Matrix, indicating the effect of load on the structure
as expressed in terms of story load C, and story height A,.

The stiffness matrix K is tri-diagonal.

Defining:

The elements of the first, ith and nth rows of the matrix K is given as:

k= q

k,=-q
kl.l-l ==g

k,=q_ +tgq .. ..... 3)
k=g,
kywor == g,y

kn.n = qn—l + q,,

Stability of the frame and its marginal state, neutral equilibrium, require that the stiffness
matrix K be positive semi-definite, or

each Leading Principal Minor (LPM)20. ... .. .. 4
To find story stiffness &, that would satisfy the inequality (4), the following solution scheme is
used: (Biswas, 1988)

By using row and column matrix operations, the tri-diagonal stiffness matrix is converted to
an upper-triangle matrix.

The Leading Principal Minors of the upper-triangle matrix are formulated as:
LPM, =g, x g, X - X g ...... )

Requiring that LPM, = 0, we get:

g XgX - Xg20i=1--n_.. .. .. 6)

By successively solving the inequality (6), solution for story stiffness is given by:
ki=(C/h) ....... (U]

Verbally stated, internal Story-Stiffiress must be greater than the ratio of Story Load and Story
Height. The story-stiffness thus obtained for the single bay model can be allocated to one or
more bays of the plane frame as desired.
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EXTERNAL BRACING
The model for the solution of the external bracing problem is shown in Fig. 4 as an articulated
single stick including story levels 1 through » and corresponding floor levels 1 through n+1. The

typical design unknown is the extemal fateral stiffness & applied at the ith floor. Using only the
lateral translational motion of the frame at its floor level as the degrees of freedom, the stiffness
matrix K, as before, is given by:

K=K, +K,.
Also, in this case, the stiffness matrix K is tri-diagonal.

Defining a new term:

G- _ G
= Tl ®)
hl—l hi

The elements of the ith row of the matrix K is given as:

Koy = 1,
ko=k —rn . ... ... )
k=1
Again, stability of the frame and its marginal state, neutral equilibrium, require that the
stiffness matrix K be positive semi-definite, or
each Leading Principal Minor (LPM) 2 0.
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In this case the LPAf; becomes a polynomial of ith order and the LPM; 2 0 condition yields a
set of n non-linear inequalities of order n, indicating non-unique numericat solutions. Such a
formulation did not yield a closed form symbolic solution. A non-linear numerical optimization
solution scheme was used, as described in the following:

To force a single solution, a heuristic objective function was used:
min. (Y#/) ....... (10)
(,; i

Using a symbolic computer program, the leading principal minors were formulated and
inequalities were used as non-linear constraints. Then, a non-linear optimization program was
used to solve this class of problems. A population of numerical solutions were generated using
typical but varying values of number of stories, story loads and story heights. Also, closed form
solutions were obtained for two story frames. By examining the patterns of the population of
numerical results, a general symbolic solution was postulated. Using the postulated symbolic
solution, for realistic building frames, a number of bracing designs were generated. These design
were tested using the stability analysis component of a general purpose finite element structural
analysis computer program.

Fortuitously, the following very simple symbolic formula emerged:

C._ C
o2 2ty L. 11
J P A, an

Verbally stated, external stiffness at a floor level must be equal to or grater than the sum of
twice the ratio of Story Load and Story Height immediately above and twice the ratio of Story
Load and Story Height immediately below the floor level. Alternatively stated, external stiffness
at a floor level must be equal to or greater than the sum of twice the required story stiffness of the
story immediately above and that of the story immediately below the floor level. The stiffness
thus obtained may be allocated to one or both sides of the plane frame as desired. Also, because
of inherent stiffness of floor system as a diaphragm, the stiffness may also be allocated to other
sister frames. A sister frame may be sufficiently stiff by virtue of its own internal story stiffness
provided by diagonal bracing or shear walls.

Building Frame

Fig. 5 shows the model of the special case of building frame where the base is fully constrained in
the lateral direction. In this case the following two specific boundary condition exists:

C, =0, and
Ky = o

Besides the inequality (11), the following two formulas can be used:

Stiffness at the roof level, ¥/ = 2 %

1

‘ , c,., c o
Stiffness at the level above the base, ¥/ 22 — + 12

n=1 n
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General Frame

Fig. 6 shows the stick model of an externally braced general frame which had full lateral
constraints at certain floor levels. In such a case a general expression for the required external
bracing can be given as:

C.- C
Hza——t+p-2 . ..., 13
; ah'-. ﬁh, (13)
in which,
a=1whenkl =, elsea=2

8=1whenk/,, = o, elsef =2

COMBINED INTERNAL AND EXTERNAL BRACING

Based on rules developed for de-coupled internal and external bracing systems, the following rule
was deduced for combined bracing condition. Combined bracing system would be required when
one system, say the internal bracing system provided, is less than the corresponding threshold
value. Then, external lateral stiffness needs to be provided to compensate for the deficit.

Let the & be internal story stiffness provided and it is less than the threshold value of C, /A
Let the deficit of story stiffness, k* be given by:
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Then, the required external lateral stiffness is given by:

K 2okl + B8k ... (16)

Using these postulated symbolic solutions, for realistic building frames, a number of combined
internal and external bracing systems were designed. These designs were tested using a general
purpose finite element structural analysis program.

SUMMARY

« For design of internal, external or combined bracing systems, that would classify a multistory,
multi-bayframe as braced, three theorems have emerged. These theorems generalize the
single design rule for one-story, one-bay frame model (Galambos, 1964) and those for
multistory columns (Urdal, 1969).

« In spite of the use of rigorous mathematical formulations and computational tools for their
development, the resulting design rules are very neat and only simple arithmetic operations
will be needed for their use. Tabulated calculations using only hand-held calculators or
simple spread-sheet tools will suffice.

s Rules are valid for both LRFD and ASD.
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ABSTRACT

Cross frames and diaphragms are frequently used in bridges to brace plate girders
and stringers. Such brace systems are called torsional braces. Torsional brace stiffness
requirements have been previously developed, however, torsional brace strength
requirements have not been addressed except to assume that classical rules of thumb such
as the 2% rule apply.

This paper concentrates on the strength requirements for torsional braces of beams.
The results of a finite element study on single and muitiple torsional bracing systems are
presented. The study considered brace size as well as shape and magnitude of initial
imperfections. The results show that in general brace force requirements control the
member size of the diaphragm or cross frame, not brace stiffness. It is also shown that the
torsional brace system increases the load on the beam or plate girders so that the applied
buckling load is reduced. A practical design formula for torsional brace forces is
developed and a design example is included.

INTRODUCTION

Current design practice for steel bridges often makes use of composite construction
in which the concrete slab will provide continuous lateral restraint to the top flange of the
girder in the finished bridge. The critical stage for lateral torsional buckling for these
girders is typically during construction before the concrete deck has cured. Bracing of the
girders is usually accomplished by providing torsional bracing which prevents the twist of
the girder cross section. Diaphragms and cross frames are the two primary types of
torsional bracing which are used in bridge construction. Other systems such as joists and
joist girders also use cross frames to stabilize the members before the slab is constructed.
A torsional brace permits the same lateral displacement of both flanges, however relative
lateral displacement (twist) is prevented.

In order for a brace to be effective it must satisfy both stiffness and strength
criteria.! Stiffness requirements for torsional braces have been developed by Ojalvo?,
Trahair’, and Tong*. The evaluation of the stiffness of a torsional bracing system must
include several elements such as diaphragm (or cross frame) stiffness, girder stiffness, and
cross sectional distortion. Many published solutions do not include girder stiffness or cross
sectional distortion. Current AASHTO provisions do not adequately address either
stiffness or strength criteria of bracing systems.

" This paper will present the results of a study that has made use of the finite element
program ANSYS to perform several large displacement analyses on a twin girder system.
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Several variables were considered in the study such as shape and magnitude of
imperfection, brace size, and number of braces. Equations will be presented for calculating
the required torsional brace stiffness and strength.

BRACE STIFFNESS

When bracing is provided by a discrete bracing system, the following equation can
be used to determine the ideal brace stiffness, ;:

12LM?
- 2EY, o)
nELC}
where L is the girder length (use 0.75L for one brace, n=1), M,, is the buckling moment,
n is the number of braces along the girder length, E is the modulus of elasticity, C,, is the
factor for the moment gradient of the braced girder, and L, is the moment of inertia of the
cross section about the y axis. For singly symmetric sections, substitute L. for I, in Eq.
1. L.q can be calculated using the following equation:

)

where L is the y-axis moment of inertia of the compression flange, L, is the y-axis moment
of inertia tension flange, and d, and d, are the respective depths of the web in compression
and tension.

Winter has shown for lateral bracing that providing the ideal brace stiffness leads
to systems which experience very large lateral displacements. Yura followed the same
approach for torsional bracing, and has
recommended supplying at least twice the DIAPHRAGMS CROS3 FRAMES
ideal stiffness.” Providing at least twice the n
ideal stiffness will lead to a bracing system H g ’

8 3

that provides much better control over Yonsion Systoms

torsional displacements and brace forces. H Ck)
. . b b o
The stiffness of a typical diaphragm b Vel

and cross frame is shown in Fig. 1. The Py ’e_:'l'b Compression Sysiem:
stiffness of the cross frame system depends AESPE
on whether it is defined as a compression L)
system or a tension system. The top and An = area of horizontal members
bottom chords are required in a tension Ac = mraaof diagonal membara
system, whereas a compression system only f 'lm"“dm

! . o= length of diagonal members
requires the diagonals, 8 = spsoing of grders

hy, = height of the croes frame
In addition to including the stiffness Figure 1 Diaphragm and cross frame stiffness



of the diaphragm or cross frame, it is also important to consider the girder stiffness when
calculating the stiffness of the entire bracing system. As forces begin to develop in
torsional braces, overturning forces also develop at the ends of the brace. The overturning
forces cause one of the girders to deflect downwards and the other girder to deflect
upwards, which imposes a rigid body rotation on the bracing member. The expression for
the girder stiffness, 8,, can be calculated by dividing the brace moment by the rigid body
rotation. For a single brace at the centerline, the girder stiffness is shown in the following
equation:

M 1252E1 ®
ﬂl - E L?

Where s is the girder spacing, E is the modulus of elasticity, I, is the strong axis moment
of inertia of the girder, and L is the girder length.

When torsional bracing systems are used, it is very important to include the effect
of cross sectional distortion on the system stiffness.’ Web stiffeners are usually required
to control the distortion. The following equation can be used to determine the stiffness
due to cross sectional distortion, g,..:

_33E

B = =

15h¢) L b} @
12 12

where E is the modulus of elasticity, h is the depth of the girder, t,, is the web thickness,
and the stiffener dimensions are tg and b,.

b,
For partial depth stiffeners shown in oM ﬁF
Fig. 2, the stiffness of the various sections h h| he
of the web can be evaluated separately, and !J
then combined to determine the system

stiffness, By as follows: Figure 2 Partially stiffened webs

33E
8= =

k
h]

, 12
IR LA Y EY X Y ®
BT 6: ﬁ: BI ﬂp, ﬁ‘

2
l.5hjt:, . t; b: 5)
12
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In Eq. S5, §;= the stiffness of the web section under consideration and h, is the
corresponding web depth. The remaining variables have the same definitions as in Eq. 4.
In Eq. 6, 8, 8, and B, are the corresponding stiffnesses of the different web sections; g,
is the stiffness of the diaphragm or cross frame; and g, is the girder stiffness. It should be
noted that the system stiffness, 8,, will be smaller than or equal to the smallest of the

Yarious components.
BRACE STRENGTH
The brace size in torsional bracing systems is often controlled by strength

requirements. The following equations can be used to predict the rotation of the girder
at a brace point 8; and the brace moment M,,:

0,
0, = o
Y @
BT Mcr
M-
M
M, =8,0, ——— ®
1-F5n M2
B, M

where 8, = initial twist (radians), 8; = ideal brace stiffness, 8; = actual brace stiffness,
M’ = actual girder moment, and M,, = buckling moment.

Eq. 7 is synonymous with the classic equation for amplification of initial
imperfections in columns when the initial shape has the same geometric configuration as
the buckled shape. The equation for the brace moment was derived by assuming the brace
moment is equal to the brace stiffness multiplied by the rotation at the brace.

Both of the equations have the factor 8;,/8; in the denominator. This factor takes
into consideration the reduction in twist and brace moment when the stiffness provided is
larger than the ideal stiffness. Referring to Eq. 7, if the actual stiffness provided is equal
to the ideal stiffness, 85;/6y is equal to 1.0 and the rotation goes to infinity as the buckling
moment is approached. Conversely if the actual stiffness is much larger than the ideal
brace stiffness, the denominator tends to 1.0 which gives 8; = 6,.

For design it is recommended to use an initial imperfection (,) of 1 degree and a
brace stiffness (8y) equal to twice the ideal stiffness (8y;). Eq. 8 then reduces to the
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following equation:

0.04 L M?
B &)
" nEIC}

where M is the design moment for the girder, and the remaining variables are as defined
in Eq. 1. For singly symmetric sections, L . from Eq. 2 can be used in place of I,.

These equations were developed by Yura® following the concepts presented by
Winter! for columns. The purpose of the paper is to check the accuracy of these simple
design equations for actual three dimensional structures.

ANALYTICAL STUDY

The finite element program ANSYS
was used to perform several large
displacement type analyses on a twin girder
system. The first part of the study was
performed on a twin girder system similar to
that shown in Fig. 3.

_ The Cross sections of the girders were Figure 3 Finite element model
built up using 8 node shell elements. The
model had a cross frame at the centerline of
the girders. The cross frames were modeled
using truss elements connected at the top and
bottom of the web so that there was no effect Y

of cross sectional distortion. 8L 16
A oe| X ya
The girders were simply supported L N
and free to warp at the supports. The type |008 a A " 3\3 A A
of loading consisted of a uniform moment. 3
The study considered several variables. In UQFORM o SHAPE
ddition to in ize of the HALF SINE
a varying the size of brace, TWIST TWIST CURVE

three different shapes of imperfections were
considered. The bottom flanges were
straight, however Fig. 4 shows the lateral
displacements which were applied to the top
flange. The lateral displacements were
varied to produce three different magnitudes of the initial twist: 0.5, 1, and 2 degrees.

Figure 4 Imperfections considered

RESULTS FOR SINGLE CROSS-FRAME AT MIDSPAN

Fig. 5 shows a plot for the uniform twist imperfection and 8; = 2.3 The girder
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twist normalized by the initial twist is
plotted on the vertical axis. The
bracing moment is plotted on the
horizontal axis. For a 8 / 6, of 1.75,
the 2 degree imperfection gave a brace
moment of 927 k-in The
corresponding values for the 1 degree
and 0.5 degree initial twists are 45.4 k-
in and 225 k-in, respectively. This

shows that the bracing moment is a 60
linear function of the initial twist. If My (dn)
the imperfection is doubled, then so is Figure §

the brace moment.

Fig. 6 shows a plot for the 1 degree half sine curve imperfection and 8; = 2.38;,
The bracing moment from ANSYS (M,,) divided by the bracing moment from Eq. 8 (Eq..
M,)is plotted on the vertical axis. The girder moment (M") divided by the buckling
moment (M,,) has been plotted on the horizontal axis. M’ is the actual applied moment
including the overturning force from the crass frame. The overturning force from the cross
frame exerts a point load at the midspan of the girders which causes a moment gradient
which can be accounted for with a C, factor of 1.75. The moment from the overturning
force was transformed into a "uniform moment" by dividing by C, =1.75. M’ was
calculated by adding the "uniform moment" from the cross frame directly to the uniform
moment applied to the girder,

The plot in Fig. 6 shows the 12
importance of including the girder
stiffness in the calculation of the 1

system stiffness. If both the cross  u_  qg}
frame and the girder stiffness are
considered, ANSYS and Eq. 8 have Eq. Mp 06 |
very good correlation at the buckling 04t
load. If the girder stiffness is

neglected, however, Eq. 8 estimates 02f X and glrder stiffness
the brace force by about 20 percent 0 A s s et
less than ANSYS. Therefore it is 0 02 04 06 08 1
unconservative to neglect the girder M*/Mer

Figure 6

stiffness when evaluating the system
stiffness.

Fig. 7 is a plot for a 1 degree twist of the three different shapes of imperfections
with 8y = 2385, On the vertical axis M,, from ANSYS / Eq.. M,, is plotted while M" /
M_, is plotted on the horizontal axis. When the girders have the s-shaped imperfection, Eq.
8 provides conservative estimates for the brace force compared to ANSYS. As in Fig. 6,
the half sine curve imperfection has good correlation between ANSYS and Eq. 8. The
equation is unconservative, however, for the uniform twist imperfection; it underestimates



the brace force by about 20 percent
when compared to ANSYS.

Fig. 8 has the same format as
Fig. 7 except 8, = 6.88;,. Eq. 8 again
gives conservative estimates for the s-
shape imperfection and unconservative
estimates for the uniform twist
imperfection, The equation is also
slightly unconservative for the half sine
curve imperfection.

Table 1 summarizes the results
of the last two figures for the half sine
curve imperfection. The brace area
for Br = 238, was equal to 0.1 in%
The brace moment from Eq. 8 and
ANSYS were almost identical. When
the brace area was increased by a
factor of 10, the system stiffness only
increased by a factor of about 3. This
was due to the presence of the girder
stiffness in the caleulation of the
system stiffness. Eq. 8 predicted about
a 33 percent reduction in the brace
force when the system stiffness was
increased to 6.88;; whereas ANSYS
only had about a 26 percent reduction.
If a designer wants to consider the
reduction in brace force when
stiffnesses in excess of 28; are

provided, it is necessary to bear in mind that the equation will slightly underestimate the

brace moment.

My 08

15

125

My, 1
Eq. My, 0.76
05

025

04 086

M/ Mg
Figure 7

Figure 8

Table 1: Degree Half Sine Curve Imperfection

System Brace Equation 8 ANSYS
Stiffness Area
2385 0.1 in? 46.0 k-in 462 k-in
6.307 1.0 in? 302 k-in 34.4 kein
(33 % less) (26 % less)
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TWIN GIRDER WITH MULTIPLE BRACES

’/
/]
I‘[‘:!
/7
7

Figure 9 Finite element model

5160 76 0160
I oel| *Jya 04 R
L

0

oosy | A
2, 04 X
l n_m%__sA @L

UNIFORM S-SHAPE MULTI-TWIST
TWIST TWIST CURVE
Figure 10 Imperfections considered

j Uniform Twist
middie avg. = 1.8k
swleiver swiwhor  Mrax = 0.96 M

S-Shape Twist
middle avg. = 4.6k

e wdew Mg = 0.97 Mgs

* Muliple Twist
middle avg. = 2.3
& Mrax = 0.90 M ¢r

Figure 11 Brace Forces - 0.9 W,,

The second part of the study
considered a twin girder system with
multiple braces as shown in Fig. 9. A
twin girder system with 4 diaphragms
within the span was considered. The
girders were simply supported and free
to warp at the supports. The type of
loading consisted of a uniform load
applied at the top flange.

As shown in Fig. 10, three
shapes of imperfections were
considered. The magnitude of the
initial imperfection was 1 degree.
When multiple braces are used, the
problem is considerably more
complicated than the case with a single
brace. When full bracing is supplied
so that the girders buckle between the
braces, the reactions from the brace
may vary in direction along the length
of the girder.

Fig. 11 shows the resulting
brace forces for the three different
shapes of imperfections. The applied
load to the girders was 0.9W,. The
figure shows that the direction of the
brace forces is dependent on the initial
imperfection.  The uniform twist
imperfection had the brace forces
oriented in the same direction,
whereas the other two imperfections
had brace forces which varied in
direction along the length. The s-
shape imperfection had the largest
magnitudes of brace forces.

It is also important to notice in
Fig. 11 that although the applied load
was only 09W_, in the case of the
uniform twist and s-shape
imperfection, the actual girder moment
was 6-7 percent higher.



Evaluating the girder stiffness when multiple braces are used is very complicated
due to the alternating directions and magnitudes of the brace forces along the length of
the girders. A simple approach to assessing the girder stiffness would be to place a single
brace reaction at the centerline of the girder regardless of the number of torsional braces.
The girder stiffness would then be based on the centerline deflection which yields the same
equation derived previously for a single cross frame at the centerline:

125°E1
g, =M. = ®
6, L°

A two dimensional analysis was conducted on the girders considering the brace
forces from Fig. 11. The centerline deflection is presented in Table 2 along with the
proposed design approach. The table shows that the proposed method of assessing the
girder stiffness is somewhat conservative, however, it is a simple solution to a complex
problem. The brace force which was calculated using Eq. 8 gives an overturning force of
6.4 kips. This is slightly larger than the forces from ANSYS shown in Fig. 11.

Table 2: Midspan Deflections

CASE DEFLECTION
DESIGN -0.250 in
APPROACH

UNIFORM -0.195 in
TWIST

S-SHAPE -0.193 in
TWIST

MULTIPLE +0.006 in
TWIST
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TORSIONAL BRACUING - DESIGN EXAMPLE

Girder Properties
il - 7 3/4x8
XTAL — i1l 7 y lx=17504ig
! S =561 in
VA1 I R | R /R % 320
yeo 4
J =1291n
pan = 80ft.; 9in. concrete slab ; 5 girders @ 8 ft spacing, A36 steel

Use Load Factor Design for the construction condition - LF. = 1.3
Steelgirder: A = 4875In2 wt = 165 b
Conc. slab: 8 x % x 150 1bA° = 800 A

w = 1065Ibft = 1.065 kit

2 2
M = —;—wL X LF. = _:3_(1.035)(30) 1.3 = 1108 k-t

My= 36(561)/12 = 1682 k-t > 1108 k-t p=1
Try 4 torslonal braces @ 16-ft spacing m
Check lateral buckiing - center 16-f is most critical (AASHTO 10-102c)

M; =1251 kft> 1108 k-ft 4 braces required

Brace Strength:  Design for 8,= 1°and y = 28;: = Use Equation 8

Mo 0.04L M2 Lo )

bem 3 of" et g

nEIy.,,,cbb y de
18.8 4

lyon= 32+ 555 352 = 244 n

2
0.04 (80 x 12} (1108 x 12) - 240 kein
4(20000) 244 (1.0)°

My

A3BSteel S, qqq= 240/36=67 i’
Forexample: ~ C8x134- S, = 10.60n°

Ch= 23
Check lateral buckiing of the diaphragm H b

(AASHTO) M,-565k-ln>My- 10.6 x 36 = 382 > 240 k-in = My,

8ign a torsional bracing system to stabilize the girders during the deck pour. Use a diaphragm system
shown. The form supports transmit some load to the bottom flange so agssume centroid loading.




ace : 06LM 2 0.6 (80 12) (1108 x 12)
Prroqa™ 2Py = 2 5 =2 , = 14400 kirvrad
NE(ly g /2)CRy  4X29000X(244/2)x(1.0)
Diaptwagm Stiffness:
bl il E
dl o il

The stiffness of the diaphragms on the exterior girders is 8Ely, /S. Since there are
diaphragms on both sides of each interior girder, the stiffness is 2 x 8Eip, /S. The average
stitfness availabie to each girder is (2x 6 + 3x 12)/6 = 9.8 El,/S.

bb= 9.6 (26000) 47.9/96 = 138000 in-k/rad

Girder Stiffness:
2
1252E|x 12 x (86) x 28000 x 17504
- 3 - 5 = 63450 k*/rad
L (960)

Cross Section Distortion:  use 1/2" thick stiffener

by Note: The portion of the web along the depth of the dlaphragm can be

treated as rigid. Then use Equation 5 to get stiffness of web above

lg and below the diaphragm (he= hy= 20 In)
. 2 8 t b
= p - 33€ [ n \(VSMtw 1
I h, h, 12 12
2220000 (49 15xzox053 05b% "
12
1 . 1 + s = . p x43000 (9
14400 138000 63450 ﬂc , c
required diaphragm girder
stiffness stiffness stiffness

Equation (1) and (2) gives b = 3.05in. - say 3.5in. Use 3.5x0.5 stiffener
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CONCLUSIONS

Based on the ANSYS results the following conclusions may be made:

L

The brace moment is equal to the torsional brace stiffness multiplied by the twist
at the brace location.

The brace moment is a linear function of the initial imperfection 6.
The stiffness of the girder should be included in calculating the system stiffness.

For any number of braces, the girder stiffness used for calculating the system
stiffness can be conservatively estimated by the equation: »

g = M _ 1252E1,
: 6, L3

The design recommendations gave good correlation with the ANSYS results
when the initial shape of the girder matched the buckled shape.

For the imperfections considered with multiple braces, the design
recommendations gave results which were slightly conservative, but reasonable
when compared to the ANSYS results.
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ERECTION BRACING OF STRUCTURAL STEEL FRAMES

James M. Fisher, Ph.D., P.E.
Michael A. West, AIA, P.E.

Computerized Structural Design, Inc.

While it is uncommon for structures to collapse during their erection, it occurs far more often than the
collapse of completed structures. The standards and criteria which apply to the design of buildings are
focused on the completed structure. The standards for materials and workmanship also apply to
completed work and finished products. Very little regulatory or codified standards or contract
requirements apply directly to partially completed assemblies or subassemblies. In the design of a
structure this is largely due to that fact that what is designed is a complete structure which is ready for
occupancy. Likewise, Building Codes are writien to protect the general public in its use of completed
buildings as owners, tenants, employees and customers.

Regulations and standards as they relate to a structure under construction approach the construction as
a work place not as a building per se. Thus, in the construction contract between the owner and the
builder, the builder is given responsibility to build the proposed structure and the builder is given the
freedom to choose the "means and methods" necessary to achieve the specified end product as
described in the plans and specifications which are part of the owner/builder contract.

This control of the "means and methods” of construction is well expressed in these citations taken from
Document A201, "General Conditions of the Contract for Construction” (14) published by the American
Institute of Architects:

"3.3.1 The Contractor shall supervise and direct the Work, using the Contractor's best skill
and attention. The Contractor shall be solely responsible for and have control over
construction means, methods, techniques, sequences and procedures and for coordinating all
portions of the Work under the Contract, unless Contract Documents give other specific
instructions concerning these matters.

"3.3.2 The Contractor shall be responsible to the Owner for acts and omissions of the
Contractor's employees, Subcontractors and their agents and employees, and other persons
performing portions of the Work under a contract with the Contractor.

"3.3.3 The Contractor shall not be relieved of obligations to perform the Work in accordance
with the Contract Documents either by activities or duties of the Architect in the Architect's
administration of the Contract, or by tests, inspections or approvals required or performed
by persons other than the Contractor.

"3.3.4 The Contractor shall be responsible for inspection of portions of Work already
performed under this Contract to determine that such portions are in proper condition to
receive subsequent Work."

Similar provisions are found in AIA A201/CM, General Conditions of the Contract for
Construction,Construction Management Edition with the exception that "overall co-ordination”is a
duty of the Construction Manager and that the Construction Manager is included with the Architect in
the paragraph comparable to paragraph 3.3.3 cited above.

The delegation of responsibility for "means, methods, techniques, sequences, and procedures of
construction” is also found in "Standard General Conditions of the Construction Contract” 1910-11
prepared by the Engineers Joint Contract Documents Committee (25), published by the American
Society of Civil Engineers and others. The paragraphs which address the points cited from AIA A201
are 1910-11 paras. 6.1, 6.9.1 and 6.30.2.

The foregoing clearly establishes the Contractor's sole responsibility for the "means and methods" of
construction, i.e. the responsibility for the safety and stability of partially completed assemblies and
sub-assembilies until the final completion of the proposed structure.
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The erection of structural steel is one specialized activity within the overall construction process. It is
preceded and followed by the work of other separate trades and is supported by and supports other
materials and systems. The erection of structural steel can be carried out by:

1. The General Contractor.
2. A division of the Fabrication/Erection subcontractor.
3. A separate erection subcontractor.

AISC Specifications

The requirements for the complete work are spelled out in the Plans and Specifications. Both the
Sprcifications and the Building Code will in all likelihood make reference to the :"Specifications for
Str -tural Steel Buildings" (24) with commentary published by the American Institute of Steel
Construction. This specification gives its requirements for erection in section M4 and its requirements
for bracir.g in paragraph M4.2 as follows:

2. Bracin
"The frgme of steel skeleton buildings shall be carried up true and plumb within the limits
defined in the Code of Standard Practice of the American Institute of Steel Construction.
Temporary bracing shall be provided, in accordance with the requirements of the Code of
Standard Practice, wherever necessary to take care of all loads to which the structure may be
subjected, including equipment and operation of same. Such bracing shall be left in place as
long as may be required for safety.

"Wherever piles of material erection equipment or other loads are supported during erection,
proper provision shall be made to take care of stresses resulting from such loads.”

AISC Code of Standard Practice

The "Code of Standard Practice" (7) cited above is the "Code of Standard Practice for Steel Buildings
and Bridges" (adopted effective June 10, 1992) published by the American Institute of Steel
Construction. It addresses erection bracing in sub-section 7.9, entitled "Temporary Support of
Structural Steel Frames". The general requirements for temporary bracing are set out in paragraph
7.9.1 which reads as follows:

"Temporary supports, such as temporary guys, braces, falsework, cribbing or other
elements required for the erection operation will be determined and furnished and
installed by the erector. These temporary supports will secure the steel framing or
any partly assembled steel framing against loads comparable in intensity to those for
which the structure was designed resulting from wind, seismic forces and erection
operations, but not the loads resulting from the performance of work by or the acts of
others, nor such unpredictable loads as those due to tornado, explosion or collision."

In paragraphs 7.9.2 and 7.9.3, the Code of Standard Practice draws a distinction between "Self-
supporting Steel Frames” and Non-Self-supporting Steel Frames”. A Self-supporting steel frame is "one
that provides the required stability and resistance to gravity loads and design wind and seismic forces
without interaction with other elements of the structure”, whereas a Non-Self-Surporting steel frame is
“"one that, when fully assembled and connected, requires interaction with other elements not classified
as Structural Steel to provide stability and strength to resist loads for which the frame is designed”.

The classification of Structural Steel is given in Section 2.0 of the Code of Standard Practice. Sub-
section 2.1 provides a list of elements and material defined as "Structural Steel "and Subsection 2.2 lists
other material not classified as Structural Steel. Many of these items are likely part of the permanent
lateral bracing and are thus important to the distinction between the two types of steel frames. Some of
the items noted in subsection 2.2 as not being Structural Steel are:

Cables for permanent bracing.

Cold-formed steel products.

Embedded steel parts in precast or poured concrete.
Grating and metal deck.

Open-web, long span joists and joist girders.
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Other elements of construction such as cast-in-place or hollow core slab floors, cast-in-place or precast
shear walls and masonry shear walls can also serve as the lateral bracing of a non-self-supporting steel
frame.

When a steel frame is not self-supporting the elements which provide lateral stability to the frame must
be identified in the contract documents.

The current edition of the Code of Standard Practice also requires detailed information regarding
loadings on temporarily braced non-self-supporting frames. In addition it requires information on the
sequence and timing of the instaliation of "major el ts not characterized as structural steel” to be
included in the contract documents. These requirements as stated in full in the second paragraph of
paragraph 7.9.3 which cited in its entirety below.

"When elements not classified as structural steel interact with the structural steel elements to
provide stability and/or strength to resist loads, the owner is responsible for the installation,
structural adequacy during instaltation, and timely completion of all such elements. The contract
documents must specify the sequence and schedule of placement of such elements and the effects
of the loads imposed on the structural steel frame by partially or completely installed interacting
elements. The erector furnishes and installs temporary support as necessary in accordance with
this information but does not thereby assume responsibility for the appropriateness of the
sequence specified."

In the Code of Standard Practice, contract documents are defined as "The documents which define the
responsibilities of the parties involved in bidding, purchasing, supplying and erecting structural steel.
Such documents normally consist of a contract, plans and specifications”. As stated previously the
plans and specifications are prepared to depict a completed building. Also the preparer of the plans
and specifications does not control the sequencing of operations or their timing. Thus while the Code
of Standard Practice is making a valid request for loads, sequence and times, no one should expect that
such information would necessarily be included in the plans and specifications. In most situations the
information relating to sequencing would most appropriately be supplied by the General Contractor or
Construction Manager.

The consequences of the distinction between self-supporting and non-self supporting structures are
two-fold. First, in a non-self-supporting frame the non-structural elements may impose additional
stability loads on the temporary bracing of the structural frame and these forces must be accounted for
in the design of the bracing. Secondly, the self-supporting vs. non-self-supporting distinction affects
the timing of the removal of the bracing. In fact, tﬁe current edition of the Code of Standard Practice
specifies that in the case of a non-self-supporting structure, the temporary bracing is to be removed by
the "owner” {or a designate, of course) and returned in tact to the erector, such removal taking place
only after the erector gives consent.

1t should be noted that the distinction between frame types does not in any way relieve the erector
from the general requirement that temporary bracing will be "determined and furnished and installed
by the erector".

One special situation is covered in paragraph 7.9.4. This situation occurs "when the design concept of
a structure is dependent upon the use of shores, jacks or loads which must be adjusted as erection

rogresses to set or maintain camber or prestress”. In such cases, requirements are to be "specifically
stated in the contract documents". For example, this might apply in such cases of transfer trusses or
girders supporting several stories of framing above or cantilevers whose back spans are
counterbalanced by loads from subsequent construction.

The Code of Standard Practice gives no specific requirements for the design or placement of temporary
erection bracing. This is completely left to the erector’s judgment.

The Code of Standard Practice specifically states in its Commentary that the Code does not apply to the
erection of "metal building systems" or "standard steel joists", nor by inference would it cover the
erection of anything else which is not structural steel.
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OSHA Requirements

Because structural steel is erected in the construction site work place, it is subject to requirements of the
Occupational Safety and Health Administration, Department of Labor. These requirements are set
forth in Subpart R - “Steel Erection” of the Code of Federal Regulations, Title 29, Chapter XV, Part
1926 (5). Subpart R is divided into three sections.

Section 1926.750 is concerned with temporary and permanent flooring. It has no specific requirements
with regard to temporary erection bracing.

Section 1926.751 contains important requirements with regard to the assembly of the frame.

Section 1926.752 indicates in its title that it contains requirements on "plumbing-up". These are also
cited in toto:

“(d) Plumbing-up (1) Connections of the equipment used in plumbing-up shall be properly
secured.

"(2) The turnbuckles shall be secured to prevent unwinding while under stress.

"(3) Plumbing-up guys [and] related equipment shall be placed so that employees can get at the
connection points.

"(4) Plumbing-up guys shall be removed only under the supervision of a competent person.”

This is the totality of the requirements of OSHA as they relate to erection bracing. It is not even stated
that "plumbing-up” guys are intended to be temporary bracing.

ANSI Requirements

The American National Standards Institute Inc. has prepared its American National Standard for
"Construction and Demolition Operations - Stee! Erection - Safety Requirements" (pub. no. A10.13-
1989) (2). This document was prepared by a group repr ing diverse backgrounds in the
construction industry. It is divided into sixteen sections covering a variety of issues related to Steel
Erection Safety. The erection of steel for buildings is covered in subsections 8.6 “Plumbing" and 11.1
"Buildings” and the paragraphs which specifically address erection and erection bracing are as follows:
86.1,86.2,863,864,86.5,11.1.1,11.1.9,11.1.11, and 11.1.12. It should be noted as in OSHA the
emphasis is on "plumbing-up" rather than bracing in reference to cables and guys.

While the requirements are useful such as they are, ANSI A10.13 is not adopted by the Code of Federal
Regulations or the AISC Code of Standard Practice. Also, both ANSI A10.13 and the OSHA (CFR) do
not define "structural steel' and each uses it in a context which appears to be broader than the narrow
definition put forth by the AISC. Lastly the AISC, ANSI and OSHA (CFR) exist separately without
cross reference. It would be useful for both AISC and OSHA to adopt ANS! A10.13 by reference.
There is ample past precedent for doing so.

FM Requirements

Another source offering a recommendation for minimum erection bracing is the Factory Mutual
System. It gives the following in its Loss Prevention Data 1-7 “Wind Forces on Buildings and Other
Structures” (31):

“The erecting contractor is responsible for installation of some type of bracing to prevent collaj
during construction. Installation of bracing is facilitated when end-connecting plates (to which the
bracing will be attached) have been shop welded to the steel work. Cable bracing can be effectively
tightened by jacks or turnbuckles and is needed only in a few of the total bays.

"Unless a steel framework under construction is properly braced to a heavy existing structure (such
as a building or retaining wall) or per t bracing has been installed, temporary cable "X"
bracing should be provided generally in every third bay of all column lines. Framework should be
braced in all four directions. If connections for cable "X" bracing have not been provided, they
should be installed in the field. Bracing should be in the plane of column center lines. All beams
and girders should be connected to columns prior to bracing."




145

The authors caution the reader that the final sentence of the above paragraph obviously does not mean
what it states literally. Bracing must be installed as the frame is erected. The authors concur in FM's
minimum bracing approach, but recommend it be located in every fourth bay rather than FM's every
third bay.

Adequacy of Current Standards

As can be seen from the foregoing the requirements for erection bracing are very broad and not at all
specific with the exception of those of Factory Mutual. Because of this, it is exceedingly difficult for an
outside party to tell whether the requirements are being met or not. For example, could an OSHA
inspector easily determine if the correct number of "plumbing guys" were being used? Could the
inspector readily determine if there was a problem if no plumbing cables were being used? Obviously
the answers to these questions must be favorable to confirm that structures are being properly
temporarily braced.

The foregoing review of the standards and regulations as they relate to erection bracing demonstrates
that there is little control or standardization and that the matter is very dependent on the knowledge
and skill of the individual erector and its employees. The degree to which engineering and pre-
planning is employed in execution and follow-up in the field is subject to vast variation and poor
performance can often be rewarded if no problems occur. This allows a degree of luck to enter into the
process which is unacceptable in other aspects of the construction process. This paper is written to
Eropose procedures and practices which, if used, would make the provision of temporary erection
racing more dependable and easier to monitor.

Temporary Supports of Allied Systems

Prior to the presentation of specific recommendations, a review of practices and standards in the
erection of allied systems and components is in order.

lations for erection bracing of allied systems are established by OSHA, additionally ANSI has
published standards. Lastly, recommendations are published by MBMA (16), S (15,26,27,28), ACI
(4,13,22,23,30), PCI (17,21) and TPI (9,20). The reader is referred to these documents for requirements
as they relate to:

Erection of pre-engineered metal buildings.
Erection of steel joists and joist girders.
Erection of formwork for cast-in-place concrete.
Erection of precast concrete.

Erection of tilt-up concrete wall panels.
Erection of pre-fabricated wood trusses.
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In many cases the requirements for erection bracing for these allied systems are more exacting than the
comparable requirements for steel erection. For example, ANSI A10.9-1983 (1) contains the following
requirements with respect to cast-in-place concrete in two sections: 6. "Vertical Shoring” and 7.
"Formwork".

"6.1.1 The specifications and shoring and reshoring drawings shall be prepared or approved
by a qualified designer." (A "qualified designer" is defined as "a person who, by possession
of a recognized degree, certificate, or professional standing has demonstrated ability in
design in the subject under consideration covered by this standard").

The standard gives minimum live and dead loads for design as well as allowable unit stresses in
section 7.0 entitled "Formwork".

"7.1.1 Formwork shall be designed, fabricated, erected, supported, braced and maintained so
that it will support all vertical and lateral loads (sec. 7.3.3) [sic] that may be applied until such
loads can be supported by the structure.”

"7.2.3 Braces, shores and vertical forms shall be designed to resist all foreseeable lateral loads
such as wind, cable tensions, inclined supports, impact of placement, and starting and
stopping of equipment. The assumed value of load caused by wind, impact of concrete and
equipment, acting in any direction at each floor line, shall not be less than 100 pounds per
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tinear foot of floor edge nor less than 2 percent of the total dead load on the floor. The height
of wall forms shall be taken into consideration when determining the wind load for the
formwork design. Formwork should be designed to meet minimum wind load requirements
of the local building code. The minimum wind design load should be 15 pounds per square
foot, unless the local code specifically permits less. Bracing for wall forms shall be designed
for a lateral load of at least 100 pounds per linear foot of wall, applied at the top of the wall."

'7.2.4. Formwork shall be designed for all special conditions of construction, such as
unsymmetrical placement of concrete, impact of machine delivered concrete, uplift, and
concentrated loads."”

"7.3.2 All formwork, designed in accordance with this standard, shall be designed by or
under the supervision of a qualified designer.”

Both sections 6 and ? cross reference ACI 347-1978 (22). It expands upon the issues presented in ANSI
A10.9 and provides a detailed treatment on the subject of formwork. ACI No. 4 (13) is an even more
lengthy treatment of the topic.

The "Recommended Practice for Erection of Precast Concrete" (21) in its Chapter entitled
"Preconstruction Planning" contains the following:

"The design engineer for the precast concrete shall provide an erection and bracing sequence,
developed in conjunction with the erector and engineer of record, to maintain stability of the
structure during erection. If the design engineer or the engineer of record fails to provide an
erection and bracing sequence, the erector should request in writing any limitations that should be
considered. Limitations may state, for example, that loading of the structure shall be balanced,
requiring that no elevation be erected more than a stated number of floors ahead of the remaining
elevations; or limitations may involve the rigidity of the structure, requiring that walls should not
be erected prior to completion of floor designed to carry lateral loads.

"Generally, procedures to ensure stability during erection such as bracing or temporary connection
details are developed by a professional engineer engaged by the precast concrete manufacturer or
their erector; these may be reviewed by the engineer of record.”

In the chapter entitled "Field Considerations for Connections" the following statement is made. "Some
of the most common problems in precast structures are caused by the failure of the designer or erector
to consider stability, and equilibrium and its components, not only in its completed state, but during all
phases of construction”.

Erection of precast is covered extensively in the section "Product Installation” which is part of the
chapter entitled "Rigging, Handling and Installation", which contains this paragraph:

"Consideration should be given to the erection drawings, bracing drawings, written procedures
and calculations related to shoring, bracing and buying to meet local codes, seismic zone
requirements, wind and eccentric loadings, and dead, live and super imposed loads applied
during erection.” .
The design of precast concrete is generally performed by engineers employed by the precast

facturer. These engineers design the precast elements for loading conditions in the completed
structure but also for loads included in handling, transporting, and erection. This often includes
design of temporary erection bracing, which is provided by the precast erector. As can be seen from
the preceding citations it is the intent of the precast industry to have conditions requiring erection
bracing worked out ahead of time and incorporated in the erection drawings.

The design of such erection bracing is given a very good treatment in Section 5.9 of the PCI Design
Handbook (17). This Section covers such topics as:

- Loads

- Factors of safety

- Bracing equipment and materials

- Erection analysis, and concludes with a design example in which a detailed erection sequence
and bracing scheme is presented.



ANSI A10.9-1983 gives the following requirements for temporary supports and bracing and loading for
bracing in paragraph 9.4 "Temporary Supports and Bracing"™:

"Precast concrete wall units, structural framing, or tilt-up wail panels shall be braced until
permanent connections are completed. Temporary supports or bracing shall be designed by
or under supervision of a qualified person in accordance with American National Standard
Minimum Design Loads for Buildings and Other Structures, ANSI A58.1-1982, but not less
than 15 pounds per square foot on projected surfaces. Permanent connections may be used
in lieu of bracing provided they are designed to withstand all loads im; during
construction and attachments are made under the supervision of a qualified person.”

Current Practice

Having presented the codes, standards and regulations as they apply to both structural steel erection
stability and erection stability of allied structural types, the current state of the art and practice with
regard to erection stability and the authors’ recommended changes in practice can now be discussed.

First, it is the authors' contention that the majority of erection instabilities and failures occur in one
story and low rise buildings. Secondly, these instabilities and failures are generally caused by
insufficient temporary bracing. This insufficiency can be the result of many causes:

1. The total lack of any temporary bracing.
2. The lack of sufficient temporary bracing.
3. The untimely removal of temporary bracing.

Likewise, localized failures can occur for a multitude of reasons and these localized failures can initiate
a progressive collapse of whole structures or significant portions thereof. These localized failures are
caused by a variety of reasons, many of which are specific violations of the codes and standards cited
previously.

Some of these causes are:

1. Failure to secure individual members such as tie beams and tie joists before moving onto other
members.

2. Failure to tighten nuts on anchor bolts.

3. Failure to fasten joists to their supports.

4. Failure to install and anchor bridging prior to placing loads on joists.

The first key to temporary erection stability is having an experienced competent erector who has
experienced competent employees. The current edition of ANSI A10.13 emphasizes the need for
preplanning and preparation. The authors recommend that this preplanning be formalized to a
significant degree. First. a significant improvement must be made to what are currently designated as
“erection plans". For the most part erection plans show only the final location of and the piece marks
for the elements of the complete structure, as well as, to a lesser extent, the field work for connections
and the assembly of loose material.

In addition to the erection plans as currently prepared, the authors propose that a second set of plans
be prepared. This second set of plans would show the temporary support scheme to be used and
would include:

Temporary erection bracing, sizes and locations.
Other temporary supports,
The starting point of the erection process.
The sequence of erection from the starting point.
The order in which individual elements are to be set with respect to one another.
‘The order for the progressive installation of temporary bracing.
Details for the attachment of temporary bracing.
The timing and sequence for the removal of temporary bracing.
Reiteration of whether the structural frame is self-supporting or non-self-supporting.
. Statement of the forces for which the temporary supports have been designeﬁncluding those
forces from other collateral materials which must be supported by the temporary supports.
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11, Each ary support and bracing drawing shall bear the seal of a registered professional or
structural engineer registered in the state in which the project is erected. The temporary
bracing design must consider the erection sequencing, frame type and loads imposed.

The responsibility for the preparation and review of the temporary support and bracing documents is
set forth in Section 16.11 "Shop Drawings for Tem‘poraliy Construction” in "Quality in the Constructed
Project” (18) published by the American Society of Civil Engineers. It states:

"The constructor has full authority and responsibility for these shop drawings, including design,
tion, review, and approval, since he or she develops the construction plan and has control

of the construction process of which the temporary construction is a part. Construction or erection

procedures, shorln% bracing for excavations, or other tenz:orary construction requiri

engineering analysis or design requires the seal of a qualified professional engineer affixed to the

drawings and specifications.”

"The design professional usually does not review temporary construction shop drawings except
when necessary to determine compatibility with the design of the completed structure.”

The authors agree that there is no need to review of the temporary bracing scheme by the engineer of
record, chiefly because such a review would obscure the clear distinction of temporary supports as
being the sole responsibility of the erector, in that it has to do with the means and methods of
construction.

Fabricator - Erector Interaction

In addition to the changes proposed for the content of the erection drawings, the fabricator must play
an active role in the development of the detailing for fabrication. Prior to fabrication the detailing must
be reviewed to ensure that the erection of these fabrications can be done in the most efficient and direct
manner. With forethought, connections can be detailed which eliminate the need to manipulate or
rfconnegd a piece once it is initially secured in place. Such connections which should be minimized or
eliminated are:

1. Those which require columns to be tilted or rocked on their bases.

2. Those which require spreading of paralle! girders.

3. Those which require 100% of bolts to support opposing beams or girders on opposite sides of a
common girder or column web.

Over the years thousands of steel frames have been erected without incident even though they
contained detailing such as those in the list above. These details require extra care and attention on the
part of the erector and as such they should be specifically recognized by the erector in the review of the
fabrication drawings.

In "Detailing for Steel Construction” (11) published by the AISC, the connections of the sort described
above are discussed. For example, mathematical and graphical methods are described to check beam
lengths so that when erected they can be rotated either in a horizontal or vertical plane into their final
locations without interference from projecting obstructions. Performing these clearance checks and
detailing to eliminate obstructions eliminates most of the need to tipping columns to spread girders or
columns during erection. Other detailing can also minimize tipping or spreading members. These are:

Eliminating column cap plates unless specifically required by the designer.

Detailing girders in roofs to set atop the column. It should be noted this can result in the

instability of the girder webs unless stiffeners or flange braces or both are used.

Using single angles or shear tabs on girder webs or column webs.

f?‘;alt‘niling wide flange column web connections so that the connections are made beyond the
tips.

S Use%‘;' tupl:e columns so that the connections are automatically at the face of the columns.
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"Detailing for Steel Construction” also addresses the situation where opposing framing angles must
share fasteners through a common column or girder web. It states that for beams where the distance
from beam bottom to top of girder flange is “up to about 4" difference" the erector may use blocking on
the girder flange to support one beam "until drift pins and bolts can be entered through the common
holes". Where deeper girders or column webs are the support, “Detailing of Steel Construction”



suggests but does not demand that erection seats should be used. Their use should be mandated more
specifically than is currently the practice. The location of seats is a function of the sequence of erection.
Whether they are removed and reused represents a trade off between the material cost to install them
in all locations versus the labor cost to install, remove and reinstall them as the work progresses.
Normally erection seats would be left in place "unless they create an interference or detract from the
architectural appearance.” Because material and labor costs are involved, the provision of temporary
erection seats is clearly a matter which must be resolved between the fabricator and the erector.

Other means have been proposed over the years to eliminate the problem of common bolts at webs.
These are:

. 1. The use of permanent seated connections. This would primarily apply to column webs. It
should be noted that permanent seats require a top stabilizer angle to complete the detail. The
timing of the installation of the stabilizer angle is important for the erector to consider in the
preparation of the sequence of erection and detailing.

2. Opposing angles can be detailed so that at least two of the bolts for one or both of the
connected beams are not common to both connections. In using such a detail the sequence of
erection could determine the actual joint configuration because when the first beam is installed
only those bolts which are not common can be installed and these must be adequate to
temporarily support the beam. The beam which was intended to be installed second can create
a problem if it is installed first and it has not been provided with any bolts which are not
common. Lastly, many beams may not be deep enough to accommodate the one or two extra
rows of bolts to make the two connections independent.

3. The use of common holes can be eliminated with the use of shear tab connectors or single angle
connectors.

4. If double angles are needed, it may be possible to connect one angle to the beam and the other
to the column or girder web. While this detailing would be effective, it can be seen as
significantly increasing both shop and field work. This may make the other methods worth
considering before this method.

The last principal area of interaction between the fabricator and the erector is in the detailing of the
column bases. In high rise construction and in other cases of very high loading, column bases are
shipped and set separately from the column shafts. In the case of low rise and one story buildings, the
base plates are almost universally shipped attached the column shafts. Again, almost universally, there
is a layer of grout provided between the bottom of the base plate and the supporting pier or footing.
This grout is used to correct for variance between the specified top of pier or footing and the elevation
as constructed. It is also used to ensure a uniform contact between the base plate and the supporting
pier or footing.

Commonly three methods have been used to account for the timing difference between column setting
and base plate grouting. These methods are:

1. The use of leveling nuts and, in some cases, washers on the anchor bolts beneath the base
plates.

2. The use of shim stacks between the base plate bottoms and top of concrete supports.

3. The use of 1/4" steel leveling plates which are set to elevation and grouted prior to the setting
of columns.

All three of these methods have been successfully employed to erect thousands of columns. All are
illustrated and discussed in AISC publication "Detailing for Steel Construction”. All have been
extensively discussed in the literature because they each have positive and negative attributes. No one
method has been proven to universally preclude the use of the other two. There has also been
extensive debate as to whether four bolts versus two is the minimum number to be used in a column
base and whether or not if four bolts are used for a wide flange column they must be set outside the
column profile or if they can be set inside the column profile.

It has been common for erectors to rely on anchor bolts to provide temporary lateral support for
columns as can be seen in these citations:
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1. "When a column is first 'stood-up' and the hook let go, there is a short period of time when it
must stand alone before it is tied with beams or guy cables” - Ricker, AISC Design Guide No. 1
).

2. "Anchor bolts also serve to locate and prevent displacement or overturning of columns due to
accidental collision during erection” - AISC Detailing for Steel Construction.

3. "9.7 When columns are being set on base plate or shims, and before lifting falls are unhitched,
either the nuts on the anchor bolts shall be drawn down tight or temporary guys shall be
affixed" - ANSI A10.13.

All of the foregoing clearly establishes that it is common practice for erectors to place reliance on the
anchor bolts, piers and footings. This reliance is misplaced. Erectors must bear the responsibility to
confirm by analysis the adequacy of the base plate, anchor bolts, shims, leveling nuts, leveling plates,
concrete piers and/or footings to resist forces imposed on them during erection and until the
permanent bracing is in place. The need for this independent verification is clear when one remembers
that the design of the base plates, anchor bolts, and piers and/or footing has been made solely for the
loads imposed by the complete structure, For example, in a single story structure with common bay
sizes from 30-60 feet and good soil conditions, the spread footing may only be on the order of five feet
square and twelve to fifteen inches thick. Such a footing obviously has not been designed for the
overturning resistance to support a cantilevered column shaft. In fact it may not even restrain roof
uplift and forces if part of the uplift resistance is supported by roofing dead load. As can be seen in
this example it is possible for erection induced forces on the foundations to be greater than those of the
completed structure. It thus is essential for the erector as part of the temporary support scheme to
verig' the adequacy of the foundation system for erection induced loads. When the column base,
anchor bolts, foundation and temporary support of the base are analyzed, designed and properly
detailed, any of the three temporary base support schemes can be used successfully. When this
quantitative design is done, it will replace the current qualitative discussion of the merit of the various
base support schemes.

The necessity of action on the part of the erector in the preparation of fabrication details can be seen in
the foregoing. While such interaction has been and is common in many instances especially where the
fabricator and erector are one firm, this interaction must be applied in all cases. One method which
would formalize this relation would be for the erector to formally review and approve the fabrication
drawings for issues which impact the erector of the structural framework as outlined above.

Design Loads for Temporary Bracing

As is stated in the AISC Code of Standard Practice, temporary supports for structural steel must be
designed to "secure the steel framing, or any partly assembled steel framing, against loads comparable
in intensity to those for which the structure was designed, resulting from wind, seismic forces and
erection operations, but not the loads resulting from the performance of work by or the acts of others,
nor such unpredictable loads as those due to tornado, explosion or collision."

A related requirement is given in ANSI A10.13 in paragraph 11.1.1 which states: "Consideration shall
be given to the dead weight of the structure, the weight and working reactions of all construction
equipment placed thereon, and all external forces that may be applied.”

The loads which must be resisted by temporary erection bracing and supports are thus:

1. Dead loads of the structure and loads imposed upon it during erection.

2. Loads from erection apparatus.

3. Impact loads caused by erection equipment and pieces being raised within the structure.
4. Stability loads

5. Wind loads

6.

Seismic loads

Gravity loads, loads from erection apparatus and impact loads are as relatively well understood in the
industry. This is especially true in high rise construction and bridge construction, where provisions for
sequence, temporary supports and apparatus loadings have been well understood for many years. In
low rise construction and one story buildings the need for temporary gravity supports.are seldom
required and erection equipment is rarely anchored to the structure.



Lateral loads represent a much different situation. First, the industry regards temporary X-brace cables
as "plumbing-up cables". Secondly, wind and seismic forces are intermittent and vary greatly in
intensity during the course of erection. More often than not seismic forces would not be present and
wind would likely never reach the intensity used in the final building design. Stability forces may be
relatively minor in a light structure which is erected true and square. Lastly, high winds (even within
design velocities) are often regarded as natural accidents and not associated to inadequate bracing.
Thus, an individual erector's experience may likely not prompt an accurate appreciation for the lateral
loads which may be imposed on steel frames. Because the need of lateral load bracing and the
magnitude of forces may not be well understood in the field, minimum X-bracing requirements are
needed and the design of X-bracing must be done in advance of the commencement of erection.

The nature and magnitude of lateral bracing forces are well understood in the design community.
However, there are a few special issues which relate to the design of temporary X-bracing in steel
frames. First, stability bracing at a technical level requires a detailed interaction of strength and
stiffness. Yet, at a practical level, stability bracing can be relatively easily addressed using an
equivalent lateral design force equal to two percent of the gravity load tributary to the bracing. This
approach will produce generally conservative results. This approach has the benefit of simplicity and
is the approach used in ANSI A10.9 for the stability bracing of concrete formwork. It should be noted
however that in some cases, for example when cables are used, stiffness may govern the design. This
case should be checked,

The design of temporary bracing for wind loads is a more complex topic. The AISC Code of Standard
Practice states that "loads of comparable in intensity" are to be used. If the lateral wind forces of the
completed building are used in the erection bracing, the bracing forces may be underestimated. This is
due to the fact that the multiple bare frames may present a greater surface to the wind. A more
appropriate statement regarding the design for wind is that the bracing shall be designed for the same
wind velocity and exposure classification as the completed structure.

The determination of wind forces requires an evaluation to determine the correct drag co-efficient and
the correct degree of shielding on multiple parallel members. It also requires the correct evaluation of
the effects of wind on open web members.

This topic has been treated in the following documents:
Part A4.3.3 of the "Low Rise Building Systems Manual" published by the Metal Building
Manufacturers Association.(16)

2. "Wind Forces on Structures", Paper No. 3269, ASCE Transactions, published by the American
Society of Civil Engineers.(32)
3. "Standards for Load Assumptions, Acceptance and Inspection of Structures", No. 160,
published by the Swiss Association of Engineers and Architects (29).
4. "Design Loads for Buildings", German Industrial Standard (DIN) 1055, published by the
German Institute for Standards(10).
The use of the principles contained in the doc requires a degree of engineering judgment in

their application to temporary bracing, however a few general observations can be made. First, the
drag co-efficient for wide flange members and plate girders is on the order of two. Second, the drag co-
efficient for open web members is a function of their solidity ratios, and can range from 1.6 to 2.0
depending on the solidity ratio. Lastly, the effect of shielding in ranks of parallel members must be
accounted for. In multiple parallel girders shielding can be minimal. For multiple parallel joists the
effect can be in the range of:ne half the projected area of all the joists. Additionally, there can be
significant effects when quartering winds are considered.

Earlier in this paper, the authors recommended the minimum provision of X-bracing as being required
in each frame line and in one bay for every four bays. Given common bay sizes of 30 feet to 60 feet and
common framing, it is possible to generalize about the relative magnitude of wind forces on frames in
terms of the wind pressure on the projected area of the exterior frames, accounting for drag and
shielding. Based on the foregoing the design force for wind pressure in each frame line would be the
basic wind pressure based on wind speed and exposure times the projected area of the frame times a
factor between six and eight. This range of values represents the authors' synthesis of factors
accounting for openness, shielding, and common bay dimensions. This would apply to both solid and
ogen members, using depth times span as the projected area of the open web members. It should be
obvious that a more detailed analysis is in order but this computation would establish the order of
magnitude of the required design force.
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The determination of the equivalent lateral load for resistance to seismic forces is well documented in
building codes. In general it involves the determination of a percentage of the gravity weight of the
frame which is to be applied as a static force.

One very useful source of wind and seismic loading data is ASCE/ANSI A58.1 "Minimum Design
Loads for Buildings and Other Structures” (3). This document is the standard for loads referenced in
ANSI A10.9, which also establishes a minimum design pressure of 15 psf for wind loading. This seems
likea reasonable provision for the design of temporary erection bracing as well.

It is necessary to consider the effects of load combinations in desngmng bracing. The combinations for
stability, wind, and seismic loads are:

a. Stability loading
b. 0.75 (stability loading plus wind loading)
¢ 0.75 (stability loading plus seismic loading).

With regard to allowable stresses and load resistance, the values determined using the AISC
Specification would be appropriate without further modification. The codes and standards published
by the American Concrete Institute would be used to evaluate the affected concrete sections.

Recommendations

Based on the authors' review of the state of the art with re; egard to erection bracing as presented in this
paper, the following changes in practice are recommend

1 Cro]:s reference should be made among the AISC Code of Standard Practice, ANSI A10.13 and
OSHA.
Adoption of the self-supporting / non-self-support distinction should be made by ANSI and OSHA.
Change should be made in nomenclature from plumbing-up cables to temporary bracing cables.
Minimum bracing requirements should be established.
Requirements for positive anchorage points for the attachment of bracing should be established.
Review and approval of fabrication drawings by the erector should be established prior to
fabrication for erection issues such as special sequences and temporary supports required, lugs and
anchor devices, spreading of girders and tilting of columns.
7. Preparation of an erection bracing scheme containing the information outlined in the text above,
mc uding the forces from non-structural components which load the bracing in non-self-
rting frames should be required for all structures.
8. uahon by the erector of the foundations and anchor bolts for erection forces should be
requlred

RGN

As can be seen from the foregoing the state of the art in erection bracing demands attention and
imrrovement. Many erectors are erecting structures with proper bracing. These recommendations
will not affect these erectors. What these recommendations represent is a clarification of minimum
requirements to help erectors who are unaware of the importance of these issues and provide a
uniform minimum standard to the industry. The authors hope this paper will help the industry in
advancing the state of the art of erection stability br: cing.
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COLUMN BUCKLING CONSIDERATIONS IN HIGHRISE
BUILDINGS WITH MEGA-BRACING
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Abstract:

This paper addresses the practical concerns of designing a multi-story building
whose primary lateral load resisting system is derived from mega-braced frames
over multiple stories. Two types of mega-braced systems are recognized.
"Discrete” systems involve independent global and local stability subsystems while

"integrated” forms utilize intermediate connections between horizontal and
diagonal members to ensure column stability. For either system, the local stability
of the entire structure between the intersections of the diagonals and columns must
be considered. One solution involves introducing a secondary stability frame
(vertical truss or moment resisting frame), with sufficient strength and stiffness
to stabilize the mega-brace panel as well as to transfer lateral shears to the panel
points of the primary system. The results of an analytical study includes the
effect of material non-linearity on the stiffness and critical mode shape of the
localized stability frame/brace.
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Introduction:

Highrise buildings with mega-bracing have unique stability concerns. A mega-
braced lateral load resisting system is composed of a vertical truss with panel
points located several floors apart. The system resists lateral loads on a global
level and provides overall column stability at the panel points of the truss. Unlike
buildings where the lateral load stability system is the same in each story, such
as buildings with rigid frames or diagonal bracing in each individual story, mega-
bracing separates the lateral stability of the full tower from the lateral stability of
individual columns. The problem is one of overall story stability with all columns
buckling simultaneously in a multi-story mode between the mega-braced points.
This paper will address the stability of the columns between the panel points.

Primary Systems

Two classes of highrise
mega-braced  structural
systems will be discussed.
The first system is
characterized as a
"discrete" bracing system
in which the mega-bracing
is connected to the rest of
the structure only at the
panel points. This type of
system can take the form
of an exoskeleton, where
the mega-bracing is
disengaged from the
building  mass. An
example of such a
structure is the Hotel de
las Artes Tower in
Barcelona, Spain
(Figure 1).

The mega-bracing of the
exoskeleton completely
resists the lateral loads and
provides stability to
interior gravity columns at
the floors that are
connected to the panel
points. A second class of
structure is termed an Fig. 1 Hotel de las Artes, Barcelona, Spain
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"integrated” bracing system in which the diagonal bracing intersects intermediate
columns between the panel points of the primary mega-braced system with the
intersection of the column and diagonal always occurring at a floor level.

An example of an
integrated bracing system
is that of the John
Hancock Building in
Chicago (Figure 2). It is
the benefit derived from
these intersections with
the intermediate columns
that distinguishes an
integrated bracing system
from a displaced system.

Secondary Systems

It is often necessary to
have a secondary stability
system between the
bracing points for both
discrete and integrated
mega-braced  systems.
The secondary system has
the dual function of
transferring local lateral
loads applied at levels
other than those of the
primary system mega-
module and providing
column stability at the
intermediate levels. Fig. 2 John Hancock Center, Chicago, Illinois

It is the need for a secondary stability system that distinguishes the mega-braced
systems from other highrise lateral load resisting systems. In a building with a
rigid frame composed of girders at every floor or a braced frame with diagonal
bracing in each story, the wind shears increase from the top of the building
downward in a manner that is roughly proportional to the lateral stiffness that is
required for stabilizing the columns in each story. Therefore, a bracing system
that is designed to resist wind loads with reasonable limits placed on building
movements will also provide adequate stability for the columns in each story (the
accuracy of this statement depends on the particulars of each structure such as the
magnitude of the lateral load, the design drift limits, the density of the building,
etc.). In a mega-braced system, the wind loads are transferred from the
secondary system to the primary mega-bracing system at regular intervals but the
gravity loads continue to accumulate in the local system and are generally not
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transferred to the mega-bracing system. The simultaneous requirements of
resisting lateral loads and stabilizing individual columns becomes somewhat
separated in mega-braced systems (Figure 3).

GRAVITY LOAD
STABILIZED 8Y
SECONDARY

WIND GRAVITY LOAD
STAl

CONVENTIONAL
SYSTEM n ?RE!MAARRY BUIZED BY
SYSTEM SYSTEM SYSTEM

Fig. 3 Separation of Lateral Load and Stability Systems

The secondary system can take several forms. In an integrated mega-bracing
system, all columns can be simply designed for longer unbraced lengths, and any
reserve capacity in the mega-bracing columns and diagonals can be used to
partially brace other columns (the sizing of the mega-bracing system columns and
diagonals are often controlled by deflection limitations and may have reserve
capacity at design loads). The columns and diagonals of the primary mega-
bracing system then participate as flexural members in the secondary transfer of
shears between panel points.

In a discrete mega-bracing system, intermediate lateral wind and stability shears
must be transferred to the primary system by an auxiliary system, which could
consist of a vertical truss that is designed to span between mega-bracing panel
points. This system is discussed by Thornton, et al. (1988) and could take the
forms shown in Figure 4. The secondary vertical trusses may be accommodated
along the walls surrounding building core elements such as elevators, stairs, efc.
Vertical trusses are also valid alternatives for the secondary system of integrated
mega-bracing systems.

Another possibility for the secondary system is to create moment resisting frames
that span between bracing points. Although this is an unbraced frame, it differs
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MEGA-BRACING SECONDARY MEGA-BRACING SECONDARY
BRACING BRACING

Fig. 4 Secondary Bracing System Forms (Source: Thornton, et. al. 1988)

from common unbraced frames in that both the bottom and the top level are
restrained at the mega-module points and only the intermediate levels can
sidesway (Figure 5).

The procedure for determining the required level of bracing for a single
continuous column over multiple spans has been established (Yura, 1992) and may
be extended to the case of a complete building system (Figure 6).The preliminary
sizing of a complete mega-braced system. might begin by the design of all
columns to preclude individual single story weak axis buckling. Next, the
secondary frame or truss systems in orthogonal directions should be sized for a
multi-story buckling mode such that the column sizes remain unaffected. For this,
the presence of strong axis columns in the orthogonal directions is utilized.

S S SR S

X A P .S A
SECONDARY PRIMARY
M NT MOMENT
RESISTING RESISTING
FRAME FRAME

Fig. 5 Moment Resisting Frame Buckling Modes
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Svystem Studies;
The behavior of discrete and integrated mega-bracing systems is demonstrated

with the following system studies. The studies are based on eigenvalue buckling
analyses where the member properties are corrected for inelastic effects.

Twao types of corrections for inelastic effects were included: flexural stiffness and
axial stiffness. The flexural stiffness of each column of the structure was reduced
depending on the magnitude of axial stress present according to the following
formulae (Baker, 1991):
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Using these corrections in the Euler buckling equation will give strengths that
match column strength levels in the AISC LRFD specifications, see Figure 7.
The above formulae can be viewed as correcting for both residual stress as well
as initial out-of-straightness effects.

E
El,

FLEXURAL STFFNESS
Fig. 7 Flexural Stiffness Correction

The decrease in axial stiffness of an element was based on the idealized residual
stress pattern shown in Figure 8. This is the same residual stress pattern that was
used in the work by Kanchanalai (1977) that lead to the AISC LRFD column
equations. The following formulae were used for reducing column member axial
stiffnesses (Figure 9).
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It should be noted that although Equation (6) allows stresses in excess of yield,
an individual beam element would buckle at less than yield due to Equation (3).

The system study solutions were conducted using the following iterative method:

1. An eigenvalue analysis was made of the structure using factored loads
divided by ¢ and full elastic properties (elastic buckling analysis).

2. The member axial stresses were calculated and the member properties
adjusted for inelastic effects. The buckling analysis was then repeated and
a new eigenvalue calculated.

3. The loads were then increased, the new axial stresses calculated, and the
member properties adjusted for inelastic effects. The buckling analysis
was then repeated and a new eigenvalue calculated.

4. Step 3 is repeated until an eigenvalue near 1.0 is achieved indicating that
the ultimate inelastic stability of the structure had been reached.

Example A: Hotel de las Artes Tower, Barcelona, Spain.

An example of a mega-braced building recently completed in Barcelona, Spain is
shown in Figure 1. The exoskeleton form of the tower was created by placing the
exterior braced frame 1.5 meters away from the plane of the window wall. The
primary exterior lateral load-resisting system is organized on a 4-story (12m)
bracing module. The isolated L-shaped braced frames in the four corners of the
tower are linked together at three vertical locations, thus creating an equivalent
cantilever system in the form of mega-portal frames.



All exterior columns are connected to the floor diaphragm at each level by floor
beams extending through the curtain wall from the interior space and by
horizontal diagonal bars located in the interstitial space between the cladding and
the exterior frame. Preliminary designs indicated that a four-story column
unbraced length design would result in a steel weight premium of some 900 tons
(nearly 4 psf applied over the framed floor area) as compared to a one or two-
story design. Next, the possibility of connecting the vertex of the exterior
diagonals to the floor diaphragm, thus creating no more than a two-story buckling
mode was explored. The strength required for these connecting members would
have resulted in exposed elements contrary to the desired aesthetic of slender bar

bracing. Consequently, interior secondary frames designed to span between the
panel points of the primary system were discussed. While interior moment
resisting frames in one direction were possible, the resulting interior beams depths
would have produced clear height conflicts in the hotel rooms. Light, secondary,
K and knee-braced frames were placed in the core area in orthogonal directions
with the amount of steel expended being only 0.45 psf applied over the area of
the building (Figure 10).
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— INTERIOR VERTICAL TRUSSES
—- EXTERIOR FRAME
Fig. 10 Hotel de las Artes Fig. 11 Elastic Buckling Analysis
Vertical System

An elastic buckling analysis of the entire building frame (Figure 11) was used to
determine the critical 4-story exterior bracing module. This single module was
then analyzed both with and without the interior trusses at factored loads.
The module was pinned at the bottom and free Vertical Systems at the top. This
is a somewhat conservative simplification as seen by comparing the elastic
eigenvalue for the full building analysis ( A = 6.68) versus that of the single
module (A = 5.79). It can be seen that the eigenvalue with the interior bracing
present is nearly twice that without, testifying to the increased stability of the
overall system upon introduction of the secondary trusses (Figure 12).
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4 STORY ELASTIC BUCKLING MODE 2 STORY ELASTIC BUCKLING MODE
WITHOUT INTERIOR SECONDARY TRUSSES WITH INTERIOR SECONDARY TRUSSES
EIGENVALUE - 3.23 EIGENVALUE - 5.789

Fig. 12 Elastic Buckling Study With/Without Secondary Trusses

The column loads were then gradually increased beyond the design factored load
with the member properties adjusted at each iteration based on inelastic effects.
Figure 13 charts the decrease in eigenvalue versus increased column load. An
equivalent moment resisting frame secondary system was analyzed as well. The
results are indicated in Figure 14,
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Fig. 13 Buckling Analysis Results



1t should be poted that the buckling mode for this system is quite different than
that for an unbraced frame free to sway at the top. The two-story mode shown
demonstrates the equivalency and efficacy of the secondary moment resisting
frame as compared to a secondary vertical truss.
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‘;‘L‘Ii-—%m——‘—\/(' >
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SECONDARY
MOMENT

RESISTING
FRAME

Fig. 14 Secondary Moment Resisting Frame Buckling Mode

Example B: Integrated Mega-Braced Tower

A hypothetical 90-story X-braced tower is shown in Figure 15 with diagonal/
column intersections occurring every 5 floors. All columns are organized in a
symmetrical pattern with approximately one-half of the columns oriented along
their strong axis in each direction. The column and diagonal members were sized
for typical gravity loads assuming an unbraced length for individual column
buckling of one story.

The behavior of the building under wind loading is indicated in Figure 16.
Without a discrete secondary system, the integrated system includes local
deformations between the panel points of the primary mega-bracing. Depending
on the sizes of the primary members and the story heights, these local
displacements may require the addition of a secondary load transfer system to
prevent serviceability problems in architectural elements such as claddings, floor
finishes and partitions. The overall global behavior of the tower under wind
loading is nearly the same with and without the secondary interior vertical trusses.
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An elastic eigenvalue buckling analysis of the entire building frame was
performed with the fundamental mode shown in Figure 17. The elastic eigenvalue

under factored loads is 1.12.
The five-story mode
demonstrates that the
diagonal/column intersection
is in fact a point of bracing
for a system proportioned
with all perimeter columns of
approximately equal size. A
survey of the capacity of all
columns buckling
simultaneously over a five-
story mode was found to be
somewhat less than the
applied factored load,
confirming the Ilow
eigenvalue. In general, for
buildings of this type, if
column/diagonal intersections
are spaced less than 3 or 4
stories apart, secondary
trusses may not be
necessary  based on
stability considerations
alone.Secondary  interior
vertical trusses were
introduced to the model, as
shown in Figure 18. The
elastic eigenvalue under
factored loads increased to
2.10, while the mode shape is
still over five-stories. The
mode shape is one of overall
symmetric torsional
deformation. Inelastic effects
were incorporated into the
models with and without the
interior core trusses. Figure
19 charts the lowered
eigenvalues when correcting
for these inelastic effects.
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Conclusion;

The special stability characteristics of tall buildings with mega-bracing have been
discussed. Some guidance for the analysis and sizing of such systems is presented
along with the potential system forms. A series of eigenvalue buckling analyses
performed on both an actual building example and a hypothetical tower indicate
that significant inherent stability exists in the system over 2 and 3 stories without
requiring independent secondary stability framing. A method for modifying an
elastic buckling model to include the effect of material non-linearity is included
allowing for the accurate analysis of complex building forms.
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BROADWAY CENTRE in

Steven G. Judd, P.E.
MARTIN/MARTIN - UTAH, INC.

GENERAL BUILDING OVERVIEW
The Broadway Centre is situated on the corner of State Street and Broadway in the heart of the

Central Business District of downtown Sait Lake City, Utah. The project includes a 192,000 sq.
ft., 13-story office tower; a 26,000 sq. ft., 6-auditorium theater; and a 7-story, 450-car garage.

OWNER: BROADWAY CENTRE LIMITED
ARCHITECT: : EDA ARCHITECTS
STRUCTURAL ENGINEER: MARTIN/MARTIN - UTAH, INC.
FINANCING: IBEW

LEASING: COMMERCE PROPERTIES, INC.

This paper will focus on the tower/theater structure.

The office tower has a floor plate of about 16,000 sq. ft. with nine outside corners and a curved
front. (See Fig. 1.) The mechanical penthouse and elevator equipment room sit on the roof behind
a curved curtain wall facade. The foundation system consists of a mat foundation and spread
footings.

Fig. 1 TYPICAL OFFICE FLOOR PLATE
(Shaded area represents additional reinforcing at Leveis 2 and 3}

Two of the six theater auditoriums sit within the footprint of the office tower. The other four
auditoriums are contained in a 2-story high space that wraps two sides of the office tower. Three-
and-one-half of the auditoriums, plus the lobby, are suspended over the service level/basement,
while the balance of the auditoriums are slabs on grade. (See Fig. 2.}



172

ExP JT

BRG / SHEAR BALL

BRG 7 SHEAR WALL

Fig. 2 FRAMING AT LEVEL 2 - 2ND FLOOR OFFICE TOWER AND CINEMA ROOF

All floor framing and the tower roof are light weight concrate slabs on a 2" composite metal deck.
The deck spans roughly 10’'-0 to composite stesl beams and girders with shear studs. The cinema
roof is 1%" type B deck on open web steel joists.

The 2-story high cinema roof is tied to the 2nd floor of the tower where they interface for lateral
stability. Masonry shear walls and X-braced frames at the opposing perimeters of the building
complete the lateral load-resisting system for the cinema roof.

The office tower is laid out in a 20’-0 X 20°-0 module with a perimeter frame which cuts diagonally
across the curved front of the building. At the top of the tower, the corner offices drop off starting
at the 11th floor, thereby truncating the top of the perimeter frame at corresponding levels. At
the base of the tower, the perimeter frame terminates on top of the perimeter foundation walls
along the west, southwest, and south sides. The balance of the perimeter frame continues down
through the plaza framing and terminates on the mat foundation.

The mat foundation which paraliels the outline of the tower floor plate is 4’-0 thick. It was
crowned 3/4" at its center to offset the differential settiement expected between the middle of the
mat and the edges. Settiement was monitored; and, after 75% of the structure dead load was on
the tower, the perimeter foundation walls which bridged batween the mat and other isolated spot
footings were poured. The mat foundation was poured in 14 hours (one day) and contained 3,800
cubic feet of concrete.

Due to specific anomalies (to be discussed later), five Eccentric Braced Frames (EBF’s) had to be
introduced into the building from the 3rd floor down to the mat. The balance of this paper will
focus on the lower portion of the building and issues related to the EBF's.

The project was designed under the jurisdiction of the 1988 UBC. Salt Lake City is in seismic
Zone 3. Design Basic Wind Speed is 70 mph. Design Base Shear = ZICW/R,, or (ZIC/R,,)W where
Ry is the lateral system coefficient. The higher the coefficient, the more ductile the system; the
more ductile the system, the lower the force demand on the structure. R, is similar in concept to
1/ in the BOCA and SBC codes, where K is the "stiffness” coefficient.



GEOPHYSICAL SETTING:

In order to understand the reasons for the use of the EBF, one must first understand the problem.
The following criteria ultimately lead to the decision to incorporate EBF’s into this project:

Geophysical setting
Tenant leasing requirements
Architectural response to these two phenomena

The project occupies a lot on the northeast corner of an intersection. The existing sidewalk and
the adjacent street slope down from the farthest northwest portion of the site (reference elevation
104'-4) almost 6°-0 to the southeast end of the project next to the garage (98'-5%). The complex
has tenant spaces which front onto, and access the sidewalk, so the interior plaza floor level had
to vary to roughly foliow the sloping sidewalk around the perimeter of the building. This created
four of the distinct plaza level framing elevations.

The theater auditoriums slope from the theater lobby (103°-0) to the exit corridors {98°-6) creating
inclined subdiaphragms and corridors which interface with other plaza level framing elevations.
The theater requirements created five additional distinct plaza level framing elevations. {See Fig.
3)

QT

Fig. 3 PLAZA LEVEL FRAMING ELEVATIONS

In order to make aesthetic sense of the high first floor and relatively narrow elevator lobby, the
building entrance lobby area stepped up via a "grand stairway.” This stairway transitioned from
street level {101°-10%) to the elevator lobby {(107'-4%) with two intermediate landings. This
added three more distinct framing levels.

As it turned out, the plaza level has at least twelve distinct framing elevations, plus three sections
of sloping fioors which slope down anywhere from 3'-0 to 4’-6. The plaza is anything but a fiat,
continuous diaphragm. The high ceilings also created a very tall first floor,

The lack of a continuous diaphragm at the plaza level made it extremely difficult to transition lateral
forces from the perimeter frames to the foundation system. The 2-story high first floor created
the potential of a "soft” or "weak" story at the base of the structure. The solution to these

173



174
problems had to stiffen the base of the structure without unduly increasing the design forces
{expiained later), and had to provide a more direct path for the lateral forces to be resolved through
the plaza level down to the foundation level. The solution to both problems was a relatively new

structural system - the EBF.

PRIMER ON EBF

An EBF is a diagonally braced frame which has one or both ends of the diagonal element
intentionally offset from the traditional beam/column joint, along the axis of the beam. Each
braced bay may have one or two diagonal elements.

The concept of the eccentric brace is an attempt to combine the best features of a concentric

braced frame {CBF), which has good deflection contro! and strength but poor inelastic behavior,
and a special moment resisting frame (SMRF), which has very good energy absorption/dissipation

characteristics but is generally drift sensitive at it's lower floors.
EBF’s were first proposed and rigorously tested in the 1970's by Egor Popov and Charles Roeder

working at U.C. Berkeley. In development of the behavior and design procedures for the EBF, data
originally investigated in 1949 by others on the phenomena of shear yielding was used.

EBF's effectively combine the best qualities of CBF's and SMRF's by introducing an energy
absorbing "link™ in the beam element between the end of the diagonal brace element and the beam

column joint, {See Fig. 4)
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Fig. 4 TYPICAL ECCENTRIC BRACED FRAME

Introduction of the intentional eccentricity into the beam element is done to precipitate shear or
flexure yielding in the short length of the beam efement adjacent to the ric brace co ion.
The short length of beam is referred to as a "link" or "fuse” because it is used to limit the force
in the bracing efement and therefore reduces the potential of buckling of the brace which can lead
to catastrophic failure. When properly designed, the link undergoes large deformations without
fracture. Thus the system maintains stability even under large inelastic distortions.

The link, if it performs properly (i.e. designed properly), does two things physically:

1) Absorbs energy when it displaces which increases the damping effects of the bracing
system.
ing the dispk

2) Increases the fundamental period of the building by incr




Each of these two phenomena help reduce the demand of the building as shown on the normalized
Basic Newmark-Hall design spectrum and associated amplification factors. From the design
spectrum, it can be shown that as the frequency of the building decreases (period increase), the
observed building acceleration also decreases. Likewise, from the table of amplification factors,
as damping increases, acceleration decreases. Any decrease in observed building acceleration
equates to lower design forces, hence lower demand on the building. (See Fig. 5 and 6)
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During moderate or low lateral forces, the EBF performs much like a CBF having very small
displacements. As the load increases, and exceeds the design forces, the link yields, developing
the energy dissipation fuse helping to reduce the demand on the structure.

Preliminary sizing of EBF’s can be done the same way as for CBF's for axial loads in columns due
0 overturning moment and brace forces due to story shears, with members being sized for
strength and serviceability. The beam element is initially sized for the axial {oad due to story shears
combined with the shear and bending due to the eccentric brace connection point.

At this point the design departs from the typical CBF approach. Essentially, EBF's are designed
for strength with a check for code drift limitations and inelastic beam rotation. First the basic
frame geometry needs to be determined.

There are few established rules to determine the length of links. If the links are small, yielding of
the beam {strong/column weak beam concept for stability} is in the form of a plastic shear hinge
which tends to create a very rigid frame with deflections approaching those of CBF’s. Long links
produce more typical plastic moment hinges at the ends of the link, which add substantial
deflection to the frame, making a relatively flexible structure in the inelastic range, more similar to
a SMRF. Either way, it is important to make sure the link meets the ductility requirements of the
model building code. Generally if the shear strength of the link is less than 2.2 times the Moment
Strength (Vg s 2.2xMg), then the link beam strength is assumed to be governed by shear yielding.
When the link beam is governed by shear yielding, the axial and flexural properties for use in the
interaction formulas used to design the link are based on the link beam flanges only. The
contribution of the web in the piastic moment capacity and axial load capacity is neglected because
it is assumed that the web has already yielded. Shear yielding is preferred as the limiting design
mode because the majority of test data which supports the theory behind EBF's and predicts their
behavior has been based on shear yielding of the link beam.
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To ensure preservation of the system and to avoid buckling of the diagonal brace(s} and columns,
these el are designed for i d force levels. The compressive strength of the brace
must be designed to exceed 1.5 times the axial force which corresponds to the controlling link
beam strength. Likewise, the columns in the EBF must be designed to carry all gravity loads plus
at least 1.25 times the axial force which corresponds to the link beam strength. This design
procedure/check is done to ensure that the brace elements and columns remain well below their
capacity when the link yields, preserving the vertical load capacity of the structure (strong
column/weak beam theory).

The UBC puts limits on the amount of rotation the link portion of the beam can undergo relative
to the rest of the beam at the inelastic force leval (forces at 3R,,/8 times the prescribed design
lateral forces). These limits are based on the research and testing which was used to develop the
EBF system. The rotational limits are as follows:

1) 0.060 Radians for link segments having clear lengths of 1.6Ms/Vs - (‘shear yielding link’)

2) 0.015 Radians for link segments having clear lengths of 2.6Ms/Vs or greater - {‘moment
yielding link’)

Interpolation can be used for values between the upper and lower bounds.

The cyclic yielding of the web in shear can take place without failure and while preserving the
hysteretic behavior. This can occur because the yielding occurs over a large segment of the beam
web while tension field action takes over the load carrying mechanism to prevent failure. This
provides a hysteretic loop having a large area representing good energy dissipation. {See Fig. 7
on previous page)

From a practical sense, EBF's have advantages in: simplified joint fabrication {two member verses
three member joints); the geometry of the diagonal brace/link beam can allow egress paths through
braced bays, not otherwise available with CBF’s; structures can be designed for lower force levels.

On the negative side: design of EBF’s are more complicated than CBF's; the link beam and
beam/diagonal brace joint generally require stiffeners and braces not found in CBF's; framing
elements of EBF's are heavier than CBF’s for the same design load.

DUAL SYSTEMS

A dual system is a combination of a moment frame and shear walls or braced frames (CBF or EBF)
designed in accordance with the applicable model building code requirements. We shall refer to
the shear wall/braced frame option as ‘rigid-bay systems.’ Building codes allow systems to be
combined in order to best use each system’s strengths, and to accommodate the muititude of
possibilities when confronted with site and design constraints.

Braced frame Moment frame 7 Interacting forces

—
—]

5"

=
b ]
e

Fig. 8a BRACED FRAME AND MOMENT Fig. 8b DUAL SYSTEM LOAD INTERACTION
FRAME DEFLECTION CHARACTERISTICS
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Moment frames tend to displace most (largest inter-story drift) at the base where the cumulative
story shears are the largest. Rigid-bay systems have the largest inter-story drift at the top floors.
When combined, the moment frame restrains the rigid-bay system at the top while the rigid-bay
system restrains the moment frame at the bottom. (See Fig. 8) This load transference between
systems can cause odd load paths. At the top of the dual system, shears in the moment frame
can exceed the story shears at any given level, while at the base the opposite is the case.

A dual system, under the jurisdiction of the current UBC, must:

1 have an essentially complete space frame (non-bearing wall configuration} which provides
support for gravity loads;

2) resist latera! loads via rigid bay and moment resisting frames (There are limitations as to
types of frames depending on building height and seismic zone.);

3} combine to resist the total design base shear in proportion to their relative rigidities
considering the interaction of the dual system at all levels; and

4) be designed so that the moment frame will independently resist at feast 25% of the design
base shear.

NOTE: The ‘85 UBC required the shear walls or braced frames to be designed to carry 100% of
the design base shear acting independently of the moment resisting frames.

Both systems - moment frame and rigid-bay usually extend the full height of the building, although
they aren’t required to by code.

Dual systems tend to be less ductile in the inelastic range than a pure moment frame, but more
ductile than a rigid-bay system. To account for the behavior of Dual Systems, codes allow use of
different coefficients than for SMRF or rigid-bay systems when considered acting alone. For
instance: alone, steel framing lateral systems have the following cosfficients:

System By, (UBC) K {BOCA, SBC)
SMRF 12 0.67

EBF 10 N/A

CBF NON-BEARING 8 1.00

CBF BEARING WALLS 6 1.33

When combined, the systems have the following coefficients:

Dual m Ry K)
SMRF +EBF 12 N/A
SMRF +CBF 10 0.8

If one were to choose a SMRF + CBF Dual System rather than a SMRF + EBF System, the static
design base shear would be 20% higher. Generally, the reduction in design force obtained by
utilizing an EBF more than offset increases due to the design constraints and detailing which tend
to make EBF more expensive than CBF.

BROADWAY CENTRE'S EBF

As noted above, the most efficient way to stiffen Broadway Centre’s soft building story was to
add an EBF. The introduction of the stiff frame in the lower portion of the building aiso reduced
the amount of force that was distributed to the subdiaphragms at the plaza level. Only about 30%
of the total base shear of the structure remained in the SMRF at the plaza level. The other 70%
was carried by the EBF to the mat. This met the 25% minimum force level required by code.
Actual frame elevations are shown in Fig. 9.

Four EBF’s having the single diagonals are used at the stair cores while one dual-diagonal brace
was placed at the end of the elevator lobby.



Because the stiffness of the segmented subdiaphragms at the plaza level was extremely difficult
to model, the design of the EBF’s was bounded by the following conditions. First, the system was
analyzed assuming there was no restraint at the plaza level for the EBF’s. Second, the system was
then re-run assuming the plaza level had an infinitely rigid diaphragm. The design for each element
of the EBF’s and SMRF's was based on the largest loads generated by either of the two analysis
scenarios. This "bounding” approach also addressed a concern that the plaza leve! could act like
a fulcrum and actuaily produce design loads beneath the plaza level which exceeded the base shear
of the building. This ended up not being the case.
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Fig. 9 BROADWAY CENTRE EBF ELEVATIONS

The top of the EBF’s terminate at the 3rd floor of the tower. At this level, the load transfer from
the SMRF to the EBF was at magnitudes which could be dealt with in the slab. The inter-story drift
{lateral floor displacement relative to the next floor above or below) was controlled enough by the
Dual System up to level 3 that the SMRF alone was sufficiently stiff from there up. About 2/3 of
the total building shear at the 3rd floor is transferred from the SMRF to the EBF. Only about 8%
of the total building shear is transferred to the EBF at the 2nd floor.

The 3rd floor diaphragm needed to be reinforced for the shear transfer to the EBF. Fairly heavy
cord steel {reinforcing) was also added to the diaphragm for in-plane bending. (See Fig. 1, shaded
area)

ELEMENT BRACING

One critical issue with EBF's is that the brace/beam joint must be restricted from lateral
dispiacement so the beam will deform only in the plane of the brace. If lateral buckling of the EBF
were to occur in the beam, the frame would become unstable and potentially precipitate failure.
Normally the EBF beam coincides with the floor framing so buckling of the top flange, at least, is
easily provided. Additional braces from the bottom flange to the fioor soffit, or other framing, are
common.: At Broadway Centre, between the mat foundation and the 2nd floor, the EBF’s pass
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through the various plaza leveis, which don’t necessarily correspond with the location of the EBF
beam element. Out of plane buckling had to be restrained without the ability to brace to a floor.

Vertical elements were introduced which could be considered "lateral bracing girts” (vertical dashed
lines in Fig. 8). These girts spanned from the mat or plaza framing to the underside of the 2nd
floor. The girts are attached to the beam element of the EBF for lateral {not vertical) restraint only.
Two girts per brace are used: for dual diagonal braces, one girt was placed at each brace/beam
joint; where the EBF used a single diagonal, one girt was placed at the brace/beam joint and one
girt at mid-span of the beam back-span (the long end opposite the link end).

CONCLUSION

Broadway Centre is unique in many aspects, not the least of which was the use of a fairly new
structural bracing system, the EBF. The use of EBF's in this project solved two main problems:
complicated force distributions through a2 maze of truncated subdiaphragms at the building plaza
level; and stiffening a structural system with a soft first story. EBF’s accomplished this without
increasing the entire lateral load-resisting system’s demand, unlike CBF’s.. The use of the EBF’s
at only the base of the structure minimized the negative aspects (heavier members, increased
element bracing and fabricating complexity due to stiffeners) thereby reducing the adverse impact
to the construction budget. SMRF +EBF’'s combined in a "Dual System" at Broadway Centre was
the correct, appropriate use of this new structural system.

CODE COMPARISON: Treatment of EBF

1991 UBC (ICBO) Identifies building type. (First appeared in ‘88 UBC.)
1991 SBC (SBCCH) No specific reference to EBF
1990 BOCA (BOCAI} No specific reference to EBF

ABBREVIATIONS

Vs Shear Strength {of link beam) = 0.55(Fy)d{tw}

Mg Moment Strength (of link beam) = (Fy}Z

UBC  Uniform Building Code

SBC  Standard Building Code ("Southern Building Code™)
BOCA Building Officials and Code Administrators
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ABSTRACT

A forensic study into the failure of six transmission towers
revealed high values of secondary moments in some regions which
were not accounted for in the design. These bending moments caused
overstressing which led to the cascading failure of the towers. The
study showed that improper bracing configuration of the main
and/or secondary braces induced high secondary moments at these
locations. High moments are also induced at the locations where the
changes, however small, occur in the main leg alignment. It is possible
to rearrange bracing scheme to modify the load path so that the
secondary moments are effectively reduced. The study recommends
consideration of secondary moments in both the analysis and design
procedures.

INTRODUCTION

It is a common practice to model transmission towers as two-
dimensional truss systems in the transverse and longitudinal
directions. In three-dimensional modeling kinematic instability is
encountered at the joints where the members lie in one plane. This
problem is circumvented by introducing spring supports at such joints
placed normal to the plane [1] or by modeling the main legs as
continuous frame members [2]. When the analysis results in significant
forces in the spring supports or moments in the main leg frame
members, whichever is employed in the modeling, the suitability of
bracing configuration should be investigated in order to effectively
reduce these forces. !t is advisable to proportion the main leg frame
members as beam-column elements, and fabricate and splice them
accordingly.

181



182

THE CASE STUDY

The authors were commissioned to investigate the failure of six
132 kV tangent transmission towers in Al-Qassim region of Saudi
Arabia. The first and the last towers failed by bending of the top
cross-arms, the three of the intermediate ones at their bases and the
sixth above its first body. The towers had height of 45.45 m (Fig. 1)
and were spaced over a span of 400 m. They had square pianar
configuration and were assembled from single angle continuous main
legs and cross bracing. The bracing in adjacent faces was staggered.

A meteorological report on the day of failure recorded at a
nearby station did not show any sign of high wind nor the people fiving
in the surrounding regions reported unusual wind. However, the
designer in his post failure assessment attributed the failure to un-
foreseeable wind gust above the design speed of 170 km/hr (106
mph) [3]. The authors visited the site after the removal and
restoration of the said towers. They examined the debris for possible
clues. Laboratory test of the specimens from the material employed
showed tensile strength in excess of the prescribed value of 345 MPa
(50 ksi). The specimens also showed adequate ductility.

The governing design specifications [4] prescribed a design wind
velocity of 170 km/hr (106 mph) and a gust speed of 220 km/hr (138
mph) in the region. The specified value is a good estimate of 50-year
basic design wind speed recommended by an independent study [5].
The specifications require that a tower be analyzed for fourteen load
cases covering full-loading, single circuit usage, broken conductors
and under construction situations. They refer to ASCE Manual No. 52
[2] for design regulations.

ANALYSIS OF TOWERS

The towers were analyzed as three-dimensional structures with
the main legs as frame members. This assumption is the closest to the
actual detailing of the main legs. The applied loads when evaluated in
accordance with the prescribed conditions were found to be
adequate. The analysis was implemented on SAP 90 finite element
package [6). Presumably the designer employed two-dimensional truss
model for his analysis.

The axial forces in most of the members, from the two analyses,
were in agreement. However, the deviations between the two
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analyses, in some of the members, is attributable to the difference in
the methods of modeling and analysis [2].

The most noteworthy results of the analysis are the bending
moments in the main legs which are significantly high compared to the
meager bending resistance of the legs. These bending moments are
neglected in the original design calculations. it is also noteworthy to
mention that the maximum drift of 570 mm (22.5 in.) was encountered
under the severe most loading condition.

EFFECTIVE BRACING OF TOWERS

Some of the generalized observations on the bending moments
are that they are induced only when the main legs are modeled as
frame members, that they do not buildup over the tower height, are
local in nature and occur where reversal of moments takes place, and
that they are smail in value but significantly large compared to the
bending capacity of the leg members. It was noticed that bracing
configuration significantly affected these moments. Three major
configuration faults were identified and are discussed below.

Single-End Bracing Joint

Secondary bracing members are usually assumed to have zero
force in the pre-buckled state. This assumption is not true when the
main members are modelled as frame members. At a single-end
bracing joint with the main leg, the axial force in the brace is
equilibrated only by the shear resistance of the leg which in turn
induces significant value of bending moment in the main leg at the
joint. Fig 2a shows a two-dimensional part model of the tower to
illustrate this point. This situation can be avoided by either eliminating
single-end bracing joints wherever possible or by adding a member to
redirect the force away from the main leg. Fig 2b shows such a
solution which reduces the maximum moments of 115, 151, 148 and
168 kN-mm at four joints to 21, 27, 7.8 and 8.3 kKN-mm respectively.

Improper Main Bracing

Main bracing elements are employed to transmit the horizontal
loads as direct forces and avoid moment build-up on the main legs.
Improper arrangement of these braces is liable to generate the
moments in the main legs. One such example is the use of K-bracing
arrangement in the tower body at the attachment of the cross-arms.
The use of cross-bracing reduces the moment in the main legs about
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Fig. (2) A Two-Dimensional Partial Model of the Tower showing
Maximum Moments (KN-mm)
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65 to 75%. Therefore, careful attention must be paid during the
selection of bracing system.

Lack of Leg Alignment

The analysis reveals that the secondary moments are sensitive to
lack of leg alignment which may be caused by fabrication errors
specially at the lap-joints and at the locations where intentional
change of slope is introduced in the leg alignment. A 10 mm offset
from the leg alignment at a lap joint in the middle part of a tower
resulted in 40 kN-mm moment on the leg which is 240% of the moment
at this joint in perfect alignment. This effect is produced by the
normal to leg component of the axial force in the out of alignment
part which is resisted by shear in the main leg. This problem can be
resolved by providing an alternate path to the normal forces with the
help of adequate bracing at splice joints, as a measure of precaution,
and at joints where the main leg is realigned.

CONCLUSIONS

The analysis and design of transmission towers should consider
both the axial force and bending moment in the main legs. These
moments although dubbed as secondary and neglected in common
design practice, are significantly high at locations to lead to
unexpected failures. The bracing system and its arrangement play an
important role in control of these moments. These moments can not
be eliminated completely but can be managed to values affordable by
the main leg section. 1t is shown that single-end bracing joint,
improper bracing and lack of main leg alignment contribute to the
bending moments. Provision of an alternate path, to channel the
normal forces resulting from alignment offset at these locations, can
lead to effective control of the secondary moments.
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ABSTRACT

An experimental study has been carried out to examine the performance of a
braced framing system including friction-type bolted brace connections which can slip at
a predetermined load level for dissipating input energy during severe ground shaking. A
first series of tests was conducted on 42 one-bolt connection samples subjected to
dynamically applied cyclic loading, Various faying surface materials, bolt sizes and
frequencies of excitation were considered. The effects of varying the initial bolt load level
and using conical disc sprir:% washers with the bolts were also examined. These tests
revealed that the desired performance could be achieved by using proper sliding material
together with an appropriate bolt clamping force level. A second series of tests was
carried out to investigate the behavior of a typical bracing bent undergoing severe
interstorey drifts (up to 2%). Quasi-static cyclic loading tests on a full scale braced frame
assembly including a HSS 203x203 diagonal bracing member with a 16-bolt symmetrical
shear splice sliding connection demonstrated that the proposed system behaved in a very
predictable and satisfactory manner.

INTRODUCTION

Of all the lateral load resisting systems for steel building structures, the
Concentrically Braced Frames (CBF) system stands out by its simplicity of desi
fabrication and construction, as well as by its high efficiency for low- and medium-rise
structures. The performance of CBFs under severe earthquake ground motions has
however recently been questioned, the main concern being the reliability and the
effectiveness of the energy absorbing and dissipating mechanism formed by the bracing
members undergoing cyclic tension yielding and compression buckling. Deterioration of
the compressive strength, cumulative elongation, premature fractures are among the
problems that have been observed upon inelastic response of bracing members of CBFs
(Popov 1981; Foutch 1987).

Many avenues have been explored to enhance the seismic response of braced
frames. The first one consisted in establishing proper detailing provisions for improving
the performance of the braces and in specifying appropriate seismic design load levels
which depend upon the detailing and the bracing configuration. These have been
included in recent code documents (e.g. SEAOC 1990). Extensive efforts have also been
devoted in developing systems in which the inelastic action would be restricted to
structural elements other than the bracing members. Systems like Eccentrically Braced
Frame (Roeder and Popov 1978), Disposable Knee Bracing (Aristizabal-Ochoa 1986) or
Y-Shape braces (Seki et al. 1988) emerged from these research efforts. In both of these
cases, however, the improved CBF system gains in complexity, loses its efficiency and is
exposed to structural damage upon earthquake ground shaking.

A third and promising approach has also been proposed which consists in
introducing a connection at one end of the bracing members which would slip at a
predetermined load level (Elsesser 1986; Roik et al. 1988; FitzGerald et el 1989). During
strong seismic events, energy would be absorbed and dissipated by friction upon sliding
of these connections, with no damage to the surrounding structural elements. Such a
system, referred to herein as a Friction Concentrically Braced Frame (FCBF), can be
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used either for new or existing braced structures. Furthermore, braces with sliding
connections can be installed in Moment Resisting Frames to improve their seismic
response (Pall and Marsh 1982; Whittaker et al. 1987).

OBJECTIVES AND SCOPE OF THE STUDY

The critical element in a FCBF system is the brace sliding connection. It would
desirably exhibit the following features: simple to design, fabricate and install, built with
low cost and readily available material only, high slip resistance per unit of material and
stable response upon cyclic sliding. The latter is of prime importance in earthquake
resistance since a degradation of the strength would result in an inacceptable structural
response whereas an increasing strength would have to be taken into account in the
design of the surrounding structural elements which, in turn, would result in more costly
structures.

The systems proposed by Roik ef al. and FitzGerald ef al included many of these
characteristics. The connections were made from slotted bolted unfinished steel parts
sliding against each other and were found to respond in a stable manner upon cyclic slip
tests. However, they involved rather complicated multistage slip mechanisms and could
only develop relatively low friction forces because fairly uncommon small bolts were
used. Further, the applied loading in the tests was deemed to be less critical than what
could prevail during actual seismic events: Roik et al imposed very small slip
displacement in their dynamic tests (less than 1 mm) whereas the rate of loading used by
FitzGerald er al (0.25 Hz) is somewhat low when compared to the fundamental period
of low-rise structures.

Also of interest was the overall behavior of the system upon sliding of the brace
connections. Though members of CBFs are %enerally assumed as being pin connected in
design, some beam-column joints can actually exhibit significant rotational restraint, the
columns are commonly made continuous over two or three stories and, in most cases, the
brace connections would in fact be catpable of developing substantial in-plane bendin
moments. While the elastic response of braced frames is not strongly influenced by sucl%
additional restraint, significant bending moments can develop in the members when large
interstorey drifts occur as sliding takes place in the connections of FCBFs. Since the
beams, columns and braces must remain essentially elastic during an earthguake, these
secondary moments must be accounted for in the design. Their magnitude obviously
depends upon the degree of rotational restraint offered by the brace connections upon
sliding, for which no information was available. Further, it was thought that significant
bending moments developing in the brace sliding connections could diminish their
resistance to longitudinal slip. Therefore, some knowledge on such interaction had to be
obtained as well.

The objectives of this study were then to come up with a FCBF system that could
be readily implemented in the steel industry, to investigate the performance of the slidin,
connections when subjected to extreme loading conditions and to examine the overaﬁ
response of a typical braced frame assembly undergoing severe interstorey drifts,

STUDIED FCBF SYSTEM

The system addressed in our study included a symmetric shear splice connection
(two shear planes) with slotted holes in the gusset plate and standard circular holes in
the connecting plates extending from the brace (Fig. 1). In such a system, the length of
the slot would be set to allow the maximum slip expected for the design basis earthquake
level to take place. The undesirable overstressing of the conmections and of the frame
when the bolts suddenly come into bearing would be then avoided. A suitable strength
hierarchy would have, however, to be provided in the connections to prevent detrimental
failure modes (e.g. shear block failure of the gusset plate) and maintain the integrity of



the connections in the case of extreme events larger than the design earthquake.
Tentatively, common high-strength bolts were to be used and the connecting plates were
to be made of ordinary structural steel in the clean mill scale condition. :

The thickness of the connected plates was expected to change upon cyclic sliding:
reduction due to the wear likely to occur at the contact surfaces and, ogpositely, increase
due to the temperature rise resulting from the heat generated by the friction. If the
former was to dominate, the bolt clamping force would diminish, together with the slip
resistance of the connections. If, on the other hand, the plates were to increase in
thickness during sliding, the response would then depend whether the initial bolt tension
was well below the bolt ultimate capacity or near this limit.

In the first case, the bolt load and, consequently, the slip resistance of the
connections would likely increase, which would resuit in unwanted connection
overstrength. Upon cooling, however, if they remained elastic during sliding, the bolts
would return to their original tension level, minus the loss due to wear. In the second
case, the bolts pretensioned to their ultimate capacity would deform inelastically (yield)
and a rather constant clamc{)ing force would be maintained despite the increase in the
plate thickness. This second scheme also appeared more efficient since the capacity of
the bolts would be fully employed and bolt preload near ultimate can easily and reliably
be achieved in the field by using the turn-of-nut installation method. However, the

ost-earthquake strength of the connections in such case would most likely be reduced
ecause of the permanent elongation undergone by the bolts.

In order to evaluate the relative importance of the shortcomings exhibited by each
approach, it was decided to investigate both torque levels in the experimental study. As
progosed by Roik et al. and FitzGerald ef al., conical disc spring washers were to be used
in the bolting assembly to mitigate the effects of the variation 1n the plate thickness.

EXPERIMENTAL PROGRAM

The experimental program included three phases: preliminary testing of connection
components, testing of connection samples subjected to dynamic loading and quasi-static
loading of a full-scale braced frame assembly. The work was carried out in the Structures
Laboratories in the Department of Civil Engineering of the University of British
Columbia between December 1991 and November 1992.

The behavior of a typical brace-sliding connection assembly was examined in the
program. The brace was a 203x203x13 hollow tubular shape and the connection included
A325 3/4" (19.1 mm) bolts with a parallel stack of 15 pre-stressed disc spring washers
(No. AM602130). Such disc spring arrangement could carry the full bolt capacity and was
preferred to other possible configurations including fewer and stronger washers because
of its higher flexibility. Brace connecting plates and the gusset plate were 16 mm and 19
mm in thickness, respectively. The slotted holes could accommodate a maximum sli
equal to 54 mm in each direction, plus some fabrication and installation tolerances. Suc
amount of slip can be experienced in typical braced frame configurations undergoing
interstorey drift equal to 2% of the storey height, the latter value corresponding to
carrent code limitations for drift under seismic loading.

In order to reflect current fabricating practices, all steel specimens were
manufactured by local steel fabricators and no special attempt was made to control the
flatness or the dimensions of the samples. Except otherwise specified, all of the steel

. plates used were in the clean mill scale condition.
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PRELIMINARY TESTING

Preliminary testing included a calibration of the bolts, cyclic loading of stacked disc
spring washers and static slip tests on two-bolt connection samples. Calibration of the
bolts permitted to relate the bolt load, the bolt elongation and the amount of rotation of
the nut upon torquing for bolts with and without disc springs. Such relationships were
then used to predict the actual clamping force in the tested connections. Tests on disc
springs were done in order to investigate their response upon cyclic loading. The load
level, the number of cycles and the number of washers in the stacks were varied. The
tests showed that the washers responded in a fairly stable manner. Some hysteretical
behavior was, however, noted as the number of washers in the stack was increased. This
was attributed to the friction between the individual units.

The main objective of the static slip tests was to obtain a first insight into the gross
slip behavior of the connections. Three series of three tests were performed on two-bolt
symmetric butt joints (Fig. 2). Specimens of the first two series where made from
common structural steel (CAN3-G40.21M-300W, Fy = 300 MPa) whereas ASTM AS14

rade B plates (Fy = 689 MPa) were used in the third series. In the second series, the
aying surfaces were polished (medium grain size rotative disc) and then sand blasted
(60-100 sieve). The bolts were torqued to their ultimate capacity. The load was graduall
increased until slip occurred. The test was then pursued at a slow and constant rate until
the bolt came into contact with the holes.

Fig. 2 shows typical response for each series. The most important finding from
these tests was that all specimens but one sample of series 1 exhibited a significant gain
in resistance as the disFlacemem progressed past the initial slip. An average ratio of the
maximum to the initial slip load of 2.52 (2 tests), 1.95 and 1.77 were measured in test
series 1, 2 and 3, respectively. Inspection of the faying surfaces after the tests showed a
few parallel scores up to 6 mm in width, S0 mm in length and 2 mm in depth, with
localized enlargements showing evidence of plowing of the material of one surface into
the opposite one.

The gain in strength and the severe frictional behavior were probably due to the
breaking of the many films (oxide, grease, etc.) at the contact surfaces which led to the
development of stronger adhesive bonds, together with the fact that the surfaces were
made of the same material and therefore could interact more strongly (Rabinowicz
1965). Strain hardening of the steel in the damaged areas also likely contributed in the
growing resistance to slip. Such performance after only 1/4 cycle of sliding suggested that
the connection would develop substantial overstrength and suffer extensive surface
damage under cyclic loading, which would be inappropriate for the studied FCBF system.
Improvement was likely to be achieved by providing a more suitable material
combination or, alternatively, by reducing the bolt tension load. Both of these approaches
were considered in the dynamic testing phase of the program.

DYNAMIC TESTING OF CONNECTIONS

A series of 42 dynamic cyclic tests were performed on single bolt specimens as
shown on Fig, 3a. Specimens D-01 to D-14 were made of the aforementioned ordinary
structural steel (Fy = 300 MPa), specimens D-15 to D-29 included higher strength steels
and cobalt-base alloy insert plates (Fy = 550 MPa) with a circular hole were used
between the sliding surfaces in specimens D-30 to D-42. Tests D-01 to D-37 included a
3/4" bolt, torqued close to half its ultimate capacity (88 kN) except for 5 specimens with
the insert plates for which the bolt was tightened to its full capacity. A325 1/2" (12.7 mm)
bolts torqued to their full capacity were used in specimens D-38 to D-42. It is worth
noting that the clamping force developed by a 3/4" bolt torqued to half its capacity is
approximately equal to the full tensile strength of a 1/2" bolt.



Disc spring washers were used only in half the specimens D-01 to D-38. For the
3/4" bolts with the reduced initial tension, a parallel stack of 7 disc springs of the
aforementioned type was provided on both sides of the connection. The imposed slip
time history was a 32 cycle sinusoidal signal as shown on Fig. 3b. Three frequencies were
applied: 0.02, 1.0 and 1.5 Hz. Some specimens were subjected to two or three successive
rums.

Slip load time history and load-slip relationships for specimens D-01, D-27, D-32
and D-39 are given in Fig. 4. The first three specimens had a 3/4" bolt, with the reduced
preload, and disc spring washers. In specimen D-27, the interior plate was made from an
abrasion resistant plate material having a yield stress of 1370 MPa whereas its exterior

lates were of the ordinary structural steel. All four. specimens were subjected to a 1.0
L excitation. Fig. 5 shows the interior (gusset) plate of specimens D-01 and D-32 after
the test.

Response and surface damage exhibited by specimen D-01 are representative of the
specimens made entirely of ordinary structural steel and subjected to the 1.0 and 1.5 Hz
frequency loadings. The load increased within the first few cycles, reached a plateau at
approximately twice the initial slip load and increased again up to 3 to 4 times the initial
slip load towards the end of the run. Such hi§h variations in the slip load have also
recently been observed by Grigorian et al. (1992). In most of the tests, evidence of very
high temperature of the faying surfaces could be observed during the large amplitude
phase of the loading: the steel of the middle plate turned blue and even red along the
slotted hole, which indicates temperatures up to about 700 degrees C. Examination of the
faying surfaces after the tests revealed sigmficant damage (Fig. 5a): most of the contact
area was severely scored with evidence of metal being pulled out and transferred from
one plate to another (adhesive wear). The darker zone on the picture corresponds to the
region where the highest temperatures were reached and where the most significant
damage level was observed.

The initial increase in load probably had the same origin as the one observed in the
static slip tests described earlier. The subsecﬂ_lem phase likely involved many interacting
phenomena: wear, increase of the plate thickness and softening of the metal due to the
rise in temperature, variation of the bolt clamping force and growing contribution of the
roughness and plowing terms to the slip load as more surface damage was taking place
(friction between undamaged flat surfaces mainly originates from adhesion). Moreover,
as the tests progressed, the particles removed by wear likely contributed in damaging
further the surface (abrasive wear). The increased slip resistance observed in the last part
of the tests was probably the result of that surface damage, specially during the last cycles
when the steel asperities recovered some strength as the plates cooled down (smaller slip
amplitudes). This may also explain the higher loads that can be observed at the end of
each cycle where the relative velocity of the plates was minimum.

Surprisingly, samples without disc springs behaved in a manner very similar to
those with disc springs. Their response was even slightly more uniform, the temperature
rise during the tests was less apparent and their surfaces less damaged. This has been
attributed to the fact that the boft clamping force likely diminished in the early stage of
the tests due to wear, and the subsequent demand on the plates was therefore reduced.
The tests run at 0.02 Hz were, on the other hand, interrupted after a few cycles only
when seizure of the connecting plates occurred, regardless whether disc s rig%s were used
or not. Such seizure was probably due to the slow rate of slippage and the affinity of the
contact surfaces which both permitted the creation of high adhesive bonds, as observed
in the static slip tests.
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Although the plates underwent severe damage, the response of this first group of
connection samples would have been acceptable had it not been for the high increase in
strength, and even seizure, which would make the system inefficient in practice. Thus,
reducing the bolt preload was not sufficient by itself to obtain an acceptable response of
the connection. It was found, however, that the usefulness of the disc springs was
somewhat diminished due to the many other phenomena involved.

Using higher strength steels did not result in substantial improvements until, as
expected, the difference in strength between the materials in contact became important,
as this was the case for specimen D-27. For this configuration, the slip load remained
fairly stable over the whole duration of the loading, the damage to the surfaces was
significantly reduced and, while higher slip resistances were measured, a uniform
response with no seizure was observed upon loading at 0.02 Hz. The role of the disc
springs was found more important for these specimens. Samples without disc springs
eveloped high overstren%th during the tests, probably because the increase in thickness
of the plates due to the heat generated by the friction dominated over the wear, which
resulted in an increasing bolt tension.

For the first group of samples with insert plates, 3.2 mm thick cobalt-base allo
material and 3/4" bolts (D-30 to D-37) were used. Among these specimens, those wi
the reduced initial bolt tension and with the disc springs performed very well under high
frequency loading. As shown on Fig. 4 (D-32), their resistance to slip remained fairly
constant throughout the test despite the plates suffered some damage (Fig. 5b).
Slpecimens with the bolt torqued to its full capacity developed a higher and increasing
slip load when subjected to 1.0 Hz loading and the tests had to be interrupted because
the capacity of the loading device was reached. In all tests run at 0.02 Hz, the samples
exhibited a very smooth response.

The second group (D-38 to D-42) involved samples with 1.6 mm thick insert plates
made from cobalt and bolts 1/2" in diameter without disc springs. All of these specimens
behaved well regardiess of the frequency of excitation. Except for the increase observed
within the first 4 cycles, the slip load for the specimens tested at 1.0 Hz (D-39, Fig. 4)
and 1.5 Hz remained constant over the entire duration of the test. Upon reloading
(second run), these specimens exhibited approximately the same strength than the one
measured at the end of the first run, even 1tP the bolts were torqued to their full capacity
and experienced significant inelastic elongation during the tests. The slip load eventually
dropped within a few cycles to about half the initial load of the first run. In the tests
performed at 0.02 Hz, the specimens showed the same initial gain in resistance, then the
slip load slowly decreased until the end of the tests where it reached approximately the
initial slip load level.

When insert plates are used, any increase in the friction force between the middle
plate and the insert plates has to be resisted through bearing of the insert plates against
the bolts. Samples with 1.6 mm thick plates subjected to high frequency loading showed
evidence of such bearing as their hole was severely elongated. The discontinuities in the
lower right and upper left corners of the load deformation diagram recorded during the
last 5 cycles of the test on specimen D-39 are due to that phenomenon (Fig. 4). This
suggests that these plates were too thin for such application. Plates 3.2 mm thick with
3/%% bolts behaved in a more acceptable manner (Fig. 5b).

FULL-SCALE BRACED FRAME TESTING

A single storey diagonally bracing bent mounted horizontally on a rigid floor was
used for investigating the overall behavior of the proposed FCBF system (Figures 6 and
7). Beam-column joints were pinned and bending moments could then be induced in the
system only by the bending stiffness of the brace and of its connections. At the lower end
of the brace ()iower left corner of the frame), a typical connection with the brace welded



to a gusset plate pre-welded to the column was reproduced. In this case, the gusset was
however bolted to the column by means of a slip-resistant connection for making easier
the installation of the specimens. The sliding connection located at the upper end of the
brace included 16 A325 1/2" bolts torqued to their ultimate capacity together with cobalt
insert plates 1.6 mm in thickness. No disc springs were used.

Two series of tests were performed with different grades of steel for the gusset
plate. The response was very similar in both cases and only the series for which ordinary
structural steel (Fy = 300 MPa) was used for both the gusset and the brace connecting
plates is described herein. The slotted holes were made wide enough to accommodate
the relative rotation of the connected parts that could be expected assuming the
connection would behave as a pin upon sliding. Strain gauges were mounted at two
locations on the brace to obtain the bending moments in that member. The loading
sequence used in the dynamic tests (Fig. 3) was also applied to the frame. The maximum
amplitude of the storey drift was 70 mm, which resulted in comparable maximum slip in
the connection (54 mm). The rate of loading was 0.5 cycle per minute.

The overall response of the frame is given on Fig. 8a. The variation of the slip load
in time is almost identical to the one observed for the single-bolt connection specimen
having similar characteristics and tested at 0.02 Hz. The sliding connection behaved very
smoothly in all tests and no sign of severe bearing of the bolts against the sides of the
slotted holes as slip was taken place could be noticed. As shown, the storey shear-storey
drift diagram exhibits a slight post-slip stiffness which corresponds to the contribution to
the storey shear from the members being deformed in bending. In Fig. 8b, the bending
moments measured at the lower quarter-span and at mid-span of the brace are plotted
against the storey drift. The value of the moment acting at the connection, as
extrapolated from the two preceding measurements, suggests that, over the whole range
of the storey drift experienced by the frame, the connection behaved mostly like a pin
upon sliding. Indeed, calculations showed a good agreement between the measured
moments and those computed assuming a pinned sliding connection. The very stable
response of the frame within each cycle (Fig. 8a) indicates that the relative rotation of
the connected parts did not impair the longitudinal slip resistance of the connection.

CONCLUSION

The experimental study reported herein showed that the proposed FCBF system
represents a very promising alternative for buildings located in seismically active regions.
The sliding connection samples exhibited a very high and stable energy dissipation
capability under extreme loading conditions (amplitude of slip, number of cycles, high
and low frequencies) provided that appropriate sliding material and bolt clamping force
were used. The tests showed that employing dislike materials at the contact surface, such
as different steels or plate inserts made from a different alloy, could result in a desirable
stable response. Samples including cobalt-base insert dplates and a 1/2" bolt torqued to its
full capacity, without disc spring washers, responded in a very satisfactory manner and
exhibited high post-earthquake resistance. The latter diminished significantly, however,
upon reapplication of the cyclic loading.

Tests on the bracing bent revealed a very satisfactory and predictable overall
response of the system. The proposed sliding connection behaved mostly like a pin and
its resistance to slip was unaffected by the relative rotation of the connected parts.
Further research is however needed to investigate the performance of multi-bolt sliding
connections uéuon dynamically applied cyclic loading. Among others, the post-earthquake
resistance and the possible effects of having a larger contact area (higher temperature
rises) would require further examination,
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Fig. 5. Dynamic cyclic tests: interior (gusset) plate after testing a) specimen D-01, b)
specimen D-32.
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THE WORLD TRADE CENTER BOMBING
OF 26 FEBRUARY 1993

A BRIEF CASE EISTORY
COLUMN STABILITY AND DAMAGE

Katherine E. Hill, Leslie E. Robertson, Saw-Teen See
Leslie E. Robertson Associates
New York, New York

The FBI tagged it as "... the largest by weight and by damage
of any improvised explosive device, that we've seen since the
inception of forensic explosive identification ... and that's
since about 1925."

This bomb was detonated immediately against the south wall of
Tower 1 of the World Trade Center with the clear intent to
bring down the tower, but the 110 stories of steel and
concrete shook off the resulting blast as though it were a
trivial event. The impact on the building was so slight that
the instrumentation package, located high in Tower 1, was not
even triggered by the blast, while the dynamic effects of a
moderate wind storm a few days later were recorded. The Twin
Towers may have survived the most vicious assault to date
with their structure virtually unscathed, but the devastation
outside of the towers was considerable.

Within the below-grade caverns surrounding the footprint of
the towers, all that remained of a portion of the parking
garage was a crater of nearly unbelievable proportions.
Steel columns once braced by the closely-spaced parking
levels stood naked as high as sixty-eight feet (21 m) without
definable lateral support. Two levels of reinforced concrete
slabs, generally eleven inches (280 mm) thick, lay in a
twisted mass atop the refrigeration equipment below. At the
crater's edge, the slabs had sheared free of their supporting
columns, settling several feet to form "ski jumps" into the
hole. Elsewhere, multi-ton portions of concrete were
literally dangling from reinforcing steel.

The surrealistic tangle of concrete and steel, interspersed
with imploded automobiles and snaking conduits, was molded by
the halogen and tungsten lighting into an incoherent mass
more believable as science fiction than as the reality of the
World Trade Center.

The bomb was detonated at 12:18 pm on Friday, 26 February.
By 2:00 pm LERA had received a telephone call from Port
Authority requesting the presence of our engineers for what
was then believed to be "a transformer room fire at the
World Trade Center”. Three engineers and one of our Partners
boarded a police car for a wild ride to the site. It soon
became apparent that the event was far more serious than a
transformer fire, bringing two more Partners to the site.
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BACKGROUND

While most of us associate the World Trade Center with the
twin 110-story towers, it should be remembered that the
immediate project also includes a 22-story hotel and four
low-rise buildings (Figure 1). Located below the sixteen
acre plaza are a Concourse Level with shops and restaurants,
and six sub-grade levels (Bl through B6) used for parking,
storage, services and mechanical rooms (Figure 2).

All of the floor framing both inside and outside the
footprint of the towers is carried on steel wide-flange
columns. The Plaza and Concourse levels consist of concrete
slabs on profiled metal deck, composite with steel beams and
girders. The Bl through BS5 levels below are typically 11
inch (280 mm) thick concrete flat slabs with 4 inch (100 mm)
deep drop panels. The Bf level is a slab-on-ground. Steel
shear heads connect the concrete flat slab construction to
the steel columns.

In the immediate vicinity of the blast, the B3 and B4 levels
had been left open to provide the needed vertical clearance
for the refrigeration equipment at the BS level below. This
equipment provides primary service for the entire World Trade
Center project. The Bl and B2 levels above were used for
building services and for parking, with original design live
loads of 100 psf (4.8 kPa) and 50 psf (2.4 xPa),
respectively. In addition, the Bl and B2 slabs act as
horizontal diaphragms, providing two levels of bracing for
the 6-story high slurry wall.that surrounds the World Trade
Center site and keeps the Hudson River at bay. It is this
requirement that explains the use of such thick concrete
slabs.

At the B5 level, the refrigeration machines rest on 24 inch
(610 mm) thick concrete platforms. To prevent the
transmission of vibrations to the surrounding building, these
platforms are isolated from the remainder of the B5 level,
which is of relatively light, steel-framed construction. The
platforms are supported on concrete columns independent from
the rest of the building. In addition, the B5 level is only
a partial floor, with minimal connection to the building's
lateral system. For these reasons, lateral bracing for the
steel columns had been neglected at the B5 level during the
course of the original design.

The columns in the area of the blast consist typically of two
lifts. The heavier section comprising the lower lift was
designed assuming lateral support at the B2 and B6 levels,
giving it an unbraced length of about 42 feet (12.8 m). The
upper lift is considerably lighter, spanning 16 feet (4.9 m)
from the Concourse to Bl, and 10 feet (3.1 m) from Bl to B2.

The site of the explosion has been prone to disaster,
subjected to two fires in the same location during the
construction phase. The first was of modest proportions, but
was followed by a more severe fire in late 1971. The



intensity of this latter fire raised concerns about the
integrity of the steel shear heads connecting the Bl slab to
the steel columns. The questionable shear heads were left
buried in the drop panels, and our office designed new steel
shear heads that were constructed immediately below the
existing concrete work. These assemblies have performed well
for more than twenty years.

DAMAGE TO THE TOWERS

Most of the damage to the towers was superficial in nature.
Extensive damage to block partition walls destroyed the
towers' air locks and enabled the smoke to reach even the
highest floors via the stairwells and elevator shafts.
Tower 2 suffered no structural damage but Tower 1 was closer
to the explosion and did sustain minor localized structural
damage (Figure 3). A two-piece steel diagonal weighing about
3100 pounds (13.9 kN) and located just a few feet from the
blast was torn loose; half was thrown about forty feet
(12 mm) into the tower while the other half rebounded into
the crater. An adjacent diagonal was bent extensively; the
upper end of its 1-1/4 inch (32 mm) thick plate was sheared
off its connection to the column. The tower column between
these diagonals developed a hairline crack below the weld at
the splice, and its 2-3/4 inch (70 mm) thick plate has a
slight bow on the explosion side of the column. Two spandrel
members were also bent, and several connections for the
filler beams along the inside wall of the tower were badly
damaged.

The strength and ductility of the towers' structural systems
were sufficient to overcome the intensity of the blast. The
localized damage did not affect the overall structural
integrity of the towers. This was confirmed by the dynamic
response of the tower to a wind storm a few days later; the
measured stiffness of the building after the explosion was
identical to the stiffness measured prior to the bombing.

How did the Twin Towers escape catastrophic damage? Part of
the answer lies in the structural design criteria developed
for a project of such an immense scope and innovative nature.
Strength-related design factors included resistance to
hurricane-strength winds, sabotage, and the impact from a
fully~laden intercontinental Boeing 707 aircraft (the largest
plane in the air at the time).

The energy input from hurricane winds acting over 110 stories
far exceeds-the energy input from the impact of a Boeing 707;
the energy from the impact of such an aircraft far exceeds
the energy input from the explosion. In short, the bomb of
26 February was a small event in the expected life of the
World Trade Center towers.

Another explanation for the limited tower damage is the
mirror effect. The south wall of Tower 1 (Figure 3) consists
of closely spaced columns with heavy spandrels and diagonals.
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The steel columns are built-up box sections 32 inches
(813 mm) on a side and ten feet (3050 mm) on center; plate
thicknesses are up to 5 inches (127 mm). The spandrels and
diagonals are also built-up sections of hefty proportions.
Approximately 40% of the surface area of the tower wall in
the subgrade levels is structural steel.

While much of the block infill wall was destroyed by the
explosion, the totality of the construction acted like a
mirror, reflecting much of the force of the blast away from
the tower and to the south. The concrete slab construction
in the garage levels was far more flexible than the wall of
the tower, and the pressure wave simply followed the path of
least resistance.

DAMAGE TO AREAS OUTSIDE OF THE TOWERS

The extent of the damaged area is shown in Figures 5 and 6.
The van carrying the explosives was located immediately
adjacent to Tower 1 at level B2. The destruction was
greatest at this level, leaving a gaping hole 130 feet (40 m)
wide. 1In addition to the hole, more than 25,000 square feet
(2300 m?) of the B2 level has been or will be demolished due
to the extent of the damage.

While suffering less damage than B2, the Bl floor was left
with a 55 foot by 85 foot (17 m by 26 m) hole, with another
16,000 square feet (1500 m2?) that has been or is scheduled for
demolition.

Above B2, the Concourse had a hole of the order of 20 feet by
20 feet (6 m by 6 m). Above the Concourse, the Plaza slab
had a small bulge.

The rubble from the demolished slabs fell on top of the
refrigeration equipment, which was in turn supported by the
heavy concrete platforms at the B5 level. The pressure
vessels of the refrigeration plant and the heavy concrete
construction below were able to carry the impact from the
falling concrete, though much of the equipment and piping was
damaged.

The damage extends over much of the site south of Tower 1.
As the shock wave travelled through the Bl and B2 slabs, the
restraint provided by the columns caused widespread shear
failures and shear cracking at the columns. Such damage
extends all the way to the slurry wall on the south edge of
the site, 350 feet (107 m) away.

Because of the intrinsic resiliency of the columns supporting
the construction outside of the towers, not one column failed
from the impact of the explosion, from the tearing-off of the
surrounding concrete or from the resulting loss of lateral
support. One column, reported to have been bowed, was found
to be straight, but several columns had easily-repaired
damage to column splices.



In addition to the structural damage, damage to other systems
was extensive: countless non-structural walls were reduced to
rubble, the conduit banks and piping that had been ceiling
mounted were draped everywhere, and vehicles far removed from
ground zero were imploded by the force of the shock wave.

LATERALLY UNSUPPORTED COLUMNS

Following the blast, some of the wide flange columns spanned
as much as 68 feet (21 m), from the Concourse to B6 levels,
without "designed” lateral support. The theoretical 1/r
ratios for these columns reached to as high as 190; based on
estimated column loads, the factor of safety under gravity
loading was less than one. Thus, the most critical
structural issue in the aftermath of the explosion was the
need to stabilize those columns outside of the towers that
had lost a portion of their lateral support with the collapse
of the Bl and B2 floors.

While most of the columns in guestion supported only the
Concourse and Plaza levels above, two of the most critical
columns were supporting the 22~-story Vista Hotel as well.
The hotel had been evacuated in the wake of the blast, thus
marginally reducing the live load, but any additional load
caused by wind could be enough to buckle the columns. It was
essential to provide emergency bracing to prevent the
possibility of further collapse.

Time was of the essence for this emergency bracing. The
damaged area had to be stabilized before the search for the
missing people could continue, before the Federal Bureau of
Investigation could initiate their investigation, before our
engineers could inspect the damage at the lower levels, and
before the contractors could start cleaning out the rubble to
reach the primary refrigeration equipment.

Within twelve hours of the blast, we had prepared a schematic
design for temporary bracing. Before departing the site in
the small hours of Saturday morning, we had met with
representatives of Karl Koch Erecting Company (KKE), who
later fabricated and erected the temporary bracing, and
arrived at a general concurrence of our bracing concept.

KKE suggested the use of TS 6x6 tubular sections
(150 mm x 150 mm) for the bracing, and this section was ideal
for the job. The bracing detail is shown conceptually in
Figure 4. There were no shop connections, and field
connections were by welding.

By Sunday afternoon, the first tubing had been delivered to
the site and was poised to go into position.

The design and installation of the temporary bracing was
broken into two phases, each based on a different set of
assumptions. Phase I included all bracing needed to
temporarily brace the columns to the extent that the FBI,
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search crews, inspection teams and construction crews could
gain access to the lower levels. Phase II included all of
the bracing needed over the long term to carry out the
demolition and reconstruction process. Of course,
considerable overlap existed between the two phases as access
to various areas changed on a day-to-day basis.

The first step in designing the Phase I bracing was to
determine as quickly as possible the capacity of the columns
and the lcads upon them. However, there was a great deal of
uncertainty involved on both counts. The instability of the
concrete work made it difficult to ascertain the remaining
sources of lateral support in the field. The original design
criteria for the plaza and subgrade levels could serve only
as a starting point for the loads as the uses of these areas
had evolved over time and a number of renovations had taken
place.

The matter was further complicated by the fact that in the
area around the hotel, the columns had been redesigned for
three or four different proposed hotel structures. With each
new design, transfer girders had been installed to
accommodate the latest configuration. The existing hotel
structure was then designed by another engineering firm and
the available information about the hotel column loads was
incomplete.

The capacity of the columns was further called into guestion
because of the possible adverse consequences of the earlier
fires. These columns had now been subjected to three
devastating events, which gave rise to concern regarding the
metallurgical characteristics of the columns.

Given the uncertainties described above in the magnitude of
the column loading, we made the conservative assumption that
the axial load on the columns was equal to the ASD capacity
of each column section. The columns had originally been
designed assuming lateral support at the Plaza, Concourse,
Bl, B2 and B6 levels. The lateral support from the B5 level
had been neglected for reasons given earlier. Knowing the
size of the column and the distance between floors, the
development of column capacities was straightforward.

These ASD loads were then converted to LRFD loads by using
1.2Dead + 1.3Wind and assuming that all of the ASD capacity
in excess of the dead load was wind load. This may seem
somewhat contrived as not all the columns carried wind load.
However, the number of transfer girders added made it
difficult to determine which columns carried wind loads, and
of what magnitudes. Much of the live load had been reduced
by evacuating the areas concerned and the column capacities
were sufficiently in excess of the calculated dead loads that
the 1.4Dead load case never controlled. Using the wind load
case guaranteed that the calculated ultimate load was on the
conservative side and eliminated the immediate need to
determine which columns carried significant levels of wind
load and to what degree. It must be remembered that this



work was done in just a few days' time, making elaborate
analysis inappropriate.

The LRFD loads, then, were used in conjunction with the
present AISC Code to determine the maximum unbraced length
permissible for each column. Tempory bracing members were
located accordingly.

PHASE I BRACING

For the design of the Phase I bracing, we made the most of
all possible sources of lateral support. The damaged slab
that surrounded many of the columns could not be counted on
in the long run for lateral support, but for the short term
it was assumed that as long as the damaged slab was left in
place, it would provide a full measure of lateral support.

It was also recognized that even though the BS5 Level had not
been used as lateral bracing in the original design, the
floor does provide considerable lateral support for many of
the columns.

The debris from the collapsed Bl and B2 levels had landed on
top of the refrigeration equipment and wedged itself around
the columns. The tons of debris were obviously providing
some measure of lateral support, as the columns were still
standing despite having a theoretical factor of safety that
was less than one. Perhaps for the first time in the history
of building construction, the work designed by a building
services engineer was stabilizing the structural system. The
debris was located well above the B5 slab level, but its
presence made the assumption of lateral support at the
B5 level that much more reasonable.

In order to make such assumptions for the Phase I bracing, it
was essential that the rubble and damaged slabs not be
removed or shifted in any way until the columns had been
further stabilized by the additional Phase II bracing.

Of concern was the fact that the PATH railroad system and
several subway lines pass through the project. The
vibrations produced by the trains carried the potential of
dislodging precariously supported debris, some of which was
providing essential lateral support for the columns. Port
Authority's Engineering Department implemented a vibration
monitoring system and organized a carefully-planned set of
passages of trains. Fortunately, the levels of vibration
associated with the passage of the trains turned out to be
lower than other background vibrations. The PATH trains,
then, were allowed to operate on the Monday morning
immediately following the Friday-noon blast.

Another intangible consideration in the design of the
temporary bracing was that the columns were encased or
partially encased in concrete. This concrete had been used
for fireproofing and had not been detailed to carry vertical
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load. No quantitative calculation could be made of the
additional strength provided by the concrete because some of
it had been damaged in the prior fires and by the blast, and
significant amounts would have to be removed so that the
bracing tubes could be welded directly to the steel columns.
Still, the concrete encasement provided additional stiffness
even where it did not carry axial load. It was reassuring to
know that our calculated buckling loads (based on the steel
section alone) were on the conservative side.

For Phase I, the assumptions of lateral support provided by
the remaining damaged slabs and by the rubble at B5, combined
with the switch from ASD to LRFD, and the use of
non-prismatic buckling analysis (to account for the change in
column section) made it possible to span the clear height
from B5 to Bl without additional bracing. Thus Phase I
bracing was confined to installing 9 pairs of tubes to
replace support lost at the Bl level. This was the easiest
and safest bracing to install at the time because the workers
could be lowered through holes cut in the Concourse slab,
rather than working from the unstable levels below.

PEASE II BRACING

The Phase II bracing was intended to provide all necessary
lateral support to the columns so that the subgrade levels
could be restored to their initial condition. This bracing
was needed to replace the support provided by the damaged
slabs and by the rubble at the B5 level, so that they could
be demolished and removed. The additional 15 feet (¥ 5 m) of
unbraced length associated with the loss of lateral support
at B5 meant that many columns would need temporary bracing at
both the Bl and B2 levels.

A total of about 80 pairs of tubes were called for in Phase
II. The logistics of installing this many braces meant that
one area would be braced and undergoing demolition before the
bracing of another area could begin. The staging of the
bracing/shoring/demolition operations became critical to the
stability of the columns. LERA worked in close cooperation
with the Port Authority's Construction Department and with
the contractors to develop various scenarios for this work.
Demolition schedules and proposed bracing layouts were
evaluted on a day to day basis to ensure that a stable

configuration was maintained. Where column bracing was
delayed, the damaged slabs were shored in place to make the
support they provided more reliable. The bracing

calculations were constantly revised as new information
arrived from the site and load take-downs were refined.

At this point in time, all of the rubble has been removed
from the B5 level and repairs to the refrigeration equipment
are moving ahead. Reconstruction of the B2 level is nearly
complete and work continues on the bracing and demolition of
the Bl level.
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[ IN CONCLUSION

L The men and the women of LERA have responded before to crisis
situations involving the very lives of important buildings.
Still, this catastrophe was in a class of its own. It was
wonderful to see the office shift two gears up from its usual
h hectic pace in order to respond to the needs of the
! World Trade Center. There is no way that anyone can "buy"
) such dedication; it comes from the heart, not-the pocketbook.

Now, with the worst of the crisis behind us and the work week
down from the 70- to 80-hour weeks that followed the bombing,
all at LERA have a justifiable level of pride in the level of
work accomplished. While carrying on with all of the
projects then in our office, we had added the professional
services associated with the structural evaluation and the
staging, shoring, demolition and reconstruction operations.

Of course, we received invaluable support from the
Port Authority and from the several contractors involved in
) the work. Still, it is a good feeling when you know that you
L have done a good job ... and that your efforts have made life
better for tens of thousands of people.
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"Is Your Structure Suitably Braced"
Panel Discussion

The following pages are a transcription of the Panel Discussion Question & Answer session.
Conference participants were asked to submit questions that they would like the panel to address.
Prof. Reidar Bjorhovde, University of Pittsburgh served as Moderator.

The panelists were:

Bill Baker,
Skidmore, Owings & Merrill, Chicago

Dick Kaehler,
Computerized Structural Design, Inc.

Russell Q. Bridge,
University of Sydney

Joseph A. Yura,

University of Texas, Austin

* Absent: Theodore V. Galambos
University of Minnesota
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or:

YURA:

Q2:

BRIDGE:

YURA:

02:

KAEHLER:

03:

YURA:

WHAT UNBRACED LENGTH SHOULD BE USED FOR THE DESIGN OF GIRTS? SOME PEOPLE
ARGUE THAT SAG RODS LATERALLY BRACE THE GIRTS. OTHERS ARGUE THAT SINCE THE
COMPRESSION FLANGE IS NOT BRACED, THE UNBRACED LENGTH IS THE ENTIRE SPAN.

WHERE IS THE SAG ROD?

SOMEONE SAID ITIS IN THE MIDDLE OF THE SPAN. IF IT’S PROPERLY ANCHORED AT THE TOP,
ETC., YOU WOULD GENERALLY USE THE UNBRACED LENGTH AS THE DISTANCE BETWEEN THE
SAG RODS, AS LONG AS THE BRACING, | WOULD SAY, IS AT LEAST IN THE MIDDLE OR
SOMEWHAT TOWARDS THE INSIDE EDGE OF THE GIRT.

WHAT IS YOUR RECOMMENDATION ON THE K FACTOR WHEN A SECOND-ORDER ELASTIC
ANALYSIS IS PERFORMED? CAN K BE TAKEN AS 1.0 IN ALL THESE CASES?

THE USE OF THE K FACTOR = 1.0 1S VERY COMPLEX FOR SAFETY AS YOU PROBABLY REALIZE,
AND SOME SPECIFICATIONS ALLOW IT, AND OTHERS WILL STILL USE THEK FACTOR. THE WAY
THAT i SEE IT IS THAT IF YOU USE THE K FACTOR = 1.0, IT MEANS THAT YOU HAVE TO TAKE
ACCOUNT OF THE QUT-OF-PLUMBNESS OF THE STRUCTURE IN SOME OTHER WAY, AND THERE
ARE WAYS OF DOING THIS. ONE WAY IS THE USE OF NOTIONAL HORIZONTAL FORCES, AND
YOU CAN CALIBRATE THE NOTIONAL HORIZONTAL FORCE SO THAT YOU GET, USING A BEAM-
COLUMN EQUATION, THE SAME COLUMN CURVE THAT YOU WOULD GET IF YOU WOULD USE
THE EFFECTIVE LENGTH FACTOR - SO IT CAN BE DONE. BUT YOU HAVE TO BE VERY CAREFUL.
iF YOU CAN'T MIX SPECIFICATIONS, WHATEVER IS IN THE AISC-LRFD, IF THAT SAYS USE THE
EFFECTIVE LENGTH, YOU USE IT BECAUSE THE BEAM-COLUMN EQUATIONS HAVE BEEN
CALIBRATED FOR THAT. IF YOU ARE USING THE CANADIAN CODE, YOU USE THEIR APPROACH.
IN QUR CASE, IN AUSTRALIA, WE HAVE QUR APPROACH, TOO. BUT YOU CAN'T MIX AND
MATCH THEM.

IF YOU ARE USING THE AISC SPECIFICATION, AND YOU ARE USING A SECOND-ORDER ELASTIC
STRUCTURE ANALYSIS, YOU MUST USE A K-FACTOR. THE SSRC THIRD EDITION INDICATED
THAT YOU CAN DO A K = 1.0. IF YOU CHECK THE 4TH ED., YOU'LL SEE THAT'S BEEN
REMOVED AND YOU STILL MUST USE A K FACTOR BECAUSE THE CHECKS THAT WE HAD DONE
INDICATED THAT IN HIGH GRAVITY LOAD SITUATIONS, THAT PROCEDURE WILL NOT CUT IT.

WHEN IS THE CASE WHERE 2ND ORDER INELASTIC FRAME ANALYSIS SHOULD BE
PERFORMED?

WHEN YOU CAN GET YOUR HANDS ON A PROGRAM THAT CAN DO THAT FOR YOU, | GUESS.

FOR PROF. YURA:
WE HAVE HEARD THAT YOU ARE PREPARING A BRACING DESIGN MANUAL FOR AISC —

WHEN WILL IT BECOME AVAILABLE?

YES, | AM WORKING ON IT AS HARD AS | CAN AND STILL TRYING TO KEEP A FAMILY. I'M
CURRENTLY WAITING ON SOME APPROVAL FOR MOST OF THE TORSIONAL STUFF ON THE
BEAMS TO BE CLEARED BY THE TEXAS HIGHWAY DEPARTMENT WHO SPONSORED MUCH OF
THE WORK. | AM IN THE PROCESS OF DRAFTING IT, AND IT SHOULD COME OUT BY THE END
OF THE SUMMER THROUGH AISC.



Q4:

BAKER:

YURA:

Qs:

YURA:
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CONSIDER A BUILDING CONSTRUCTED OF COLUMNS THAT SUPPORT A ROOF ALONE. THE
ROOF DECK IS USED TO TRANSFER LATERAL LOADS TO X-BRACING ON THE PERIMETER
WALLS. THEREFORE, THE INTERIOR COLUMNS ARE BRACED AND A K = 1.0 SHOULD BE
USED. IF THE PERIMETER X-BRACING IS REPLACED WITH PORTAL FRAMES HAVING THE
SAME LATERAL LOAD-CARRYING CAPACITIES AS THE X-BRACES, MUST A LP ANALYSIS BE
USED? IF SO, DO THE INTERIOR COLUMNS HAVE ANY CAPACITY IN THE TP ANALYSIS?
NOTE: A LEANER COLUMN ANALYSIS WAS PERFORMED TO DETERMINE THE TOTAL
LATERIAL LOAD ON THE X-BRACE OR THE PORTAL FRAME.

I'M OF THE OPINION THAT THERE ARE SUCH THINGS AS A BRACED FRAME; YOU CAN GET
YOUR LATERAL STABILITY FROM A MOMENT FRAME OR FROM DIAGONAL BRACING. | CAN
DESIGN A MOMENT FRAME WHICH HAS THE SAME DRIFT AS A DIAGONAL BRACING AND ONCE
YOU GET THIS TRANSLATION THEN YOU HAVE TO ADDRESS STABILITY. THE FACT THATIT'S
GENERALLY IGNORED IN DIAGONAL BRACING iS BECAUSE THE DRIFT iS SMALL. TO MY MIND
THEY ARE THE SAME PROBLEM -- YOU HAVE STABILITY FORCES WHICH HAVE TO BE
TRANSFERRED TO EITHER THE PERIMETER MOMENT FRAME, IF IT'S A MOMENT FRAME OR THE
PERIMETER DIAGONAL BRACING, IF IT'S A BRACING SYSTEM. 1 SEE THEM AS NO DIFFERENT -
- 1 THINK IT'S ONE PROBLEM.

| AGREE TOTALLY WITH THAT AND THE SUMMATION OF P CONCEPT IS JUST ANOTHER WAY
OF DEALING WITH BRACING. AND SO IF IT'S FLEXURAL FRAME, THAT’S JUST AN EASY WAY
TO GET THE PROPER AMOUNT OF STIFFNESS IN THE SYSTEM -- WHEN IT’S DIAGONAL IT’S JUST
EASIER TO PUT ON THE BRACE FORCES -- SO BOTH WOULD BE THE SAME.

PROF. YURA STATED THAT THE INFLECTION POINT ON A BEAM CANNOT BE COUNTED ON
AS A BRACE POINT. COULD MR. YURA PLEASE EXPLAIN, WHAT IS THE UNBRACED
LENGTH FOR A BEAM THAT HAS MOMENT REVERSALS?

FIRST, THE INFLECTION POINT -- I'VE GOT TO MAYBE ACTUALLY ASK FOR YOU TO PICTURE
SOME CASES -- AND LET'S JUST TAKE THE CASE OF COMPLETE REVERSE MOMENT, LIKE YOU
WOULD HAVE IN AN EARTHQUAKE, SO IF THERE IS AN INFLECTION POINT RIGHT IN THE
MIDDLE. IF YOU LOOK IN THE AISC OR ANOTHER PUBLICATION YOU WILL FIND G, FACTORS
GIVEN FOR THAT CASE ARE EQUAL TO A VALUE OF 2.3.

IF YOU ASSUME THE INFLECTION POINT WAS A BRACE POINT OVER THE FULL SPAN, YOU
SHOULD USE 1.75 OVER HALF THE SPAN. NOW YOU FIND OUT THAT DOESN'T GIVE THE SAME
ANSWER. THE REASON IT DOESN'T GIVE THE SAME ANSWER IS IN THE MIDDLE YOU HAVE A
PURE TWIST. THE ONE FLANGE MOVES ONE WAY, THE OTHER FLANGE MOVES THE OTHER
WAY. SO THE INFLECTION POINT IN THE MIDDLE OF THE WEB, BY THE WAY, IT DOESN'T MOVE
-~ BUT THERE'S A PURE TWIST. AND SO THE INFLECTION POINT IS NOT A BRACE POINT AND
SO IF YOU WANT TO GO FROM ONE END TO ANOTHER AND PASS AN INFLECTION POINT, YOU
HAVE TO FIND SOME SOLUTIONS.

IN THE BRACING MANUAL, THERE ARE CONTAINED SOLUTIONS FOR THOSE CASES --
TYPICALLY LIKE YOU HAVE A TOP-FLANGE COMPLETELY BRACED AND YOU'VE GOT NEGATIVE
MOMENTS. WE CAN GIVE C, FACTORS FOR THAT SITUATION THAT GIVE YOU VERY EXACT
SOLUTIONS. AND SO WE HAVE THOSE DONE FOR UPLIFT, WE HAVE FOR ANY MOMENT RATIO
AND ANY NUMBER OF BASIC MOMENT DIAGRAM. SO YOU DON'T HAVE TO WORRY ABOUT THE
INFLECTION POINT AS A BRACE POINT -- YOU'RE GETTING A SOLUTION THAT’'S BASICALLY



216

EXACT FOR THAT SITUATION. IN GENERAL YOU CANNOT USE AN INFLECTION POINT AS A
BRACE POINT.

Q6: DOES THIS W10 TORSIONALLY BRACE THE w187
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KAEHLER:

YURA:

Q7:
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1 THINK THE DETAILS YOU HAVE HERE GIVE YOU A PRETTY GOOD SHOT AT IT — BUT YOU
WOULD HAVE TO AN ACTUAL CALCULATION OF THE STRUCTURAL STIFFNESS OF THE W10
WITH THE VARIOUS DIMENSIONS INVOLVED. BUT BASED ON THE WORK WE'VE DONE, 1 THINK
WE'VE GOT ANGLES SPREADING THE FLEXURE BACK TO BOTH FLANGES ~ | THINK YOU'VE GOT
A REAL GOOD SHOT AT IT.

YES, | AGREE WITH THAT - YOU JUST TAKE THE TORSIONAL BRACING REQUIREMENTS WHICH
1 GAVE, AND THEN IT'S JUST A MATTER OF EVALUATING THE SPRING STIFFNESS, WHICH IN
THIS CASE WOULD BE THE WEAK AXIS BENDING OF THE W SHAPE. BUT | WOULD LIKE TO
EMPHASIZE THAT ANGLE IS VERY VERY IMPORTANT. I'LL GIVE YOU AN INSTANCE - IF YOU
TAKE A JOIST AND JUST PUT A SIMPLE SEAT ON THAT W SHAPE AND YOU TRY TO PULL IT
OVER, THE PLATE JUST BENDS. AS THE MEMBER TRIES TO TWIST, IF YOU JUST ADD A VERY
SHORT PIECE, YOU'RE GOING TO HAVE DISTORTION OF THE CROSS-SECTION - YOU MUST, IF
YOU DON'T WANT TO EVALUATE DISTORTION, YOU HAVE TO PREVENT IT.

FOR PROF. YURA -- FOR TORSIONALLY BRACED BEAMS - SHOULD TIPPING OF WIDE
FLANGE BE CHECKED, i.e.,
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YURA:

08:

KAEHLER:

Qs:

KAEHLER:

YURA:

Q8:

KAEHLER:

YURA:

YES, | SEE THE SKETCH, SO 1 ASSUME THAT THE MEMBER IS NOT ATTACHED TO THE FLANGE,
SO THAT THERE COULD BE AN ANSWER TO THE QUESTION ON THAT PREMISE BECAUSE
OTHERWISE, IT’S JUST A TORSIONAL BRACING SITUATION. THE TIPPING EFFECT HELPS OUT,
NORMALLY WITH REGARD TO THAT PARTICULAR SITUATION, WHICH WAS ALSO, BY THE WAY,
TESTED. THE TIPPING EFFECT IN FACT, HELPS WHEN THE MEMBER TRIES TO TWIST, THE
ACTUAL FORCE ON THE TOP PUSHES ON THE EXTERIOR OF THE FRAME AND TRIES TO
STRAIGHTEN IT OUT. WE'VE DONE TEST ON TWIN BEAMS WHEN WE'VE JUST PUT A WOOD
PALLET BETWEEN TWO BEAMS, SO ONLY THE FRICTION IS PREVENTING THE LATERIAL
MOVEMENT, AND COMPARED TO PUTTING A KNIFE EDGE AT THAT LOCATION, THE CAPACITY
WAS DOUBLED. NOW THE HARD PART OF INCLUDING THAT HELP DEPENDS ON THE ROLL OF
THE FLANGE AND HOW MUCH IT CAN ROLL. BEFORE YOU CAN REALLY GET THE CONTACT.
GOOD WORK HAS BEEN DONE IN GERMANY ON THIS PARTICULAR DETAIL, WHICH GENERALLY
PROVES THAT THE MEMBER CAN BUCKLE, BUT YOU HAVE TO WATCH THE ROLL. THIS
PARTICULAR ISSUE THAT WE CALL "THE TIPPING EFFECT" IS ACTUALLY A HELP - NOT A HURT.

A ROOF IS SUPPORTED BY OPEN WEB STEEL JOIST THAT ARE BRACED WITH CROSS
BRIDGING;

1) IS THERE A LIMIT ON THE ANGLE (AS DETERMINED BY JOIST SPACING AND DEPTH} OF
THE BRACING WHERE IT BECOMES INEFFECTIVE?

IT SEEMS THAT THE MORE IMPORTANT THING IS THAT THE BRIDGING HAS GOT TO BE
ANCHORED, MORE THAN THE CROSS-BRIDGING ANGLES. | DON'T KNOW THE MAGIC CUT-OFF
FOR X-BRACING, BUTIT’S GOING TO BECOME UNECONOMICAL AS THE ANGLES BECOME UNDER
30 DEGREES, | WOULD GUESS.

2) IF A WIDE FLANGE SECTION REPLACED A JOIST OVER A COLUMN LINE (SO IT CAN BE PART
OF WIND RESISTING SYSTEM), CAN THE CROSS BRIDGING BE USED TO BRACE THE BEAM?

| DON'T SEE WHY NOT, ALTHOUGH OFTEN THE BEAM MIGHT BE A DIFFERENT DEPTH, BUTIT'S
VERY COMMON TO SEE KICKERS FROM THE JOIST LINES DOWN TO OPEN WEB AND SOLID WEB
GIRDERS.

THE BRIDGING DOESN‘'T KNOW WHETHER IT IS BRACING THE JOIST OR A BEAM.

3) COULD THE BEAM BE USED AS AN ANCHOR FOR HORIZONTAL BRACING OF THE BOTTOM OF
THE JOISTS?

GENERALLY THE BEAM WON'T BE SIZED FOR THE SORT OF BRACING FORCES THAT ARE
INVOLVED, SO THE BRIDGING OUGHT TO BE ANCHORED ELSEWHERE. IF THERE IS ANCHORAGE
AT THE END SOMEWHERE, THEN THERE IS NOTHING WRONG WITH TRANSFERRING FORCES
ACROSS THE BEAM OR WHEREVER NEED BE, BUT ANCHORAGE IS WHAT'S IMPORTANT FOR
MAKING THE JOISTS WORK.

| THINK THAT WAY | SEE MOST OF THE BRIDGING BEING ANALYZED, IT’S BEING USED AS
LATERAL BRACING. ACTUALLY IT'S MORE EFFECTIVE THAN A DIAPHRAGM OR CROSS
BRACING, AND THERE YOU DON'T NEED TO ANCHOR IT. YOU'RE JUST TAKING ONE BEAM AND
BRACING T BY ANOTHER. IF YOU APPROACH IT AS A LATERAL BRACE, IT'S GOT TO GO
SOMEPLACE, BUT ALL OUR TWIN BEAM STUDIES -- THEY'RE NOT ANCHORED ANY PLACE, AND
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THEY WORK FINE. SO | THINK THE BRIDGING SHOULD BE VIEWED MORE AS A TORSIONAL
BRACE — NOT AS A LATERAL BRACE.

FOR PROF YURA:
CAN WE COUNT ON LEAN ON BRACING FOR THE FOLLOWING:

|
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YURA: IN TERMS OF DESIGN, THE ANSWER WOULD BE YES, BUT YOU HAVE TO WATCH THE
SUMMATION BECAUSE YOU HAVE TWO DIFFERENT HEIGHT COLUMNS, AND IF YOU RECALL
THAT PROBLEM i DID WHERE THE ONE THING WAS STANDING ON TOP OF EACH OTHER, THE
WAY YOU WOULD VIEW IT, IS JUST PUT ON THE P-A KIND OF THINGS, AND THEN JUST SEE
WHAT THE EQUIVALENT LOAD WOULD BE AT THE TOP.

YOU HAVE TO DO A LITTLE MANIPULATION, BUT THERE IS NOT REASON WHY THAT THING

CAN'T LEAN ON THE FRAME.

WHAT EFFECTIVE LENGTH (L, AND L,) SHOULD BE USED FOR THIS COLUMN SUPPORTING
THE CRANE RAIL?
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THE COLUMN WOULD NORMALLY BE ORIENTED WITH THE WEB PARALLEL TO THE CRANE RAIL,
AND IT WOULD BE OUR PRACTICE NORMALLY TO PUT A CENTRALLY PINNED CONNECTION
BETWEEN THE BATTEN AND THE CRANE COLUMN IN THAT SORT OF SITUATION, RATHER THAN
TRYING TO DEVELOP MOMENT CONTINUITY TO THE WEB OF THE CRANE COLUMN. SO WE
WOULD BE COMFORTABLE TAKING KL, AS THE DISTANCE BETWEEN THE BATTENS, AND KL,
YOU ARE RELYING SOME KIND OF CRANE BRACING IN THE PLANE OF THE BEAMS. IF YOU WERE
COUNTING ON SOMETHING FROM THE BATTENS, IT WOULD BE CERTAINLY WELL OVER 1.0,
OTHERWISE K WOULD BE 1.0 TO THE TOP OF THE CRANE RAIL OR TO THE TOP OF THE
BRACING HEIGHT.

THERE ARE COUNILESS STRUCTURES IN USE TODAY THAT UTILIZE OUTSET GIRTS
(ATTACHED TC OUIER FLANGE ONLY} AS WEAK AXIS BRACING FOR WIDE FLANGE
COLUMNS.

TO MY KNOWLEDGE THERE HAVE BEEN NO DOCUMENTED CASES OF FAILURE OF THIS
TYPE OF SYSTEM ATIRIBUIED TO TORSIONAL BUCKLING.

IT HAS BEEN SHOWN THAT FOR EQUAL UNSUPPORTED LENGTHS (WEAK AXIS AND
TORSIONAL) THAT TORSIONAL BUCKLING WILL CONTROL ONLY AT VERY SHORTLENGTHS
[SALMON & JOHNSON, 3RD. ED.j

THE PROBLEM RAISED BY DR. YURA ON TUESDAY WILL COME INTO PLAY WITH A
TORSIONAL UNBRACED LENGTH > > WEAK AXIS UNBRACED LENGTH =>., IHIS STILL

ASSUMES PURE TORSIONAL BUCKLING.

IF YOU HAVE ONE FLANGE OF A WIDE FLANGE COLUMN RESTRAINED (EVEN PARTIALLY)
FROM ROTATION, CAN PURE TORSIONAL BUCKLING BE ACHIEVED? WHAT ABOUT
TORSIONAL RESTRAINT AT COLUMN ENDS => WON'T THAT DECREASE TO THE
EQUIVALENT LENGTH OF TORSIONAL BUCKLING?

THE SOLUTIONS WHICH 1 GAVE WHICH CAME FROM TIMOSHENKO AND GERE(?) ASSUME
THAT THERE IS NO TORSIONAL RESTRAINT AND SO THAT WOULD BE A SAFE SOLUTION.
OBVIOUSLY IF THE GIRT WAS PROVIDING TORSIONAL RESTRAINT, YOU NOW HAVE A
TORSIONAL BRACE, AND YOU WOULD EITHER ADD THAT TO THE SYSTEM WHEN YOU PUT
IT TOGETHER. YOU JUST HAVE TO PIECE THE TWO THINGS TOGETHER, BUT CERTAINLY,
ANY TORSIONAL RESTRAINT WILL INCREASE THE CAPACITY. MY EXPERIENCE HAS BEEN
WITH MOST FRAMES IS THAT THE TORSIONAL BRACING WON'T NECESSARILY CONTROL
WHEN 1 CHECK IT WITH THE GIRTS, IT JUST DEPENDS ON CHECKING THE CAPACITY.
WITH THE SHORT ONES, WHEN YOU SAY THAT TORSION SHOULD CONIROL, THE ONE
THING YOU NEED TO DO IS WATCH USING AN INELASTIC ANALYSIS FOR THE TORSIONAL
LOAD. YOU NEED TO USE A TANGENT MODULUS TO KNOCK THAT DOWN, ALSO. IN MANY
INSTANCES, YOU THEN FIND THAT DEFLECTION WILL CONIROL IN THOSE INSTANCES.

A RECENT ARTICLE IN THE MAGAZINE MODERN STEEL CONSTRUCTION DISCUSSED HOW
STEEL MATERIAL COSTS ARE DECREASING (RELATIVELY) WHILE CONSTRUCTION LABOR
COSTS ARE INCREASING. THE POINT WAS MADE THAT THE ENGINEER SHOULD PAY MORE
ATTENTION TO ELIMINATING "UNNECESSARY" STIFFENERS, USING PARTIAL HEIGHT
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KAEHLER:

YURA:

Q12:

YURA:

YURA:

STIFFENERS WHEREVER POSSIBLE, USING PARTIAL PENETRATION IN LIEU OF FULL
PENETRATION WELDS WHERE POSSIBLE, ETC. IN THIS ATMOSPHERE, I SUGGEST IT
WOULD BE PRUDENT TO MORE PRECISELY DEFINE BRACING REQUIREMENTS IN THE AISC
SPECIFICATION AND/OR COMMENTARY USING MATERIAL SIMILAR TO THAT GIVEN INJOE
YURA'S PRESENTATIONS. OTHERWISE, THERE WILL BE SOME PRESSURE NOT TO ADD
THAT ADDITIONAL BRACE OR STIFFENER. PLEASE COMMENT (STEVE GUNZELMAN)

THOSE ECONOMICAL PRACTICES THAT YOU MENTIONED -- THEY ARE ECONOMICAL PRACTICES,
THEY ALWAYS HAVE BEEN, AND | PERSONALLY ALWAYS HAVE BEEN IN FAVOR OF SEEING
MORE GUIDANCE IN THE AISC SPECIFICATIONS AS FAR AS BRACING REQUIREMENTS GO. |
WOULD WELCOME THEM PERSONALLY.

1 DON'T THINK YOU COULD DISAGREE WITH THE COMMENT.

REFERENCE IS MADE TO JOSEPH YURA'S TALK ON "TORSIONAL BRACING REQUIREMENTS
IN BEAMS AND COLUMNS". WITH REGARD TO THE PROBLEM OF A PALLET SUPPORTED
ON TWO BEAMS, THE PALLET ITSELF WORKED AS A BRACE AS LONG AS THE CROSS-
SECTIONAL SHAPE WAS MAINTAINED INTACT VI4 USE OF STIFFENERS. MY QUESTION IS

ONE OF STIFFENER_CONFIGURATION:

A) IF THE PALLET IS, SAY, 12’ LONG, WILL ONE, TWO, THREE, ETC., PAIRS OF STIFFENERS
DO THE JOB?

IN THE EXAMPLE PROBLEM - MOST STIFFENERS ARE REQUIRED. THE BEAM WAS UNSTIFFENED,
AS A MATTER OF FACT BECAUSE WHEN WE CHECK THE SOLUTION WITH NO STIFFENERS, IF
YOU RECALL WHEN | WENT THROUGH IT, | SAID NO STIFFENERS, AND IT WORKED. IF IT
DIDN'T, THEN YOU WOULD GO IN AND PUT IN SOME STIFFENERS. NOW THERE, YOU HAVE TO
USE SOME JUDGEMENT. YOU ARE UTILIZING THE PALLET OVER 12’ LONG BEARING SURFACE
OF THE BEAM WEB, YOU HAVE TO USE SOME JUDGEMENT OVER HOW MANY STIFFENERS YOU
FEEL COMFORTABLE WITH. TECHNICALLY WE'RE SPREADING THE LOAD OVER 1.5ft, SO
ROUGHLY INDICATE THAT A STIFFENER OUGHT TO APPEAR EVERY 3 FT. OR SOMETHING LIKE
THAT.

B) WOULD THE STIFFENERS NEED TO BE GRADED ON 1/2 THE BEAM DEPTH, 3/4 THE DEPTH,
OR FULL BEAM DEPTH? (I BELIEVE 1/2 AND 3/4 OF BEAM DEPTH WERE SEPARATELY
MENTIONED IN THE TALK).

THE FORMULATIONS WE HAVE WILL ENABLE YOU TO CALCULATE THAT. IF YOU RECALL TODD
HELWIG'S PRESENTATION, THERE IS A SLIDE WHICH SHOWS HOW MUCH OF THE DEPTH WHEN
WE ARE USING DIAPHRAGMS, AND HOW MUCH OF WEB WAS LEFT UNSTIFFENED, AND IF YOU
LEAVE TOO MUCH OF THAT, NO MATTER WHAT YOU DO FOR YOUR DIAPHRAGM, YOU CAN‘T
GET ENOUGH STIFFNESS. SO THAT INDICATES YOU'VE GOT TO SPREAD IT OUT. MY
EXPERIENCE ON ROLLED SECTIONS, U.S. VINTAGE. THAT iS DEPTH-TO-THICKNESS RATIO IS
NOT GREATER THAN 6 FT. | GENERALLY FOUND THAT HALF-DEPTH STIFFENERS ARE ALL
THAT’S NECESSARY TO DO THE JOB. WHEN YOU START GETTING INTO PLATE GIRDERS,
THAT’S NOT TRUE, BECAUSE YOU'RE TALKING ABOUT MUCH MORE SLENDER ELEMENTS, AND
THAT DISTORTION CAN BE A LOT MORE LOCAL. I'VE RARELY SEEN AN INSTANCE WHERE |
HAVE NEEDED MORE THAN 1/2 DEPTH STIFFENER TO GET THE STIFFNESS UP TO WHERE IT
WASN'T A PROBLEM. NOW SOMETHING ELSE IS THE PROBLEM -- REMEMBER WHEN YOU ADD
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THOSE STIFFNESSES TOGETHER, IT'S ALWAYS THE WEAKEST ONE -- AND AS SOON AS YOU
GET IT PAST THE NEXT WEAKEST ONE, NO ADDITIONAL HELP WILL DO ANYTHING FOR YOU.

FOR PROF. YURA

(1) IN THE TOPIC FUNDAMENTALS OF BEAM BRACING IT WAS SAID THAT AN INFLECTION
POINT IS NOT A BRACE POINT. PLEASE EXPLAIN WHY IT ISN'T, EVEN THOUGH THE
FLANGE FORCE ISZERO AND THEREFORE THE BRACING FORCE REQUIRED AND STIFFNESS
OF BRACE IS REQUIRED IS ZERO.

(2} ARE GIRTS OUTBOARD OF THE OUTER FLANGE OF A COLUMN ADEQUATE TO BRACE
THE WEAK AXIS OF A COLUMN. ASSUME THE GIRT HAS TYPICAL BOLTED CONNECTIONS,
AND THAT IT IS A BRACED STRUCTURE.

AS FAR AS FLEXURAL BUCKLING IS CONCERNED, YES -- YOU DON'T NEED HARDLY ANYTHING
FOR FLEXURAL BUCKLING TO DO THE JOB FOR THAT.

CONTRIBUTION FROM ONE OF THE FOREIGN SPEAKERS:

COMPRESSION MEMBERS, COMPRESSION FLANGES ALIKE, COMMONLY HAVE MULTIPLE BRACES
2, 3 OR MORE. A REQUIRED SPRING STIFFNESS PREDICTION 1S A START, BUT THE REALITY
USUALLY IS THAT ONE BRACING SYSTEM SUPPLIES ALL OF THEM. SO A FORCE TO ONE BRACE
DEFLECTS ALL BRACED POINTS IN A PREDETERMINED MANNER. THIS BRACING SYSTEM ALSO
RESISTS WIND LOAD IN MANY CASES. SO THE WIND MODIFIES THE BRACE RESPONSE.

SIMILARLY, A VERTICAL BRACED BAY (INTERNAL OR EXTERNAL TO THE FRAME IT BRACES)
SUPPLIES ALL THE STORY LEVEL SPRINGS AS A SET. AGAIN IT ALSO MOVES WHEN THE WIND
BLOWS.

TO OVERCOME THIS EUROCODE 3 ADOPTS THE WINTER "PIN AT BRACE POINT" MODEL.
HOPEFULLY THIS ALSO REMOVES THE NEED TO DISTINGUISH INELASTIC AND ELASTIC
BEHAVIOR AS THE MEMBER MOMENTS ARE NEGLECTED.

AN INITIAL L/500 IMPERFECTION LEADS TO A CRITERION THAT 2% RESTRAINT (DISTRIBUTED)
IS ENOUGH SO LONG AS DEFLECTION DUE TO RESTRAINT FORCES PLUS WIND IS LESS THAN
L/2500. OTHERWISE, A LARGE FORCE IS NEEDED FOR MORE FLEXIBLE BRACING (THIS REFERS
TO PLAN BRACING).

A SEPARATE CRITERION (ALSO PINNED MODEL) COVERS UNEQUAL FORCES DUE TO
UNSYMMETRICAL DEFECTS, ETC. [*VERTICAL BRACING RESISTS AN INITIAL LEAN H/200.]

DO THE AUTHORS CONSIDER THIS APPROACH CAN BE REFINED SIGNIFICANTLY WHILST
REMAINING GENERAL AND COVERING REAL BRACING, WIND EFFECTS AND IMPERFECTIONS?

LET ME PARAPHRASE TO MAKE SURE | GET THE GIST OF THE QUESTION WHICH REALLY
RELATES TO THE MAGNITUDE OF THE DEFORMATIONS THAT ARE OCCURRING AND THEIR
EFFECT ON BRACING FORCES. IF YOU NOTICE, VIRTUALLY ANYONE WHO DID ANY
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CALCULATIONS CLEARLY INDICATED THAT THE BRACE FORCE IS LINEARLY RELATED TO THE
MOVEMENT. THE MOVEMENT SHOULD INCLUDE INITIAL OUT-OF-STRAIGHTNESS PLUS ANY
MOVEMENTS DO TO DRIFT, ETC. IF THOSE ARE EXCESSIVE, THEN YOU NEED TO COMPENSATE
BY HAVING HIGHER BRACE FORCES, OR YOU NEED TO KNOCK DOWN A DEFLECTION. IF YOU
HAPPEN TO GET THINGS LIKE A CROOKED COLUMN, WELL DOESN'T THE AISC ASSUME THAT
IT IS CROOKED ~ SO WHAT DO I NEED TO DO. WELL, IT DEPENDS ON HOW CROOKED. iFIT IS
3X MORE CROOKED THAN THE VALUE THAT WE ASSUME THEN YOU HAVE TO MULTIPLY YOUR
BASE FORCE BY 3. AND YOU PUT THAT IN, AND THAT SHOULD HANDLE THE CROOKED
COLUMN. SO YOU DON'T HAVE TO STRAIGHTEN IT. BUT BASICALLY YOU HAVE TO
UNDERSTAND THAT BRACE FORCES ARE RELATED TO THE MAGNITUDE OF THE AMOUNT OF
DRIFT PLUS IMPERFECTIONS, AND JUST ACCOUNT FOR THEM ACCORDINGLY.

BAKER: YOU CAN GET OUT-OF-STRAIGHTNESS FROM GRAVITY LOADS, PATTERN LOADS, ALMOST
ANYTHING, SO SOMEHOW YOU DEVELOP A CONCEPT OF WHAT KIND OF SWEEP YOU HAVE
IN YOUR SYSTEM, AND THAT GENERATES SHEARS AND MOMENTS WHICH HAVE TO BE
HANDLED.

BRIDGE: IN THE EUROCODE, IT STATES THAT YOU CAN CARRY OUT AN ANALYSIS RATHER THAN
TAKING THE VALUE, WHICH MEANS THAT YOU HAVE TO CARRY OUT A SECOND ORDER
ANALYSIS TAKING INTO ACCOUNT THESE IMPERFECTIONS, AND i THINK THAT CAN BE
DIFFICULT BECAUSE PEOPLE AREN'T SURE QUITE WHICH WAY TO PUT THESE IMPERFECTIONS.
IT GIVES THE MAGNITUDES, IT GIVES YOU THE TYPES OF IMPERFECTIONS, BUT IT DOESN'T SAY
WHICH WAY TO DISTRIBUTE THEM. AND THAT CAUSES SOME GREAT DIFFICULTIES. SO
THAT’S ONE AREA. THE OTHER AREA THAT ISN'T COVERED IS THE ONE THAT YOU CALL
"LACK OF FIT". AND THIS IS THE QUESTION OF WHEN YOU ACTUALLY CONSTRUCT THE
BRACING SYSTEM. SOMETIMES YOU HAVE TO PULL THE BRACE TO THE STRUCTURE, OR PUSH
THE STRUCTURE TO THE BRACE. THERE HAS BEEN SOME PRELIMINARY STUDIES DONE ON
THAT, AND IN FACT, THE STUDIES SORT OF INDICATE THAT THE "PERFECT FIT" BRACE SEEMS
TO BE A REASONABLE SOLUTION. IN OTHER WORDS, THE LACK OF FIT DOESN'T SEEM TO BE
THE PROBLEM THAT YOU MIGHT BE AWARE OF. IN THE WORK GOING ON, THE AREA WHERE
THE LACK OF FIT SEEMS TO BE THE MOST CONCERN IS FOR THE STOCKY MEMBERS -- IN
OTHER WORDS, WHERE YOU ARE TRYING TO BRACE A MEMBER TO GET EXTREMELY HIGH
STRENGTH -- YOU ARE TRYING TO PUSH THE STRENGTH FROM THE COLUMN OR THE BEAM
RIGHT UP TO ITS FULL CAPACITY. IN THESE CASES, THE BEAM "LACK OF FIT" SEEMS TO BE
IMPORTANT IN DETERMINING THE STRENGTH OF THE MEMBER.

QUESTIONS DIRECTLY ADDRESSED TOQ THE PANEL MEMBERS:

o ROBERT CONLEY.
YOU SAID THAT YOU CAN BRACE A COLUMN IN BUCKLING WITH THE GIRTS - EVEN IF
THE GIRTS ARE OUT OF FLANGE, SO THE GIRTS HAVE TO BE BRACED THEMSELVES TO
SOMEWHERE ELSE. IS THE CLADDING ENOUGH SOLUTION TO BRACE THE COLUMN?

YURA: GENERALLY YOU HAVE TO CHECK THE GIRT, AND USUALLY THE CLADDING 1S ATTACHED IN
A PRESSURE SITUATION. THE CLADDING IS ATTACHED TO THE GIRT, AND THAT’S USUALLY
OK, AND THEN EITHER WHEN YOU PUT THE SECTION ON IT, YOU HAVE TO CHECK THE LATERAL
STABILITY OF THAT CHANNEL SECTION BECAUSE OF THE TYPE OF FASTENERS, ETC., |
PERSONALLY WOULD NOT RELY ON ANY CLADDING TO PROVIDE ANY TORSIONAL RESTRAINT,
SO | WOULD USE THE STANDARD LATERAL BUCKLING FORMULA FOR CHANNELS, AND iF THAT
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DOESN'T CHECK OUT TO THE SECTIONS, | WOULD PUT SOME SAG RODS OR APPROPRIATE
BRACING TO MAKE SURE THAT THE GIRT COULD HANDLE THE PRESSURES AND THE SECTIONS.

JACK PETERSEN, MARTIN & MARTIN
1 WAS INTERESTED IF YOU COULD ADDRESS IN WHAT LOAD COMBINATION BRACING

FORCES SHOULD BE CONSIDERED WITH —~ SEISMIC LOAD, LAG LOAD, DEAD LOAD.... FOR
EXAMPLE, IN A LARGE ROOF WHERE YOU ARE USING STRUCTURAL STEEL BRACING IN
LIEU OF A ROOF DECK, WHAT COMBINATIONS OF FORCES SHOULD BE USED.
GENERALLY, THE SAFETY FACTORS. PUT DOWN AS USE 2 X THIS FOR YOUR BRACING
FORCE, AND HOW SHOULD BE ADDRESS THIS IN BOTH ASD AND LRFD.

GENERALLY FOR STIFFNESS, YOU SHOULD LOOKING AT ULTIMATE LOADS, OR FACTORED
LOADS. FOR THE STRENGTH, YOU CAN ACTUALLY USE EITHER SERVICE LOADS OR FACTORED
LOADS. IF YOU'RE IN ASD, YOU CAN USE SERVICE BECAUSE YOU GET THIS FACTOR OF SAFETY
WHICH COMES IN THE DESIGN OF THE BRACED ELEMENT iTSELF.

PETERSEN --

I WOULD LIKE AN ADDITIONAL COMMENT. IF YOU LOOK AT, FOR EXAMPLE, TRUSS
CORES, THEN YOU DEVELOP A BRACING FORCE FOR THE TRUSS CORE. YOU ARE
ACCUMULATING THIS ACROSS THE DIAPHRAGM, AND TRYING TO DELIVER IT TO SHEAR
WALLS OR PERIMETER BRACING SYSTEM. IF THAT LOAD IS SUBSTANTIAL, SHOULD IT BE
COMBINED WITH ALL OTHER LOADS, AND IF SO, SHOULD A REDUCTION FACTOR SIMILAR
TO WHAT'S USED WITH SEISMIC LOADS BE CONSIDERED?

1 THINK YOU HAVE TO MAKE SURE YOUR BRACING FORCES WILL GET DOWN INTO THE
FOUNDATION, AND SO, | THINK YOU'D USE THAT PARTICULAR LOAD CASE. IFIT*S LRFD, YOU
JUST CARRY THAT THROUGH AND MAKE SURE IT CAN WORK QUT. THE PARTICULAR LOAD
CASE DEPENDS ON WHETHER IT'S LOCAL BRACING YOU’RE DEALING WITH... ON A PARTICULAR
MEMBER, IN FACT EASIEST, JUST WHATEVER THE WORST SITUATION IS, AND IF iT'S OVERALL,
JUST MAKE SURE THAT YOUR SYSTEMS CAN CARRY THE FORCES DOWN INTO THE
FOUNDATION. SO 1 THINK THE BRACE FORCES SHOULD BE ADDED TO THE OTHER THINGS TO
MAKE SURE THAT THOSE DETAILS CAN TRANSMIT THE FORCES —~ BECAUSE THEY ARE REAL
FORCES.

PETERSEN

ANOTHER COMMENT, WHEN YOU'RE USING METAL-DUCT DIAPHRAGM, AGAIN GOING TO
SAFETY FACTORS VS LOAD FACTORS - THE SDI INFORMATION (OR THE WORKING LOADS)
IS DEVELOPED BASED ON 40% (ROUGHLY) OF ULTIMATE LOADS. WHEN YOU'RE
COMPUTING STIFFNESS, HOW SHOULD YOU TAKE THAT INITO ACCOUNT VS THE
ULTIMATE STRENGTH THAT YOU'RE USING WITH THE BRACING CALCULATIONS.

IF YOU'RE IN ASD, ALLOWABLE STRESS DESIGN, YOU’RE TRYING TO GET A MOMENT OF
INERTIA IN SOME AREA, ETC. AND IN LOADS, YOU'RE ALL CALCULATED ON SERVICE LOADS
SO THERE IS NO SAFETY FACTOR THERE. MY RECOMMENDATION IS, ASIDE FROM DOUBLING
THE THING FOR INITIAL IMPERFECTIONS, | USE A FACTOR OF SAFETY OF 2.0 IN ASD AS FAR
AS THE STIFFNESS. THE FORCES YOU DON'T HAVE TO DO ANYTHING WITH BECAUSE YOU'RE
USING ALLOWABLE STRESSES FOR THOSE PARTICULAR THINGS -- SO THAT HAS THE FACTOR
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OF SAFETY BUILT IN, BUT THE STIFFNESS IS, AS GREG DEIERLEIN MENTIONED IN HIS LECTURE,
IF YOU'RE USING SERVICE LOADS, AND YOU PLUG INTO THOSE STIFFNESS FORMULAS WHERE
THELOAD P, YOU'VE GOT BASICALLY TO FACTOR UP THAT LOAD TO THE STIFFNESS. IN LOAD
RESISTANCE FACTOR DESIGN, IT'S ALREADY DONE - YOU'RE ALREADY AT THE LOAD
FACTORED UP, SO IF THAT'S THE FORCE YOU'RE PUTTING IN, EVERYTHING SHOULD BE TAKEN
CARE OF.

CLOSING COMMENTS (PROF. REIDAR BJORHOVDE)

IF THERE ARE NO MORE QUESTIONS, I'VE BEEN ASKED BY DON SHERMAN, CHAIRMAN OF THE
SSRC TO SIMPLY THANK YOU ALL FOR ATTENDING HERE. FOR ME PERSONALLY, IT HAS BEEN
A PLEASURE TO SEE THAT WE ADDRESSING AT THIS BRACING CONFERENCE AN ISSUE OF
GREAT CONCERN THROUGH THE PRACTICING PROFESSION. FOR ME AS AN EDUCATOR,
PARTICULARLY IMPORTANT, AND PARTICULARLY USEFUL TO SEE THAT EDUCATORS AND
ENGINEERS CAN NOW GET TOGETHER AND TALK ABOUT REAL PROBLEMS AND REAL
SOLUTIONS. | HOPE IT CAN CONTINUE, BECAUSE THERE ARE A LOT OF QUESTIONS THAT
NEVER GET ANSWERED UNLESS WE CAN GET TOGETHER IN A FORM LIKE THIS, AND ADDRESS
THEM THROUGH PRACTICAL MEANS, THROUGH CONSIDERATION OF REAL DETAILS, REAL
STRUCTURAL SITUATIONS, REAL LOADING CASES.

iT HAS BEEN A BENEFIT TO BE HERE, IN MY OPINION, AND | HOPE YOU ALL FEEL THE SAME
WAY. AS YOU HEARD DR. BEEDLE MENTION, NEXT YEAR iS THE 50TH ANNIVERSARY OF THE
SSRC, AND WE HAVE A SPECIAL MEETING THAT IS BEING HELD IN BETHLEHEM, PA -- THE HOME
OF L.U. AND SSRC IN THE THIRD WEEK OF JUNE. THE PROGRAM WILL BE A LITTLE DIFFERENT
THAN HERE. WE WILL HAVE THE USUAL TASK GROUP MEETINGS & PRESENTATIONS, BUT THE
TECHNICAL PROGRAM WILL BE A MORE SPECIAL BRIEF LOOK AT WHERE WE HAVE BEEN AND
A CLEAR LOOK WHERE WE ARE HEADED IN TERMS OF STABILITY RESEARCH AND
DEVELOPMENT AND PRACTICAL APPLICATIONS THEREOF. THE FOLLOWING YEAR, 1995, THE
MEETING WILL BE HELD IN KANSAS CITY, MO. AND ALTHOUGH IT HASN'T BEEN DECIDED, WE
NEEDED TO SEE WHAT THE PROGRESS AND HOW THE SUCCESS WAS OF THIS PARTICULAR
NEW FORMAT UTILIZED HERE IN MILWAUKEE. | AM QUITE CONFIDENT THAT WE WILL INDEED,
TRY TO PURSUE A SIMILAR FORMAT WITH A SIMILARLY RELEVANT PRACTICAL PROBLEM AREA
THAT WE CAN ADDRESS TO THIS KIND OF A CONFERENCE, SO | AM HOPEFUL THAT YOU WILL
PLAN TO COME TO BETHLEHEM NEXT YEAR, AS WELL AS TO KANSAS CITY IN 1995. WE LOOK
FORWARD TO SEEING ALL OF YOU THERE.

IT’S BEEN A PLEASURE TO BE HERE. THANKS TO THE PANEL, PROF. BRIDGE, MR. KAEHLER, MR.
BAKER, PROF. YURA. AND THANK YOU TO ALL OF YOU WHO HAD QUESTIONS. | HOPE YOU
ENJOYED THE CONFERENCE AND FELT IT WAS USEFUL AND MAKE USE OF SOME OF THE
THINGS YOU HAVE LEARNED HERE.
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purlin; 19, 111, 112, 113, 114, 115, 116,

117, 118, 119

recommended practice; 152
redundancy; 64

residual stress; 160
restraint; 51

rotational bracing; 100, 101

secondary moments, 181, 186
secondary stability system; 157
shear; 98, 102, 103

hinge; 175

wall; 122
skylight; 97, 102

slenderness; 75, 76, 77, 78, 79, 81, 82,

slip resistance; 190

slotted hole; 190

solid web member; 20
specifications; 84, 85, 86
splice; 186

stability; 19, 51

stability during construction; 40
stability under erector; 40
stability under selfweight; 40
standing seam roof; 44

standing seam roof; 44, 111, 113, 117, 119

steel; 31, 33, 34, 51, 63
detailing; 150
joists; 39, 111, 119

stiffness; 29, 30, 31, 33, 34, 98, 122

story load; 122

story stiffness; 123

strength; ‘75, 76, 77, 78, 79, 80,
81, 84, 85, 86

structural sealant; 98, 103
structures; 29

strut purlin; 113, 117, 118, 119, 120



temporary supports; 142
threshold stiffness; 121
through fastened roof; 111, 113
117, 118, 119
torsion; §, 7, 9
torsional; 51

bracing; 129
tower failure; 182, 186
trussed towers, 181

unequal spans; 87
uplift; 44

warping; 5
yielding; 35

>
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